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INTRODUCTION

This chapter briefly introduces the aim of the theescribing the
problems and motivations which encouraged the study

This thesis was conducted as final project of tlastdr of Science in Structural Design. The aim
of the research project was to accomplish a safigwactical solutions based on theoretical
assumptions for systematic seismic retrofittinghef Netherland’s built environment, located in
the Groningen region.

Groningen is an area of interest for seismic rétnof because of the confirmed induced
seismicity as effect of natural gas extraction. M/hipgrading, the Dutch built environment
presents a remarkable design challenge, the befodehterature review introduces possible
solutions and techniques already used in an infiema context.

The study includes an analysis of building coded gunidelines about earthquake resistant
buildings in “earthquake-experienced” regions, nignalifornia, Italy and New Zealand.
Specifically, to the deficiencies of masonry builgk to withstand seismic actions, number of
solutions have been defined in the past. The palp®$o adapt to the Groningen context the best
solutions among already existing techniques andpwssible alternatives.

1.1 Problem Statement

Effects of decades of natural gas extraction irGheningen region in the north of the Netherland
have become apparent. Increase of soil sinkingnamr@ frequent seismic events compelled the
Dutch government to take provisions regarding pmestonsequences for the building stock in
the interested area. Despite earthquakes weredgli@@sent in the past, only from 2012 they
became a threat for the building stock in Gronindedeed, in August of 2012 a magnitude 3.6
earthquake with epicentre in Huizinge caused dasémsurrounding constructions. Due to the
fact that it is predicted a rise in the frequenoy anagnitude of these earthquakes, a research for
a structural upgrading strategy is necessary sidbintext.

On the behalf of the Dutch government, the protesdifirm ARUP carried out an investigation
on the Groningen region building stock. ARUP cdkeca building database which reveals a
massive presence of unreinforced masonry strucinr@sd around the region of Groningen.
Since unreinforced masonry finds its largest apgibm in residential buildings, and is the
construction material mostly exposed to damagesge ©f earthquakes, the structural upgrading
study is focused on this building type.
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Unreinforced masonry dwellings present on the Dutehitory differ for geometry, floor
construction material and location of bearing eletsieMasonry house buildings are generally
prone to seismic damages, however it is possildefioe a more vulnerable and a less vulnerable
class depending on three parameters. Factors suehlbopenness, wall type and building mass,
strongly influence the behaviour of a masonry $tmecwhen subjected to dynamic horizontal
loads.

Terraced and semi-detached house, which are tjpiead storeys buildings, represent the most
vulnerable typology. Because of their initial desigvhich considers only the wind load as
horizontal action, these structures display a gtdirection and a weak direction. Horizontal loads
acting perpendicularly to the long side of the thnigs are well restrained by stiff shear walls.
However, load acting parallel to the long sides @®trained by long walls characterized by
abundance of openings, which reduce the bearimgegits to slender piers.

1.2 Motivation of the Research

Unreinforced masonry low-rise buildings can be fbum many places around the world. This
material is widely used because of economy, easenstruction, eco-efficiency. However, the
building typologies are vulnerable to damage us@ésmic loads.

Despite several decades of research, the bestagbpiar a seismic retrofitting remains a primary
controversy among structural engineers and reseg clowadays.

Given the decision of the Dutch government to cuorgi with natural gas extraction, and the
consequent increase of seismic events, a definsahisestructural upgrading for dwellings in the
Groningen region is necessary. The interest toldp\ae“tool box” of retrofitting solutions specific
for low-rise URM buildings concerns many other attans around the world. The Groningen
scenario may be result as a testing lab where reg@y are watching.

1.3 Dissertation Outline

Chapter 2 presents a brief review of the seismeoago in the Groningen area and describes the
typology of URM buildings object of the study. Irh&pter 3 the retrofitting strategy adopted is
detailed and an introduction about seismic retiofitis presented. Chapters 4,5,6,7,8 are similarly
shaped, each chapter firstly introduces designrimftions regarding its level of seismic
retrofitting, than displays possible solutions lué seismic weak aspect, and propose eventually a
calculation example of the chosen technique. Ch&ppeovides a summary of the findings of this
research. Appendices contain assumptions considetbd design examples, further calculation
examples, extra data assumed in the retrofittimgutations and informations relative to applied
materials.
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BACKGROUND

This chapter briefly introduces the seismic scemarithe Groningen area
and presents the typology of URM building analyesed its seismic weak
aspects.

2.1 Geology and Seismicity in Groningen

The Netherlands in its subsurface is rich of numemas fields and several oil reservoirs, mostly
situated in the northeaster part.

In the 1943 oil production started with the disagvef the Schoonebeek oil field, whereas the first
gas field, the Coevorden field has been found #B819he Groningen gas reservoir, discovered in
the 1959 represents the largest gas field in We&arope and the tenth in the world.

I ssi Rivel |8

Figure 2-1 Gas fields in Netherlands Area; Larggas fields in the worlds

2.2 Earthquake Statistics

KNMI [1](Koninkijk Nederlands Meteorologisch Inatitit) published a survey about the recorded
induced earthquakes between the 1995 and the 2DA1Bng these years, most of the earthquakes
have been registered in the north of the counthgrey 720 of them are thought to be related to the
Groningen gas field. However, only 234 events hadagnitude of 1.5 or higher. It is assumed
that below the magnitude of 1.5 an earthquake |gose notice by human. In other words, the
32.5% of the registered earthquakes during theea@syof survey have been felt by the Groningen
area citizens.
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Figure 2-2 Registered earthquakes between 1992848 by KNMI

KNMI detected the earthquake epicentres duringetlyears. Surface projections of the recorded
earthquakes are placed in the northern area attfien, and mostly above the northern part of
the gas reservaoir.

2.3 Building database

The number of buildings and their relative locasidras been furnished by the Basisregistratie
Adressen en Gebouwen (BAG), the informations regghtte building typology, usage, value and
year of construction have been collected.

The building database has been further completsidreed to the total number of the analysed
buildings the construction material.

The most used construction material in the Gromnaeea is the unreinforced masonry, which
composes the 77% of the total building, follow theldings made of reinforced concrete that are
the 4%. The wooden building are only the 0.2%, whsrthe steel frame construction are around
the 1%. The remaining 18% is composed by uncleddibgs, which includes objects with
unknown functions and building under construction.

2.4 Vulnerable Dwelling Typologies

Vulnerability tests on the Groningen house buildgigck show a damage of the 12% of the
unreinforced masonry dwellings in the area in tenario of a magnitude 5 earthquake located in
Huizinge.

By means of a deeper elaboration of the data ezbsblf the estimation tests, it is possible to aefin
two groups of URM house building typologies in tela to their seismic vulnerability. The
vulnerability of the building sub-typologies is cheterized by factors as: wall openness, wall type
and building mass.
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The more vulnerable house group comprises terrbcedes and semi-detached houses. The
original design process for these building typoésgtonsiders a collaboration between the several
connected dwellings, especially for lateral loadsng in the direction parallel to the front and
rear facades.

Designed to withstand (as lateral force) only thiedaNoad, they present small shear walls in the
direction of the longest sides. Consequently, tasce of shear walls in this direction might be
not adequate to withstand seismic loads, even dakito account the collaboration between
consecutive structures.

2.5 Weak Aspects Target of Retrofitting

Seismic deficiencies that characterize the URM bduslding can be described by aspects which
make these dwelling prone to structural and nomesidral element damages in case of seismic
events.

» Overall strength Every wall is characterized by a weak directiod @ strong direction,
the global strength of a masonry building is diectependent to the in-plane shear
capacity and out-of-plane bending capacity of $tmad walls. The ideal performance of a
URM structure is the collaboration of load-beanwagjls which if adequately tied together
act as a box against lateral loads.

» Overall stiffnessURM bearing walls are generally characterized bglsdeformation due
to the short period of vibration. However, perfedhfacades with relative slender piers
confer flexibility to the building. Consequentlyhet presence of punctured fagade in
addition with strength lacking may enhance dispiaeets and hence damages.

» Mortar joints: Poor mortar joints can represent an issue foséemic performance of a
masonry building. The joint composed by poor momaaterials or just old, causes
disintegration of masonry wall units and loss gbarts for horizontal element as floors
and roof.

» lrregularities in plan and in elevatior:oad bearing walls of masonry building shall follow
a regular geometry in plan and in elevation. Regéar or square plan shapes with load
bearing elements arranged in plan respect to tleentain axes are preferred for their
seismic performance. Irregularities in plan canseatorsional moment due to the ground
motion, and therefore concentration of stress acitucorrespondence of the connection.

* Wall-diaphragm connectior©ne of the most important issue for URM buildingghe
connection between floor and roof diaphragms antswehe horizontals forces, triggered
by the seismic motion on the diaphragm level carsea concentration of load in absence
of an adequate bond between floor and walls.

» Diaphragm deficienciediaphragms are essential for ensuring the tramdfiateral loads
to vertical elements and for contributing to tie thuilding together. Timber floors could
lack both strength and stiffness, which leads t@esessive flexibility of the diaphragm



TU/e

Luca Martellotta

and therefore to an inadequate distribution oldads. When large displacements of these
diaphragms are possible, wall damages might occur.

Foundation deficienciesFoundations are not considered to be one of thd ordial
aspect of the seismic behaviour for URM buildingsyway, it has been proved that
buildings supported by shallow foundations sufferenthan those with adequate deep
foundations. Foundation could be susceptible tb smeading and landslides having a
detrimental effect on the URM structui2ogangun et al[2]

10
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SEISMIC UPGRADING

This chapter briefly describes the meaning of seisopgrading
regarding its strategy, design approach and howisitregulated by
international codes.

3.1 Upgrading Strategy

For the Groningen building stock measures of prielary structural upgrading related to the weak
aspects have been formulated. The measures hanvehoemht in order to satisfy both life safety
and damage mitigation. Particular attention haslggeen that during the realization process
social disturbance will be minimized, and the firedult will show the slightest possible aesthetic
incongruences.

The upgrading measures for both structural andstuetural elements can be distinguished in
two categories of intervention. Temporary upgradimgasures are intended to be applied on the
URM building stock which requires a rapid risk retdan. In the case of a high vulnerable
building, an external stiffness upgrade, which sufsplaterally the building can be considered a
short-term risk mitigation until a permanent measheis not been developed.

Permanent measures have been divided in seves ddred from 1 to 7 regarding the efficiency
of the measure and the rapidity of completion respethe risk mitigation, but also taking into
account the inhabitant repercussion. The risith@Mmeasure level aims to highlight the increment
in complexity, duration and people impact.

« Level 1, structural upgrading of falling hazard®educe and abolish the risk of falling
elements which are risky even for low level grommation acceleration. The intervention
can be also external to the building in order taimize higher risk building elements

« Level 2, tying of floors and wall§he aim is to introduce a better distribution chdo
between load-bearing walls. Connection between watl diaphragms improves the
overall building robustness, and restrains waltsmfrtheir out-of-plane displacements
during the seismic event.

« Level 3, stiffening of flexible diaphragmia:order to transfer lateral load to walls in their
in-plane direction, diaphragms need a certaingf$. Stiff diaphragms guarantee an equal
distribution of horizontal loads in bearing membrrsning parallel to the seismic force.
This kind of measures is the step forward afterlével 2, which together enhance the
overall building capacity by ensuring box-like acti

11
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« Level 4: Strengthening of existing walls in theut-of-plane direction'URM walls are
weak to restrain load in their out-of-plane direntiDuring a seismic event walls connected
at diaphragm levels experience a horizontal loageyeicular to their faces. Consequently
the member shall be strengthened in order to leetalwithstand the solicitation due to the
earthquake.

« Level 5: Strengthening of existing walls in thekplane directionWhen diaphragms are
both adequately connected to the walls and stiffugh to transfer loads, the building
assumes a favourable behaviour during the seismaigtelf the capacity in the in-plane
direction of the URM load-bearing walls is not stiffnt, these shall be strengthened to
limit damages.

3.2 Seismic Retrofit Design-Approach

A seismic retrofit for a generic building is theditcbn of one or more structural or not structural
enhancements that provide an increase in stiffoedsctility to the existing structure.

During an earthquake elements or variations totiegisnembers introduced by the retrofitting
design will fulfil the deficiencies of the buildirtg withstand seismic loads.

The seismic retrofit of a masonry building is gextigrbased on one of two design approaches, or
a combination of them:

» Damage Limitation Retrofit (DLR)
* Near Collapse Retrofit (NCR)

3.2.1 Damage Limitation Retrofit

It represents the conventional engineering approéskismic retrofit. The design is based on the
strengthening of the structure in its vulnerablgeass, such as connections, diaphragms flexibility
and wall resistance.

The design approach assumes the elastic behavidhe duilding, and focusing on different
techniques aims to delay cracking. The retrofitttaghniques should enhance the strength of
structural elements, assuring the necessary resesta withstand forces generated by the response
of the building during ground motions. Generallye trequired resistance is calculated on the
design-level earthquake, while in case of majothegurakes, the additional energy will be assumed
to be dissipated by the post elastic deformatiolaih materials and connections. In case of
upgrading the out-of-plane capacity of a wall,dgample, DLR approach would introduce vertical
pre-stressed tie rods inserted into drilled holdss will increase the axial load in the masonry
wall element decreasing the formation of cracksmduthe seismic event.

12



TU/e

Luca Martellotta
3.2.2 Near Collapse Retrofit

NCR reduces the risk for severe structural damageaaoids the collapse after that post-elastic
behaviour has occurred.

The design is focused on the overall performandéefttructure by means of structural stability
during the post-yielding phase. This approach megua good understanding of the dynamic
characteristics of the structure in order to deweddlequate interventions that prevent severe
damage or collapse.

In comparison to the previous example, regardiedabk of out-of-plane capacity of a URM wall,

a NCR intervention would prevent the overturninghaf element. This could be obtained by means
of vertical non-prestressed rods which, introduogéal drilled holes, come into play only when the
structure has developed cracks and has displacedgkento engage the stabilizing elements.
Measures for a NCR provide a reduced responseeobthiding by increasing the structural
damping via friction across the cracks and by lomgethe response frequency due to the wall
rocking.

The two design strategies are not intended to be&uatly exclusive, contrary they can be
complementary. The DLR approach addresses thecefestormance of the structure, while the
NCR approach addresses the post-elastic behaviour.

The difference in the seismic damage behaviourhef tivo design strategies can be better
understood by the graphic representation in therEi@-1, which refers to a generic masonry
building.

In the graph the horizontal axis is an increasimgcfion of earthquake intensity, whereas the
vertical axis indicates the damage index.

The line represents different building performance:

» Line ABC depicts the performance of the buildingtgoriginal condition
* Line DEF represents the damageability of the stingctvith a Damage Limitation Retrofit
* Line GHI represents the damageability of the stmectvith a Near Collapse Retrofit

13
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o

Near Collapse Retrofit

./.
f Nonreparable
F i dama ge
/
#
/
Damage ,‘ '
e - '
' A
Repairable
damage
£ « y. L
A G D
Carthgquake severily o —

Figure 3-1Plot of damage-progression index versaurthejuake severity for non-retrofitted structur@BC) and for DL (GHI)
and NC (DEF) retrofitted structures. Tollgg.

Point A represents the threshold earthquake irtiefsi the damaging of the masonry building.
When the point A is reached, the increase in thingaake intensity will produce an increment of
the reparable damage, which is limited by the pBinthe line between B and C represents non-
reparable damage, and it ends in point C with thiajgse of the building.

A classic DLR has the effect to translate the thoés of initial damage. The distance between
point A and D shows the improvement introduced iy eipgrading of the building. Once the
seismic intensity overruns the point D, the damaggresses follow the line until point E. It can
be understood from the graph that, once the stnengd addition on structural elements and
connections fail (line E-F), the behaviour of theisture as a whole becomes dominant. Collapse
occurs on F, which is reached by a little incremierthe seismic intensity respect to E.

In the case of a NC retrofitted structure, the poihinitial damage G corresponds to a small
increment of earthquake intensity respect to the-netrofitted structure, point A. This is a
consequence of the fact that no attempts have therea to avoid cracks. Indeed, this strategy
adopts the no-linear behaviour as advance, focusimglisplacement constraints, instead of
strength improvements. The yielding of the mateadVances to point H, where the overall
behaviour starts to dominate the performance. Afftepoint H, the stabilization retrofit elements
are activated, and the structure shows an incrgaata of repairable damage. The point | indicates
the limit of relative high earthquake intensity f@hich the structure does not collapse.

In conclusion, while a DLR results in a better dgmaontrol at lower earthquake intensities, the
NCR aims to life-safety and preventing collapsd|eso[3].

14



TU/e

Luca Martellotta

3.3 Seismic Retrofitting Guidelines

Seismic codes aim to provide standards and puldighilelines ensuring that in case of a seismic
event, human are protected, damages are limitedreledance buildings remain operational.
Indications on the codes are given for both newdimgs and retrofitting designs in order to
upgrade existing constructions.

3.3.1 Europe

In the European seismic zones the design of nevdibgs and the upgrading techniques for
existing buildings are regulated Byrocode $4] principally, with the addition of Eurocode ( ti
7 and 9.

Eurocode 8 provides a reduced regulation for loxeleof PGA (peak ground accelerations), and
in the case of very low PGA levels, it does nouisgjany application of these guidelines.

When the URM building can be classified by paramseds “simple masonry building” only simple
criteria need to be satisfied. The design critésiasimple masonry buildings regard building
aspects such as plan geometry, wall configuratronimal dimension and details.

3.3.2 ltaly

The Italian regulation for the design of new staues and retrofitting of the existing buildings is
described in th&TC’ 0g5] (Norme Tecniche per le Costruzioni) with theddan of CIRC’09
[6](Istruzione per I' applicazione delle NTC’08)h& design of an URM building in seismic areas
needs to respect guidelines given for the structelements requirements. In addition to the
regularity in plan and in elevation, the structsi@uld satisfy conditions for diaphragm stiffness,
diaphragm connection, wall dimensions and max hgrgispect to risk class zone. NTC’ 08, as
well as Eurocode, considers differently the cassiaiple building”. In the case of simple building
no verifications are needed in the building desigat after the retrofitting procedure others
conditions must be satisfied.

3.3.3 USA

In 2014 the American Society of Civil Engineerseesded theASCE 41-1[F] named Seismic
Evaluation and Retrofit of Existing Buildings. ASCH- 13 is a combination of two previous
American standard guides, so called Seismic Evaluatf Existing Buildings (ASCE 31-03) and
Seismic Rehabilitation of Existing Buildings (AS@&-06). The new ASCE 41-13 preserves the
three tiers approach given by the ASCE 31-03, wihiketechnical provisions have been taken
from the 41-06 as the principles for analyticalqadures.

ASCE 41-13 provides evaluation guidance for compboapacity specifically for URM buildings
and allows different ductility factors in relatioo different failure modes. The first Tier consists
in a screening of deficiencies to resist seismimador an evaluation only. Tier 2 is the followin
step, which is intended for both evaluation andofétof the building. It leads the user to go over
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the Tier 1 deficiencies with an appropriate upgngdiesign. The last Tier, the third, is named
Systematic Evaluation. It gives the possibilitghmose the analysis method between Linear Static,
Linear Dynamic, Nonlinear Static and Nonlinear Dymna

3.3.4 New Zealand

The New Zealand Society for Earthquake EnginegiNSEE8]) published in 2006 a document
so called “The Assessment and Improvement of thectsiral Performance of Buildings in
Earthquakes” focused in the existing URM buildingsidance assessment. It also refers to
structural upgrading methodologies without provigdany design procedure for retrofitting. Two
stages of evaluation are proposed in the docuroetihé seismic assessment.

The first, the initial evaluation procedure, is@arse screening involving reasonably resources,
which aims to the identification of all those builgs that could be potentially earthquake prone.
This step is supposed to be carried out by expegerearthquake engineers on the behalf of
territorial local authorities and building owners.

The second stage is a detailed evaluation procddutiee assessment of the ULS level of existing
buildings reached during earthquakes. It providésrination, guidance and formulas in order to
provide assistance in the evaluation of strengthdurctility of structural components, elements
and systems.

3.4 Adopted Guidelines for the Retrofitting Design

Retrofit designs of Groningen URM buildings shoblkel based on Eurocode recommendations.
Despite Eurocode 8 like the Italian code suggasitdedines for the seismic upgrading of masonry
structures, it rarely recommends precise calculagwocedures or empirical formulas for
designing of retrofitting intervention. Consequgnit relies on the designer judgment for the
determination of loads and deformations of paréicehses.

Differently American and New Zealand codes defineemmore strictly procedures that a designer
shall follow in the retrofitting of a masonry sttuces. These two codes suggest equations to
determine solicitations and propose retrofittinght@ques to solve the deficiencies of the building.

Consequently the most used codes in the calculakamples of this report are the American code
Asce 41-13[7] and both Eurocodes 8[4] and 6[9]eAtion have been placed about the use of
safety coefficients in both cases of solicitatiarsd resistances, since different codes adopt
different assumptions. However, resistances haea determined using procedures and relative
coefficents suggested by Eurocodes, when informagioout design of solicitations were not
present on the Eurocode, guidelines of Asce 41ai/ been followed.

Annex A lists load combinations suggested by theo&ode and the American code, which have
been adopted in this report.
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LEVEL | RETROFITTING STRATEGY

This chapter explains the design approach and ¢atimn procedure for
upgrading of elements such as parapets and chimneys

The first level of retrofitting strategy indicatggermanent measures to reduce risk for non-
structural building elements. Although these eletsido not affect the structural behaviour of the
building, they represent a hazard even for a loxellef ground acceleration. Level 1, therefore
aims to provide solutions for seismic upgrading boilding members such as parapets and
cantilever walls, chimneys and stacks.

In Eurocode 1998.1.1[4]is present a verificationdgline for non-structural elements is present.
It determines the effect of the seismic actionrdafi the horizontal forceasfacting on the element
by Eq. [4.1]

- (8N
a q, [4.1]
Where
Fa is the horizontal seismic force, acting at theteeof mass of the non-structural element in

the most unfavourable direction

Wa  is the weight of the element

S is the seismic coefficient applicable to the ntmxtural element
Ya is the importance factor of the element (equal to dase of no life safety risk)
Oa is the behaviour factor of the element tabledifam-structural element case
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_Type of non-structural element Ga

Cantilevering parapets or ornamentations
Signs and billboards

Chimneys, masts and tanks on legs acting as unbraced cantilevers along
more than one half of their total height

Exterior and interior walls

Partitions and facades

Chimneys, masts and tanks on legs acting as unbraced cantilevers along
less than one half of their total height, or braced or guyed to the structure
at or above their centre of mass

Anchorage elements for permanent cabinets and book stacks supported by
the floor

Anchorage elements for false (suspended) ceilings and light fixtures

Table 4-1 EN 1998.1[4] Table 4.4: Values ofador non-structural elements

The seismic coefficient stakes into account both ratios between heighthef élement and
building height, and between fundamental periothefmember (J) and of the building (7).

It shall be determined using Eq. [4.2] providedBayocode 8:

3[1+|_Z|j
S=gl§——<4_-05

2 2 : [4.2]
1+(1_Taj
- 1 -
Where:
a is the ratio of the design ground accelerationtype A ground, g to the acceleration of
gravity g
S is the soil factor

Ta is the fundamental vibration period of the nomustural element
T1 is the fundamental vibration period of the builglin the relevant direction

z is the height of the non-structural element abibnvelevel of application of the seismic
action ( foundation or top of a rigid basement)

H is the building height measured from the fourmtatr from the top of a rigid basement

Furthermore Eurocode 8 advises that the seismilficeat S may not be taken less tha8.
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To determine the fundamental vibration period fon4structural elementg,Ithe Eurocode does
not suggest any procedure.

Differently in the American code ASCE 41-13 [7]imple analytical approach to determingi§
proposed. In section 13.4.3.1 concerning the Hatedd&eismic Force for non-structural elements,
it is suggested to estimate the fundamental périgdn ASCE 41-13 so-called))lby Eq. [4.3].

W
T,=2m 2> [4.3]
K,9

W, is the operating weight of the element

Where

g gravitational acceleration

Kp Approximate stiffness of the support system of tmenponent, its bracing, and its
attachment, determined in terms of load per urfiedion at the centre of gravity of the
component.

Plugging both definitions of seismic coefficient(6q.[4.2]) and of fundamental vibration period
for non-structural elementTEQ. [4.3]) into the seismic horizontal force atjan, follows:

F - 95W, SEHHZ] ~05 [4.4]

Therefore, the retrofitting solution to reduce éfiect of the horizontal load acting on the member
may be based on one of two approaches:

* Lowering of the operative weight of the elemerg W
* Increasing the stiffness of the element suppoiysiem k

Two of the most complete and update guidelinesttim type of seismic retrofitting has been
thought to be the FEMA E-74 [10] and FEMA 547 [1The American guideline FEMA E-74
namedReducing the Risk of Non-Structural Earthquake Dgen& Practical Guidgeupgraded in
the 2011, provides practical solutions for theaf#ting of non-structural building parts. Whereas
FEMA-547 namedTechniques for the Seismic Rehabilitation of BExgstBuildingstreats both
structural and non-structural elements.
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A selection of the practical solutions presentedhi@a FEMA E-74 and FEMA-547 has been
collected on the basis of the Groningen case. bhdde non-structural elements taken into
consideration are building parts which are congid¢o be generally present in the URM building
stock situated in the Groningen area.

4.1 Parapets and cantilever walls

Unreinforced masonry parapets due to their sigaifi¢alling hazard represent causes of injuries
and expensive repairs in case of seismic evenes.iffddequate bending strength and ductility
makes these elements the first parts of the bgldinbe damaged. In case of no rigid roof
diaphragm, parapets show the greater damage aspaid-of diaphragm due to the higher
accelerations and displacements. Whereas, whemotifediaphragm is adequately rigid, the

parapet performs equally along the entire span.

URM parapets are considered causes of further damamgse of seismic event due to their typical
configuration.

Heavy and unbraced parapets placed at the roafligbt involve failure of parts of walls caused
by their out-of-plane collapse.

The out-of-plane failure of a parapet may occunegiinwards or outwards. In case of inwards
falling, it might involve further damage of the laing roof. On the other hand, outwards falling
could include damage of adjacent property.

4.1.1 Description of the proposed rehabilitation techniges

International guidelines propose as most effecteehniques three kinds of approaches to
minimize the falling hazard risk:

* Removing of the parapet
* Replacement of the parapet by a light weight sotuti
* Anchoring of the parapet to the roof by steel brgci

Remove the whole parapet or reduce its height mealesrease of vertical compressive stress at
the roof-to-wall anchor locations. Typically wheretintention is to remove the element, this is
then replaced by a concrete cap or a bond beamstareethe anchorage of the diaphragm. The

CONCRETE CAP BEAM

WY — |

N\ | STEEL TENSION TIE STRAP

N /%(E) ROOF MEMBRANE | ‘» NDANCHOREOLT .
NN - (E)
Y / (E) STRAIGHT SHEATHING [—ROOFING TO COVER SHEATHING AND ADD
WA\ / / YA | ‘XTENS[ONTIE

WOOD STRUCTURAL
PANEL SHEATHING
PN I S / DIAPHRAGM

REMOVE ()
e ) PARAPET Y : -
N 1 (! v

| |

ﬁ\ T |

I \
“— (E) ROOF JOISTS \\\‘[ L \ — (E) SHEATHING
N

BA. { \ BLOCKING
) SHEARTIE

\\i } Blocking/strap depth

denends on subdianhraom

NN NN
Figure 4-1 Parapet removal and Concrete Cap Beanthfe rehabilitated condition FEMA 5411].

{E) URM WALL
AND PARAPET
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original reason of extending the masonry wallsarqing parapets was to limit spreading of fire.
Therefore, if the parapet is removed, precautidredl $e taken for fire protection of adjacent
building.

Due to the fact that one primary condition for oéitting is to preserve the architectural aspect of
the building, replace the parapet by a light weigktnent is not considered.

The mitigation solution by the installation of birag represents the suggested technique in this
report.

In order to minimize solicitations due to horizdrdaismic loads, the parapet is anchored. Respect
to the original configuration of a cantilever beanhen braced, the parapet behaves a doubly
supported beam. As it can be seen from Figuretde2pracing is usually realized by a steel angle
brace anchored near the top face of the parapetiathé roof framing. The present roof framing
may need a localized strengthening to withstandehetion from the brace. Whereas in the low
part, the parapet is restrained by the roof-to-teadkion anchor.

masonry parspe
Js,, Max. Continuous steel angle

Thru bolt or

Anchor bolts welded connection

Thru bolts,
ends countersunk

\ Joist )
4 ool DN ‘o)
S O

Thru bolts

Wood block

\ Nailed clip angle
Holdowns

Figure 4-2 Typical brace configuration for URM paet FEMA E-7410]

4.1.2 Detailing and construction considerations

Parapet and roof configuration may vary for différeases. Different roof slope with diverse
parapet sizes involve small variations respedh¢odetails.

» Parapet anchorage type#: continuous steel angle profile is placed hortatiy along the
parapet at the location where the brace is supptwsbd connected. The profile can be
fixed by means of anchor bolts or invisible adhesanchors. The horizontal profile will
provide a uniform distribution of stress introdud®dthe bracing.

» Top angle:lt is normally assumed a continuous angle runbigigveen braces in the roof.

* Roof framing modificationVertical loads acting on the base connection eflitace is
typically hold by the roof framing. Especially ftall parapets, the existing roof joists may
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defect to resist the substantial brace loads. ésdltases the stiffness at the base of the
brace workpoint should be increased. This can Weirwdd by additional joists, by the
application of more bracing to distribute the laady adding blocking beneath the base
of the workpoint as shown in the Figure 4-3. Whetiféening of the diaphragm is planned,
a concrete topping overlay may represent the aagedor the brace workpoint.

* WaterproofingThe brace anchor at the roof workpoint is attadbete structural framing
of the roof, so a penetration of the waterproofefawill occur. Therefore waterproof
solution must be provided for any roof connection.

4.1.3 Cost, disruption and aesthetic modification:

Since the anchorage of parapets by bracing invoivestly external modification, disruption is
relatively low, occupants can remain in place. Comalhe parapet retrofitting with roof-to-wall
ties rehabilitation can reduce the total cost efititervention. The anchorage of the parapet will
not result externally visible and no substantiaithetic modification of the facade will occur.

REMOVE (E) SHEATHING
BOARD AND REPLACE

ANGLE WITH BOLT EACH END —————————————— WITH PLYWOOD OF
GUSSET PLATE EQUIVALENT THICKNESS
—— ANGLE WITH LAG SCREWS
CONTINUOUS ANGLE INTO BLOCKING
3 ——— WORK POINT
22 §;\\ :? — Pitch pocket. Waterproofing
VaNIEEK - details typically provided
N by the architect.
N_222X "N L 1 »
THROUGH BOLT—/ (RIS
WITH BEARING AN N R RN
PLATE K NI EIT NN
\ i - _|_|
\ b 2 |
z 2t > ——
ﬁ_/ R SLABTNLLDY
— IS ﬂ; i-— (®) JoisTs
il NI Ul VAT

L JOIST HANGER
4x BLKG

E) URM WALL AN
® 1 “VARIES

NN VERIFY INFIELD
Drifled dowel alternate —— >N\

NN

Figure 4-3 Parépet bracing example FEMA 4}
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4.2 Parapet seismic upgrading example calculation

In the following calculation example, the parapgtdutch terraced house has been selected.
Figure 4-4 displays plans views of the buildinghntite parapet highlighted by the colour red.

1000
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ELEVATION
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910 20900 1400 1000 ] 1000 1400 2900 1580 2900 1400 WG%B% 1000 1400 2900 910

L L] L]

600

4500 ‘ 4500 4500 ‘

GROUND FLOOR PLAN

4500

1900 1800 1800 1900

6000

6400 T 6400 6400 T 6400

25600
FIRST FLOOR PLAN

=

Figure 4-4 Dutch Terraced House with the Selectedhpet

X

4.2.1 Parapet seismic load calculation

In order to determine seismic loads acting on tmajpet, the fundamental period of vibration of
the building has been estimated. Periods in thedivaztions have been determined by means of
the Rayleigh’s method, calculation is shown in ®&c6.6.4.

Building height H:=6000 mm
BUILDING

Building fundamental period T,,:=0.143 s

in the relevant direction T,,=0.044 s

Figure 4-5 shows the top view of the terraced haufiethe indexes assigned to the analysed
parapets depending on their orientation, and tlsenée loads acting on the elements.
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Parapet x
Parapet vy P
'#A 8
Fx 3
1l
, =
TOP VIEW
1x=25600
X
Figure 4-5 Building Top View with Parapet Referehugex used in the Design
PARAPET
-\ e Thickness t:=210 mm
B Ly by
. Height h:=1000 mm
Length l,:=25600 mm
l,==6000 mm
=

Height-to-thickness ratio: ’: =4.76

Height of the parapet
from foundation level  2:=7000 mm

‘Wall to diaphragm
anchor location

Figure 4-6 Parapet Geomet|

Modulus of Elasticity E, :=4410 MPa
Compressive strength fa=4.4 MPa
MASONRY Bending strength parallel to the bed joint f2.1=0.2 MPa
Bending strength perpendicular to the bed joint fzr2=0.4 MPa
Partial factor Ym=1.T
Weight (clay bricks) Pmi=18 ﬂs
m
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The bracing system to restrain the parapet is dedigo be composed by an L profile running
along the parapet and placed atbelow the top face of the wall. Vertically, the gpet is
restrained by a series of L profiles which are @emted to supports on the roof by means of L
profiles. L profiles which connect parapet and rad considered to be hinged at both ends. The
described solution is shown in Figure 4-7.

L profile

Roof insulation

Concrete topping overlay

Timber joist Timber sheathing

Figure 4-7 Parapet Bracing Configuration

The parapet without seismic upgrade may be appmabeidhby means of an uniformly loaded
cantilever beam when subjected to the seismic lbtmvever, the bracing introduced by the
retrofit changes the boundary conditions of thenelet. The restrained parapet shall be represented
by a doubly supported beam.

The element, as displayed in Figure 4-8 , is asdumée composed by two parts. Part 1 behaves
as a beam clamped at one end and supported othétreead, with span equal to b-h
Whereas, Part 2 is approximated by a cantilevembgih length equal toh

= 4—

£
h-h
h

Il
£
h-h.

+
G ¢

Part 1 Part 2

Figure 4-8 Assumptions for the Analysis of the Pata
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Distance between L profile and parapet top face

Parapet stiffness part 1
(considered fixed at both ends )

Parapet stiffness part 2
(considered as a cantilever)

Parapet fundamental period
part 1

Parapet fundamental period
part 2

Seismic hazard data for design purpose have bé&en faom preliminary study conducted by
ARUP[12] and described in the report: Groningen381Structural Upgrading Study — Section

2.2 Seismic Evaluation.
Design ground acceleration

Ground type E, Soil factor

X direction

v direction

X direction

ydirection

X direction

v direction

X direction

v direction

hy,:=200 mm
e Ep-ly : =(5.11-10%) kN
4./h—h1,\
e
Ky = it :(1.2-105) ]
LA "
M g‘ tl )
Ky 0l (523.10%) KV
()’ =
t
Kp2.y:: fOEm__;ly :(1.23- ]08) ﬂ
(R ™
t
2 - - -
T, =2-m- \/M:0.028 s
Kpl.z'g
Ty =27 \/M 0.028 s
ply g
=2 \/("""t "h-L) 001 5
p21 g
=27 \/(”"‘" "hb) o001 5
p2y g

a,:=0.243 g

S:=1.6
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. 3.1+ %\.
x direction Sy i=—2.5- 7 \ / 5 —-0.5|=1.34
15
!1+|(1_ al,z\l I
\ \ Thz))
Seismic coefficient Sa part 1
3u(mr
y direction S,y = 2945 \ H] _g5i=203
a ([ [ 7.\
l14]1— I:M' I
\ 1y ) )
311+ %\I
a
x direction  Sjp,i=—2+S- \ / —0.5|=1.08
g ( ( T \2\
IHLI_ ““J I
Seismic coefficient Sa part 2 { Tvz) )
. 3.1+ %\.
y direction Sy, = 9.5. 7 \ / 5 —0.5]=1.09
g9
| 1+|{1 = T“2'y\| l
\ U Tw))
Behaviour factor of the non-structural element  ¢,:=1.0
Importance factor Yai=1.0
S, . ete(h—hy)el,) -
xdirection  Fy pe= vz Omet-(mh) b) v o gy
Horizontal seismic force 9a
acting at the centre of mass S .. cte(h—hs)el)e
of part 1 along the whole ydirection  Fgy := aly (Pm ( L) I) Yo _ 157 kN
parapet 9a
S S S I
xdirection  Fymi2a Pmt-hil) Yooy
Horizontal seismic force 9a
acting at the centre of mass
g Syt Yt
of part 2 along the whole y direction  Fgp = a2y” (Pm 1°ls) Y =21 kN
parapet qa

Horizontal seismic forces can be represented bynmetequally distributed loads acting along
the parapet:

'3 F
Part 1 qam;=$:5,05 kN qal.y::#zzee kN
Ly (h—hy) e 1+ (h—hy) m
F, F
Part 2 Qurai=—22 —4.07 XY Gunyi=—22 =414 XY
ly' L m l-hy, m
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4.2.2 Check of the Parapet Resistance

Check of the parapet running in the x direction

The resistance of the parapet shall be checkeldibr parts. Firstly part 1 is analyzed. This part
may be considered supported on its four boundageshown in Figure 4-9. Hence, the resistance
of this part has been determined for both its fdsdailure mechanism. In order to proceed a

number of braces has been assumed.
Number of bracings

Bracing spacing

Design bending moment
resistance when the
plane of failure is
parallel to the bed joint

Design bending moment
resistance when the
plane of failure is
perpendicular to the bed
joint

Figure 4-9 Seismic Load Acting in the Area Enclosed betweerGantiguous Bract

The portion of parapet enclosed between two coatigbracing (part 1) shall be
considered as simply supported on each side. Thefqlane resistance of this
portion of parapet against the failure along tremplparallel to the bed joint may be
checked using the yield line theory presented iroEade 6.

By the ratio h/l (where | is the spacing betweeacbs) others parameters can be
found on Annex E of Eurocode 6.

SIS LSS S h—hy o625

7 ? h/1 ratio S

; ; Orthogonal rati - Faka =0.5

/ / OCOII ratio pi=—"-=0.
fzk.Z

Y Bending moment coefficient a:=0.036
Figure 4-10 Wall Support Condition
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The maximum allowable spacing between two contigusugoverned by the resistance of the
parapet when the plane of failure is perpendictdahe bed joint. Therefore, the spacing before
assumed shall be checked using the yield line yhe&drich determines the upper bousdx

M

Sz.maz = \/ fed1 2 =3543 mm
Heqqy .y (h’_hL)

where the assumed spacing is s,=1280 mm

Sollecitations for both cases of failure shall leeivkd by means of the yield line theory:

Mgy g1 3=y ,+5, =0.29 kN -m MEd1.x1 < MRdl x1
Where

Mgy 22 =G 5y + (h—hy)=0.36 kN -m MEd1.x2 < MRAL.x2

As before mentioned, part 2 of the element shatidresidered as a cantilever beam subjected to a
distribute load. Therefore the resistance of tlugipn of parapet has been checked considering
the entire length of the elemdnt

Mpas.z1+= (ka'l ) . (lI.Gtz )=22.14 EN-m

m

F., «h
Wy ::“2+L:2.12 kN -m MEd2.x1 < MRd2.x1

e

Check of the parapet running in the y direction
Consequently, the procedure carried out to designbtacing for the parapet running in the x
direction has been repeated for the bracing op#rapet along the y direction.

Distance between L profile and parapet top face hy:=200 mm

Number of bracings n,:=6
l

Bracing spacing 8,=—-=1000 mm
n
Yy

Similarly as for the parapet running in the x dii@g, the resistance of the element has been
checked for two possible failure mechanisms.

Design bending moment
resistance when the
plane of failure is
parallel to the bed joint

Design bending moment -~z
resistance when the
plane of failure is
perpendicular to the bed
joint
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The resistance for the portion of wall spanningMeein two contiguous supports is verified by
defining the maximum spacing:

b/l ratio i: 1
Sy f
Orthogonal ratio p="2*1_05
fzk.2
Bending moment coefficient a:=0.048
M
Sy.maz = \/ Rd142 =3777 mm
He+qqq z° (h-hL)
where the assumed spacing is s,=1000 mm
Mgy g1 =R+ @+ qay o+5,” =0.12 kN -m MEd1,y1 < MRd1.yl
Where
Mgy =0 qa1 5+, + (h—hy)=0.19 kN -m MEd1,y2 < MRd1.y2
Then the bending moment acting on the basis ofZoerthecked
e ::{fzk.l\.(ly'tz\:s TR e
Rd2.y1 L n L 6 J -
<
Iy _Fpuhy 0o kN MEd2,yl < MRd2.yl
ed.2.x1 ’_T_ & -m
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4.3 Parapet Bracing Design
Bracing of the parapet is composed by a systerteef profiles as shown in Figure 4-7. The steel
brace is designed to be inclined of 33° respethadhorizontal and it is assumed to be hinged at

both ends. Load acting on the bracing have beegrmdeted on the basis of the greater load
condition, which is respect to the y direction.

hL=200

h-h1=800

ah
\ il \ nmnm 1111

‘ sy=1000 ’
Total height of the parapet h:=1000 mm
Distance between L profile and parapet top face h;:=200 mm
Brace spacing of the parapet running in the y direction 8,=1000 mm

Load acting on part 1 on the parapet running in the y direction ¢, ,=7.66 ﬂz’

m
Load acting on part 2 on the parapet running in the y direction  g,5,=4.14 k_1\2!_
m
Distributed load acting on part 1 q1:=qa1.4*Sy="T7.66
m
Distributed load acting on part 2 42:=qaa.y*Sy=4.14

m
o : : h—h h
Distributed load acting on the horizontal steel profile g :=qq1 4 { : LT ;) =3.83 =
m

Material properties of steel profiles:

Yield strength of chosen steel f,=355 MPa
Young modulus of steel E,:=210000 MPa
Safety factor for steel Yaro:=1.00

In the previous design of the parapet bracing, résrain system has been considered to be
infinitive stiff, due to the fact that no stiffnebas been accounted. However, an infinitive stiff
bracing means large and heavy cross section elé¢neents. Hence in order to satisfy the boundary
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conditions set for the previous calculation onlgraall deformation of the bracing has been
allowed, where this deformation has been set ahthlConsequently, all three steel elements
have been designed for both resistance and deftectinditions.

; S0k
< A A
5‘ | 8,=1000 |
/I
: Z |NLJ-JiM [J I |
=3.0 N b mice
1.1 KNm $y=1000

Figure 4-11 Bending Moment on the Horizontal

Figure 4-12 Bending Moment on the Vertical Elensamt
Element

Axial Load on the Brace

Vertical L profile

Calculation of the minimum plastic modulus of threfge due to the bending moment:

Max bending moment acting on the vertical steel element M, az=1.1 kEN-m
v : M M

Minimum profile plastic modulus based on the Wptmin=——— ™0 _3 1 em®

resistance of the element v

The L profile is assumed to behave as a beam &ikede end and supported on the other subjected
by a uniformly distributed loaded. The maximumléetion is at 0.4422 L.

4

«(h—h
Maximum deflection at 0.4422(h-hl) (I - 1)
185 EI,
Minimum second moment area of L profile to (h—h )4
assure a maximum deflection of 0.1 mm. Iy 4 4 =80.71 cm”

185.FE,-0.1 mm

Chosen profile designation 100x65x7:

)
L 4
% I,:=112.5 cm
% Section properties:
2 W,:=16.61 cm’
S v
e WV
S
7K &

65 l

Figure 4-13 L Steel Profile DXx65x"
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Horizontal L profile

The L profile running along the parapet is assutteetiehave as a beam double supported by
adjacent braces subjected by a uniformly distridblb@aded. The design of the minimum plastic
modulus of the profile is based on the maximum bepchoment at mid-span.

2
- : : -8

Max bending moment acting on the horizontal My, oz = 9% _0.48 kN-m
steel element 8

M . 3

Minimum profile plastic modulus based W ol i S N 1.35 cm’
on the resistance of the element fy

Using the same assumption of the boundary conditt@maximum deflection at mid-span may
be determined.

1
: : : 5. = 9 In°Sy
Maximum deflection at sy/2 maz’= aod E 1‘1’1
[ - /
Minimum second moment area of L profile to I min =~ 2 o =237 em”
assure a maximum deflection of 0.1 mm. 384 E,-0.1 mm
Chosen profile designation 125x75x7:
Q0
i 1,:=274.3 cm'
Section properties:
W,,:=28.57 cm®
&
\'\
&
L @
75

Fiaure 4-14 L Steel Profile 12x75x8

Brace L profile

The brace is what supports both horizontal andoagtlements. The member is considered hinged
at both ends, consequently, the design is basdaecaxial load which the element is subjected.

Angle of the L profile a:==33 a=m-—2 =058
180
Max axial force acting along the brace L profile Npymaz=3 kN
S N .
Minimum area of the profile based on the Ay min = bmaz" TMO _g 45 men?
resistance of the element ]

Similarly as for the other bracing elements, a suaheflection has been set in order to satisfy the
boundary condition of stiffness used in the parapiofitting calculation.
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Maximum displacement of the steel profile
along its axis

Minimum area of the profile based on
the displacement of the element

Chosen profile designation 100x65x7:
o)

100

&S

(o2
(&)

} SNNNNNNNNN \\\\\v\

Figure 4-15 L Steel Profile 100x65x7

5 Nb.maa:'l
N h—hy,
b.maz*
cos(a) 2
Ap i = =114 mm
bamin E;-0.1 mm
4
I.=112'5 cm

Section properties: :
W,:=16.61 cm
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4.3.1 Detailed Design Assembly

| A I |
L 125x75x8 L 100x65x7 L 100x65x7 |
I v | / | Il |
I I [ I [ ] 8
T I 7 I '
® 7 o ® ® ® ® 9] ® ® | —
T T I |
Il Il /| | ]l /] | | I
I @ | ® | |
Il Il | ]l I || I
T [ ] [ |
1 e Il I ® [ I
T | [ i 7 &
| | || Il | | I
I — | — T | E——— 1
-
L - Epp——— 1) S
° I ) ° o I, I ° _
Jolst
I 1000 Exlsting timber sheathing
Concrete topplng overlay
Waterproof membrane
PARAPET LATERAL VIEW D aI[IJ
g I
=
(®
I N . { ,oo
—P | O K, Galvanlsed metal flashing
I 3 - N Waterproof membrane
2
8 # 5 N Concrete topping overlay
— S Existing timber sheathing
] Wall anchor %
S A Jolst
N/ A ana O
e — e
—= i
I |
I
T Wall sheathing
i Timber framework Drywall
Drywall
-+ = SECTION A-A
210 85 | I!B

35



TU/e

Luca Martellotta
4.4 Chimneys and Stacks

Unreinforced masonry chimneys result to be extrgnvatak for seismic load due to their

characteristic slenderness. Even for relativelyllewels of ground motion, URM chimneys during

the earthquake may crack, separate from the maiotste and collapse. The collapse of the
chimney may involve injuries of occupants in casStaiture through the roof structure, or anyway
further damages.

4.4.1 Description of the Proposed Rehabilitation Technigas

The possible solutions to mitigate risk for unrenckd and unbraced chimneys are:
* Removal of the whole URM chimneys and firebox extyir
* Filling of the chimney
* Removal of the chimney and replace with a lightwegplution
* Anchorage of the chimney to the building

Clearly both removal and filling techniques mayadepted only in particular cases, such as when
the fireplace is not used anymore. Neverthelegheifoccupants do not show the will to use it,
reducing its height to not more than 50 cm abowertofline will result to limit the potential
damage.

The most reliable seismic retrofit for the mitigatiof URM chimneys is the replacement of it with
a lightweight solution. Indeed, the use of a mitét& inside a framed enclosure results to minimize
the mass and therefore the seismic force actingechimneys.

On the other hand, the replacement of the wholmry may represent an expensive intervention
for typical URM house buildings. Whereas the brgadhit reduces the falling hazard by a lower
price.

Eurocode 8 part 6[13] in Annex E refers to masodnymneys giving a minimum seismic
anchorage. When a masonry chimneys passes thréogis fand roof a building, it shall be
anchored at each level which is more than 2 metbove the ground. Anchoring should be
provided by means of two 5 mm by 25 mm steel steapisedded into the chimney for a minimum
length of 300 mm. Each strap should be fastenadmimum of four floor joists with teo 12 mm
bolts.
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The same procedure is mentioned on the Americae Eetha 547[11] as shown in Figure 4-16.

%
STEEL COLLAR AND
== TENSION/ (E) EXTERIOR ,/ / - o VA STEEL STRAP
COMPRESSION STRUT WALL / Y /
AT TALL CHIMNEY /N GAPTO
(E) FRAMING — | - COMBUSTIBLE FRAMING
EIEI “ PARALLELTO \ | 77/ /]
EXTERORWALL | T X
) \ I 7 DiAMETERS MiNIMUM
\ |f I (10 T0 12 PREFERRED)
: TO FIRST BOLT OR
STEEL STRAP AT " !
CEILING OR ROOF STRAP EXTENDING 4 1 U LAG SCREW
FRAMING JOIST OR RAFTER I | STRAPWITHBOLTS
BAYS MINIMUM | £ OR LAG SCREWS TO
NALTOBLOCKING I _ TIEMEMBER
(E) MASONRY ‘ L I L N ]
cu;:;zs:&:g STEEL STRAP AT BLOCKING I itgﬁ:'s",gE -
FLOOR FRAMING BELOW STRAP =L
F = = ! TIE MEMBER.
NAIL TO JOIST
ORRAFTER

Figure 4-16 Bracing of masonry chimney along itgheFEMA 54711].
4.4.2 Design considerations

In the retrofit of chimneys is recommended the agstion of the worst-case regarding the
construction. This due to the fact that it is comnto find chimneys ungrouted, poorly grouted
and unreinforced.

4.4.3 Detailing and construction considerations

Alike for the retrofitting of parapets, the rettofif chimneys via bracing supports needs an
engineering design due to the vary of the roof-ct@ynconfiguration. Consideration regarding the
bracing are the same before mentioned for the dpgyaf the parapet support system.

Attention must be posed in the choice of the arehgre. Expansion anchors may induce splitting
tensile stresses which result in cracking of theanay. Adhesive anchors change properties when
exposed to elevate temperature, therefore it mightexperienced for this use. The use of
embracing metal connection is suggested.

Hownting angle set
i rpodineg marestic

Bent sheet
) r < metal siragn Sheat maetal
Ul | T ¥ Flashirg
Max. | 1 T
: —
e ]
T o F

Sheel anghe . Mouwnting Angle

]
a0 | i bracirg || - -"\
. e N
. - + -<':\‘ —
HMax. i | :

P . g g i 2

Fraenirg <iis,
4 wach bhodk

’ i
s ] ax bloek

Throisgh Balt, Toical
Tpical {same depth
as roof rafter)
-
Roof rafter ——

Fiat biock
extend a menimum
of B0 By
each Brace

Figure 4-17 Typical brace configuration for chimsésEMA E-7410]
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4.5 Chimney Seismic Load Calculation Example

In the following calculation example, a chimneyqad on the roof of a Dutch terraced house has
been selected. The reference Dutch terraced hstise same adopted for the calculation example
for the parapet retrofitting, it is displayed irgHre 4-4.

The fundamental period of the building in both direns has been determined by Rayleigh’s
method, calculation is shown in Section 6.6.4.

The following data for the chimney geometry andtfeg masonry properties have been assumed.

Building height H:=6000 mm
BUILDING
Building fundamental period T,,=0.143 s
in the relevant direction T,,=0.044 s
Modulus of Elasticity E,,:=4410 MPa
MASONRY Partial factor =T
Weight (clay bricks) Pmi=18 kIZ
m
Thickness t:=210 mm
Height h:=1200 mm
CHIMNEY
Length 1:=760 mm
Height of the chimney
from foundation level z:=7200 mm
Weight of the chimney W= (pp-h+(2+t-1+2-t-(1-2-1))) =10 kN
— T |
T 1
A_l_ 1  E— _l_A
——— "“"
T T T —
I I ] ||
] T T — = _
I I I ] ||
T T I
S m— |
N S | |
I I T " "
ROOF LEVEL — 11 SECTION A-A

Figure 4-18 Chimney Elevation and Cross SectionWVie
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When subjected to a horizontal load the chimneisteshe force by the entire area of its cross
section. In this calculation example, in order &sethe computation, only the in-plane capacity
of the elements composing the chimney has beeridsed. Consequently, the cross section of
the member has been divided in four sub-elementsosk section Ixt.

Figure 4-19 shows the selected sub-element higielighy the colour green.

" I . ] }_A

ROOF LEVEL SECTION A-A

i
|
1
1
[ 1
|
1
1

Figure 4-19 Selected Sub-Element to Determine #teral Stiffness

The selected sub-element has been considered &awdak a cantilever beam of length h. Hence,
the lateral stiffness of the sub-element has beenet.

Weight of the chimney W.i=(ppm-h+(2+t-1+2-t-(1-2-1)))=10 kN
3

Moment of inertia of selected part I:= tlg = (7.68- 105) em”

4 ” o
Shear area of selected part Av:=%- t-1=(1.33.10°) mm’

. 3 OE = I 'A

Stiffness of selected part K.=— = *  =(2.45.10") Lol
(considered as cantilever beam) h™«A,+7-5-1-h m

Since in both directions the lateral stiffnessh& thimney is given by the in-plane stiffness of
two sub-elements, the total stiffness can be detenin Consequently, also the fundamental
period of vibration of the chimney has been assksse

Stiffness of the chimney in both directions K,,=2-K, = (4.89 . 104) =
m
. A A L W,
Period of the chimney in both directions T.=2=x = ——=0.03 s
tot* 9
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By means of the period of vibration of the members possible to determine the seismic

coefficient necessary to compute the seismic laidgon the chimney. The followed procedure

is the same used to determine the seismic loadgaot the parapet described in the previous
section.

Seismic hazard data for design purpose have b&en feom the preliminary study conducted by
Arup and described in the report: Groningen 20K&ructural Upgrading Study - Section 2.2
Seismic Evaluation

Design ground acceleration a,=0.243 g
Ground type E, Soil factor S:=1.6
I )
Seismic coefficient in the x direction S =218 ‘| ( 2\ —0.5|=1.37
T,
i
W\ o))
[ a.f7.2) \
Seismic coefficient in the y direction Say*= 7.8 | [ i 7\ —0.5|=2.09
T,
sfi- e
WU Ty )

Behaviour factor of the non-structural element  g,:=1.0

Importance factor Ya=1.0
3 Sz W,

x direction F,, =202 e Vo _ 14 kN
Horizontal seismic force acting at 9a
the centre of mass of the chimney

. rd. 1 gd — Sa,y.wc.’ya —
ydirection  F = =21 kN
. 2
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LEVEL Il OF RETROFITTING STRATEGY

This chapter describes the importance of connedigiween diaphragms
and walls, and provides calculation approachesésign connections.

Second level of retrofitting aims to improve theemdl robustness of the building.

In order to enhance the overall robustness of akl GRilding, the seismic retrofitting design shall
principally improve the monolithic three-dimensibteehaviour of the structure against lateral
seismic loads.

Monolithic three-dimensional behaviour is meanbéothe capacity of a building to transfer both
in-plane and out-of plane forces between walls diaghragms. This behaviour can be achieved
by means of adequate connections tying wall to,walll diaphragms to wall.

5.1 Connection diaphragms to walls

Connections between diaphragms and walls are i@piorh seismic retrofitting of masonry
buildings because:

* They provide a load path between diaphragms analr skialls, and restrain diaphragms
against dangerous displacements due to the sessnie.

* They avoid unfavourable failure mechanisms of wallghe out-of-plane direction by
changing their boundary conditions, Figure 5-2.

* They prohibit disconnection between wall-wall, wabf and wall- floor. Especially the
separation of the wall from the floor allows anawdurable observed failure mechanism
such as out-of-plane tipping of wall and floor eping, Figure 5-1.

g
Figure 5-1 Separation of walls leads to out-of-@aipping Figure 5-2 Out of plane wall failure

and floor fallinc
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A well designed connection is on one hand a comneetble to avoid walls to disconnect from
the diaphragms in the out-of-plane direction. Gndther hand it is able to transfer loads from the
diaphragm to the wall where they are restraingtiénn-plane direction of the wall.

Eurocode 8[4] in the section related to desigredatand construction rules for masonry buildings
states that floors and walls shall be connectevanorthogonal horizontal direction and in the
vertical direction. However the European code deetssuggest any procedure to design the
relative connections.

Differently, FEMA 41-13[7] provides a guideline ¢ietermine the shear resistance of connection
between bearing walls and diaphragms. Connectimnsgesigned to transfer the load due to the
motion of the diaphragm. This load is assumed totraasferred only by means of shear
connections, which act in the in-plane wall direnti

5.1.1 Procedure for Hazard Caused by Ground Shaking

The selected procedure is the BSE-f#Em the American code ASCE 41-13 [7], which coiess
existing buildings with seismic hazard of 5% prabgbof exceedance in 50 years.

The seismic hazard shall be determined by mearsspbnse spectrum ordinates for short (0.2s)
and long (1s) periods, in the direction of maximhamizontal response. Spectrum ordinates are
indicated by:

Sxs : design short-period spectral response aetileiparameter
Sx1: design long-period response acceleration peteam

Design spectral response parameters may be obtaoradnodified values taken from spectral
response acceleration contour maps. Values fountbotour maps are then adjusted respect to
the site class as shown in Eqg. [5.1] and Eq. [5.2]

S.= F,S

Xs a —s

[5.1]
le = I:v S.l [5'2]
Where R and k are the modification factors determined respebtiftem Table 5-2 and Table

5-1, values are based on both site class and vafubks response acceleration parametetang
S: for the selected return period.

1 Basic Safety Earthquake-2 for use with the Basidd?mance Objective for Existing Buildings.
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Mapped Spectral Acceleration at Short-Period S,* Mapped Spectral Acceleration at 1-s Period S,

Site Class $55025 Ss=050 $:=0.75 S5=1.00 $s21.25 Site Class § <01 $=02 $=03 §5=04 5,2 050

A 0.8 0.8 0.8 0.8 0.8 A 0.8 0.8 0.8 0.8 0.8

B 1.0 1.0 1.0 1.0 1.0 B 1.0 1.0 1.0 1.0 1.0

C 1.2 1.2 11 1.0 1.0 C 1.7 1.6 15 14 13

D 1.6 1.4 12 11 1.0 D 24 20 1.8 1.6 1.5

E 2.5 1.7 12 0.9 09 E 35 32 28 24 24

F b b b b b F b b b b b
“Straight-line interpolation shall be used for intermediate values of Ss. iSlmighl-Iinc interpolation shall be used for intermediate values of S;.
"Site-specific geotechnical investigation and dynamic site response analyses "Site-specific geotechnical investigation and dynamic site response analyses
shall be performed. shall be performed.

Table 5-2 Values of Fa as a Function of Site Ctaes Table 5-1 2Values of Fv as a Function of Site Cass
Mapped Short-Period spectral Response Acceler&@mn Mapped Spectral Response Acceleration at 1-s P&iod
ASCE 41-13[4] ASCE 41-13[4].

5.1.2 Diaphragm Shear Transfer

Diaphragms shall be connected to shear walls &t elaord in order to transfer horizontal loads
due to the ground motion. If shear connections betwwalls and diaphragms are properly
designed, it can be assumed that diaphragms trdosfés only to members running parallel to
the seismic force. This assumption allows to dei@enhe required shear load capacity for
connections by means of the minimum of Eq. [5.3] Bq. [5.4] as described in ASCE 41-13[7].

V, =1.255, G, W [5.3]

V, =v.D [5.4]

u

Where:

S, is the design spectral acceleration at 1-secoridghén g units

Cp is the horizontal force factor, given by the Eab-3
W, is the total dead load tributary to a diaphragwele

V, s the unit shear capacity value for a diaphragjwen by Table 5-5 and Table 5-4
D is the depth of the diaphragm

CONFIGURATION OF MATERIALS C,
Roofs with straight or diagonal sheathing and roofing applied directly to the sheathing, or floors with straight 0.50
tongue-and-groove sheathing.
Diaphragms with double or mulitple layers of boards with edges offset, and blocked plywood systems. 0.75
Diaphragms of metal deck without topping:
Minimal welding or mechanical attachment. 0.6
Welded or mechanically attached for seismic resistance. 0.68

Table 5-3Horizontal Force Factor Cp IEBC [6]
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degrees to the horizontal; installed as specified for shear bolts.**<

STRENGTH VALUES
EXISTING MATERIALS OR
CONFIGURATION OF MATERIALS® x 14.594 for N/m
Horizontal Roofs with straight sheathing and roofing applied directly to the sheathing. 300 Ibs. per ft. for seismic shear
diaphragms i T ) T
phree Roofs with diagonal sheathing and roofing applied directly to the sheathing. 750 Ibs. per ft. for seismic shear
Floors with straight tongue-and-groove sheathing. 300 lbs. per ft. for seismic shear
Floors wu}} straight sheathing and finished wood flooring with board edges offset or 1,500 Ibs. per ft. for seismic shear
perpendicular.
Floors with diagonal sheathing and finished wood flooring. 1,800 Ibs. per ft. for seismic shear
Metal deck welded with minimal welding. 1,800 Ibs, per ft. for seismic shear
Metal deck welded for seismic resistance. 3,000 Ibs. per ft. for seismic shear
Table5-4 Strength values For Existing Matericd EBC[17]
NEW MATERIALS OR CONFIGURATION OF MATERIALS STRENGTH VALUES
Horizontal [Plywood sheathing applied directly over existing straight sheathing with
diaphragm ends of plywood sheets bearing on joists or rafters and edges of plywood |675 Ibs. per ft.
aphragms |located on center of individual sheathing boards.
Plywood sheathing applied directly over wood studs; no value should be | 1.2 times the value specified in the current
given to plywood applied over existing plaster or wood sheathing. building code.
Crosswalls Drywall or plaster applied directly over wood studs. :‘S‘cevaluc specified in the current building
| .
|
X . . - 50 percent of the value specified in the
Drywall or plaster applied to sheathing over existing wood studs. current building code.
Bolts extending entirely through unreinforced masonry wall secured with 5.400 Ibs. per bolt
Tension bolts® bearing plates on far side of a three-wythe- minimum wall with at least 30 |3 - pe
g be 2,700 lbs. for two-wythe walls
| square inches of area."™
| . .
Bolts embedded a minimum of 8 inches into unreinforced masonry walls; 1::? dv::.ue-: for lel:cmf’mr‘:n;{ ts)p.elf;iﬁed‘f(zlr .
Shear bolts® bolts should be centered in 2'/,-inch-diameter holes with dry-pack or oM asonry in the cu .c  buricing code;
nonshrink grout around the circumference of the bolt b value Jarger than those given for
) ) ’ [-inch bolts should be used.
Through-bolts—bolts meeting the requirements for shear and for tension | Tension—same as for tension bolts
bolts.>< Shear—same as for shear bolts
Combined tension T T T
and shear bolts Embedded bolts—bolts extending to the exterior face of the wall with a . N
2!/,-inch round plate under the head and drilled at an angle of 22'/, Tension—3,600 Ibs. per bolt
Shear—same as for shear bolts

For SI:

a
b.
c.
d
e

1inch = 25.4 mm, 1 square inch = 645.16 mn?, | pound = 4.4 N.

. Embedded bolts to be tested as specified in Section A107.4.

. Bolts to be '/2 inch (12.7 mm) minimum in diameter.

Drilling for bolts and dowels shall be done with an electric rotary drill; impact tools should not be used for drilling holes or tightening anchors and shear bolt nuts.

. No load factors or capacity reduction factor shall be used.

. Other bolt sizes, values and installation methods may be used, provided a testing program is conducted in accordance with UBC Standard 21-7. The useable value
shall be determined by multiplying the calculated allowable value, as determined by UBC Standard 21-7, by 3.0, and the useable value shall be limited to a maxi-
mum of 1.5 times the value given in the table. Bolt spacing shall notexceed 6 feet (1829 mm) on center and shall not be less than 12 inches (305 mm) on center.

Table 5-5 Strength Values Of New Materials Use@anjunction with Existing Construction IEEC7]

5.1.3 Anchorage of Walls to the Diaphragm in the Out-Of-FPane Direction

During seismic events walls are subjected to hateldoads proportional to their mass acting
perpendicular to the wall face. Consequently, ewenll shall be positively connected to

diaphragms, which provide lateral restrain to walls

Connection is provided by a number of anchors plamleng the diaphragm line, where each
anchor is designed respect to the portion of wiglitary to it. Distance between two consecutive
anchors shall not exceed 2.4 meters, unless cygddite wall has been checked to be adequate
to span for greater distance. The design load gqctina typical anchors shall be determined by
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means of Eq. [5.5] but not less than the loadsroeéted by Eq. [5.6] as described in ASCE 41-
13[7].

F, =045k kxy W [5.5]
I:p,min :OZ(a/YVVp [56]
_ L, [0.30
k. =1.0% 50 [5.7]
21 2z,
K —5(1+ n j [5.8]

Where:
Fp is the seismic force for anchorage of walls tgtragms.

K, is the factor to account for diaphragm flexilyiliequal to 1.0 for rigid diaphragms and need
not exceed 2.0 for flexible diaphragms
L, is the span, of a flexible diaphragm that provities lateral support for the wall between

vertical primary seismic-force-resisting elemehtst {provide lateral support to the diaphragm
in the direction considered.

K, is the factor to account for variation in forceeo the height of the building when all
diaphragms are rigid-for flexible diaphragms, use 1

Z, is the height, of the wall anchor above the lghe structure, not to exceBgl.

h,

X

is the height, above the base to the roof level
is the factor for calculation of out-of-plane wétirces, from Table 5-6 for the selected
Structural Performance Level.

S, is the spectral response acceleration paramesgoat periods for the selected hazard level
and damping, adjusted for site class, without atjysgment for soil-structure interaction

Wp is the weight of the wall tributary to the wall dwc.

Structural Performance Level %
Collapse Prevention 1.0
Life Safety 1:3
Immediate Occupancy 2.0

Table 5-6 Factor X for Calculation of Out-of-Plavéall Forces FEMA E-547]
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5.2 Diaphragm Shear Transfer Calculation Example

In the following calculation example, two differelntrizontal loads due to the seismic ground
shaking are determined. Firstly, the load supptsdxt transferred to shear walls due diaphragm
acceleration is calculated. Then, forces actindigbhragm levels due to the oscillation of wall
panels are determined. Both horizontal loads asemasd to be resisted by connections elements
which have been designed in section.

The calculation has been carried out in accordawte the design procedure present in the
American code ASCE 41-13[7]. For this reason, teakpground accelerationgjahas been
converted in the Short and Long Period Spectrakhgation. These have been determined using
the converting relations elaborated by Lubkowsld] ghown in annex A.

Anchorage of diaphragm to walls

Peak ground acceleration (PGA) a,:=0.243 [g]
Short period spectral acceleration Sy:=(0.3386 -a,+2.1696) - a,
Long period spectral acceleration S,:=(0.5776-a,+0.5967) - a,

S,:=0.5472 g
S,:=0.1791 g

Considering a Site Class E for the Groningen area, values for Fa and Fv can be determined
by Table 2-3 and Table 2-4 respectively on ASCE 41-13.

F,:=1.6 Sxs=F+5,=8.6
s
F,:=3.0 Sx1:=F,+8,=53 7.
s
Storey height h:=3000 mm
WALL Wall thickness t:=210 mm
Masonry weight Pm = 1800 -ﬂ{‘.

Computation data have been assumed with referere®utch terraced house already introduced
in the report. For this calculation solid walls bdeen considered, the analysis of loads transferre
from diaphragms to walls in case of cavity wallpisesented in Annex B.

Diaphragms have been assumed to be a standard filmdreone single sheathings supported by
timber joists. In Figure 5-3 the two diaphragm oegi with different spans have been highlighted
by colours.
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FIRST FLOOR PLAN

Figure 5-3 Examined Diaphragms in the CalculatioraBple

Diaphragms are supposed to be rigid in this calimiaexample. Hence, timber diaphragms are
assumed to have been retrofitted by means of ae@wpping overlay of 60 mm thickness.
DIAPHRAGM Ceramic tiles and glue: 50 kg/m2 Diaphragm 1 _,:=4500 mm
Concrete topping overlay: 80 kg/m2 dimensions I, ,:=1900 mm
Timber floor single sheathing: 35 kg/m2  (see Figure) D:=6000 mm
Live load: 200 kg/m2

Diaphragm gravity load dgq=1.1- {165 k9 1 0.25.200 ﬂ\l =236.5 k9
€ 2 2 2
(see Annex A) \ m m ) m

Dead load tributary to diaphragm 1 = W, ,:=(qg4*D+l,,) + (2 1.1:p,,+1, ,-h-t)=17612 kg

Dead load tributary to diaphragm 2= W, ,:=(qg 4+ D1, 5) + (2 1.1 p,,+1, ,-h-t) =7436 kg

Unit shear capacity value for the diaphragm v,:=21891 Af
taken from Table 3-4 (Table A1-D IEBC 2006) UL
Horizontal Force Factor Cp C =05

taken from Table 3-3 (Table 15-3 ASCE 41-13) ’

Storey force distributed to shear walls in the in-plane direction
Horizontal loads transferred from the diaphragm to shear walls in their in-plane direction

are determined by the minimum of the following values:

V41:=1.25 Sy, +C,-W,, =58 kN

Diaphragm 1
(yellow area) Via:=1,-D=131.3 kN
Vd;2 :=1.25 Sx] - Cp - Wd.2 =24.5 EN
Diaphragm 2
(green area) Via=v,-D=131.3 kN
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Anchorage of wall to the diaphragm in the out-oi-plane direction
Semic load due to acelleration of wall panels hesnbdetermined for a contiguos wall with no

openings. The panel is assumed to be retrainedddyss at diaphragms levels. Figure 5-4 shows
the wall panel involved in the calculation highligd by the colour red with indicated its
dimensions.

— I T I Tt I T I T

NI
N[ ¥

hn

ELEVATION
Figure 5-4 Wall Panels to Retrofit
Wall length 1:=6000 mm
Storey height h=3m
Factor to account diaphragm flexibility k=1
(assumed rigid diaphragm)
Height of the wall anchors above the . Za.1:=3000 mm
base of the structure Za.2:=6000 mm
Height above the base to the roof level hy,,:=6000 mm
Factor for calculation out-of-plane wall forces X:=2
from Table 3.-6 (Table 7-2 ASCE 41-13)
1 { Za.1 \
kh.|=:,— k]+2. J:0.7
Factor to account for variation in 3 he,
force over the eight of the building
1 { 0_2\ =
ko= 5 k] +2 J_

A number of anchors has been assumed for bothsl@feinchoring. This assumption should be
adjusted iteratively in order to match the requinedzontal load to the effective pull out resistan
of the designed anchor.
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The Figure 5-5shows the assumed disposition of@samd their spacing.

S

Portion of wall restrained
by a single anchor

% I B
I-lorlzontal e U ‘ : : : : :
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Figure 5-5 Anchor Locations
Values of shear and tensile load which each coiorerst assumed to resist need to be checked
with the real capacity of each anchors. Calculaitoorder to determine the shear and tensile
capacity of a single anchor has been carried osgdtion 5.7.2.

Number of anchors between wall To the lower diaphragm n,;:=8
and diaphragm To the upper diaphragm ny:=8
Distance between consecutive 5= LEs 750 mm
anchors in the relative direction ’;l
Syi=—_ =750 mm
712
Weight of the wall tributary to the wall W, i=t+s,+h-p,=850.5 kg

anchor in the relative direction
Wﬂ.g =t Sge h *Pm= 8505 kg

Horizontal load due to the portion of wall relatiteethe anchor is determined by the value Fp, but
not less than Fp.min. Where this value represéetaxial load which each anchor needs to resist.

Fp.l =0.4 SXS‘ ka'kh_l a’)s Wp.l =3.9 kN
Load acting on anchors at level 1
F

p.l.min*

=0.2 SXS’ka’X'Wp.l=2‘9 kN

Fp.2:=0’4 st' ka'kh2.x' Wp.2=5'8 EN
Load acting on anchors at level 2

Fp9min=0.2 Sxge ko x-W,2=2.9 kN
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Ring Beam

This retrofitting solution is normally used to prde a stiff connection from wall to roof, which is
minimal in the upper part of the building, due e low compressive force in the masonry. The
effectiveness of a ring beam strongly influenceshibilding behaviour during a seismic event. A
ring beam increases connection between walls, esoatwards displacements, and enhance box-
like behaviour. Different construction materiatgldechniques can be adopted for the realization
of ring beams.

Reinforced masonry ring beam allows to maintain ohiginal aesthetic characteristic of the
masonry wall. At the top of the existing wall thag beam is built using bricks and the steel
reinforcement bonded via cement mortar. Bondindpwie upper part of the existing wall can be
obtained in a second moment by installation of tgdueinforcing steel bars. In case of poor
quality of the existing masonry, a strengtheninghef upper part of the wall is needed. This
intervention requires to remove the roof, and dbshow issues of thermal bridges.

Table 5-7 Reinforce Masonry Ring Beam

Ring beams made out of steel result to have sowendéaes respect to reinforced masonry beams.
Thanks to their lightweight, the mass incrementhea building is negligible. Invasiveness is
limited, since they can be placed on both exteamal internal face of the wall. Connection to
diaphragm timber members is direct, and as craciagantage, they can be placed without remove
the roof. When the ring beam is applied internatlynay result invisible if placed in the crawl

space.
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Table 5-8 Steel Ring Beam

5.3 Metallic or Different Material Wall Tie-Rods

Metallic or different material tie-rods are usualbcated at diaphragm level. Acting in both
principal directions of the structure, they provadealuable connection between orthogonal walls,
besides favour the development of a three-dimeakibehaviour of the structure. Typically
connections are realized by means of anchoringeglathich are visible on the facade of the
building. The typology of anchor plate should besely chosen by the designer respect to the
quality of the masonry, which may be locally reitied in the portion subjected to concentration
of stress.

Table 5-9 Possible Tyology of Anchor Plates
In order to experience an effective improvemerthim seismic behaviour of the building due to
the upgrading, a certain stiffness is requiredhotie-rods system.

This can be achieved by rather using big diametedslimited length bars or pre-stressed bars.

In case pre-stressed bars are adopted, attentisnbaypaid to avoid local damage on the wall.

Where the retrofit is applied along walls of sigraht length, to hold ties in position, elements
such as stirrups, should be fixed into drilled kole
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The best performance is obtained when they areglac both sides of walls, just below the floor,
and fixed on the same external anchor. Consequetigly involve two different reinforcing
mechanisms depending on the direction of the seifonte, from Frumento [6]:

* When the seismic force acts transversally respeitie ties direction, the upper part of the
wall and ties perform like a bond-beam. Consequyeniés should be designed as
longitudinal bond-beam reinforcement acting agatinstbending moment due to the out-
of-plane wall vibration.

* When the seismic force acts longitudinally resgecthe ties direction, a global truss
system develops. Compression components transfémed the compressed masonry
diagonals run from storey to storey thanks to thezbntal truss members composed by
the steel ties.

Therefore, both scenarios should be considerethéosizing of tie elements.

T — - Steel strap for ”
L. 111 N a@nchoring the roof

1 y = 1
o = —g \

i
[H \
] s
=]
|
=} B

!

| it
Lo _— . _— L " e - — oS %
| v e e e T R e e Tl FE’-

= 4 | §
0 | J
v ! ~

-

Steel anchor plate

T

Steel tendons | | a E
@ 16-24 mm 1 i

Steel tendons
© 16- 24 mm

Figure 5-6 Steel Tendons Running on Both SiddseofMall

This technique is often supported by anchoring ltiagms to walls. When distance between
transverse cross walls is significant, steel tiesnidt ensure the wanted three-dimensional
behaviour. Consequently, to reduce the uncoupldbdwimations and minimize possible out-of
plane cracking or failure, walls are anchored taptiragms along their spans. A thorough
description about connection of diaphragm to wialigiven in the section 3.5 of this report.
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5.4 External Circumferential Bandage

External circumferential bandage provides an effeaonnection between orthogonal walls. This
enhance the three-dimensional behaviour of thectstrer and therefore increasing a box like
behaviour for horizontal loads. The bandage careblized by means of different material such
as metallic elements (tie-rods), fibre reinforcetlymers or reinforced concrete strips

The use of tie-rods is suggested for buildings wittited wall length, since no anchorage are
expected along the facades. Attention should ke fpaiconcentration of stress due to tensioning
and possible pre-stress, which can be cause ofglamaorners. This problem can be avoided by
means of repatrtition plates, or by smoothing oheos.

Figure 5-8 Fibre Reinforced Polymers

Figure 5-9 Steel ties along the facade

Figure 5-10 Repartition

circumferential bandac

Tying of walls with
steel mesh
reinforcement

plates

Detail A (3
W[ < X o

B
f

/.’ 7/
Ve,

_‘\. \

N\ ¥

‘

d > -
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I3

Cold bent galvanised steel wire mesh 50x50 with diameter min @2

Steel cross ties - 400 apart with diameter @2 - 4

(@ Foundations ] @ Plinth masonry I (3 First layer of plaster of bottom reinforcing band

@ Adobe masonry wall [ (@ First layer of plaster of top reinforcing band 1@ Bond beam

Steel mesh splice

(@ Mesh reinforcement splice ] ® Reinforcing mesh l@ Top reinforcing band

)W) (N) (=)

Roof bond beam

@ Bottom reinforcing band I @) Second course of plaster of bottom reinforcing band

5S) Layer of mortar to provide base for the reinforcement

Figure 5-7 External Circumferential Bandage by meahReinforced Concrete Strip
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5.4.1 Design Consideration:

Reinforced concrete bandage as shown in Figurabepomposed by a steel mesh embedded in a
mortar strip. The steel mesh runs along walls embedhto cast strip about 15 mm thick of mortar.
It works as a series of parallel flat ties at diggm level. In case the strip runs along long walls
the welded steel mesh shall be fixed to the mdréais by means of steel cross ties, which are
attached to the wall through purposely drilled Bole

On the wall surface, a base of cement of 15 mnkiass is installed. This layer is needed for the
application of the steel mesh, which should bech#d to the cast strip of mortar by embedded
ties. The flat steel ties should be embedded intasonry wall through purposely drilled holes.
After, a second mortar layer of 15 mm thickneggassalled to ultimate the reinforcing bandage.

Reinforced concrete bandage is thought to be albdeduce cracks on the wall due to the seismic
load. Besides it provides an increase of the waliding through the tensile strength of the steel
mesh, the layer of the concrete strip can be censitas a local stiffening of the URM masonry
wall. Which may results advantageous for the itettiah of steel ties between floor and wall with
external anchors.
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5.5 Connection Wall to Diaphragm

One of the most affecting deficiency to the overabbustness of URM buildings is the lack of
adequate mechanical connection between masonryg aradl floor and roof diaphragms.

Bond between walls and diaphragms may be realigaddans of connection steel ties.
Ties which connect the wall to the diaphragm plag toles during the seismic events:

* When the seismic force acts perpendicular to thHediraction, ties transfer out-of-plane
inertial loads back into the diaphragm. This ré@sgstnechanism helps to hold walls from
falling away from the building.

» Ties transfer loads from diaphragms into shearsmahere they are resisted by in-plane
action of them. This avoids diaphragms from slidahgng walls.

5.5.1 Design Considerations

Anchors when embedded in masonry walls shall besidered force-controlled components.
Minimum effective embedment length shall be detasdithrough consideration of pull-out and
shear strength. Anchors are typically installechgsine of three different configurations as shown
in the following figures. In Figure 5-13and in Frgb-11 the dowel is drilled and grouted into the
masonry. The angle of the dowel in Figure 5-11vedldo engage more courses of brick, which
theoretically should improve the reliability. Figus-12 shows a through bolt anchor using a steel
sleeve [7].

-BLOCKING OR
LEDGER

Yoo Anchor plates can be N
CORE DRILL HOLE decoratie shapes and [SCREEN TUBE L \d K \

castings. t
CORE DRILL HOLE F |
7am) <\ Z
7 'Z \

SCREEN TUBE

WASHERS
Hole in block

can be oversized

It - . ’ N N to place screen
AANCHOR PLATE . 25— T -‘& tube. Fill annulus

\ONST )
AN : Y ‘)\3\,\‘ \\ N g in wood with
SCREEN TUBE THREADED ROD STEEL SLEEVE— CORE DRILL HOLE. PREBENT THREADED ROD

adhesive.
Figure 5-13 Drilled straight  Figure 5-12 Trough bolt anchor FEMA Figure 5-11 Drilled inclined dowel FEMA 547 [4]
dowe FEMA 547[4] 547 [4]

5.5.2 Detailing and Construction Considerations

» AestheticsAnchors as shown in Figure 5-12 have a visibleibgagplate on the exterior
face of the wall. Many different anchor plates present on the market, some of them
present a countersunk hole which can be recessedhia wall and finished by stucco.
When this approach is not possible, drilled dowejsresent the best solution. Drilled
dowels if properly set results totally invisible.

» Installation approachiThe first stage is drill the hole and clean itrbgans of brush and
compress air. Than a screen tube filled with adieasiinserted. The screen tube looks like
a test tube made out of wire mesh and can be onnghrbon or stainless steel. Then, when
the threated rod is pushed into the screen tubecies the adhesive out of the tube into the
annulus between tube and masonry.
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Adhesive typesdn the past, cementitious non-shrink grout wesed, but they require large
diameter holes. Chemical adhesives are nowadaysrpge, there are many typologies,
though most are epoxy. This because epoxy prodhaets longest track record. The main
aspects which affect an adhesive are the lendimefit has been used, extent and quality
of testing, ability to bond to damp, cost. When egites are curing, precautions for
ventilation should be taken to avoid unpleasangafsing.

Dowel material typeThreated rod is commonly specified as s355. Redrarased as well,
but they need to be threaded at the ends in casenokction between timber floor frame
and wall.

AccessThe installation of anchors can be done eithenfatove the diaphragm or below,
this depends on whether there are finishes that teebe removed, whether strengthening
of diaphragm is part of the retrofitting process] avhich kind of diaphragm strengthening
is planned. In case of a concrete topping ovel@yanchors can be embedded into the
concrete layer as shown in Figure 5-14.

Plan Viev Lateral Section

Figure 5-14 Connection Dowels Embedded into thec@sie Topping Overlay Tecnarja4].
Issues for anchors at the top of the watl:most of URM buildings, the perimeter wall
continues above the roof level forming a parapeickviprovides a fire protection and
serves as a guardrail during roof maintenanceommesbuildings, instead, the roof exceed
the wall line. In this situation the reliability @he drilled dowel is reduced by the low
overburden pressure at the top of the wall. Makialjable connections is usually
dependent on the specific geometry and charactarist the existing details. One of the
most common strategies, even if it is an invassat®on, is to employ a concrete bond
beam at the top of the wall, which provides anchetar ties.
Reuse of existing tiesn many old URM buildings ties so called government‘dog”
anchors are already present. These elements ngroméi occur in the wall face where the
joist are perpendicular and they probably are hatsufficient spacing. Therefore a test of
them is needed if the intention is to use them @$tw-diaphragm tension anchors.
Dowel spacing and edge distandée American code provides some maximum spacing
requirements on shear and tension dowels. At rodf ffoor level, anchors shall be
provided within 610 mm (2 feet) horizontally froimetinside of the corners of the walls,
and the maximum spacing along the diaphragm lineE8R0 mm (6 feet). When walls
become thick, the out-of-plane demand and theivelgtlow capacity lead to tight dowel
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spacing. From a practical considerations dowelsilghioot be placed closer than 305 mm
(12”) o.c..

« Corrosion considerationtn the case of drilled dowels, they are instaftedn the interior,
where both the masonry and the epoxy bonding geat®rrosion protection, hence mild
steel anchors are considered sufficient. Whendawihections are used, a more direct path
for moisture intrusion is present. The anchor ptate be galvanized, made from stainless
steel or painted with exterior grade paint, thetigh bolt can be made from stainless steel
as well.

5.5.3 Cost and Disruption

The cost is firstly dependent on the difficulty axdcess given by the extent of finishes that are
installed. Secondly it depends on the amount goel ¢f the anchors. Through bolt solution results
to be cheaper than adhesive anchors.

Drilling is loud and can be disruptive to occupanti$ is suggested to apply this retrofitting
techniques together with the strengthening of thpldtagm, when it is planned.

5.6 Conclusion about Level Il Retrofitting Strategy

The second level of retrofitting strategy aims marease the overall robustness of masonry
buildings by means of enhancement of connectiowdst walls and horizontal diaphragms.

This may be achieved via solutions mentioned inptlewious sections, namely ring beam, wall
tie-rod, external circumferential bandage and direonnection of the diaphragm to the
surrounding walls.

Connection of diaphragms to wall by means of dteehas been evaluated as the most technically
reliable retrofitting technique for this type of aleess aspect of the exanimated URM buildings.
This because respect to the other possibilitietoés not affect the aesthetic condition of the
construction, when dowels are grouted into the msdt appears to be easily repeatable and
scalable on numbers of buildings since no speciemplex members are involved. Furthermore,
when the strengthening of the diaphragm is plamseskismic upgrading, these two interventions
may be realized concurrently resulting in a minighaluption for the occupant and a decrease of
costs.
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5.7 Connection Wall to Diaphragm Calculation Example

It has been assumed that connection between dgplaad shear walls is executed together with
the strengthening of the diaphragm by means ofredacopping (further described in the next
chapter).

Connections are realized by means of steel barshwdnie embedded in the concrete overlay
topping and grouted in the masonry shear wallg] di@s are supposed to behave as dowels.

5.7.1Load Bearing Capacity of a Single Steel Bar

For the determination of the load bearing capagitiaterally loaded single bar connection, the
Johansen-Meyer theory has been adopted. Equatasesi lon this theory are present on several
codes to determine the load-carrying capacity tinder connection. The resistance of a single
fastener connection for timber elements is depenolethe material properties of the timber and
of the fastener and on the geometry of the conmedtself. The theory assumes for both timber
under embedding stresses and dowel under bendigglalastic ideal behaviour.

The maximum load connection can carry depends dh bearing strength of materials of
connected parts and plastic bending moment of caimgeelement (steel bar).

For bearing strength, or embedment strength isd®e the limit resistance that the bar meets
when pressed into the masonry or into the condagt. Since the purpose is to avoid cracks in
both materials, the bearing strength has beenddnia the elastic compressive resistance of both
masonry and concrete.

The second parameter to define the connectiongitrés the yield bending moment of the bar. If
neither concrete nor masonry fail prematurely,dteel rod will fail in bending at position where
the plastic hinge has occurred.

The first failure mechanism occurs when the stedldoes not deform, but remains straight or
only rotates (Figure 5-15). In this mechanism thdedment strength of the connected parts is
decisive. The rod behaves as a knife pushed itorthterial and therefore a translation of the
connection occurs. The maximum shear force in téEhanism is given by the embedment
strength applied on the whole surface of the bar.

—Im le FT
’ SECTION A-A

A‘ ‘_] ‘ _LA Original hole V D

=T [T

Masonry
wall

Concrete overlay

Im le

Figure 5-15 First Failure Mechanism for éhear Coatien

The maximum shear force,Hs given by the minimum values between the failomechanism
occurring in the masonry side and in the concrieke. s
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When the first failure mechanism does not occue abnding moment in the dowel will increase.
With the steel rod embedded in the concrete stalgn be assumed that the dowel is fully fixed
and considered as a cantilevered beam. For arcattaiar load the bending moment in the rod
reaches the yield moment. Everywhere the steelkrodcontact with the masonry, the maximum
embedment stress in reached ( Figure 5-16). Asgutharod represented as a cantilevered beam
(Figure 5-17) the bearing capacity can be deriwethbans of equilibrium.

FVT
A le SECTION A-A
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Masonry Concrete overlay
" wall
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Figure 5-16 Second Failure Mechanism in Shear Cotioe
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Figure 5-17 Assumed Behaviour of the Bar

Consequently to the heavily deformation of the @dal forces develop along the axis of the bar,
due to both friction and the so called chord effébe bar is grouted at both ends, while the middle
part of the bar is deformed. Both components atiém stresses and embedment stresses act in
the direction of the shear load. This contributi@s not been taken into account in the calculation,
since tests are needed in order to determine thetiwke contribution.

59



TU/e

Luca Martellotta

The third and last possible failure mechanism reghe failure of the tie itself. The shear strangt
of the bar shall be defined by Eq. [5.9]

f
AL
F = y@ [5.9]

Where

Avis the shear area of the connection element
fy is the yielding strength of the tie

V. is the partial safety factor

The maximum shear load that a single bar can wassill be determined by the minimum of the

before mentioned resistances:

F ind f | 2+—4'vIyd 1
=min ’ -
v,Rd cd m'n (df | 2)
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5.7.2 Shear Connections and Wall Anchors Calculation Exaiple

Thickness t:=60 mm
. N
Compressive strength ~ f.:=30 ==
CONCRETE TOPPING OVERLAY mm N
C30/37 Tensile strength Faro0s=2.0 —
mm
Partial factor ~Ye=1.5
Anchorage length 1.:==500 mm
- N
Compressive strength ~ f.:=4.4 —
mm
Partial safety factor Tl —a i
MASONRY
Anchorage length L,,:==160 mm
Anchorage partial safety factor ~ ~,,:=2.2
Proof strength fp02:=400 MPa
STAINLESS STEEL ROD
UNS S32304 - ISO 4362-323-04-1 Partial safety factor ¥,=1.15
Diameter d:=16 mm
3
Yield moment M, ;= Ipo2, a3 _—1309 N-m
ey 32
Characteristic anchorage strength Joor:=3.4 MPa
between mortar M20 and concrete 30/37
(Table 3.6 Eurocode 6)
m le Steel bar
New sheathing
oncrete topping overlay
Existing timber sheathing
------------------------- S Timber joist
L™
L]
L]
.

Figure 5-18 Shear Connection Configuration
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5.7.3 Shear Bearing Capacity of a Single Stainless-Stdgar Connection

The shear capacity of a connection bar of 12 muhiaheter results to be 2.6 kN. Therefore the
total amount of shear connectors for every floaptiragm can be determined.

Shear load bearing capacity of a single steel bar connection

f.

l,,-d-"* =6.6 kN
’YY"
lc~d-fd° =160 kN
fi da AM,, \
-lm-d-| 21— ¥ _q |=3.9 kN
F"'Rd = min p= | |d' fk 'lm2\| l
\ \ Tm ) )
2
— d” Spo2
1 z
T V3 sossn
Vs
Bar shear capacity Fypa=3.9 kN
Storey seismic load diaphragm 1 Vg.:=58 kN
(vellow area)
Storey seismic load diaphragm 2 Vap:=24.5 kN

(green area)

= Vg
Number of shear connectors necessary n,:=_ %' =14.87 n,:=15

for diaphragm 1 on one side LY

. Vs
Number of shear connectors necessary ngy:=—=""=6.28 ny:=T7
for diaphragm 2 on one side Fopa
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5.7.4 Tensile Bearing Capacity of a Single Stainless-Stdgar Connection

The tensile bearing capacity of a steel bar isrdeted by the minimum resistance given by the
debonding in the masonry and in the concrete.

Firstly, the ultimate tensile load has been deteetiiassuming the debonding in the masonry. The
assessment of the capacity of the connection leasdaried out by means of the procedure related
to the reinforcement for reinforced masonry sugggkbly the Eurocode 6 in Section 8.2.5.

Anchorage length in the masonry l,,=160 mm
Ultimate bond stress for Fod:= Fvok =1.58 N >
high-bond stainless steel bars ™ mm

. . g Food_ N
Design stress of the bar at the position in the masonry Osdomi=ly4- =61.82
from where the anchorage 1s measured from d mm

2

Tensile load bearig capacity of a single bar given Fpim™=Cim* dT =124 kN

by the bond in the masonry

Consequently, the ultimate resistance of the bagrgby the bonding with the concrete has been
determined by means of method for anchorage leofgibngitudinal reinforcement described in
Eurocode 2 Section 8.4

Coefficients related to the n,:=0.7
quality of the bond condition n2:=1.0
Coefficient accounting of long term effects a,.:=1.0
Design tensile strength Setd=Cp Jetro05 =1.33 L
e mm
- : N
Ultimate bond stress for ribbed bars Foa=2.251y 1y frq=2.1 ——
mm
Anchorage length in the concrete 1.=500 mm
- Syt Soa » N
Design stress of the bar at the position in the concrete o=l —"=262.5 —
gn : = he p -
from where the anchorage is measured from mm
2
Tensile load bearig capacity of a single bar given Fpue=0.." dT =528 kN

by the bond in the concrete
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5.8 Sketch of the solution

Welded steel mesh
Concrete topping overlay

New floor sheathing
Floor diaphragm |

Masonry
wall

400
|
I
[
|
|
|

400

| PLAN VIEW OF THE FLOOR DIAPHRAGM

New floor sheathing

— - Concrete topplng overlay

Existing timber sheathing
Jolst
s

Wall sheathing
Timber framework Drywall

Drywall
=== a SECTION A-A
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LEVEL Il RETROFITTING STRATEGY

This chapter introduces issues related to flexthégphragms in masonry
structures and it provides solutions and designstiffening techniques
for timber diaphragms.

Once diaphragms are fully connected to walls, diagms necessity to be enough rigid to
distribute equally loads to the linked walls. Cansently, the following level of retrofitting
strategy regards measures to enhance the stiffieBaphragms. Interventions of strengthening
diaphragms aim to ensure the box-like responskeeobtilding, which would not be possible with
flexible diaphragms.

6.1 Effects of Flexible and Rigid Diaphragms

Generally an URM building consists of horizontamaknts such as floor and roof diaphragms and
vertical members such as bearing walls. Laterae®iacting at diaphragm level, during seismic

Stress

Compression

Figure 6-2 Concentration of Stress in Rigid Diapgma Figure 6-1 In-Plane Deflection of Flexible Diaphragm
events are distributed among the vertical lo—
resisting structure by the diaphragm itself.

Distribution of forces to vertical members depen
on both geometry and rigidity of the diaphragi
The diaphragm may be considered as a plate gir
where flanges are boundary members cal
chords, and the deck or sheathing work as a we!

Figure 6-3 Plate Girder under the Horizontal Loading
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Typically in diaphragms, the bending resistant e&ptis assumed to be only the chords, whereas
bending contribution of the web is neglected. Thebwnstead, is supposed to carry only shear
forces induced by the horizontal seismic actiothéfweb is assumed to be made of homogeneous
isotropic elastic material, the stress distributtmugh the web assumes a parabolic shape, Sang-
Cheol Kim [15].

Diaphragms for design purpose are generally tregitbdr as flexible or rigid. Typically in URM
buildings, timber diaphragms are considered aslflexunless bracings are provided in the plane
of them. While, cast in-place concrete floor syswmusually considered as rigid diaphragms.
The manner of distribution of the total shear forde vertical members (walls) depends on the
wall rigidity relative to the diaphragm rigidity.

In buildings with flexible diaphragms, the distrttan of shear loads into walls is not dependent
from their relative rigidity. These kind of diaplgras act like a series of horizontal beams spanning
between walls, as shown in Figure 6-4.

Figure 6-4 Distribution of Lateral Loads in Figure 6-5 Distribution of Lateral Loads in
Building with Flexible Diaphragm Buildings with Rigid Diaphragms

Where a flexible diaphragm has proper strengtis,able to transfer horizontal loads to walls, but
it does not distribute torsional forces to wallsgandicular to the earthquake ground motion.

In buildings with rigid diaphragms, shear loadsisf@rred to walls are directly related to the wall
rigidity. In URM low-rise buildings, the wall rigity should be considered commensurate to the
cross sectional area (A) of the element, as shaviigure 6-5.

The aim of the third level of intervention is tosene that diaphragms result enough stiff under the
seismic excitation.
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6.2 International Code Guidelines

6.2.1 Eurocode 1998.1.1

The Eurocode 8 [4] in Chapter 4 lists general ribesdesign earthquake-resistant buildings. In
that section the European code mentions the issusdiaphragm behaviour at storey level.

Building floors and roof play a key role in thes®ic behaviour of the structure. The inertia forces
are collected and transmitter by the horizontapkiagms to the vertical structural system by

proper designed connections as described in thpt&ha of this report.

For an appropriate distribution of inertial foraet® vertical structural system, diaphragms should
show a sufficient in-plane stiffness. This aspdmsomes more important where significant

difference in stiffness (openings) or offsets amespnt in vertical elements above and below the
diaphragm.

Furthermore, Eurocode points out that in caseoafrfliaphragms stiff in their planes, the masses
and the moments of inertia of each floor can becentrated at their centre of gravity.

Eurocode states the condition for a stiff diaphragnfollowing:

“The diaphragm is taken as being rigid, if, wheis inodelled with its actual in-plane flexibility,
its horizontal displacements nowhere exceed thesating from the rigid diaphragm assumption
by more than 10% of the corresponding absoluteZoorial displacements in the seismic design
situation”.

6.2.2 Asce 41-13 and NZSEE

The American and New Zealand codes use exactlgdhee classification of diaphragms. They
list an upper and a lower bound to distinct flegibhd rigid diaphragms.

For a URM house building, the diaphragm should lessified as flexible where the maximum
horizontal deformation of the diaphragm along é@sdth is more than twice the average storey
drift of the shear walls of the storey immediateglow the diaphragm.

On the other hand, a diaphragm is considered abwigere its maximum lateral deformation is
less than half the average storey drift of shealiswaf the storey immediately below the
diaphragm.

In case that a diaphragms does not full fill thedibon to be neither flexible nor rigid, it should
be classified as stiff, ASCE 41-13[7].
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6.3 Methods of Analysis

Building analysis including its retrofitting intezmtions shall be carried out to determine stresses
and deformations introduced by ground motion re¢ato the selected seismic hazard level.

The analysis approach shall be computed by meamseodf the following procedures:

* Linear Static Procedure

e Linear Dynamic Procedure

* Nonlinear Static Procedure

* Nonlinear dynamic Procedure

Static procedures result to be more appropriatetort and regular buildings where higher mode
effects are not significant. Differently, where #hesign regards a tall building or a building with
either torsional irregularities or non-orthogongtems, a dynamic procedure is required.

In linear analysis procedure the term linear meiaesrly elastic, though, the analysis procedure
may include implicit material nonlinearity of masgrcomponents using properties of cracked
sections.

The term non-linear in non-linear analysis approanplies explicit material nonlinearity or
inelastic material response, despite, geometriimearity can also be included.

Linear procedures incorporate adjustments to theradvbuilding deformations and material
acceptance criteria to allow better consideratiblikely nonlinear characteristics of the seismic
response, though, they still maintain the tradaiarse of a linear stress-strain relationship.

When the seismic analysis of the building is acdshpd via linear static procedure, the seismic
loads, and their distribution over the eight of thelding, the corresponding internal forces and
system displacements should be determined usimgarly elastic static analysis.

6.4 Period Determination for Linear Static Procedure
The fundamental period of a building may be caledausing one of the following analytical,

empirical or approximated methods.
6.4.1 Analytical Method

This method results to be preferred for many baoddi including multi-storey buildings with well-
defined framing system. By this method, the peisodbtained via eigenvalue analysis by means
of effective stiffness and not gross section propeof components. The flexible diaphragms of
the building may be modelled as a series of agfeenasses and diaphragm finite elements.

6.4.2 Empirical Method

The use of empirical equations for the buildinggeicalculation deliberately underestimates the
real period, and generally it results in consemeaéistimation of seismic loads. Calculation of the
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building period is based on the stiffness of vattelements, which essentially underestimates the
period of the actual dynamic response and overastithe seismic action.

The empirical formula furnished by Eurocode 8 Egults to be equivalent to those present on the
American and New Zealand codes for buildings witjhts up to 40 m, despite, the Eurocode 8

proposes further specifications in case of masbuaiiglings:
3

T,=C [H* [6.1]

Where
0.075

C‘:ﬁ

For concrete or masonry shear walls buildings only
2
=z afoar{] 63
Where

A is the total effective area of shear walls infitst storey of the building

6.2]

A is the effective cross-sectional area of shedlrivimthe direction considered in the first storey
of the building

|Wi is the length of shear wall i in the first storaydirection parallel to the applied force.
H is the height of the building from the foundatimnfrom the top of a rigid basement

6.4.3 Approximate Method

Approximate method is a proper procedure for systelnaracterized from rigid vertical elements
and flexible diaphragms, in which, the dynamic cese of the system is concentrated in the
diaphragms.

The fundamental period of a building can be appnated by means of the following different
approximate formulas.

* In case of one-storey building:
T =(0.18,, +0.078,)"° [6.4]

Wherel\,, and M\yare respectively, wall in-plane and diaphragm dispinents (in inches) because
of a lateral force in the direction under consitieraequal to the weight tributary to the diaphragm
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Diaphragm

~——

Vertical
seismic
framing

Figure 6-6 Diaphragm and Wall Displacement Termamyl

In case of a multiple-span diaphragms, the permdilsl be calculated for each diaphragm span,
and the period which maximizes the seismic foredl ie used for analysis of all diaphragm spans
and walls in the building. In this situation, tladral force equals to the weight tributary to the
diaphragm span under consideration.

* In the situation of an unreinforced masonry budpimth single-span flexible diaphragms
up to six stories:

T =(3.07,)° [6.5]

Wherel\is the maximum in-plane diaphragm displacemenm@ters) caused by the lateral force

in the direction under consideration, with the dakdorce equal to the weight tributary to the
diaphragm.
In this method, wall deformations are consideredédonegligible compared with diaphragm
deflection.

When diaphragm displacement is determined to etgitie fundamental period of the building
using Eq. [6.4] and Eq. [6.5], the diaphragm shdddassumed to conserve an elastic behaviour
under the seismic lateral force.
» For every typology of building, the determinatiointioe fundamental period of vibration
can be approximated by the Rayleigh’s method:
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. b2
D> wa

T=2m 11— [6.6]

> Fd

i=1

Where

W =Portion of the effective seismic weight locatedoorassigned to level
5i =Displacement at flodrcaused by lateral forck;

F =Lateral force applied at leveHefined by a linear distribution
n=Total number of stories in the vertical seismanfing above the base

6.5 Determination In-Plane Diaphragm Displacement

The behaviour of horizontal timber diaphragms feignced by different parameters regarding the
characteristic of diaphragms members and its gegmetportant factors result to be the type of
sheathing, the amount of fasteners used, the presdperimeter chord or flange members. Never
the less, the ratio span to depth of the diaphraggs&les the presence of openings also effect the
behaviour and its shear capacity.

Sheathed diaphragms are typically affected by figyibility with a long period of vibration when
lacking of a proper retrofitting measure.

For the most common timber diaphragm sheathingssidering the typical configuration, the
American code provides standard values of sheffmests.

The in-plane displacement performed by the diaphrageach direction can be evaluated using
the following formula:

6.7]

Where
V, is the diaphragm lateral load

Ky is the diaphragm stiffness

Using the shear stiffness valudg, the diaphragms stiffnesK can be calculated for each

diaphragm in each direction using the relationaooadance to the American code Fema 356[16]
(Eq.[6.8]), which assumes the diaphragm as a sisygbported beam.
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2bG,

- [6.8]

Ky =

Where

b is the diaphragm width (m)
G, is the diaphragm shear stiffness (N/m)

L is the diaphragm span between shear walls (m)

The diaphragm shear stiffne€g given by the American code IEBC [17], for the mosmmon
timber diaphragm is presented in the Table 6-1:

Diaphragm Type Shear Stiffness. | Yield Strength.
Gy (KN/m) R, (N/m)
Single Straight Sheathing 350 1750
Double Straight Sheathing Chorded 2600 8750
Unchorded 1200 5850
Single Diagonal Sheathing Chorded 1400 8750
Unchorded 700 6130
Double Sheathing with Chorded 3200 13100
Straight Sheathing or Unchorded 1600 9130
Flooring Above
Double Diagonal Chorded 3100 13100
Sheathing
Unchorded 1600 9130

Table 6-1 Default Strength Values For Existing TémbBiaphragms IEBG17]

6.6 Diaphragm Seismic Load Calculation

After that the fundamental period of vibration bétbuilding has been determined, design seismic
loads may be determined following the approachritest by Eurocode 8 [4].

6.6.1 Seismic Base Shear Force

Eurocode 8 estimates seismic actions by meanedeismic base shear force for every direction
in which the building is analysed. The shear faceng on the building is determined using the
Eq [6.9]

F,=S,(T)thia [6.9]
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Where

S:(T) is the ordinate of the design spectrum at peripd T

m is the total mass of the building above thentiation
A is the correction factor, the value of whicheigual t0:1=0.85 if T1 < 2Tc and the
building has more than two storeys, otherisé

6.6.2 Response Spectrum

The response spectrum is one of the most impotvahd in order to analyse the behaviour of a
structure during a seismic event. It representsptiek response of a series of oscillators with
different natural frequencies forced into motion e same input. Therefore, the response
spectrum relates the frequency of an oscillatatsts@esponse when loaded. The plot given by
these oscillators is generally used to define gsponse of any linear system, given its natural
frequency of oscillation.

Eurocode 8 represents the earthquake motion apainy on the surface by means of an elastic
ground acceleration response spectrum, so call&stiE Response Spectrum”. It is shown in
Figure 6-4.
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Figure 6-4 Shape of the elastic response spectrum
present on the Eurocode 8

Hence, horizontal and vertical components of thensie action may be derived by the elastic
response spectrum where different valuesgfTE, Tp, and S depend on the ground type.

Since in reality a building does not behave hasréept linear elastic structure, the elastic respon
spectrum is reduced to a “Design Spectrum for El@stalysis”. The design spectrum takes into
account the capacity of the structure to dissipatrgy through ductile behaviour of its members
or other mechanism. This is obtained by the intotida of the factor q.
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The so-called behaviour factor q approximates &iie of the seismic loads in case of a perfectly
linear elastic structure with 5% of viscos dampit@the design seismic loads obtained by a
conventional elastic analysis model. Values of $kissmic behaviour factor are related to the
material and structural system of the building.

Consequently, in seismic design, once the fundaamhguariod of vibration of the structure is
known, the design spectrum for horizontal componestitall be determined by the following
equations, which vary depending the value of tmelf&amental period.

2 T(25 2
0<sT<T,:§(7T)= gﬂ%gtr—i?‘gﬂ [6.10]
5
LsT<T:§(7= @DS% [6.11]
iy
T<T<T,:§(7) °  alT [6.12]
> Ba,
_ 5 TcTp
T,<T:5(7) _a"ESGZq_[ T? } [6.13]
> Bia,

Where

agis the design peak ground acceleration

S, Tg, Tc, Tp are parameters regarding the ground type

S«(T) is the design spectrum

g is the behaviour factor

B is the lower bound factor for the horizontal dessgpectrum, recommended to be equal to 0.2

6.6.3 Distribution of the Horizontal Seismic Forces

Seismic design through linear static procedure lies the lateral force method analysis. It
approximates the seismic action by means of statizontal loads. Consequently, the effect of
horizontal seismic actions are determined on theshaf equivalent horizontal loads applied at
storey levels, where the masses of the buildinganeentrated.

When horizontal displacements increase linearlg@lbe height of the building, horizontal loads
shall be determined by means of Eq. [6.14]
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F=F o3l [6.14]

Where

F is the horizontal force acting on storey i

Fo is the seismic base shear

S; § are the displacements of massesmmin the fundamental mode shape

mi; m; are the storey masses

If the fundamental mode shape is approximated Wizdiatal displacements increasing linearly

along the eight of the building, horizontal loatialsbe determined by means of Eq. [6.15].
F=foaim [6.15]

2 z; L
Where
zi; z are the eight of the masses m; above the level of application of the seismicatti

When horizontal loads; ere determined in accordance with Eq [6.14], of@&EDb5]., they shall be
considered distributed on the lateral load registimembers assuming horizontal diaphragms
behave as rigid in their in-plane direction.

75



TU/e

Luca Martellotta

6.6.4 Calculation Example Fundamental Period by means dRayleigh’s Method

In this example, the fundamental period of vibratd a typical Dutch terraced house is presented.
In order to define the total stiffness of the bunfyl the stiffness of every single pier and shealt w
has been determined. Every element has been namegit-plane direction as shown in Figure

6-5.
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Figure 6-5 Building Plans and Elevation
Masonry modulus of elasticity E 4410 | N/mm?
Height of the first storey hl 3000 mm
Height of the second storey h2 6000 mm

Table 6-2 2 Data used to determine the wall stiffne
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Every wall or pier has been considered behaving @mtilever beam. After that the stiffness for
every element has been determined by means of.EG}[@he total stiffness of storeys has been
calculated by adding contribution of each elemerihe relevant direction.

3El
= 3—A’ [6.16]
h*A +7.5lh
Where:
E is the masonry modulus of elasticity
I is the moment of inertia of the pier
A, s the shear area of the pi%(b[l] )
h is the height of the storey
Wall stiffness considered as cantilever beam in the x direction
W ki | 1100 | mm It 2,329E+10 mm?* Kx11 1,037E+04 | N/mm
“*Tha| 210 | mm Awi |  1,925E+05 mm? | Ke1z 1,392E+03 | N/mm
W Ik | 1600 | mm Iv.2 7,168E+10 mm?* Kx2.1 2,895E+04 | N/mm
x2 by.2 210 mm A2 2,800E+05 mm? Kx.2.2 4,168E+03 | N/mm
W ks | 600 | mm I3 3,780E+09 mm?* Kx3.1 1,798E+03 | N/mm
> b | 210 | mm Aws |  1,050E+05 mm? | Keaz 2,298E+02 | N/mm
W lka | 2000 | mm Ixa 1,400E+11 mm?* Kxa1 5,145E+04 | N/mm
XA by.a 210 mm Avxa 3,500E+05 mm? Kx.4.2 7,915E+03 | N/mm
Stiffness grc'>und'ﬂoor in Ki 383146 | N/mm
the x direction
Stiffness f|'rst fl'oor in the Koo 55661 | N/mm
x direction
Wall stiffness considered as cantilever beam in the y direction
W lys | 5790 | mm ly1 3,397E+12 mm?* | K11 4,387E+05 | N/mm
v byi| 210 | mm Avv.1 1,013E+06 mm? Ky 1,225E+05 | N/mm
W, |z | 1500 | mm Iy 5,906E+10 mm* | Kyaa 2,437E+04 | N/mm
"2 by | 210 | mm Aw. | 2,625E+05 mm? | K22 3,456E+03 | N/mm
W lys | 390 | mm ly3 1,038E+09 mm?* Ky3.1 5,023E+02 | N/mm
V3 by 210 mm Avws 6,825E+04 mm? Ky3.2 6,338E+01 | N/mm
W ly4 | 2200 | mm ly.4 1,863E+11 mm?* Ky.a.1 6,506E+04 | N/mm
“Thbya| 210 | mm Awa | 3,850E+05 mm? | Kyaz 1,037E+04 | N/mm
Stiffness ground floor in
the y direction Kay 2553462 | N/mm
Stiffness fI.I‘St fl.oor inthe Ko, 668046 | N/mm
y direction

Table 6-3 Stiffness of wall piers

1



TU/e

Luca Martellotta

EUILDING PERIOD CALCULATION

h'
Wall stiffness in K;,:=383146 ) K, ,:=55661 AN
x direction o &
kN kN N
Wall stiffness in K;,:=2553462 ~ K, ,:=668046
the y direction ’ i ) ot e
< Kk

Building dimensions 1,:=25600 mm .

[,:=6000 mm
Parapet height f1,:=1000 mm
First storey height hp:=6000 mm
Second storey height h;:=3000 mm =
Wall thickness t:=210 mm = K

| o » o e
Diaphragm 9k;7=100 —-  Ceramic tiles and glue: 55 Kg/m2
dead load m Timber floor single sheathing: 45 Kg/m?2
Live load qp.;=200 k_i
m

Weight of diaphragm per sq meter 96.a=8jt+ (0.3-1.0-g;;) =160 "—%
(see Annex A) m

- K
Masonry weight  p,,:=1800 _§
m
Diaphragm mass .
mgi=le+ly~qGq= (2.458 -10 ) kg  Massof floorslabs  my=my; my=my

Building mass
(openings have not been considered)

myi=ppete ((2ohzeb) + (9 2o L) + (pe (2+1c+2+1))) + (3+mg) = (3.362:10°) kg

In the first iteration of the Rayleigh's methoddetermine the natural period of the building,
horizontal loads have been assumed. Horizontakleael equals to the weight of the floor slabs,
and storey displacements are obtained by applyia@ssumed horizontal loads at storey levels.
A linear distribution of loads have been suppodedgthe height of the building.

my;+mj) e
Displacements due to loads equal to Kix
the diaphragm masses
=0t e =559 mm
22X C1x Site

2%

("11'0‘1'1,2 +m;-6;_x2)

__—0.103 5
g (m1-5“+ (m]+m2)-ogvx)

Fundamental period of vibration T):=2-m \/
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With the period determined by the first iteratiomsi possible to calculate the response spectrum
acceleration. Forces and displacements used isdgbend iteration are based on the response
spectrum derived from the first period obtainethi first iteration.

Correction factor /.:=0.85 p:=02

Parameters describing the
recommended Type 2 elastic response  73:=0.05s T:=025s Tp:=12s S:=1.6
spectra for ground type E

T;,,=0.103 s Therefore Tp<T; <T¢
Design ground acceleration ag:= 0 234 g
Behaviour factor for URM q:=
. 25 m
Response spectrum acceleration Sgyi=ag+Se =6.12
< q s-
Base shear force Fy 1:=Sy,omy+2=1749 kN
: { h1 m; \
Horizontal force first storey F,j:=Fp}+|— 1=583 kN
\ (yem)) + (hyemy) )
- ( hye m; \
Horizontal force second storey F,,:=Fy ;- . =1166 kN
4 k (/"I]'"Z]) + (h:-m_;))
Period in x direction 2nd iteration
Fy+F,
)= I TIx2 — 4 564 mm
Kix

Displacements due to the seismic loads

F S
L2 =25.51 mm

X

' o My +myedy,
Fundamental period of vibration T 2_I:=2-7r-\/( z 1’_" = ) =0.142 s
(ij *0)x +Fx.2 '03.x)

Similarly as for the first iteration, a responseapum is determined on the basis of the natural
period of the building obtained by the second tiera

Response spectrum acceleration Sgi=a,+Se 2> =6.12 ":
< q sa
Base shear force Fy = Sdr-m[, +/.=1749 kN
g 51 x*m; \
Horizontal force first storey F,;:=Fy ;- k = =265 kN
01 x* mI) =+ (02.X ® )712) J
, ( 8353 \
Horizontal force second storey F,):=Fj ;| |=1483 kN
\(Grxems) +(82x0m2) )
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Period in x direction 3rd iteration

F +F,,
51,x:=—x'1+ 22 =4.56 mm
1x
Displacements due to the seismic loads X
‘2.x:=51..‘(+ = =3121 mm
2.X
B 2
- = - \/(m1°51.x- +m2'52.x-)
Fundamental period of vibration T3,:=2eme - —=—=0.143 s
in x direction (Fx.l *OpxtFyoe of.x)

Period in y direction 1st iteration

Similarly, the same iterative procedure followed to determine the fundamental period of the
building in the x direction has been adopted to calculate the period of the building in its y direction.

my+m;
81, =t = )€ _0.19 mom
Displacements due to loads equal to the Ly
diaphragm masses Myeg
2y:=0]1y+ Ié =0.55 mm

Fundamental period of vibration =0.032 s
in x direction

Correction factor 4:=0.85 B:=0.2

T, ==2-n-\/ <m1°510'2 +m2'52~_\':)
Ly g- (ml -6“4+ (’"1 +m2) .52..‘.)

Parameters describing the
recommended Type 2 elastic response  T5:=005s 7T,:=025s Tp:=12s S:=16

spectra for ground type E
7;,,=0032 s Therefore 0<7,,<Tp
Design ground acceleration a,:=0234 g
Behaviour factor for URM g:=15
Tiy (25 -
Response spectrum acceleration Say=ag-S- {2 = -I2 = —2\-\ =1.65 ":
M PR
Base shear force Fy1:=84yomp+i=472 kN
i { 61 v m; \ R
Horizontal force first storey Foj:=Fye1—= = 1=121 kN
(see Figure below) \ (@ry=m1) + (82°m3) )
: ( 52._‘- ~m; \ L. -
Horizontal force second storey Fo=Fype1 = 1=352 kN
(see Figure below) \ @rpems) +(d25m3) )
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Period in y direction 2nd iteration

Fv +Fv2
0) =" ¥TT32 20.18 mm
: KI\‘.
Displacements due to the seismic loads .
32v:=0) y+——=0.71 mm
4 1._ K}-1
myd),} +myed,.’
Fundamental period of vibration T,,=2-m- « (m L ) =0.044 :
in x direction (Fur=01y+Fy2+05,)
T,,=0044 s Therefore 0<7T;,<Tp
T2
Response spectrum acceleration Sayi=ag+S- {2 =2t -{2— \-\ =1.37 ":
’ L 3 Tz \gq ) } s”
Base shear force Fy1:=S84y°my+2=393 kN
: ) ( 0pyemy \ ;
Horizontal force first storey F, :=Fy;- ,_ - 1=81 kN
' \ @ryerm) +(82yom2) )
; ( Ooym2 \ ;
Horizontal force second storey w2 =Fy o1 T 1=312 kN
: \ @ryem) +(025-m3) )
Period in y direction 3rd iteration
. F +F,, _
Oppi= 7 = =0.15 mm
Displacements due to the seismic loads Ky
~ o F\:2
2 =0, +——=0.62 mm
Ky
. S (m-6,," +mye5,,%)
Fundamental period of vibration T3,:=2em- = ——=0.044 s
in x direction (Frp=01y+Fy2+05y)
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6.7 Timber Panel Overlays above the Existing Timber Flor

Diaphragm flexibility can be reduced by superpositof a new layer of wood planks or plywood
panels over the existing sheathing.

The new wood structural panels are placed oveefisting straight or diagonal sheathing, and
stapled or nailed to the existing framing memblrsugh the old sheathing.

new layer
of boards

Figure 6-7 Timber Panel Overlay above the Exisfiingber Floor

6.7.1 Design Considerations

In the design calculation of flexibility for existy floor and for new timber layer three different
contributions shall be taken into account.

Brignola [18] explains the three different conttilon by evaluation of the overall flexibility of a
single straight sheathing. Under in-plane loadirandition, every single board performs
deformation due to its both flexural and sheariligixy, moreover it effects a rigid rotation due
to the nall slip. The Figure 6-15 shown the in-plaleformation of a straight sheathing timber
floor.

ANNNNANNNNNNNNNNNY

Figure 6-8 In Plane Deformation of a Single Strdi@meathing Timber Floor; B) Rigid Rotation of eard due to Nails Slip;
C) Board Shear Deformation; D) Board Flexural Dafation, Brignolg18].
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6.7.2 Detailing and Construction Considerations

» Staples, short nails, regular length naisttachment of timber overlay is recommended
the use of nail sizes of d8 and d10, which reqaspectively 35 and 40 mm of penetration
depth in order to assure no slip. When the oveldagpplied on a diaphragms that is
exposed from below, particular attention must bid pmavoid nail penetrations.

* Partitions: The diaphragm provides . AL FINSHES REWOVED FOR

. . If partitio be temporarily .
stiffness and direct load path when  perions canbo tomporiy e RRSTORSD AFTN

continuous between walls. Often i oannmvoin | |/ NTAUATIONOFMETALCLPS.

.. - . . . |/ — FRAMING CLIP
existing buildings is possible to finc mygggmggw?f\t / / eAcHsoeoF waLL
partition walls on the floor. Removing J\ M
these partitions during the rehabilitatic S
is recommended, in this way n ( N\

interruptions in the overlay occur. If th

partitions are to remain during th panmonsmayse
rehabilitation a  shear transfe " Coor o reERRE
connection from one side to the other ~ Figure 6-9 Shear Transfer Connection at Partiticasi

the partition is needed. See Figure 6-6 for thersbennection detail.

* Weight The addition of wood panel sheathing over thesteng sheathings increase the
weight of the diaphragm. This typically does ngiresent an issue, but engineer should
consider this aspect, especially in the calculatibtihe horizontal seismic load.

* Location of diaphragmThe following figure shows the retrofitting sttucal panel added
at the top of the floor. This is the most used oty but when there is the needing to
preserve finishes on the top of the floor, the uside of the floor can be enhanced.

I
! \
/: ‘— EXISTING WOOD JOISTS
|
I

ROOFING, SEE B | — ROOFING MEMBRANE — CENTER PANEL
PANEL JOINT REMOVE AND REPLACE | ) JOINT ON (E) SHEATHING
, \ BOARD

S ! ‘ \ /

= e =t

i - ===
(E) SHEATHING LN (E) JOIST Alternate; —/ '—5;’,:;"53 o

1m e 27;" long
Sel " SHORT nails will stick out

Figure 6-60 Shear Connection Details

6.7.3 Cost and Disruption:

Necessity of access to either the top or undesidee floor can result a significant disruption to
occupants, besides, noise of sawing and hammefthgn the building remains occupied during
rehabilitation, the work can be phased by flooworg to minimize disruption for occupants.
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6.8 Concrete Topping Overlay Above of the Existing Floo

Where the diaphragms do not show proper stiffnedhe in-plane direction, a concrete topping
overlay may represent the solution in both casesootrete and timber diaphragms. A thin
concrete slab is sufficient to guarantee adequapdaine stiffness of the diaphragm, but attention
shall be paid about instability of the concretéglahen subjected to in-plane loads. Consequently,
proper connection elements need to be designeddar ¢to bond the concrete overlay with the
main frame of the diaphragm.

concrete

- stud connectors

wire mesh

Figure 6-12 Concrete Topping Overlay above the tihdsFloor

6.8.1 Design Consideration

The concrete overlay can reach high level of cosgoa in the in-plane direction when the
connection between concrete overlay and diaphragme is well designed.

It is assumed that connectors installed on thdiegisrame elements do not transfer shear forces.
Seismic loads run directly in the concrete slalshiear walls without transfer any force to the

existing diaphragm frame, connectors do not expeeany horizontal force. Connectors play the
role to hold the concrete overlay in its positiahjch, due the high compression may buckle. The
connectors are indeed designed on the basis ofetigle and compression loads due to the
concrete topping.

6.8.2 Detailing and Construction Consideration

» Aesthetics: The diaphragm does not change its aesthetic deaistiz, since the
intervention regards its top surface only which banrenovated by placing new tiles or
timber planks. The only visible modification regaithe height of doors, which shall be
reduced after the retrofit.
» Installation approachlIn the construction process of the concrete topiverlay above
the diaphragm, a number of phases should be fotlowe
1. Propping The diaphragm frame should be supported. Thiseha particularly
important for composite slabs. The skipping of thlsase means a reduction of
increment in resistance of the diaphragm.

2. Removabf non-structural elements carried by the diaphrag

3. Waterproofing A water proof sheet is placed to preserve the iegigtame.
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Installation of the connectors.

Placing of steel welded wire medthe mesh should intersect connectors

Casting of concrete slab

Waiting of the hardening of the concrete.

. Propping removal.

Materials: Increment of the diaphragm weight leads to a higieesmic load, therefore
preventative measures must be taken. The use 6frand thickness standard concrete
overlay on an existing diaphragm involves an inseeaf 125 Kg/rh This increment can
be reduced by the use of lightweight concrete, Whésults to be around 70 Kg/nin the
load computation of this solution others aspectsukhbe accounted. When patrticular
attention is paid on the reduction of weight dudimeshing and filling, the retrofitted
diaphragm may results lighter than the existing. ddgen masonry buildings presents
diaphragms with heavy concrete and sand layeiitipartvalls and ceramic tiles.

On the market is possible to find lightweight smos for many elements, therefore it is a
good approach lightening not only structural eletsgout finishing as well.
ConnectorsTypology of connectors changes depending on dagwhiframe material. For
the retrofit of timber diaphragms, one possiblestgh connectors is shown in the Figure
6-7. This type of connectors are placed by mecla&nioion, without any chemical
bonding, which allows a fast and reversible placing

In case of concrete diaphragms, one typology ofeotors are shown in the Figure 6-8.
Connectors are directly screwed in the concretenbeand fixed by a locking plate. All
parts of the connector are galvanized.

Access and realization issué&here propping is not possible because the spaiber the
diaphragm is not accessible. It is possible to etpine diaphragm frame by means of
wires hung to the above diaphragm.

Dimension: The Italian code defines as rigid a retrofitteaptiragm with a concrete
overlay of 50 mm thickness by the least. Whereotrerlay is connected to the frame by
means of a proper designed number of shear coneecto

© N OA

.

T
=
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—4_\ 4+
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|
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Figure 6-7 Connectors for Retrofitting of Figure 6-8 Connectors for Retrofitting of
Timber Diaphragms Concrete Diaphragms
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Figure 6-15 Possible Solutions to Support the Dragm to Retrofit

« Corrosion and moisture consideratiohhe use of a waterproof sheeting is recommended
in the case of timber diaphragm. This is placedriher to avoid that the timber panel
sheathing absorbs the hydration water of the céecide waterproof sheeting should be
breathable in the upward direction to avoid vapoamdensation on the below ceiling.
Nespolo [19].

6.8.3 Cost and Disruption

Necessity of access to both the top and underdidieodiaphragm can result an issue to the
occupants. When the building remains occupied dummabilitation the work can be phased by
room to minimize the disruption for the occupants.

6.9 Conclusion about Level IV Retrofitting Strategy

URM buildings are considered to have their massesentrated at floor levels. Consequently
during a seismic event, the so-called seismic |laasat these levels. Resistant members are
represented by walls which shall transfer the livach diaphragms to foundations.

Unreinforced masonry walls are characterized byrenger and a weaker direction. A wall
laterally loaded along its in-plane direction assuemore favourable behaviour than in the case
subjected to out-of-plane load.

Consequently, diaphragms need enough stiffnesamsfer equally horizontal loads to vertical
elements in their in-plane direction.

Increase of stiffness in diaphragm may be achiéyedifferent solutions, two of them have been
listed in this report. In both cases the strengtigers reached by adding an extra layer above the
existing floor sheathing.

The examined literature confirms that stiffeningaofexisting timber floor by means of concrete
topping overlay is able to transform a flexiblepgheagm into a rigid diaphragm.

Moreover, since this intervention is often realizexhyether with the connection between
diaphragms and walls, the concrete topping ovedlayvs to work only above the floor respect to
the timber overlay. In which the connection betweatls and floor should involve joists of the
timber frame.
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6.10 Reduction of Period of Vibration due to Diaphragm Siffening

For the calculation example, a diaphragm of a gldiutch terraced house has been selected. The
chosen diaphragm is highlighted by the green calo&igure 6-11. With the purpose of an easier
understanding, the selected part has been assusmktached by the rest of the building. Figure
6-9 shows the geometry of the structure used mattalysis of the diaphragm period.

I E—— I Tt 1 1
|L L] D L 00 S

O Af W Mg ] | —
__HHHHTﬁHETF H h
L1 1lr | &=

i [ & F‘IRST FL‘OOR PLAN
Figure 6-11 Dimensions Diaphragm subject of analysis Figure 6-910Diaphragm and Fictitious Building

X

L/
]

A
T

— |—
—

Building height H:=7000 mm
Storey height h:=3000 mm
Wall thickness t:=210 mm
BUILDING
Masonry weight Pm= 1800 k_i
m
CONCRETE TOPPING Concrete topping overlay t.:=60 mm
OVERLAY thickness
C30/37 Concrete modulus of elasticity ~ E,.:=30000 MPa
Shear stiffness for timber single straight sheathing Gy:=350 —
(taken from Table 4-1) n
DIAPHRAGM Dimensions l,:=4500 mm
k L,:==6000 mm
Diaphragm gi.j+=100 9 Ceramic tiles and glue: 55 Kg/m2
dead load m Timber floor single sheathing: 45 Kg/m2 +
Live load qy.i:=200 _g2
™ k
Weight of diaphragm per sq meter 46.a"=8k;t (0.3-1.0 -q,u-) =160 %
(see Annex A) m"

Building mass
(no openings have been considered)

my:= (Hep= ((2+1+ 1) + (21 8))) + (2 Ly Ly+ a.) = (6.421-10") kg
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ANALYSIS BEFORE THE DIAPHRAGM RETROFIT

In order to evaluate the variation of the buildinghaviour during a seismic event due to the
stiffening of horizontal diaphragms, two analyséssé been carried out. In both analysis the period
of vibration of the building was approximated byans of Eq.[6.5], where the diaphragm is

assumed to perform as a simply supported beam sBppbetween shear walls.

In the first analysis, the natural period has beetermined considering the non-retrofitted
diaphragm composed by a timber frame single shegtlince the period was calculated, seismic
loads acting at storey levels have been determised) the procedure suggested by Eurocode 8.
After that, design seismic loads were applied ® lihilding, hence it was possible to evaluate
deformations performed by the building in termsliajphragm and wall displacements. In the first
analysis no connection between wall and diaphragwe bbeen taking into account, therefore the
diaphragm displacement is only attributed to theaslstiffness of the element.

The second analysis has been carried out followiegsame approach used in the first analysis.
In this case the diaphragm has been considereditteid by means of a concrete topping overlay
of 60 mm thick.

The walls running perpendicularly to the seismicés have been assumed to be restrained by the
diaphragm with anchors. With this assumption, tleey tributary to the diaphragm shall include
the dead load of wall panel portions anchored ¢odihphragm. This can be seen from the Figure
6-12 where the green colour represents the massesraed as weight tributary to the diaphragm.

Figure 6-12 Weight Tributary to the Diaphragm

Diaphragm period calculation in the y direction

Self weight of the diaphragm Wpy=((9g.a*lz*by) + (2+ (Pm-t-h-1;))) = 14526 kg
and walls in the y direction
; Wp,a-l,
Diaphragm displacement Apy= Dy'9"%z _ 1526 mm
’ l,-2-Gy
1
Diaphragm period T:=1/3.07-Ap,=0.685m"  T,=0.685s
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Diaphragm period calculation in the x direction

Self weight of the diaphragm Wpa=((9g.a*lz*ly) + (2+ (Pm-t-h-1,))) =17928 kg
and walls in the x direction

W -1,
Diaphragm displacement Apg= =029 _334 9 mm
I,+2-Gy
1
Diaphragm period T:=4/3.07-Ap,=1.014m : T,=1.014 s

Diaphragm seismic load calculation in the y direction
Correction factor A:=0.85 B:=0.2

Parameters describing the
recommended Type 2 elastic response  Tp:=0.058 T=025s Tp=12s S:=1.6
spectra for ground type E

T,=0.685 s Therefore Te<T,<Tp
Design ground acceleration a,:=0.243-g
Behaviour factor for URM q=15
Response spectrum acceleration Say(T):=a,-S- 2('15 . (;C\ =2:32
y s

m
B-a,=0.477

s

Base shear force Fyy=S4,(T)my+A=126.57 kN

. h-W,
Horizontal force first storey Fyy=Fp,e |( Dy \:z 42.19 kN
(see figure below) ((R-Wpy)+(2-h-Wp,) )

. 2:-h-W
Horizontal force second storey F,, ( Dy ) =84.38 kN
(see figure below) k h- Wl) y +(2-h- Wn.y) )

Base Shear Force
Base Shear Force

Figure 6-13 Seismic base shear force and seismieforces acting on the building
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Diaphragm seismic load calculation in the x direction

T,=1.014s Therefore c<T,<Tp
e (T
Syz(T)=a,-S- 2 ,( f'\,=1.57 -
Response spectrum acceleration 9 \T;) s

B-a,=0.477 ™
S

Base shear force Fy.:=S3.(T)-my-A=85.51 kN
h-W
Horizontal force first storey = b‘,-{ D= \|= 28.50 kN
\ (h. . W,)_,,) + (2 he ‘V’)_z) }
Horizontal force second storey F,.=F, .- |( 21 Wi \| =57 kN
\ (h L ‘VD.I) + (2 - h- - ‘V,)-I) }

After that seismic actions are known, it is possital asses if the existing diaphragm is rigid or
flexible. In order to evaluate the behaviour of éement, the dispalcement of wall,(, ) and of

the diaphragm#\ ) due to the seismic action shall be determined.

Figure 6-14 Displacement performed by walls ancgptiimgms during a seismic event

The assessment of diaphragm deformation has bemtucied considering the second storey
diaphragm, since it represents the element whicloimes the greater displacement respect to the
two levels.
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Diaphragm Behaviour Assessment in the y Direction

Masonry modulus of elasticity
Masonry shear modulus

First storey height

Second storey height

Shear wall cross sectional area

Shear wall modulus of inertia

Second storey wall displacement
in the y direction

ASCE and NZSEE upper bound

ASCE and NZSEE lower bound

E,,=4410 MPa

G,:=04 E,,=1764 MPa
h,:=3000 mm

h,:=6000 mm

|4
Av.y:z%-t-lyzl.OS m’

Iy=—2-=3.78 m'
F2.y . h,23 F2.y
2 2 hy .
Ay y= + . =0.32 mm

Second storey diaphragm displacement

in the y direction

Apmaza.y =2+ Ay, ,=0.64 mm

Apming.y=0.5+ Ay, =0.16 mm

F, -l
D,z.y::ﬁz 90.41 mm

1,-2-Gy

Diaphragm Behaviour Assessment in the x Direction

Shear wall cross sectional area

Shear wall modulus of inertia

Second storey wall displacement
in the x direction

ASCE and NZSEE upper bound

ASCE and NZSEE lower bound
Second storey

diaphragm displacement in the x direction

T 3Epl, A, Gp

[ 4

A, = ; t1,=0.788 m"
3
tel

I=—"%_=1595 m"'

12
Fz_‘: 3 F2.:r.

- + = . hy =0.41 mm

Al)mm:2.:t =2 Ay ,=0.83 mm

Al)nuu’z.z: =0.5- AWQ.:Z 0.21 mm

Fy el
Appzi=—2 Y =108.58 mm
l;r:' 'Gd

The diaphragm displacement results to be greager tite upper bond in both x and y direction.
Therefore the diaphragm shall be classified asiflexn both directions.
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REVISED DIAPHRAGM PERIOD CALCULATION
The overall stiffness of the diaphragm is giverthmycontribution of the in-plane flexural stiffness
of the sole diaphragm and the stiffness of diaphragll shear connectors. Since the two systems
(diaphragm and connectors) are in series, the th¢&brmation of the diaphragm shall be
determined by the sum of contributions.

By =Dc A [6.17]

The two displacement contributions can be deterdhamalysing the system by means of two ideal
systems. In the ideal case of rigid connectorskco ) the overall deformation is only due to
the flexural stiffness of the diaphragm. Similanyhen assuming rigid diaphragm (Kf -s=),
only the stiffness of connectors contributes. Theivalent stiffness of the entire diaphragm
system, which is used for the retrofit analysithiss given by combination of both contribution.

Diphragm contribution

behaviour Connectors contribution Actual behaviour l

behaviour

Figure 6-15 Stiffness contribution given by flexud@phragm contribution and connectors contributio

The new diaphragm period has been determined asgunfinitive stiff connections, since the
same assumption was taken in the calculation béfereetrofitting.

Also in the assessment of the element behaviogid(ar flexible), only the flexural stiffness of
the member has been considered.

Eventually, the total displacement of the diaphragement due to the seismic forces has been
determined considering both contributions of s&ffs.

92



TU/e

Luca Martellotta

Period Calculation in the y direction

Diaphragm flexural stiffness and flexural deformation

The diaphragm is assumed to behave as a beam teabjeca concentrated load applied in the
center. The stiffness of the diaphragm is relabettie stiffness of the concrete slab, without tgkin
into account the stiffness of the existing timbrante.

3
£ .
Concrete slab moment of inertia Ig,—— zy =(1-08‘ 10'2) mm'
T

Cuy
48-E.-I¢,
3

=(1.707-10")

Diaphragm flexural stiffness Kg, = kN
m

o

Diaphragm connection stiffness and connection defaration
Connections between diaphragm and walls have lesdized by means of steel bars of diameter

d. The assumed load condition of each steel agd®resl in section 5.7.1 to determine the load
bearing capacity of the element has been considerealculate the stiffness of the bar. In order
to define the stiffness of the bar in its elas&h@viour, the principle of superposition of effects
has been used. Figure 6-16 displays the two systealgsed.

Figure 6-16 Superposition of Effects for Load Cdiodi

The following data has been assumed to determastitiness of a single bar.

Proof strength fp02:=100 MPa
STAINLESS STEEL ROD
UNS S32304 - ISO 4362-323-04-1 Partial safety factor 2:=1.18

Diameter d:=16 mm
- fp.().2 ds «

Yield moment M, 4:= “TTe = =139.9 N.-m
Characteristic anchorage strength foor=3.4 MPa
between mortar M20 and concrete 30/37
(Table 3.6 Eurocode 6)
Steel modulus of E:=210000 Lz
elasticity mm

N x (d\' . 3 4

Moment of inertia of the Iy=—-j—,; =(3.2]7-1() ) mm
bar used for connection 4 \2)
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Compressive strength  f:=4.4 N 5
mm
MASONRY Partial safety factor Yo=1.7

Anchorage length ln:=160 mm

Design compressive P i =2.6 N 5

strength Tm mm

( M \

Length b (equal to Im-a) derived from bi=lpe| 2+—""’2 —1|=94 mm
equilibrium condition \ (@ framelm’) )

l,—b
Length a a:= '"2 =33 mm

The total stiffness of the bar has been derivedhgy sum of stiffnesses determined by the
superposition of effects:

— 2adfem
S T
dfesm
| | al2 I--a/2 or b+3/2a
I
Figure 6-17 Load Condition 1 Figure 6-18 Load Condition 2 with Equivalent Load
(123 a)
3
2:d+fogm-a)-1b+" a
d. .1 4 ( cd.m .
oy -=—f"d'"' Oy:= \ 2 ) .(3 l,,,—b+i a\.
8.FE -1, 6.FE I, \ 2
= 8.E’;I"=1319 Lo = f.E'.Ib —452 KN
L m . . m
(b+3 a) 31 —b+3 a)
L2\ 2 )
kogi=ky +ky=1772 XY where Keg=key
m

Consequently the equivalent diaphragm stiffness is:

Number of diaphragm connectors n:=30

Diaphragm equivalent stiffness Kpy=

—(5.652-10") XY
m
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Diaphragm seismic load and deflection afier the retrofit

Timber floor single sheathing: 45 Kg/m2

Diaphragm 9y ;:=180 Lg Ceramic tiles and glue: 55 Kg/m2
dead load m Concrete topping overlay: 80 Kg/m2
Live load Q=200 kg

m

k,
m

Weight of diaphragm per sq meter
(see Annex A)

Self weight of the diaphragm

and walls in the x direction

Wpy=((@ca-lz-ly) + (2+ (pme-t-h-1,))) = 16686 kg

Building mass my:=(Hepp« ((2:0,+8) + (2:1,+1))) + (2L, 9ca) = (6.853-10") kg
(e t————————— 1

W, .
Diaphragm period T,:= \/ 3.07.[W05°9) _6 005 m? T,:=0.006 s
k Kf-y )
T,=0.006 s Therefore 0<T,<Ty
T
Response spectrum acceleration Sey(T):=a,-S- {3 +-r .{ﬁ - 3\.\| Y P
\3 Tg\ q 3) ) s2
Base shear force Fyyi=8,,(T)my-A=174.71 kN
h-W
Horizontal force first storey F,,=F,,- ;( Dy \| =58 kN
(- Wl)-y) it (2 =hs Wl)-y) )
2:h-W
Horizontal force second storey Fyy=Fp,. ( Dy ) =116 kN
K (h-Wpy) +(2-h-Wp,) J
F. F.
Second storey wall displacement ;'y s h23 % h,
in the y direction Aypyi=—————+- =+~ =041 mm
3-E m* I v Au.y m
ASCE and NZSEE upper bound Apmazz.y=2+ Ay, =0.88 mm
ASCE and NZSEE lower bound Apminz.y=0.5+ Ay, =0.22 mm

Second storey diaphragm displacement in
the y direction accounting only the
flexural stiffness of the element

Second storey diaphragm displacement in
the y direction accounting both stiffness
of the element and of connections

Appy= Fay =0.01 mm
7K
Iy
F,
Al)Z.y:= D'y =22 mm
.y

In order to compare the diaphragm before and afieetrofit, the displacement performed by the
element taking into account only its flexural stéss results to be largely reduced. Since the
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flexural displacement results to be smaller thanldhver bond, the retrofitted diaphragm shall be
classified as rigid.

Period Calculation in the x direction

Similarly as for the period calculation in the yetition, the diaphragm flexural stiffness has been
determined.

3
L t.-1
Concrete slab moment of inertia Io.= “]2’ =(4.556. 1()“) mm*

48-E.-I¢, kN
3

m

Diaphragm flexural stiffness K, .= = (3.()38- 1()6)

B

y

Diaphragm connection stiffness and connection defaration
The stiffness of connectors is the same determioethe period calculation in the y direction.

Consequently the diaphragm equivalent stiffness beaygalculated by means of the following
equation.

Number of diaphragm connectors n:=30
Connections stiffness K, =1772 =
m
Diaphragm equivalent stiffness Kp,:= S S (5.225 . 1()4) ﬂ
1 + ¥17 m
K jz D K.,

Similarly as before described for the behaviouhefdiaphragm in the y direction, the diaphragm
flexural displacement results to be lower thanltveer bond after its retrofit. Therefore also in
the x direction the diaphragm shall be classifiedigid.
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Diaphragm seismic load and deflection after the retrofit

Ceramic tiles and glue: 55 Kg/m?2

Diaphragm Gk =180 —— kg Timber floor single sheathing: 45 Kg/m2
dead load m’  Concrete topping overlay: 80 Kg/m?2
Live load Q=200 — kg
m’ k
Weight of diaphragm per sq meter g 4:=gj j+ (0.3 1.0+ q,“-) =240 —92
(see Annex A) m
Self weight of the diaphragm Wpo=((dcalely) + (2+ (P-t-h-1,))) =20088 kg
and walls in the x direction
W
Diaphragm period T,:= \/ 3.07..{ D \ =0.014 m T,:=0.014 s
fx
T,=0.014s Therefore 0<T,<Ty
Response spectrum acelleration Sez(T)=a,+S-+) (2 T ( e 2 “ =361 2
\3 TB lq 3j } s’
Base shear force Fy =S, .(T)-m,-A=210 kN
h-W,
Horizontal force first storey F\,=Fp .- ( o \= 70 kN
W)+ @-h-Wpy) )
2:-h-W
Horizontal force second storey Fyp=Fp . |I D> \|= 140 kN
((h-Wpa)+(2-h-Wpy))
. F 2z 3 F 2z
Second storey wall displacement 2 . 2 h
in the y direction Ay = + . =1 mm
3'Em'Iz Av.z Gm
ASCE and NZSEE upper bound Apmarzzi=2+Aws.=2.04 mm
ASCE and NZSEE lower bound Apminz.z:=0.5+ Ayr ,=0.51 mm
Second storey diaphragm displacement in the x direction Ajy, .= E =0.05 mm
accounting only the flexural stiffness of the element K.

. . . . F.
Second storey diaphragm displacement in the x direction Ajy, .= 2T —2.7 mm
accounting both stiffness of the element and of Kp.

connections
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LEVEL IV RETROFITTING STRATEGY

This chapter describes the out-of-plane loads thatall necessities to
withstand during a seismic event, and it provideoktions of the issue.

URM walls result weak when they are subjected sm$oother than compression. When shear
walls are fully restrained at each level, as desctiin Chapter 3, out-of-plane forces can cause
significant wall bending. The bending moment resise of the wall is determined by the ratio of
height between levels of support and the thickeésise wall itself, in addition of the axial load.

7.1 Out-Of-Plane Wall Requirement

In Chapter 3 connection between walls and diaphsalgas been treated. The seismic forge F
related to each anchorage is determined by themmmi of Eq. [7-1] and Eq. [7-2]. A wall
restrained at storey levels has reduced spans@pfinels, spans are equal to the distance between
locations of out-of-plane anchorages in both vattnd horizontal directions. ASCE 41-13 [7].

The strength of the wall shall be adequate to watid the force fwhich is applied at mid span
between anchorage locations:

F, :O.4SXS,YVVP [7-1]
Fo.min = 0. W, [7-2]
Where:
X is the factor for calculation of out-of-plane Whdrces, from Table 7-1 for the selected

Structural Performance Level.

S,. is the spectral response acceleration paramesiroat periods for the selected hazard level
and damping, adjusted for site class, without at)ysament for soil-structure interaction

W, is the weight of the wall for unit aréa
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Structural Performance Level b4

Collapse Prevention 1.0
Life Safety 1.3
Immediate Occupancy 20

Table 7-1 Factor X for Calculation of Out-of-Plawéall Forces FEMA 547[4]

7.2 Post-Tensioning Steel Rods Inserted into Vertical bles through URM Wall

Post-tensioning is considered as one of the mtesttafe ways of
providing both out-of-plane and in-plane strengttuRM walls.

The post-tensioning retrofitting technique may peled either
internally to the masonry element or externallynglthe face of
walls.

URM Wall

hg/2
Performance of post-tensioned URM walls varies ughenpost-
tensioning stress initially applied, steel rod tyged spacing,
restraint conditions and confinement. Steel rods eher be
bonded into cavities or left unbonded by not fijithe cavities.
In the case of bonded tendons, they may be corsides fully
restrained. Lateral restrain of post-tensioningdters is an
important issue when second order effects are deresd. This
because, additional axial load aggravates bendirgsses in
walls as they displace due toAPeffect. For this_ aspect it is Figure 7-1 ossible instability due to
preferable to provide lateral restrained tendoralitninate PA the eccentricity of the steel rod
effects. The restrained tension does not chandeats line of
action respect the neutral axis of the wall, thasadditional stress are introduced. On the other
hand, unbonded post-tensioned steel rods are abééefor URM buildings having important
heritage value due to reversibility of the intertien. Ismail [20].

' 8-Rotation

7.2.1 Design Considerations

Insertion of post-tensioning steel rods is a réting measure applicable if some requirements are
fulfilled. The part of masonry subjected to the tp@sisioning shall be able to withstand the

additional axial force introduced by the tendonisT¢apacity should be checked for both global

local resistance, where the anchorage are pladeel.ifitial loss of compression due to the

masonry deformation shall be taken into account.
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Figure 7-2 Additional axial force distribution irdduced by tendons

7.2.2 Detailing and Construction Consideration

* Aesthetics: Post-tensioning has a very little visu “\\\'\'\"'
impact, since no signs are visible along the wathen
the threaded end of tendons is hidden in the upgeiof
the wall the intervention is almost invisible.

» Installation approachThe placing of tendons involves
sequence of steps: Figure 7-3 Anchorage of the tendon on

1. Drilling. The first procedure involves boring the top of the retrofitted wall
cavity from the top of the URM wall right
through to the foundations.

2. Placingof the rod into a grout sock and fitted with grewhes.

3. Insertion.The rod wrapped in the grout sock is inserted ih&cavity.

4. Grouting. In case of unbounded tendon only the bottom parthef cavity is
grouted, whereas in case of bounded tendon theandawlity is grouted.

5. Placingthe top anchor plate.

6. Appling the required forceto the rod by means of hydraulic jack or by hand

» Materials: Since a compressive stress is applied locallpéntdop anchor plate location, a
local strengthening of the masonry may be requifadhermore a direct path for moisture
intrusion is present. The anchor plate can be gated, made from stainless steel or
painted with exterior grade paint.

* Access and realization issués order to drill cavities the top part of theesin wall shall
be free from obstruction. Therefore in case whieeadof cover this part, precautions shall
be taken.

» Dimension:specialized New Zealander constructors statedithatpossible to bore a
cavity up to four storeys with a precision of +fd. Recently this technique has been
used to retrofit the Fort Leavenworth, USA, whe8eéhdles 13 meter long with a diameter
of 20 mm have been drilled.
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* Anchorageanchorage of post-tensioning results for masorirgfitting to be more difficult
compared with other materials, due to its low caspive strength. This is typically realized
by using a grout sock. In the case the buildingsgmés continuous reinforced concrete
foundations a self-activating dead end can be eamgasthem. Top anchorage devices and
plates are typically in a recess of the surfacecavered with shotcrete or cement mortar.

7.2.3 Cost and Disruption

Seismic retrofit by means of post-tensioning isstdered an effective technique but expensive,
due to the necessity of skilled contractor andipaldr equipment. Since rods are installed from
the top of the wall to retrofit, disruption is deykent upon the accessibility to the top face of the
wall.

7.3 Inter-Floor Wall Support

Strengthening of the wall is obtained by meansxtérmal steel reinforcement or other material
elements. A series of either vertical or horizomt@mbers can be bolted to the inside face of the
wall in order to enhance the out-of-plane resistanc

Vertical steel sections aim to break up a largagriavall into a number of supported areas. Profiles
spanning between diaphragms act as beams loatetding by the pressure of the wall during a
seismic event. In the past vertical inter-floor gots have also been conceived as auxiliary
support for the diaphragm in the event that thd fadé and collapses.

A similar result can be achieved by means of azootal steel member anchored at mid-height of
the wall. The profile is than braced with diagostalits up to the floor or ceiling diaphragm above.
In this way the effective height of the masonryM&teduced. Goodwin [21].

Figure 7-5 Internal vertical steel elements to rast out-of-
plane wall failure

Figure 7-4 Diagonal struts from the floor abovetaprove
out-of-plane performance of the wall
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7.3.1 Design Consideration

The American code IEBC [17] furnishes standarddations regarding the spacing. Spacing of
vertical bracing members should not exceed on tfathe unsupported height of the wall or
3048mm (10 feet). Deflection for this bracing shibubt be greater than one-tenth of the wall
thickness.

For horizontal elements, indications are given réigg spacing of diagonal struts, which should
not exceed 1829mm (6 feet).

7.3.2 Detailing and Construction Consideration

—DRILLED DOWELS

* Aesthetics: Itis considered as the least experspipeoach | arerwatesoes

but not suitable for every occupancy, since elemadted \ B[O SR SHOR T

to walls are remarkably noticeable. To minimize tisgial \ NN
impact, elements can be recessed into a cavitynctite . 1 E
wall. Recessing the member requires more complerk w i E ]
and raises for cracking to propagation from thedesfthe . /7 N\ rePLAcE
recess to the wall face. CONCRETE FILL — PLASTER
) ] ) IN SAWCUT CHASE
* Floor/roof framing capacityln the circumstance where the _
. o . Figure 7-6 Steel Element Recessed
above diaphragm joists are parallel to the walletmofit, Into Cavity
the horizontal anchorage force shall be developgdnto -~ ORLED DOWELS

the diaphragm. The existing diaphragm frame mayl tee
be strengthened to distribute the load. f
* Materials Bracings can be realized by means of st

profiles, timber elements or reinforced concretagper. [ [
) Finigh plaster

7.3.3 Cost and Disruption it roquied.

. . . . . . Figure 7-7 Concrete Pilaster
The combination of horizontal element with diagomséiuts is

usually cheaper, but considered less reliable treatical bracing. Exposed braces result less
expensive than aesthetically sensitive optionseagssed vertical braces. Installation of this
technique is quite disruptive since bracing aremadly placed around the entire perimeter
connected to horizontal diaphragms with drilled eétsw
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7.4 Non-Stressed Bounded Bars into Vertical Holes Dridd Through URM Walls

This technique adds reinforced cores along the WRINE to retrofit. Thus, afterward the wall can
be considered as a reinforced masonry elementoédfin his technique has many aspects in
common with the post-tensioned steel rods mentiamétk section 5.2, non-stressed steel bar set
in grout become stressed only when the wall iséddédterally.

Patch top of wall after

/ coring and grouting.
CORE CENTERED IN .
WALL, FULL HEIGHTN{ s RESET LOOSE MASONRY
WALL WITH - AND REPOINT MORTAR
REINFORCING BAR. A4 CRACKS WHERE GROUT
EXTEND INTO o | CAN LEAK
FOUNDATION i |
FILL CORE AROUND ——__ 1]
REINFORCING WITH "SIl _— Provide verification
POLYESTER GROUT. 1 / ports to check grout
VERIFY CORE IS N - flow, one each story.
COMPLETELY DRY 1
PRIOR TO GROUTING.

If nonshrink grout r 15 _¢
is used, hole is to be " b
p’e.we"ed' - =1 ST

/>~ For wet coring, provide
! drainage relief port.
f Extend core through
footing or use vacuum
| L) eauinment to remove
Figure 7-8 Non-stresses bounded bar inserted into maswahy

i

7.4.1 Design Consideration

URM wall will result in a RM wall after the retrafby means of reinforced cores. It is remarkable
to not over-reinforce the masonry section. Whicly wause a brittle failure of the masonry.

7.4.2 Detailing and Construction Consideration

* Bar Size Size of bars depends on demand and design, jpiaatly it ranges fronp 12 to
¢ 20
» Grout type Researches show that the use of polyester groutdes the best dispersion
into the masonry. In case of polyester grout att@ntnust be taken to dry the hole before
installing the grout. An alternative is high qualiton-shrink cementitious grout, although
the hole needs to be prewetted prior the groutipgur
» Installation approachThe addition of reinforced cores is summarizethiee steps:
1. Drilling. The first procedure involves boring a cavity fridme top of the URM
wall right through to the foundations.
2. Loweringof the bar into the hole.
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3. Pumping of groutA grout tube is loosely tied to the bar, as thmugis
pumped into the hole, the tube is slowly withdrasimultaneously with the
increase of grout level.

» Check pointsDuring the pouring of the grout, it will leak othe voids along the wall. To
confirm that the grout is raising into the coreribontal checking holes can be drilled on
the wall. When the grout outcome from the holés plugged and the grout is allowed to
continuing raising along the core.

7.4.3 Cost and Disruption

Similarly as for post-tensioning, reinforced corgsconsidered an effective technique but
expensive, due to skilled contractor and equipmeatled. Disruption to interior and exterior faces
is limited to sealing cracks, and to the necegsitgccess to the top of walls.

7.5 Composite Material Strips Fitted Into Vertical Saw Cuts in URM

Composite materials begun to be used about 40 pg@arsn aerospace and other industries. The
material is made by means of strong fibres suatag®on, glass and aramid bound together by a
matrix. The matrix is usually vinylester, polyesterepoxy resin. These materials are commonly
so-called fibre reinforced polymer (FRP).

Mechanical properties of FRP depend on the fibmaatrix ratio. The matrix provides transfer of
loads between fibres, whereas the strength arfdesdt# is provided by fibres. FRP are used in
seismic retrofitting because of their high tensiieength, which typically exceeds that of metals
by several times.

FRP are considered an effective technique for figixor shear strengthening element to upgrade
structural capacity. The retrofit of a masonry wedin be accomplished by means of either
externally-bonded FRP laminates or near-surfacenteau(NSM) FRP bars.

Laminates are on the market in two forms: FRP shigabric) and pre-cured strips (plates). FRP

sheets are generally applied by manual wet layngpaae attached with adhesive on the prepared
surface of the masonry wall. Whereas, pre-curegssére adhered to the substrate of walls with

an epoxy or cement paste.

NSM FRP bars are round or rectangular. They areeglan grooves cut on the masonry surface
and bound with epoxy or cement-based paste.
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From the structural point of view, NSM and lamin&fRP systems can be engineered to achieve
similar objectives. In this report NSM FRP stripe &urther described as retrofit technique.
. N — e

Figure 7-9 URM wall retrofitted using FRP NSM

7.5.1 Design Considerations

The lower elastic modulus of glass FRP (GFRP) mdspecarbon FRP (CFRP) is not limiting in
masonry strengthening application, since it resulise compatible with the low elastic modulus
of masonry.. On the other hand, CFRP show a betséstance to creep over a superior durability
in most environments compared to GFRP and thudtresie a better choice. Aramid is not
commonly used in masonry. The material propertfesramid are sensitive to moisture change,
which is common in masonry structures.

Failure modes of masonry walls strengthened witR ERypically governed by the debonding of
FRP from the masonry. Thus, it precludes to explathigh tensile strength on FRP. Because of
these bond limitations, the usable design strengtlisRP applied to conventional masonry are
typically in the range of 30% to 40% the ultimatedile strength of FRP.

7.5.2 Detalling and Construction Considerations

» Aestheticsin case of naked brick, this technique has somavimpact, but in case it is
installed in plastered walls, it is totally invigb Otherwise, in order to minimize the
change in appearance for naked brick walls, a cebvesed paste is recommended. The
paste can be mixed to match the original mortaolour and texture

* Installation approachThe surface preparation for NSM FRP applicatianiisimal. NSM
FRP can be applied by means of these steps:

1. CutgrooveUsing a diamond blade saw or grinder, a groveithéd the depth
and 3 times the thickness of the FRP stripe is cut.
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2. Prepare grooveThe grove is prepared with masking tape or smutaduct
to prevent surface damages due to excess adh&sieegroove is carefully
cleaned using vacuum or compression air.

3.  Apply adhesiveEpoxy adhesive or cement based paste is filldlemgroove,
taking care to avoid entrapped air voids.

4. Place FRP strips into groove#fter application of adhesive, the strip is
placed and pressed into the groove to ensure plogeion of it.

5.  Finish. When the FRP strip is seated into the grooveadhesive is smoothed
and any additional adhesive is added. General alpaand removal of the
masking tape is necessary.

* Embedding pasteéEpoxy pastes provide better bond properties thareoé based pastes.
Cement based paste is the typical choice in cagesthetic limitationslhis choice causes
a reduction in bond-development strengths betw@&&nd masonry. This reduction may
result in an increase in number of strips. Tumi§zs).

» Accessibility of wall facesStrengthening of masonry walls may require addigbNSM
FRP on both sides of the wall, to gain flexuralsesice against both inward and outward
loads.

7.5.3 Cost and Disruption

This technique is characterized by a low installatost given that the preparation of the wall is
minimal. Disturbance to occupants can be reducetdiigiing the wall to retrofit in small areas to
minimize the loss of usable space.
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7.6 Conclusion about Level IV Retrofitting Strategy

Walls running perpendicular to the direction of tireund motion are subjected to out-of-plane
loads due to their own weight. Even if walls hawet anchored at floor levels, walls are often
subjected to loads higher than their resistantagpa
Strengthening of URM walls in their out-of-planeadition is a challenge which nowadays is faced
by means of the mentioned retrofitting techniques.

Steel rods inserted into drilled holes, in bothesasf post-tensioning or not-stressed show good
improvements in the strengthening of masonry mesbbéowever, these techniques present some
limits, due to the complex drilling process, besidlee difficulties connected to the anchorage at
foundation level.

Inter-floor wall support, on the other hand, magresent a valid solution in case of industrial
buildings. Since restrain of the wall is guarantégdexternal elements, which would not been
aesthetically acceptable in case of retrofittingdefellings, or by recessed elements, which
involves a more complex construction process.

Composite material strips applied into verticakduis been evaluated the most technically reliable
solutions for this weakness aspect of URM buildingss because on one hand, the calculation
example shows the improvement in the resistantieeodvall in its out-of-plane direction. On the
other hand, this has been achieved by applying gtrips, which means a minimal disruption
during the execution, a final acceptable aestheticdition of the wall surface, and a total
repeatability of the technique.
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7.7 Design Example of Out-Of-Plane Strengthening of URMVall using CFRP NSM

Design of URM retrofitted by means of CFRP NSM &séd on the analytical model developed
by Seracino [23], which predicts the intermediatek (IC) debonding resistance of CFRP NSM
to reinforced concrete.

7.7.1 Intermediate Crack Debonding Resistance

Strengthening of URM wall by means of vertical CFRifps is based on the concept that the wall
behaviour will be governed by the IC debonding le# strip, rather than the development of
alternative more brittle failure modes. The airtoiavoid failure modes as the rupture of the CFRP
strip, or horizontal bending failure of masonryveen vertical strips, or masonry crushing.

The axial force in the CFRP strip required to cahseonset of IC debonding in reinforced concrete
is defined as B Hence, R is generally limited by an upper limit, the linstthe rupture strain of
the strip as shown in Eq. [7-3]

I:>IC s £rup (EA)p [7-3]
Where
Eup is the rupture strain of CFRP strip
(EA)p is the axial stiffness of the strip

Seracino [23] set Eq. [7-49 determine the axial force transferable betweetiete and the CFRP

Pe =710, y/Lyer (EA), [7-4]
Where
T is the maximum interface shear stress
o is the maximum slip in the bond-slip model

Lper =2d, +b, is the perimeter of the debonding failure plarwss section (see Figure 7-11)

In order to simplify Eq. [7-4], Seracino [23] usirrggression determined coefficients and
exponents to express the maximum interface shesss{; ) and the maximum slipd; ) in terms

of debonding failure plane aspect rati | and the cylinder compressive strength of the ceirc

( f.). The relation between these parameters is giyefgp [7-5].
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7,0, =0.9769, 0'526fc 06 [7-5]

Eq. [7-5] is derived by relations given in Eq. [F#&nd Eq. [7-7], which refer to geometric
parameters shown in the Figure 7-11 and materigdgsties of concrete.
r, =(0.802+ 0.079, ) f.° [7-6]

B 0.97®f0.526
" 0.802+ 0.079,

[7-7]

¢, =— is the IC debonding failure plane aspect ratio
f, is the concrete cylinder compressive strength

PLLN Wall face

b

Failure__
<

plane

Figure 7-10Prospective view Figure 7-11 Failure surface
failure surface of CFRP NSM cross section of CFRP NSM

Substituting Eqg. [7-5] in Eq. [7-4], the followingelationship is obtained for the mean IC
debonding resistance,cREQ. [7-8])

P. =0.988, %21 %% [L . (EA), [7-8]

7.7.2 Substitution of Material Parameters in Generic Modeé for Use in Masonry
Retrofitting

The before mentioned model elaborated by Sera@Bpfpr concrete retrofitting is a function of
the cylindrical compressive strength of the materia
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In order to modify the model to use with masonryiJlig/[24] expresses the concrete cylinder
compressive strength in terms of tensile strengtth@ concrete. Generally the splitting tensile
strength of concrete is possible to establish fitsmompressive strength. Willis [24] through the
relation shown in Eq. [7-9] introduces this relasbip.

JT = fo [7-9]
° 0.53

Therefore, substituting the tensile strength ofdhleacretefct, with the tensile strength of the brick

unit f,, and substituting Eq. [7-9] into Eq. [7-8], théléwing relationship may be used in case of
masonry retrofitting:
f

06
P. :0_988bfo.263(0_uée) Lper(EA)p [7.10]

P. =1.45p °%%f °° /|_per ( EA)p [7.11]
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7.7.3 Calculation Example of URM Wall Strengthening By CFRP NSM

The calculation example shows the retrofitting of GRM wall panel selected from a Dutch
terraced house.

In Figure 7-12 the selected wall panel for the giess highlighted with the red colour. The wall
panel is assumed to be beforehand retrofitted,theckfore restrained at diaphragm levels by
means of wall to diaphragm connection anchors.H@rbasis of this assumption, the wall can be
considered restrained at all its sides.

The seismic load acting on the wall panel has lket@rmined on the basis of the approach given
by the American code Asce 41-13[7]. The Peak Grodeekleration (g assumed in the design
has been converted in the Short Period SpectralAction $This has been carried out by means

of converting relations elaborated by Lubkowski][f&ported in Annex A.

Brick tensile strength

Jw=3.5 MPa

Masonry weight Pen = 1800 kgx
m
Masonry modulus of elasticity E,,:=4410 MPa
WALL Masonry compressive strength fr=4.4 MPa
PANEL Masonry bending strength 1 S26.4:=0.2 MPa

Masonry bending strength 2

fzk.2 =0.4 MPa

Partial safety factor for masonry Ymi=1.T
Factor of structural performance level x:=2.0
Thickness  (:=210 mm
Wall panel sizes Length 1:=6000 mm
Height h:=3000 mm k
Weight of the wall per unit of area W,=t-p, =378 !i
m
1
B T | T Horizontal | T oo T
: = = - daphrogns | SEEpEEER e
. 1 ETILITES
FIRST FLOOR PLAN T :. ::\ : T : T : \::\I:
e
< (T 00 T 171 mm f7 atscoc
{|OFF @ O A @ |

ELEVATION

I
G : Wall to diaphragm anchor

Figure 7-12 Selected wall panel from a typical Duterraced house
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Peak ground acceleration (PGA)
Short period spectral acceleration

Long period spectral acceleration
S,:=0.547 g

a,=0.243

$,:=0.179 g

S,:=(0.3386 - a,+2.1696) » a,=0.547
8,:=(0.5776 - ay+0.5967) - a,=0.179

Considering a Site Class E for the Groningen area, values for Fa and Fv can be determined

by Table 2-3 and Table 2-4 respectively on ASCE 41-13.

F,:=1.6
Sys:=F,.S,=8.6 22
F,:=3.3 s
Sxi=F,-5,=5.8 =
S

The wall panel shall be considered fully restraiakmhg vertical edges due to the connection to
others shear walls. Whereas along horizontal edgesyall panel shall be considered hinged due
to the presence of anchors between wall and digptsaThe out-of-plane resistance of this
portion of wall shall be checked using the thedriinear elasticity presented on Eurocode 6.

By the ratio h/l other parameters can be found on Annex E of Eurocode 6:

[/l
h/l ratio
- Orthogonal ratio
777777 Bending moment coefficient

Design values of bending moments

Wall out of plane load due to the
seismic acelleration 1s given by the
minimum value between Fp and

Fp.min Fpomin=0.1-x-W_ =756 -

£=0.5

l

p::ﬂ:(),s

f:rk.2
a:=0.021

kN

Fp:=0'4’SXS°X'Wp=2‘6 —2'

m

kg
2
m

Design bending moment when the plane of failure is parallel to the bed joint

Mg =p-a-Fy.l' =59 kN-m

Design bending moment when the plane of failure is perpendicular to the bed joint
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Lateral resistance using flexural strength

Bending moment 2

resistance in the direction Mp,, = (f’k" \| . (f1- t |\ =52kN.-m
parallel to the bed joint \ Tm ) 6

Bending moment 2

resistance in the direction Mpyo= (f’k 2\| . I{I(h L \I\I =52 kN-m
perpendicular to the bed \"m ) \\ 6 ))

joint

Strengthening of wall using NSM CFRP strips

Selected strips for the design are 0.125"x0.5002xB2.7 mm) carbon fibre rectangular strip
produced by Acp Composites. Material propertiestofps have been taken by specification
supplied by the manufacturer and attached in Arex

Horizontal spacing of strips has been based omibraent resistance of the wall in the direction
perpendicular to the bed joint in the first plattegn it has been adjusted to meet the material
restrictions of the masonry in compression.

CFRP Modulus of elasticity E,:=138 GPa
CFRP Tensile strength fup=1.72 GPa
Bending moment coefficient
for wall support condition E a:=0.028
(taken from Ec. 6 Annex E) i
Horizontal spacing of CFRM 8= \/ Rd2 _ 1878 mm
strips a-Fy-h
s:=500 mm
s
T T ] [
I P e M . L

Figure 7-14 Wall panel cross section with strip siog

P Wall face
I 1 o
i ! t,==3.2 mm
i i
i i b,:=12.7 mm
i b i =
N i
i i | b, Ayi=t,-b,=40.6 mm’
dr : !
. i i
Failure i i d;:=20 mm
plane : :
i i | bf:= 10 mm
i i byt
) ld : tb.= B =3.4 mm
v | ISR, Sa J 2

Figure 7-13 Strip and failure plane cross sect
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Axial stiffness
Failure plane aspect ratio

Perimeter of debonding
failure plane

Intermediate crack
debonding capacity

CFRP Tensile rupture capacity

EA,:=E,-A,=5608 kN

dy
So[:=—_2
by
LN:=2-d,+ b,=50 mm

P’C:= 1.45. <P[0-m’ <ful) 0.6' m

P’C:’—‘ 62 kN

P popture = Fup* Ap=T0 kN

ruplure ™

Since the aim is to avoid damage in the masonry dvad to the seismic loads, stress and strain
distribution is assumed to be linear elastic inltta@led cross section of the wall. This is shown in

Figure 7-15.
S 1 e fm
T 1 Cm
| | 2 Ca +—
| | — -y
L L. |
-+ —— | N
| |
| f | LI

_
| & | _4

Figure 7-15 Linear elastic distribution of stressdhstrain in the masonry cross section

Masonry elastic strain limit
Masonry compressive force
CFRP tensile force

Neutral axis location

Effective compressive stress in masonry

Maximum allowable stress in masonry

Lever arm

Bending moment resistance
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Cn:=Pc
Tp:=Pc
«Prrs
=271 _937 mm
Em'Em'S
2.C
fri=——™=2.6 MPa
Iu"i
fd:=£=2'6 MPa
Tm
b
z=t—"2_"P _172.4 mm
3 2

A’Ind:=P'C°Z=]O.7 kEN.-m
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LEVEL V RETROFITTING STRATEGY

This chapter introduces possible failure mechangna masonry wall
when laterally loaded, and it provides possiblementions for stiffening
of walls affected by openings.

Lateral loads on masonry buildings are resisteghgrily by in-plane action of walls oriented in
the direction of loads. In case of seismic loalds,doncern associated to URM walls to transfer
load to foundations is about brittle behaviour It material. Once the ultimate lateral loads is
reached the capacity of the element rapidly deeseadth very limited deformations.

Failure modes associated to the in-plane loadingRi¥ walls is determined by the combination
of the applied load, wall geometry and propertiethe constituent materials.

Possible failure modes due to both lateral andoadibads are shown in the Figure 8-1.

| ] [ e [ T e i ] i
I 0c o _dc 15 I [ RO ) N
== ==l—]
T T T T T 1
S [ S S O [ |
e P i e P
T 1 T [ T 1
| ) [ [ =
L [ o Ju_ofi
L T T T T T 1
T = [ T [T 1
O T O |
B U — T — — | —— ===
I e e P [ e s
) — 4 af 11
I S [ -
(a) Rocking failure (b) Sliding/Shear Slip failure (c) Diagonal tension failure

Figure 8-1 In-Plane Failure Mode of a Laterally Laed URM Wall

8.1 Tension Controlled/Rocking Failure

This failure mode typically occurs when the appkedal compression load is low and the aspect
ratio (slenderness) is high. Rocking is characéerizy a rigid body rotation about or near the toe
of the wall. The lateral force causes an overtymment at the base of the wall, the introduced
tension cracks the wall and propagates along thelemMength. As the bearing area reduces,
localized compression rupture may occur at theofdke wall as shown in Figure 8-1(a).

8.2 Sliding/Shear-Slip Failure

Shear Slip failure is due to the sliding of the oray above and below a mortar bed joint. Walls
and wall piers with low slenderness are prone ifthlure mode, especially if they are subjected
to a low axial load. Typically slip occurs in th@erface between masonry unit and mortar, rather
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than through mortar joints. The critical load fbrstfailure mode is regulated by combination of
adhesion and shear-friction resistance betweenamanid masonry units.

8.3 Diagonal Tension Failure

For greater axial and lateral loads, the combinabioshear and axial compressive stress leads in
diagonal cracking. Whereas, both rocking and skiarfailure are correlated to the strength of
the mortar bond, diagonal tension failure also ddpen the tensile strength of the masonry units.
Diagonal cracking may assume a stepped pattermdemeon the combination of vertical and
shear forces. Stepped diagonal cracking path asdale to slip along one or more bed joints.

Mixed modes, or more likely, sequence of differeahaviour modes are common in URM wall
piers. The behaviour given different combinatioroaid is resumed in Figure 8-2.

b

Sliding Shear
T = T + HOa

Blaxlat
Tenslon-Compression

Comblined
Shear-Tenslon
Interface Materlal Masonry
Shear Bond, To Characteristics!| Characteristics Compressive
| Strength
—e On
Tensle Fallure |, L Sliding Fallure L Dlagonal Tension Failure L L
rl il 2 Il

\Con:resslon Fallure
Figure 8-2 Behaviour of Ureinforced Masonry undem@bined Shear and Normal Stress along the Mortar Bents

Spandrels play an important role in the behavidupiers in case of seismic loads. Spandrels
stronger than piers can couple multiple piers aaassfer overturning to adjacent piers, increasing
axial stresses in end piers and probably chandjie sequence of actions. The capacity of the
spandrel to transmit vertical shear and bending emdmegulates effects of element overturning
and rocking. In case of weak wall spandrels restazeatljacent piers, they do not provide fixity at

tops and bottoms of piers. This may result in paeting as cantilevers.

8.4 In-plane wall stiffness

The magnitude of design lateral loads caused bgefsmic event is dependent to the stiffness of
the lateral bearing system of the structure besidlesr parameters regarding the seismic event
itself. Stiffness of bearing elements such as solidonry walls can be determined by means of
the well-known standard deep beam theory. On therdtand, the presence of openings on a
masonry wall radically changes the stress patttandes concentration of stress, which cannot be
considered using the standard beam theory.

116



TU/e

Luca Martellotta

With the purpose to fill this theoretical gap, femethods have been developed to estimate the
stiffness of a masonry shear wall with openingdaBabramanian [25] elaborated a method, which
is different respect others present in literatlirdiscretizes the masonry wall made out of spandre
and sill in a series of horizontal-system of piestead of discretize spandrel and sill portiona in
single solid element.

1 I
! |
@ o e
@ 3) ) ®
| 1
@ @ e i 9
Figure 8-4 Discretization of Figure 8-3 Discretization of
Spandrel and Sill Portion in a Spandrel and Sill Portion Proposed
Single Solid Element by Balasubramaniaff5]

The method proposed by Balasubramanian [25] shobetéer approximation since stress
concentrations, causes of diagonal cracking, delylito occur at corners of openings.
Discretization methods which use a single solidnellet as shown in Figure 8-4 limits the possible
failure within the pier assuming the condition @fosg spandrel and weak pier. Differently the
method proposed by Balasubramanian [25] assumesbpodailure in both pier or spandrel

— e [— -

) Q%_
N - [T

——

— —
Figure 8-5 Possible Failure Limited Figure 8-6Possible Failure in bot
in the Pier Portions Spandrel or Pier Portion

portion.

However, Balasubramanian [25] points out that ef/tre discretization method is determined by
possible failure mechanisms expected at limit stite analysis conducted to determine the
stiffness of a wall is limited to the linear elastange.

After that the wall has been discretized as showRigure 8-3, piers are divided into four groups
depending on the boundary conditions on their taplaottom faces. The wall before presented in
Figure 8-3 is shown in Figure 8-8 with piers divdday type.

Discretization was carried out based on the follmpassumption:
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1. Lateral deflection of every single pier is giventhg sum of deflections due to bending
and shear deflections.

2. Plane sections remain plane after the load is egpli

3. Rotation of cross sections perpendicular to thgitadinal axis is given by bending
rotation only

4. Top edge of the wall is considered restrained emértical direction

5. Shear interaction between horizontally consecuytiees is neglected

® | )
Pier type | Piertype , Pier type
03- : -4. : 131 kl @ @ @
Pier type Piertype | ,
.l. llI
B e @
Piertype | Piertype | Piertype &, @
l2. : l‘l : .2.
77777777 77777 Figure 8-7 Representation of the
Figure 8-8 Different Types of Masonry Piers by Translational Springs,
Piers, Balasubramaniaj25] Balasubramaniaffi25]

For every pier type the stiffness is defined by [Befl]:

1
paf +3q

Where p and g are parameters differently define@very type of pier as listed in Table 8-1:

[8-1]

Pier | Boundary Expressions for the parameters
type | conditions
1 0= q* +4Pr + 4QPs+ 3F P+ 3° S+ 14 rs 12gF & 12qrd+ 127 &

q*+’r+g’s+2q'rs

Piers with both end
artially fixed =h

p y and gq= A

where r= h%; s= % and d= width of the pier

Uy

2 Piers with bottom
end fixed and top p:(q+3sy and g= % wherg s( h h% and d width of the pie
end partially fixed q
3 Piers with top end

fixed and bottom p:(q+3ry and o= ty where rz(h+ h’y and & width of the pig
. . q d d
end partially fixed

4 Cantilever piers p=4 and q:% where d= with of the pit
Table 8-1 Parameter Involved in the Expressiortlier Stiffness of Masonry Piers
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8.5 Overlay Concrete On Shear Walls (Jacketing)

A new concrete overlay applied against an unreag@dmasonry wall is considered a retrofitting
technique for both in-plane and out-of-plane resisé of the element. The concrete overlay is
typically reinforced with a welded wire fabric aadtached to the masonry wall by means of
adhesive anchors. It may either be cast-in-plasp@yed-in-place. Nowadays, sprayed concrete,
known as shotcrete is preferred due to practicaifast application.

The ultimate load of one-side retrofitted wall wa&® mm thick shotcrete overlay tested in diagonal
tension by Abrams and Lynch [26] in cyclic staBsti was increased by a factor of 3.
8.5.1 Design Consideration

A masonry wall retrofitted by concrete overlay slscavstrength three times greater than before,
and a noticeable increase in ductility. Also th#fretss of the retrofitted wall at the peak lateral
force is approximately three times the stiffnesghefunreinforced one.

Shoterete

12
. Shotcrete S—
Z2 ]
P !
E ¢ URM
e O
-
8 -4
- |
-8 |
12 4 I 4
-2.5 -1.5 -0.5 0.5 1.5 2.5

Drift %

Figure 8-9 Hysteretic Curves for a Specimen before after Retrofitting using Shotcrete. Amiraslahedg{27].

Design assumptions may be taken from different éfidrased design approaches given the
relatively high strength of concrete compared ®rtrasonry.

One of them, the most conservative, is to assuraetktie concrete overlay takes the 100% of
demand tributary to the strengthened wall. Thisreagh means that the masonry will be
considerably damaged before the concrete reachdssign load.

Another approach is to distribute the load amortf) boncrete and masonry elements, depending
on their stiffnesses. This involves checking ofhbotembers to confirm that they are not
overstressed.
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In case of retrofitting a URM wall with openingbgtconcrete overlay is typically applied to wide

piers. This means that the retrofitted pier showgh Btrength, but not enough stiffness to attract
the load which it has been designed. Thereforenasonry will develop significant cracks at the

ends of the overlay in the masonry spandrels bef@aeoncrete overlay takes the total load. This
issue can be minimized by spreading out the infleeof the overlay to the top and/or bottom

spandrels as shown in Figure 8-10.

__NEW CONCRETE , EXISTING TOP SPANDREL
OVERLAY | MASONRY Extend as far
WALL as required.
/ . ) i y 2 . 0
</ 4 ,f L T e |
o L} “ - [ 4 .
e e s . /

4
» ] - 1 M = A
AN RSN R AN SRR AN
CONCRETE OVERLAY

Figure 8-10 Concrete Overlay on Masonry Wall

If this technique is chosen as retrofit measuresiterations shall be taken for the wall out-of-
plane action. The concrete overlay will increagerttass of the element, and therefore the seismic
load will increase as well.

8.5.2 Detailing and Construction Consideration

* Dirilled dowels Connection between the overlay and masonry wallpically realized by
means of drilled dowels. Drilled dowels are abldrémsfer shear loads between the two
materials.

* Overlay base Precautions shall be taken about additional loithe shotcrete to the
existing footing. The base of the shotcrete casdb®n the ledge of the existing footing if
possible, or a new footing should be provided.

» Interface between diaphragms and waWo possible scenarios may be designed for this
interface. Conditions where floor joists run paghtb the wall are easier to address. The
first joist closer to the wall is removed to apgiye overlay, than a ledger is placed back
and the floor sheathing can run over the ledge.

When the joists are perpendicular to the wall, ¢hesn be embedded into the wall, but
precautions shall be taken. Joists necessity agagiion the top and sides, building paper
on the bottom part should be present into the teatlinimize moisture effects. The typical
solution is to cut joists and diaphragm in ordeplace the overlay, then joists are supported
by steel connections between diaphragm and wall.
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Wood floor cut away
from masonry wall and
reconnected to new
concrete. Shore as
required.
]
~pre=
, y
g L— REINFORCED CONCRETE SHEAR WALL
: AGAINST EXISTING MASONRY WALL.
EXISTING OPENINGS REPEATED IN
NEW WALL.

REMOVE LOOSE DUST, PLASTER AND
OTHER MATERIALS FROM FACE OF
MASONRY.

REMOVE FLOORS AS REQUIRED TO
PERFORM WORK. REPLACE IN KIND.

DRILLED DOWEL X

EXISTING
URM WALL N

NEW FOUNDATION DOWELED TO OLD
CHIP EXISTING FOOTING AS REQUIRED.

Figure 8-11 Concrete overlay on a Shear Wall

» Additives and moistureconcreteoverlays can be affected to alkali salts leachinghe
surface, which leads to white streaks or spotss@&lsgyns are due to both additives within
the concrete and salts within the masonry wall. 0$eeof low-alkali concrete is suggested.

» Installation approachThis technique of retrofitting consists of

Cleaned surface, watered and grinded

Shear dowels placement

Welded wire fabric placement

Shrinkage control reinforcement setting

Wall surface sprayed (in case of shotcrete)

akrwbdPE

8.5.3 Cost and Disruption

Adding a new concrete layer can be quite disruptaspecially if applied with shotcrete. The
choice between shotcrete and cast.-in-place ca@aegulated by conditions of access to the
wall.

» Shotcreteit is preferred when access for hose and concnet& ts possible and enough
room is available to spray it. Since it is preféeatn be sprayed downward, the use of
scaffolding is necessary. Spraying is noisy andydespecially if it is done to an indoor
wall, protection in the room is needed. Residueskmas rebound forms at the base of the
shoot, this must be cleaned away so that doesawoiniie part of the overlay.
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» Cast-in-place concretét also necessities of access for hose and concuoete but it needs
less front-side access. Furthermore, a front-sienivork is essential, which involves
sawing and hammering noise of construction.

8.6 Composite Fibre Reinforcement (FRP strips)

The primary purpose of both externally-bonded F&Rihates and near-surface-mounted (NSM)
FRP bars is to improve inadequate in-plane wadingjth, besides they can also improve out-of-
plane bending capacity. Strengthening of out-ofiplaending capacity of walls is described in
Section 7.5 of this report. Fibre-reinforced polyraee typically made of glass or carbon fibres.

Externally-bonded FRP laminates are applied asvanlay on the wall to strengthening. The
existing wall surface shall be prepared to the neaterial application, which shall be protected
against ultraviolet rays afterward.

Near-surface-mounted FRP bars are typically applegtically on the masonry wall. The wall
face necessity less preparation, since the barbea@mbedded in the horizontal mortar joints.

8.6.1 Design Considerations

Similarly to reinforced concrete overlay, when aPF&erlay is added to a rocking critical wall

pier, the retrofit may be able to reduce cyclicrdeigtion of the pier. Although, the strength and
behaviour mode are not altered if FRP laminatesppdied only on the pier surface. Whereas if
the overlay crosses top and bottom of the piertimaspandrel, this may limit or prevent formation
of a rocking mode. It will increase the strengtht the ductility will be reduced from that of a

rocking-critical mode to that of a shear criticabaie.

8.6.2 Detailing and Construction Considerations

» Surface preparationfor FRP overlay, the wall surface necessities tolbaned of finishes
and everything that prevents a proper adhesiosoine cases, sandblasting of the wall
may be requested.

» Continuity of FRP:n the strengthening of walls and wall piers couitiyr is important.
When in-plane loads need to be transferred fromstomey to the next, continuity through
the floor is necessary. It will require speciakatton for detailing in locations of shear
connections between floor and diaphragm

» Aestheticsif FRP laminates are used, the wall surface né@@sshan to be plastered to
hide the new overlay. When NSM FRP are used theygesuted into horizontal mortar
joints. Which results in minimal appearance.

* Moisture barrier:When continuous overlays are used, moisture easiparfrom the wall
will be stopped, since fibre composites are impeatniee Special attention shall be taken
for this issue. If the moisture accumulate undetindee overlay, it will begin to delaminate
the fibre bond and lead to general building congern
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8.6.3 Cost and disruption

Fibre composites are less expensive than in the Bath FRP laminates and NSM FRP are to be
applied along the total height of walls or wallrgieThis means that the retrofit cannot be realized
one storey at a time, but simultaneously for thaltstorey height and access is required at floor
level. Furthermore, FRP laminates require wallaefpreparation such as sandblasting. Fumes
from adhesives used in application of the fibre pogite are also cause of disruption.
Consequently, occupants are to be relocated foduhegion of intervention.

8.7 Exterior or Internal Axial Post Tensioning Ties

Vertical post-tensioning ties show considerablermmpment in wall ultimate behaviour for both
in-plane and out-of-plane, where the latter effexs been already explained in Section O of this
report. It improves both cracks development anengith of the element due to the compressive
force applied to the masonry, which counteractdehsile stresses due to lateral loads.

Tendons are normally placed into holes drilled &-ptane of the wall or along symmetrical
groves on the wall surfaces. Those can be eitheddxb or un-bonded with the surrounding
masonry depending if they are grouted or un-grauteabs been shown by tests that if grouted
post-tensioning is used in cavity walls, the ldteeaistance increases of 40%, which it is higher
than in the case of un-grouted post-tensioningthieamore, walls with un-bonded bars has more
than double lateral drift than walls with boundexat<

Horizontal post-tensioning requires further exarmorato state the effectiveness of this method.
Although, a linear finite element model performedKarantoni and Faradis [28]shows that if
horizontal and vertical post-tensioning are comtbitugether, the resulting improvement is higher
than the sum of the individual effects.

For specifications regarding design consideratietailing, cost and disruption see Section 7.2 of
this report.
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8.8 Reinforcing Ring at Opening Locations

In-plane strength of masonry walls is strongly etiéel by the presence of openings. Strength may
be enhanced by rethinking an approach which cansisimaking RC or steel frames at new
opening locations.

This technique is regularly used to restore thees®ary stiffness of a wall when a new opening
has been planned. Because, when the new openomgasstructural wall, the initial stiffness of
the wall in its in-plane direction shall be restbre

It is a common practise to preserve the initidfratiss by means of steel or reinforced concrete
frames introduced into the opening. The frame gthbalas stiff as the missing wall panel and well
connected to the surrounding masonry to obtaibast performance.
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Figure 8-12 Concrete Reinforcing Ring Flgure 8- 13 Steel Reinforcing Ring

Hence in practice, the introduction of frames amshin Figure 8-12 and Figure 8-13 represents
an addition of stiffness in the in-plane direction.

Based on this concept, this technique may be adaststrengthening measure in case openings
are already present along the wall. In this refiwetsolution of reinforcing steel ring has been
considered.

8.8.1 Design Consideration

Reinforcing rings are placed at opening locatidrence the possible increment of stiffness is
strongly dependent on the quantity of openingsamiesn the wall. Steel frames may be connected
to the existing edge of the openings or be recesgedhe surrounding masonry. When a wall is
affected by a large amount of openings, the beaystem may be reduced only to a set of slender
piers. In this case it is suggested the additioriraxhes exclusively into the biggest window
openings without removing of masonry. Removingrttasonry would increase the slenderness of
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piers making of the increment of stiffness a smatlation in the total stiffness of the wall. When
no removing of masonry around openings is intendléxisuggested to select the biggest openings.

The effectiveness of this solution is proportiotmaihe quality of the masonry. When the building
presents low quality masonry it is more effectiart when the wall material shows good
mechanical properties.

8.8.2

Detailing and Construction Consideration

Small windows and door openinda:case of small windows the addition of frame vabul
result in a considerably reduction of the openirgaaSimilarly, for door openings the
consequence would be a narrower door and a lésBatne given the greater height of it.
Connection to the masonryhe aim of the design is to make the introducath® resist

in parallel with the surrounding piers when horitebrioads are acting on the wall. This
would mean that it is possible to sum the resigaapacity of the frame with the capacities
of adjacent piers. In order to obtain this behawvithe connection between frame and
masonry shall assure total shear transfer anddiogimechanisms. This may be obtained
by means of bar grouted into the masonry and badtele steel frame

Cross sectionsSizing of the resistant cross section of the dieehe is limited by the
thickness of the wall and by the size of the opgnihis suggested the use of standard |
section profiles.

Moment resisting connectionghe reinforcing steel frame is assumed to be ceepdy
moment resisting joints. This can be achieved bymaeof both welded and bolted
connections. The two solutions are shown in Fig4ie and Figure 8-15 respectively.

Figure 8-14 Welded Moment Resistant Connection Figure 8-15 Bolted Moment Resistant Connection
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* Installation approachConstruction phases may be summarized as:

1 Removal of the existing window frame

2 Preparation of the masonry wall around the opgnin
3 Possible removal of masonry

4Connection of frame with the existing masonry

8.9 Cost and Disruption

The cost of this solution is mostly affected by #ssembly phase on the building site and the
construction of the steel frame, which can be zedliin advance in the shop. Disruption for
occupants is relative to the number of openinghvhre planned to be hooped. The intervention
may be realized in one room at the time, which wallow to do not relocate the occupants.

8.10 Conclusion about level V retrofitting strategy

The aim of a damage limitation retrofitting is teepent damage of the structure during a seismic
event. This in case of URM buildings may be achidwgincrease the stiffness of bearing elements
affected by their characteristic brittle behaviour.

Stiffening of URM walls in their in-plane directiomay be achieved by means of different
retrofitting techniques. Three of them have beestdieed along the previous sections.

Overlay concrete so-called jacketing show a rentdekanprovement in the resistance of the
element. However it totally changes the appearaftiee wall faces when this in not originally
covered by plaster. Moreover, jacketing is preferab be applied by shotcrete, which makes this
solution often not possible for house building. Tise of shotcrete, involves the necessity of access
for truck and enough room to spray it, besidesding of empty the house.

External or internal axial post tensioning tiesakeady discussed for retrofitting of walls inithe
out-of-plane direction, show a considerable improget in preventing cracks. Despite the
improvements in the behaviour of the wall, theyoilres complex construction procedures, due to
the drilling of long and straight holes, and anahgmat foundation level.

Reinforcing rings are typically adopted in the caf@ new opening in an existing building. In
order to restore the initial stiffness of the walkteel or concrete frame is inserted aroundéiae n
opening.

Consequently, where openings are already presgrdduction of frames may increase the total
stiffness of the wall.

This has been assumed to be the most technicéiypleeretrofitting technique for this level of
strategy due to the minimal disruption during exicu compared with other techniques.
Moreover, steel frames may be prefabricated instim and assembled at the building site in a
shorter time, respect other solutions.
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8.11 Calculation Example of the Chosen Technique

For decades buildings in the Netherland have besigded accounting only the wind load effect
as lateral load. However, with arising of seismvergts in the Groningen area, buildings show lack
of stiffness in the bearing system to withstandre@ loads. This lack is particularly evident in
terraced houses. Terraced houses with their eledggometry are provided with strong bearing
walls to resist lateral loads perpendicular torthengest sides, which is the case of greatest wind
load. However, when lateral loads are acting inatieer direction (x direction in Figure 8-16), the
bearing system is represented by long walls wharhpose the facade of the house. These walls
are typically affected by a considerable amoumm#nings which reduced the bearing structure
to a set of slender piers.

For the calculation example of retrofitting URM \Vgain their in-plane direction, a wall affected
by the before mentioned aspects has been seleotadhftwo storeys terraced house.

Figure 8-16 shows the selected house building svtes of piers indicated.

Masonry has been assumed to have Modulus of etadfie = 2500 Mpa and thickness t= 210.
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Figure 8-16 Selected Dutch Terraced House with iRafee System
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The URM wall for the analysis has been discretire80 pier portions following the procedure
proposed by Balasubramanian [25] and describéisréport in Section 8.4.

Firstly the wall has been divided in two macro edes which represent the bearing structures of
each storey as shown in Figure 8-17. Secondly, esaro element has been further divided in
pier portions.
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Figure 8-17 Discretization of Bearing Walls in thmétial Situation

At each pier portion and identification number frarto 80 has been assigned, and also every pier
type has been defined depending on its boundanyitoms.

Consequently, after that both geometry and bounc
conditions for every wall element were assumed,

stiffness for each member has been determined.

Every member

represented by means of translational spring. Eic
8-18 displays the system of springs standing fefitist

storey bearing structure. Consequently the equita [ 8 AAN,—
stiffness of the whole first storeyiKcan be determinec| 2 \/\/\,

by means of Eq. [8-2].
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Table 8-2 lists the data used to calculate thénssk of every element besides the equivalent
stiffness of the entire macro element.

Stiffness
Geometry Parameters Element of Eg.
Pier Pier stiffness coupled | stiffness
type | number elements
d hb1 h-]r htl k k Kl.l
r s q p K/Et
[mm] | [mm] | [mm] | [mm] [kN/m] [kN/m] [kN/m]

2 1 910 900 1800 300 2.308 | 0.989 8.00 0.093 86501

4 2 2900 900 1800 300 0.621 4.00 0.355 328571 643517

2 3 1400 900 1800 300 1.500 | 0.643 8.00 0.247 228445

2 4 600 2700 0 300 0.500 | 4.500 1.33 0.007 6860 6860

2 5 1400 900 1800 300 1.500 | 0.643 8.00 0.247 228445

4 6 2900 900 1800 300 0.621 4.00 0.355 328571

2 7 1590 900 1800 300 1.321 | 0.566 8.00 0.318 294096 1408128

4 8 2900 900 1800 300 0.621 4.00 0.355 328571

2 9 1400 900 1800 300 1.500 | 0.643 8.00 0.247 228445

2 10 600 2700 0 300 0.500 | 4.500 1.33 0.007 6860 6860

2 11 1400 900 1800 300 1.500 | 0.643 8.00 0.247 228445

4 12 2900 900 1800 300 0.621 4.00 0.355 328571 643517

2 13 910 900 1800 300 2.308 | 0.989 8.00 0.093 86501

1 14 910 900 1800 300 0.989 | 0.330 | 1.978 3.50 0.03 28046 110031

1 15 1400 900 1800 300 0.643 | 0.214 | 1.286 3.50 0.089 81985

1 16 1400 900 1800 300 0.643 | 0.214 | 1.286 3.50 0.089 81985

1 17 1590 900 1800 300 0.566 | 0.189 | 1.132 3.50 0.118 109284 273255

1 18 1400 900 1800 300 0.643 | 0.214 | 1.286 3.50 0.089 81985

1 19 1400 900 1800 300 0.643 | 0.214 | 1.286 3.50 0.089 81985 408526

1 20 910 900 1800 300 0.989 | 0.330 | 1.978 3.50 0.03 28046 110051

3 21 910 900 1800 300 2.967 0.330 | 28.00 | 0.502 464855

4 22 2900 900 1800 300 0.621 4.00 0.355 328571

3 23 1400 900 1800 300 1.929 0.214 | 28.00 | 1.089 | 1008420

4 24 1000 900 1800 300 1.800 4.00 0.035 32237

3 25 600 900 1800 300 4.500 0.500 | 28.00 0.2 185220

4 26 1000 900 1800 300 1.800 4.00 0.035 32237

3 27 1400 900 1800 300 1.929 0.214 | 28.00 | 1.089 | 1008420

4 28 2900 900 1800 300 0.621 4.00 0.355 328571

3 29 1590 900 1800 300 1.698 0.189 | 28.00 | 1.326 | 1228066 8005129

4 30 2900 900 1800 300 0.621 4.00 0.355 328571

3 31 1400 900 1800 300 1.929 0.214 | 28.00 | 1.089 | 1008420

4 32 1000 900 1800 300 1.800 4.00 0.035 32237

3 33 600 900 1800 300 4.500 0.500 | 28.00 0.2 185220

4 34 1000 900 1800 300 1.800 4.00 0.035 32237

3 35 1400 900 1800 300 1.929 0.214 | 28.00 | 1.089 | 1008420

4 36 2900 900 1800 300 0.621 4.00 0.355 328571

3 37 910 900 1800 300 2.967 0.330 | 28.00 | 0.502 464855

Table 8-2 Calculation of Stiffness of the Firstr8yowall
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The same procedure followed to assess the stiflkessf the first storey has been carried out for
the second storey bearing structure.

Data regarding wall pier portions of the secondestavall are listed in Table 9-1 on Annex E

The stiffnesses of the two storeys are therefore:

K,,=231591KN/
K,, =233489 KN/

The chosen retrofitting technique involves thefatiing of the wall by means of reinforcing steel
rings at opening locations.

For this calculation example the introduction ofifsteel frames for each storey wall has been
assumed.

Figure 8-19 presents the disposition of steel figménich have been placed only in openings of
largest windows. Reinforcing rings have been nueathérom 81 to 88.

_64 _65 _66 676869 _70 _71 _72 _73 74 7517677 18 79 80
37 44 37 347 34 34 4q 39 1q 37 1 H3y 3 iy 34
| | Lol | | | Lded | \
E 'y \. ‘ 1 o) 1 n. :T \"7‘ ko) j o} o) o} (o] ‘ ko) ")‘ D‘ o
& 55 85 56 57 58 86 59 87 60 61 62 88 63
T i i T T d d T i
8 P38z 39 40 p41ppd435 447 45 5 46 |7 47 548 A9p p51p 52 7 53  po4
42 SECOND STOREY 50
21 22 23 242526 27 28 29 30 31 323334 35 36 37
37 44 317 47 34 34 4n 39 4A 37 4 34 3 47 3,
| l
_'C-: 3 T * = T B
p= 14 81 15 16 82 17 83 18 19 84 20
i i 4 E [ i 10 [ i
5 1. 2 _3 u T 5 - 6 -7 - 8 9 L C11T |- 12 M3
L 2 4 2 2 2 4 2 4 2 2 2 4 2

FIRST STOREY
Figure 8-19 17 Discretization of Bearing Walls fretRetrofitted Situation

Hence, the new equivalent stiffness of the two mabements was assessed.

Similarly how the spring system was computed indhge of the not retrofitted first storey macro
element, Figure 8-20 shows the equivalent tramsiati spring system relative to the new first
storey resisting member set.

The stiffness contribution of reinforcing rings addo the wall is symbolized by red springs added
in the set.
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Figure 8-20Assemblage of Masonry Piers of First Stc
Wall in the Retrofitted Situation

The equivalent stiffness of the whole URM wall 2can be determined by Eqg. [8-3].

1 1 N
K.Z l +K + 1 + + 1
1, 1 K, 1 . 1 Ko 1, 1 8-3]
KHGHKS Kt tKs KKK AKEK s Ko tK gl +K . KK 3K K g6 K 5
1

+Km+K2+K23+K24+K25+K AKFK FK FK FK 5K 3K KK K+

The same procedure has been carried out for thefiteetd second storey wall, Table 9-2 Table
9-3 on Annex E displays the relative data for retiofitted walls.

Therefore after the addition of 4 steel frames othlwalls the stiffnesses of storeys are:

_ kN
K,,=335328KN/
K,,=338604KN/

Comparing the values of stiffness before and dfterretrofitting, it can be state that both first
second storey bearing systems have experiencedti@ase of about the 45% respect to the initial
stiffness.

In order to assess the efficacy of this retrofgftiachnique, a further comparison is necessary.

Additional steel reinforcing rings in the bearinglis of a masonry building enhance the lateral
stiffness as well as increase the weight of th&dng.
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Since the magnitude of seismic loads is dependent the weight of the building, it is necessary
to confirm that the total displacement of the bmigdis effectively reduced in case of seismic
event. This comparison is of crucial importanceider to define this technique as effective for
damage limitation retrofit of URM buildings.

Hence, firstly the total mass of the building haset calculated in the condition before the
retrofitting intervention. Consequently the perifdvibration T, has been determined by means
of Rayleigh’s method.

After that the period T was derived, seismic loads in the x direction lué building were
determined on the basis of its design spectrumcelemorizontal seismic loads were applied at
each storey level, relative displacements of wadge assessed.

Respect to the previous calculation example inrdyp®rt, in this elaboration, the design ground
acceleration has been raised to 0.4g. It is assuesmésenting a hazard value for the in-plane
capacity of walls in terraced house.

Dimensions [,:==25600 mm
1,:=6000 mm
Parapet height hy,:=1000 mm
First storey height h,:=6000 mm
Second storey height hy:=3000 mm
Wall thickness t:=210 mm
BUILDING k
Masonry weight P :=1800 _g
=
Masonry modulus of elasticity E,, :=2500 MPa
K Timber floor single sheathing: 45 Kg/m2
Diaphragm 91;7=180 9 Ceramic tiles and glue: 55 Kg/m2
dead load m Concrete topping overlay: 80 Kg/m?2
Live load qi.::=200 k_g2
" 3
Weight of diaphragm per sq meter 4cd=gkj+ (0.3 -1.0 -qk_,) =240 —g,
(see Annex A) m
Diaphragm mass

myi=l,1,q54=(3686-10°) kg

Building mass
(openings have not been considered)

My pi=pyete ((2ehyel) + (9ohyel) + (Bpe 2oL +2+4))) + (3-my) = (3.731.10°) kg
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K; 1:=231591

K, ,:=233489
(mg+my)
KI.I

Lov
m
kN
m
*8

=3.12 mm

51:

mq-g

2.1

o+ =4.67 mm

” 2
(md-ol +"ld' 02 )

g (md-é'] +md-52)

T1:=2-It-\/

Diaphragm seismic load calculation in the initial situation

Correction factor

Parameters describing the

recommended Type 2 elastic response

spectra for ground type E
7;=0.128 s

Design ground acceleration

Behaviour factor for URM

Response spectrum acceleration

Base shear force

Horizontal force first storey
(see Figure below)

Horizontal force second storey
(see Figure below)

First storey wall displacement

Second storey wall displacement

4:=0.85

B:=02

T3:=005s T,:=025s

Therefore I5<T; <T¢

a,:=04g

g=15

2:5
Sd_I (T]) :=ag-S- 7

=10.46 -
x
Bea;=0.785 =
s. -
Fyp:=S4; (T}) mp;-2=(332-10") kN

( \

I\(”J -mg)+ (hyomy) )

(
Fypel

\

h]')nd

Fy=Fy;-

h;-md

R (CES ey

F
239 mm

dgy =

1.1

F.
AW2,1:=AW]4]+ .21 =7.12 mm

2.1
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Figure 8-21 Seismic Loads and Wall Displacements Figure 8-22 Steel Reinforcing Ring

The same procedure carried out for the assessrhanpt@ane wall displacement in the condition
antecedent the seismic upgrading has been folldavadsess displacement of retrofitted walls.

On the first stage, the additional weight of thafercing rings has been determined and added to
the weight of the building. Figure 8-22 shows ttezbreinforcing rings assumed in this calculation
example.

E,:=210000 MPa
hy,:=180 mm
STEEL FRAME 1,:=3831 cm’
HEB 180 -
=512 %
m
800 mm

Pp*
OPENING  h, =1
b,:=2900 rmm

Steel frame mass
mpi=pye ((2+ (h,—2+1,)) + (2-b,)) =444 kg

Building mass after retrofitting of masonry walls
my i=my + (16 -mp5) = (3.802.10%) kg

Steel frame stiffness
2.12.E,.I,

(ho—hy)

L

K, =
F m

T

=45415
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First storey K, ,:=335328 K
Storey stiffnesses k'?V
Second storey K, ,:=338604
m
migt+mg) .
First storey 0,:= (matma) -g =2.156 mm
1.2
Storey displacements Mg
Second storey 0,:=0;+ =3.224 mm
. = = (md-512 +md-522)
Fundamental period of vibration T):=2eme . 7 =0.106 s
g+ (my+0;+my+3;)

Diaphragm seismic load calculation in the initial situation

Correction factor 4:=0.85 B:=02

Parameters describing the
recommended Type 2 elastic response  T5:=005s T0:=025s Tp:=12s S:=16
spectra for ground type E

7,=0.106 s Therefore I3<T,<T,
Design ground acceleration a,:=04.g
Behaviour factor for URM g=15
Response spectrum acceleration Sa1 (T 2) =qgeS- Lo A
s
Base shear force Fy =S8, (T5) +my ,-5=(3.38-10°) kN

. ( hyemy \ 3 8
Horizontal force first storey Fyi=Fy 50l 1=(1.13.10) AN
(see figure below) \ (rroma) + (h2emg) )

i I h-\ . "ld \ _ 3 -
Horizontal force second storey F,;:=F, k ) 25.10 ) kN
(see figure below) (hy=mg) + (hy=my)

. : Fy;
First storey wall displacement Ay 2i= 5 “ =1.68 mm
o 1
: Fy,
Second storey wall displacement Ay 1:=dy 1+ X =5.01 mm
~*in22

It can be state that this retrofitting techniqusities increasing the stiffness, it decreases thak to
displacement for the structure. In this calculaample the reduction for both first and second
storey walls is about 30% of the initial displacerne
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As last check, the initial lateral resistance & ¥mll should be determined.

8.11.2 Strength of an Unreinforced Masonry Wall Affected B/ Openings

In order to state the necessity of retrofit for tHeM wall analysed in the previous section, a check
should be done in order asses if the initial rasist of the wall is sufficient to withstand seismic
loads.

Prediction of ultimate strength of a shear wallthvapening based on formation of plastic hinges
has been carried out by Leiva[29],[30],[31]. Thedwmlbofor the prediction has been confirmed by
Elshafie[32] by means of tests, which show théaural-dominated masonry walls with openings
fails by forming plastic hinges at the ends of tembers.

This model allows to determine the ultimate latéoald resistance by means of a plastic analysis
for assumed plastic collapse mechanism. Wheregipgenice of plastic hinge formation is related
to strength and stiffness of members.

Formation of plastic hinges leads to failure mecsranfor a flexural-dominated masonry walls
with openings the possible failure mechanisms are:

» Strong pier/weak spandrel mechanism, where plagtiges firstly form at both ends of
spandrels, and then at the pier bases. Figure 8-25

» Strong spandrel/weak pier mechanism, in which yls&esn fails by forming hinges at both
ends of piers. Figure 8-24

e Mixed mechanism, which is a combination of the pas mechanisms. Figure 8-23

2 Yy !

= Y ,
Figure 8-25Strong Pier/Weak Spandi  Figure 8-24 Strong Spandrel/Weak . ) ; : ;
Failure Mechanism Elshafig2] Pier Failure Mechanism Elshafi@2] Figure 8-23 gzﬁ:ﬁggg;”e Mechanism

As before mentioned, the correct choice of thaufailmechanism depends on the strength of the
wall elements. Once that the real failure mecharmssetermined by means of the flexural strength

of the elements, it is possible to determine thienalte lateral load capacity of the wall by means

of equilibrium.
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8.11.3 Ultimate Lateral Load Capacity of the Analysed Wal

The analysed masonry wall has been divided in 4 paalels of equal geometry for an easier
computation. The adopted division of the wall iswh in Figure 8-26.

WALL PANEL WALL PANEL WALL PANEL WALL PANEL

ELEVATION
Figure 8-26 Division of Masonry Wall in Wall Panels

Consequently, each wall panel may be further divideresisting members such as wall piers and
wall spandrels. Figure 8-1 displays the assumadtaes members on the wall panels which have

been accounted for the strength of the masonry, ivadlides the lateral force at storey levels.
|

" WALL PANEL :

Level 2 ? N Y/ 77/ 7777/ 777/ 7 7 7/ V2
l

Wall pier assumed
not taking load

Wall panel parts considered
as resistant members

Level 11 U777/ 77/ 7/ 77/ 77 7 7 7 7

l
i
l
t
l
l
I
I
l
f

Figure 8-28Wall Panel Assumptio

£

Level 21" b Spandrel—i—— & ; ‘
Pier 1 Pier 2 = < 77 Spandrel | =
I i Diar 2 =
Level 1] ! s 7 o~ Pleyr 1 I: Iewr 4 o =,

opanarer b = I !

Pler 1 Pier 2 = : |

11 I3 I2

| | |

Figure 8-27 Wall Panel Geomet Figure 8-29 Resisting System Geom
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WALL PANEL GEOMETRY
Height of masonry above first storey piers h;:=3700 mm
Height of masonry above second storey piers h:=700 mm
Length of masonry supported by pier 1 l,,:=3350 mm
Length of masonry supported by pier 2 l,,:=2360 mm
Wall thickness t:=210 mm
Height of piers h,:=1800 mm
Depth of the spandrel hy=300 mm  dg,:=h,
Total height hi=h,+hy=(2.1-10") mm
Span between pier axes 1:=4055 mm
Length of pier 1 1,:=1400 mm
Length of pier 2 l,:=910 mm
Distance between piers 13:=2900 mm

MASONRY CHARACTERISTICS

Modulus of Elasticity E,,:=4410 MPa
Compressive strength fexi=4.4 MPa
Bending strength parallel to the bed joint frzk1:=0.2 MPa
Bending strength perpendicular to the bed joint fek2:=0.4 MPa
Average bond strength v,.:=0.1 MPa
Partial factor Y= 157 EN
Weight (clay bricks) Pm:i=18 —

m
Number of brick wythes NB:=2
Brick length b;:==210 mm
Brick width b, ;=100 mm
Brick height plus bed joint thickness (10mm) by :=80 mm

The resisting system as shown in Figure 8-29 ecéffl by a spandrel which is more slender than
piers, hence the failure mechanism of strong pskvspandrel has been assumed. Given the
failure mechanism, the ultimate lateral load cayatiay be derived by equilibrium as shown in
Figure 8-30.
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Figure 8-30 Strong Pier/Weak Spandrel Failure Metbke Elshafif82]

In order to determine the lateral load capacityhef wall panel, firstly, strengths of element are
necessary to be calculated.

Flexural strengths for the pier end sections aterdened for both compression and tension pier,
which are named Mand M respectively. These values may be derived by mehtie method
proposed by Eurocode 6 in section 6.3 which referthe lateral moment of resistance for an
unreinforced masonry wall subjected to lateral load

The lateral moment of resistance of a pier is detexd by Eq.[8.4]

Mgy = o2 [8.4]
Where:

fxa is the design flexural strength appropriate to the@laf bending, obtained from Eq.[8.5]
zis the elastic section modulus of the pier

fxd = fxd.1+ad [85]

Where:
fxa.1is the design flexural strength of masonry with phene of failure parallel to the bed joints.

o, is the design compressive stress on the wall.

Flexural strengths for end sections of the coupétement (spandrel) are named respect to the
connected pier, M for the connection with the compression pier angftd the connection with
the tensile pier. Values for these flexural streeghay be determined by means of the procedure
described on the American code Fema 306[16] in@egt3.4 related to in-plane behaviour of
perforated walls with spandrel damage.

The model assumes that the moment capacity of amcked spandrel is affected from the
interlock between the bed joints and collar joattthe interface between the pier and the spandrel.
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The model is based on an elastic stress distribatowoss the end of the spandrel with its neutral
axis at the centre line of the spandrel heighthasva in Figure 8-31.

Ve
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L T I 1
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g, v |‘b_.‘
“«—t—>
Pier | Spandrel

Figure 8-31 Spandrel Joint Sliding Fema 3D&.

The resultant force, both in tension and compressice assumed to be given by a linear
superposition of bed joint and collar joint capiasit taking into account the mortar shear strength.

Consequently the uncracked moment capacity isriiadupt of the resultant force and the effective
distance between the resultant, given by Eq. [8.6].

M, :T[.Z,édsp [8.6]

Where

T is the resultant tensile and compressive force€figiven by Eq. [8.9]
dspis the depth of the spandrel

e Uncracked bed joint shear stress:

0.75( 0.75, + /T CEJ
_ A,

bjun = 1.5

8.7]

V

Where:

V,, is the average value of the masonry bond strength
Pceis the expected vertical axial compressive foradqed combination at the adjacent pier
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A, is the area of the net mortared section of thacadt pier
y = 0.5 this value assumes that the vertical axiakston the spandrel bed joints at the end of the
spandrel is half of the axial stress within ther pieove the pier/spandrel joint.

» Uncracked collar joint shear stress

Vijun = 0.37%, [8.8]

Consequently, the resultant tensile and compresssudt force may be derived from Eq.[8.9]

T= (Vbjun (b, Ebeffun) + (V cunEbhl:beffurm NB—l))N_ZR [8.9]

Where

b, is the width of the brick unit

b, is the height of the brick unit

NB is the number of brick wythes

NR=0.5(d,,/ ) is the number of rows of bed joints

b.«, = b,/2is the effective length of interface for an uncredlspandrel

Consequently the uncracked collar joint shear sthes been determined.

Effective length of interface for uncracked spandrel besun=0.5+-b;=105 mm
e e d
Number of rows of bed joints in the spandrel NR:=0.5 |(b_"”\| =2
\ %)
Uncracked collar joint shear stress Veun=0.375 v,=0.04 7N7.
between spandrel and pier mm
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The load combination adopted to define the expeateiical axial compressive force on the piers

Is the combination suggested by American code R#6HL6]. This has been done in order to use
the procedure for the resistance of the pier-sgmdnnection suggested by the beforementioned
code.

In order to define the lateral strength of the ctel@ wall, the tensile and compressive resultant
force between spandrel and pier has been derivedditn spandrel-pier connection. Thus, the
uncracked moment of the connections has been aécll

FIRST STOREY
Pier 1
Area of net mortared section of pier 1 A, 1=294000 mm’
Dead load on pier 1 Qpi.1=Pptel; +h;=16.9 KN
Gravity load on pier 1 Qei1=1.1-Qp, ,=51.5 kN
Expected vertical axial compressive force on pier 1 Pepy1=Q¢y.,=51.5 kN

Uncracked bed joint shear stress between spandrel and pier 1:

5 0.5 Ppy;
Vojun1 1= 0].7: .(()_75 Vie+ 2 ('h“\=0.08 N
5

n.1 mm

Tensile and compressive resultant force between spandrel and pier 1

NR

T\ 1= (Vbjun1.1 * Ow* Vespun) + (Veun* On* bespun* (NB—1)) - = "=1.1 kN

Uncracked moment of connection spandrel pier 1
2

M, , :=T,_,-§ d,=0.2 kN-m
Pier 2
Area of net mortared section of pier 2 A, »,=191100 mm’
Dead. load on pler..'Z Qpo.1=Pm t-ly2h;=33 kN
Gravity load on pier 2 Qar1=1.1-Qp, ,=36.3 KN
Expected vertical axial compressive force on pier 2 P 1=0Qps,=36.3 KN

Uncracked bed joint shear stress between spandrel and pier 2:

5 0.5.P,
Vijunz.1 = 0]'7 2 {0,75 yk-}-&\ =0.08 Lz

S5\ n.2 mm

Tensile and compressive resultant force between spandrel and pier 1
T, = by b, B+ begrun (NB—1)) - NE _ 1.2 kN
215 ("bjunzl' w* c]]un)+(uam' h* crffun'( _]))'7-1'2

Uncracked moment of connection spandrel pier 1

M,,“:=T2_,.§ d,=0.2 kN-m
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SECOND STOREY
Pier 1
Area of net mortared section of pier 1 A, =1 -t=294000 mm”
Dead load on pier 1 Qpra2:=pm-t-l.,+h,=8.9 kN
Gravity load on pier 1 Qci2=1.1-Qp, ,=9.8 kN
Expected vertical axial compressive force on pier 1 Popy2=Qc1,=9.8 kN

Uncracked bed joint shear stress between spandrel and pier 1:

0.5+ Ppy;
Vbjun1.2:=———* (0.75 Vm+¢\ =0.05 Lz
1.5 l n.1 mm
Tensile and compressive resultant force between spandrel and pier 1
NR

T\ 2= (Vbjun1.2* w* bespun) + (Veun* bh begpun s (NB—1)) « = =0.8 kN

Uncracked moment of connection spandrel pier 1
2

M, ,:=T, ,- = d,=02kN-.-m
Pier 2
Area of net mortared section of pier 2 A, o:=1-t=191100 mm’
Dead load on pier 2 Qo=pmtelio-h,=6.2 kN
Gravity load on pier 2 Qa22=1.1-Qpp»,=6.9 KN
Expected vertical axial compressive force on pier 2 Pep2:=Qc22=6.9 kN
Uncracked bed joint shear stress between spandrel and pier 2:

0.5.P,
Vpnzi=20 o [0.75 v, 4 22 FoB22) g 05 N
1.5 n2 ) mm
Tensile and compressive resultant force between spandrel and pier 1
NR
Tz'z = (Vbj,‘"z'z . bw' b‘.ffm-.) + (Vm' bh' beffuﬂ' (NB— 1)) . 2 =0.8 kN

Uncracked moment of connection spandrel pier 1

M,,‘_,_:=T2_2-§ d,=0.2 kN-m
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The laterla strength of the selected wall panelrcam be evaluated by means of the equilibrium

conditions beforementioned.

FIRST STOREY SECOND STOREY
P, (t.1,2) P, (a2
M,, _(far  Popaa) (t-b ) oo 0n Mm::/fzk.l JPoma) 18h ) ooy
Yo Anz )\ 6 ) Y Anz )\ 6 )
P\ Para) (L)
M., _[fak ”‘"'\.-l ! |=20.1 kN-m Mc_z:=,(f""' + ”‘"2\|-| ! |=10.3 kN-m
Tm An.l } \ 6 l \’Ym An.l } \ 6 }
M M M M,,.
Pm’l : — be.1 =+ bt.1 =0 2 kN povl 2:= b¢3.2+ bt.2 =0.1 kN
" (1) | Y (1)
M, +My ,+Ppy 11 A{C_2+Mk'2+l’m,,_2o|l|
V.= h \2) _97 kN Vo= - \2) _s kN
(1) (1)
M, +My  +Ppyy o } M, 3 +My 5+ Py 501 =1
Ve - \2) 44 kN Vo h \2) _92kN

V,,=V.,+V,,=14.1 kN

Vup=V.p+V,,=7.3 kN

The lateral resistance of the entire wall of tHeded terraced masonry house may now be
approximated. This may be obtained by counting B pamels for each storey, and hence by

sum their lateral strength.

Y/ =8M14.1= 112.&N Approximated ultimate lateral resistance of thstfstorey.

u.l.tot

V,,. =8014.1= 58.4N Approximated ultimate lateral resistance of theosel storey
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8.12 Sketch of the Solution
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CONCLUSIONS

Summary of findings and recommendations of thisareh

This study was focused on the seismic retrofitbht RM structures found in Groningen area in
the north of Netherlands. A summary of both therditure review and design examples of this
research is presented in this section with highlmh findings. Furthermore, recommendations
derived from the finding of the project are alstvaduced.

9.1 Summary of the Literature Review

Earthquake statistics show that the area surrognthi@ gas reservoir in Groningen is presently
experiencing a rise in both frequency and magnitideismic events. Vulnerably tests performed
on the basis of the predicted future earthquakesvgbossible damages for the Groningen
buildings stock. Tests testify that the most vuliide typology result to be URM buildings, which
compose the 77% of total constructions in the aeal\area.

URM building are particularly prone to seismic dayes because of their diverse weak aspects,
which are key points of this seismic upgrading. s&muently, based on the vulnerability of URM
buildings a retrofitting strategy has been defiteedesign a damage limitation retrofit.

Although seismic retrofitting of URM buildings igapic of international interest, differences may
be found in different codes. European and Italiates suggest guidelines and approaches about
assumptions and considerations of seismic retrafittf URM structures. More details are given
by the American and New Zealand codes which oftewsrelations and methods to determine
loads and resistances.

The first level of retrofitting regarding the updmg of non-structural elements (such as parapet
and chimney) aims to reduce the risk of fallingtibése elements. Throughout the different

solutions listed, bracing of members has been asduhe most technically reliable, given that

other solutions would involve radical changing bé taesthetic appearance of the building or
complex construction processes.

The second level of the strategy aims to increhseoverall robustness of the building by
strengthening of connection between horizontahaatical elements. Diaphragms and walls may
be connected by means of different solutions, sashring beams, wall tie-rod, external
circumferential bandage and steel bars. The latteition which involves the use of stainless steel
bars has been evaluated as the most technicadplesfor the case of URM building. This because
it shows advantages of repeatability, scalabilitgd aeduced aesthetic modifications respect to
other techniques.
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Due to the fact that URM masonry buildings preskeir masses concentrated at floor levels, floor
diaphragms need a certain stiffness to transfamnsgeiloads, due to the seismic acceleration of
these masses. Consequently, the aim of the thial t& retrofitting strategy is the strength of
horizontal diaphragms, in order to transfer seidoacls to vertical members. Nowadays the most
used techniques for this seismic upgrading invdiheeuse of an overlay above the existing floor
sheathing. Comparison between timber overlay amgtrete topping overlay shown how the
concrete solution transforms a flexible diaphragmai rigid element. Besides it presents
advantages in case this level is planned togetfibrtiae second level of strategy.

The fourth level of seismic strategy aims to sttengnasonry walls in their so-called weak
direction. This because, URM walls in case of seisments are prone to damages due to loads
in their out-of-plane direction. Throughout diffateetrofitting techniques proposed in the relative
chapter, composite material strips applied intatioa cuts have been evaluated as the most
technically reliable for the case of URM buildingGroningen. The construction process of this
solution involves small cuts into the wall whichyrze translated into a minimal disruption during
execution, final acceptable aesthetic appearanctheofwall surface and repeatability of the
technique.

Lateral loads in URM buildings are primarily resgty in-plane action of masonry walls oriented
in the direction of the loads. Due to the fact timatsonry walls affected by numerous openings
may show deficiencies to resist seismic loadsfiftteand last level of retrofitting strategy aims
to provide enough stiffness to masonry wall resge@mic loads. For this upgrading level a not
so common retrofitting technique has been seledtlkd.solution involves the use of steel frame
at opening locations which should add stiffnestheowall panel. Respect to other solutions this
presents an easier construction process whichvagdess disruption for the occupants and in
some cases minor aesthetic changes of the building.

9.2 Conclusions Related to Design Examples

In order to verify the reliability of the selectedlutions, calculation example of techniques have
been computed. In order to evaluate the efficiemeythe Groningen URM building, a Dutch
terraced house has been subjected of upgradingndesi

Calculation example of bracing of parapet show Husolution prevent the falling of the element
besides to prevent cracks and damage of the methakdn seismic loads.

Designs of level 2 and 3 of the retrofitting stopteproved the decreasing of the period of the
building due to the stiffening of the floor diapgras. Despite steel bars embedded in the masonry
walls and in the concrete topping overlay providgual transfer of both in-plane and out-of-plane
loads, the number of steel bars is determined éghiear load due to the mass of the diaphragm.

Design example of retrofitting of URM wall in thedut-of-plane direction by means of CFRP
NSM demonstrated the efficacy of this retrofittswmution. The selected wall which in the initial
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conditions would not resist the out-of-plane loadginated by the earthquake, after the upgrading
intervention had doubled its bending moment rest#aConsequently it has been verified to be
able to resist the seismic design loads.

Stiffening of masonry wall panels by means of reioing rings at opening locations indicated a
remarkable increase of stiffness. The initial sg8s resulted to be incremented of about the 45%
in the upgraded situation. As expected the incredsstiffness signifies a reduction of the
displacement due to the lateral load of about 0%.3

9.3 Recommendation for Future Research
Based on the findings of this research the follgnecommendations are made:

» For the calculation of the initial stiffness of ttiaphragm before to be retrofitted the shear
strength of the connections should be neglectedalthee fact that it relies on the friction
between joists and masonry wall.

* Further tests are needed in order to assess arrieahgormula to determine the
intermediate crack debonding capacity of CFRP NSiNGe presently the used relations is
derived from test made on concrete specimens.

» Retrofitting technique which involves the placestéel frames at opening locations should
be further exanimated in order to understand tieweur of the solution after cracking
of the masonry.
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ANNEX A

Load Combinations used in the Calculation Examples

In Europe seismic retrofitting shall be designe#ing into account actions defined by
combinations listed on Eurocode 8.

« Eurocode 8 combination of the seismic action witlepactions:

Inertial effects of the design seismic action shalldetermined by accounting the presence of tlssesa
associated with all gravity loads present in EqJ1.0

5G,, + I, [Q, [10.1]

Where:
G, are the dead loads

Q. = Z'Ok%z are the variable load

We; = @y, iscombination coefficient for variable action

In case of domestic and residential area, namegjoat A on the Eurocode, the following values shall
be assumed:

=2 okN
Q, =20k,
@ =1 for roof

Y, = 0.3 for residential category

HenceEq.[10.1] may be rewritten as:
5G,, + 0.48k%2 [10.2]

In America, seismic designs are regulated by thike ¢Eema 273[33].

* Fema 273 combination of the seismic action witleo#ctions:
Load combination for seismic loads shall consitierdomponent of gravity load defined by Eq.[10.3]

Q =1.2(Q, +Q) [10.3]

Where:
Qp is the dead load effect

Q, is the effective live load effect, equal to thé&@6f the unreduced design live load

149



TU/e

Luca Martellotta

ANNEX B
Deriving Ss and S Parameters from PGA Maps

Seismic hazard in the Groningen area has beenedeliy a probabilistic seismic hazard analysis.
A map was developed for the level of peak grounzklgecation approximately equivalent to the
design basis earthquake ground motion in Eurocasleié corresponds to a return period of 475
years.

American codes for seismic design account the seisazard by means of coefficients for a return
period of 2475 years.

Consequently a conversion was needed in ordeoot adocedures mentioned in American codes.

Lubkowski[14] elaborated a methodology to convéi® 4ears PGA values to 2475 years values
based on the level of seismicity. This has beesiplesby means of more than fifty probabilistic
seismic hazard studies carried out by Arup low, ematé and high seismicity regions around the
world.

Converting equations for Ss and&e represented by Eq.[10.4] and Eq.[10.5] respeygt

S 0.3386PGA+ 2.1696 [10.4]
PGA

S [10.5]
1 =0.5776PGA+ 0.5967
PGA
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ANNEX C
Diaphragm shear transfer in case of cavity wall

The following calculation example aims to designmection between diaphragm and cavity walls.
In the first place forces assumed to be transfefm@ah diaphragms to shear walls, due to the
ground motion, are determined. Then, anchors toaiasvalls in their out-of-plane direction are
designed.

The analysis has been carried out in accordantethetmethod suggested by the American code
ASCE 41-13 [7]. Hence, the Peak Ground Accelerafggnhas been converted in the Short and
Long Period Spectral Acceleration. The conversiaa heen achieved by means of converting
relations elaborated by Lubkowsky [14] and showAmmex A.

Calculation data have been taken with refereneeatch terraced house already presented in the
report. Diaphragms have been assumed to be a sfatidder floors one single sheathing
supported by timber JOlsts In Figure 9-1 the twalgised diaphragms are displayed.

& % T
L1 dlr 4

Ix.1 ‘ Ix.1 ‘ Ix.2 ’ Ix.2 ‘ Ix.1 ‘

5

FIRST FLOOR PLAN

Figure 9-1 Examined Diaphragms in the Calculation Exan

Diaphragm gravity load gca=1.1- (165 "g +0.25-200 *9)_o365 K9
(see Annex A) k m’ m ) m
Dead load tributary War=(gga*D+lpy) +(2- 1.1 pplpy-he (t,+1;)) =17078 kg
to diaphragm 1
Dead load tributary
to diaphragm 2 Waoi=(qga D+l 9)+(2- 1.1 py el p-h- (t,+1,))=T7211 kg
Unit shear capacity value for the diaphragm v, :==21891 .
taken from Table A1-D IEBC 2006 =
Horizontal Force Factor Cp C, =05

taken from Table 15-3 ASCE 41-13
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Peak ground acceleration (PGA)

a,:=0.243 [g]
Short period spectral acceleration S,:
Sl

0.3386+a,+2.1696) -a,
(0.5776-a,+0.5967) -a,

Long period spectral acceleration
S,:=0.5472 g
5,:=0.1791 g

Considering a Site Class E for the Groningen area, values for Fa and Fv can be determined
by Table 2-3 and Table 2-4 respectively on ASCE 41-13.

F,:=1.6 Sxs=F,5,=8.6
s
p o _eq M
F,:=3.0 Sx1=F,+8,=5.3 —
s
Storey height h:=3000 mm
WALL Wall outer leaf thickness t,:==100 mm
Cavity wall thickness t.:=60 mm
Wall inner leaf thickness t;:=100 mm
Masonry weight Pmi=1800 k__(:]‘
m
to tc_ ti
New sheathing
Concrete topping overlay
7 / Existing timber sheathing
P T P T Timber joist

Figure 9-2 Detail of Cavity Wall and Timber Diaplya

152



TU/e

Luca Martellotta

Storey force distributed to shear walls in the in-plane direction

Horizontal loads transferred from the diaphragmhear walls in their in-plane direction are
determined by the minimum of the following values:

Vd,‘l = 1.25 le 'Cp° Wd.l =56.2 kN

Diaphragm 1
(yellow area) V=0, D=131.3 kN
Vd;2 = 1.25 le ‘Cp. Wd.2= 23.7 kN
Diaphragm 2
(green area) Vaai=v,+D=131.3 kN

The wall panel is assumed to be anchored at digphtavel. Figure 9-3 displays the panel
involved in the analysis highlighted by the coload with indicated its sizes.
Anchorage of wall to the diaphragm in the out-of-plane direction

NI
[/

FIRST FLOOR PLAN

< e = e T T = = - = — — —
] O 'l
c B j‘ ]
ELEVATION
Figure 9-3 Wall Panels to Retro
Wall length 1:=6000 mm
Storey height h=3000 mm
Factor to account diaphragm flexibility (assumed rigid diaphragm)  k :=1
Height of the wall anchors above the Zy 1=3000 mm
base of the structure Zg 2:=6000 mm
Height above the base to the roof level h,,:=6000 mm
Factor for calculation out-of-plane wall forces =2
(from Table 7-2 ASCE 41-13) i T
ky, =— 1+2. at 1=0.7
Factor to account for variation in force over the eight of the building 3 > e <
Kpoi=— [1+2.792) 1
3 h, )
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At both diaphragm levels, a number of anchors & lassumed. The assumption is necessary in
order to evaluate the size of the portion of wdlich each anchor needs to restrain.

Figure 9-4 shows the assumed locations of anchnat$heeir spacing.

Number of anchors between wall

and diaphragm

Distance between consecutive
anchors in the relative direction

To the lower diaphragm n,:=10
To the upper diaphragm n,:=10
| l
Sl — — 545 mm
n,+1
= U e mm
n,+1

82

Portion of wall restrained

5 s s : : : : : :
I-.Iorlzonta] e f EEEES
diaphragms S ES I e e Level 2

e e it i
B B - : : : : : :
B  ———
O B e : : : : : :
T T T T T BT NEEE .
T T T T T il y
T T T T 07 : : : : : : :
T T T T T (| Wi T ok
h ST LS I ———
piSl=mfmis  Emsmmnse.ay s mause i Level 1

B T |
8 ==t
-

i i
T = I . |

T -

i .

T T

T =i

by a single anchor

Figure 9-4 Anchor Locations

Horizontal load due to the portion of wall relative to the anchor 1s determined by the vale
Fp, but not less than Fp.min.. The value represents the axial load which every anchor needs

to resist.

Load acting on anchors at level 1

Load acting on anchors at level 2

Fponi=0.4 Sxs-ky-ky,-x-W,,, =13 kN
Fpi1i=04 Sxg-ky-kyy-x-Wpi =13 kN
Fp.o.l.min:=0'2 st-ka-x-wp_o_,= 1 kN
Fp.l'.|.mt'n:=0'2 sxs‘ka'X'Wp.iJ: 1 kN
F,02=04 Sxg-k,kyp-x-W,,2=2 kN
F,,_i.z =04 st‘ka'kh.z'X' wP-‘-2=2 EN

Fpo2.min=0.2 Sxg-kg-x-Wp,2=1kN

p-
Fi2min=0.2 Sxg-kox-W,;2=1kN

P

Values of shear and tensile load which anchorassamed to resist necessity to be compared
with the shear and tensile resistance of the dedigonnnectors. The next calculation example
shows these capacities related to connection dafycasalls.
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Calculation example for shear connectors between cavity walls and diaphragms

Thickness t:=60 mm
- N
Compressive strength Jex=30 —
CONCRETE TOPPING OVERLAY mm N
C30/37 Tensile strength SJek0.05=2.0 —
mm
e Partial factor v.=1.5
Anchorage length 1.:=500 mm
. N
Compressive strength fr=44
mm’
MASONRY Partial safety factor Ym=1.7
Anchorage length outer leaf Ly o=60 mm
Anchorage length inner leaf l,,::=100 mm
Anchorage partial safety factor Tai=2.2
Proof strength Jp02:=400 MPa

STAINLESS STEEL ROD
TUNS S32304 - ISO 4362-323-04-1 Partial safety factor vs:=1.15

Diameter d:=16 mm
3
Yield moment M, ,:= o2 7.4 1399 Nom
Vs 32
Characteristic anchorage strength Soor:=3.4 MPa
between mortar M20 and concrete 30/37
(Table 3.6 Eurocode 6)

155



TU/e

Luca Martellotta
Shear load bearing capacity of a single steel bar connection

The shear load due to the acceleration of diaphsagrmssumed to be totally resisted by the inner
leaf of the cavity wall. Hence the maximum sheadl¢ransferred by each anchor is determined
on the basis of only the thickness of the innef. lea

S

Lpide"%=4.1kN
Tm
l+d- Je _ 160 kN
Ye
Fypq = min ( AM \
L lnied-|, |2+ ¥4 __1|=34kN
Tm | Tk 2) |
d.—- lm.i
I U Wil B
w4 Sfpo2
1 =
_ " V3 _j038kN
Vs
Bar shear capacity F,pgi=34 kN
Storey seismic load diaphragm 1 V4,:=56.2 kN
(vellow area)
Storey seismic load diaphragm 2 Va2:=23.7T kN

(green area)

V.
Number of shear connectors necessary  m,:=—%' =16.53 n,:=17

for diaphragm 1 ‘v.Rd

Vaz
Number of shear connectors necessary ny=—--=6.97 n,:=T7
for diaphragm 2 Fy pa
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Tensile load bearing capacity of a single steel bar connection

The tensile bearing capacity of the rebar shatldtermined with relation of the anchorage length
in both outer and inner leaf and in the concreerlay. It is assumed that the resistance due to the
bond of the bar in the outer leakdm.9 shall be able to resist the out-of-plane loadegated by

the vibration of the outer leaf portiony(d. Similarly, for the inner leaf the resistanggik.ishould

be greater than the loadiF

The assessment of the tensile resistance due ttitebetween bar and mortar has been carried
out by means of the procedure related to the resafoent for reinforced masonry suggested by

Eurocode 6 in Section 8.2.5

Anchorage length in the masonry

Ultimate bond stress for
high-bond stainless steel bars

Design stress of the bar at the position in the masonry

from where the anchorage 1s measured from

Tensile load bearig capacity of a single bar given
by the bond in the masonry

Osami=lni*4+ f:d =38.64 —

lm.oz 60 mm
l"“' =100 mm
Jooa™= Joo =1.55 N
RLY f mm’
Osdmo=lmo*4* fod =23.18 N
d mm

N

2 mm
«m=A.T kN

Fp.d.m.o:= Osdmo* 1

2

+r=T.8 kN

Fpdmi=0sdmi* y

Successively, the tensile resistance of the arti®to the bond between bar and concrete overlay
has been determined by means of anchorage lengéinéérced concrete described in Eurocode

2 Section 8.4

Coefficients related to the
quality of the bond condition

Coefficient accounting of long term effects

Design tensile strength

Ultimate bond stress for ribbed bars
Anchorage length in the concrete

Design stress of the bar at the position in the concrete
from where the anchorage is measured from

Tensile load bearig capacity of a single bar given
by the bond in the concrete

7,:=0.7
72:=1.0
a,=1.0
P Setk.0.05 —1.33 N i
e mm
N
foa=2.25n 1 fera=2.1 —
mm
=500 mm
a,,,,,::l,-mf;""::;so N
=l d 2
mm
22
. ;=396 kN
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Figure 9-5 shows the forces developed by the bagnidithe two leafs

|o Ii |c

Steel bar
New sheathing
. » . Concrete topping overlay
B o FootEo / Existing timber sheathing

b
L

I

==

E = : Te o o] Timber joist
in i lji i i
p.dih.o [ p.dm.i

Figure 9-5 Cavity Wall Anchor Forces
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ANNEX D
Carbon Fibre Rectangular Strip Manufacturer Details

www.acpsales.com

i QCP 1-800-811-2009

Composites

125" x .500" Carbon Fiber Rectangular Strip

Carbon Fiber Rectangular Strips are manufactured through a process referred to as
pultursion. Continuous fibers combined with a resin matrix are pulled through a heated
steel forming die. As the carbon fibers are saturated with the resin mixture and then
pulled through a rectangular die, the hardening of the resin is initiated by the heat from
the die and a ngid, cured structure is formed in the shape and size of the die. The
majority of the fibers are running in the 0 degree direction, along the length of the strip,
to produce an extremely stiff and lightweight with incredible linear strength.

Width 500" +/- .005" Test Method-Caliper
Thickness 125" +/- .005" Test Method-Caliper
Straightness 062" deviation from straight over 48" span in both X & Y direction For reference only
Color Natural dark gray to black No color match
Surface Finish Small scratches, surface defects, or blemishes may be apparent Mimimum-Visual
Composite Type 0® unidirectional orientation For reference only
Resin Type Premium grade bisphenol epoxy vinyl ester For reference only
Fiber Type 33 to 35 MSI standard modulus carbon fiber For reference only
Fiber Volume 60% +/- 5%

Cuts Rough abrasive cut both ends, small burrs may be apparent Mimimum-Visua
Technical Properties

Tensile Strength 250 ksi/ 1.72 GPa

Tensile Modulus 20.0 msi/ 138 GPa

Ultimate Shear Strength 6.0 ksi/ 41.3 Mpa

Ultimate Tensile Strain 1.50%

Flexural Strength 285 ksi/ 1.83 GPa

Flexural Modulus 19.0 msi/ 131 GPa

CTE 0.1 ppmicm3 / -0.2 ppm/*C
Thermal Properties 150°F maximum

Sampie o i measured fom 3 . 1567 N standard modulus fers and Bisphenda Epoxy Viny! Ester

Al Pe romdor cortaired 1 Peee rpmees B Sebeved
0. W canmot seticpais e v

1 ek rmrctued ot wil st erstons The caer ouc eveiaste Te wiatiny of
on Wb e Use of B rforrmation

1-800-811-2009 | P. 925-443-5500 | F. 925-443-5501
All Rights Reserved © 2014 Copyright ACP Composiies, Inc. = C | December, 2014 | page: 10f1

* ACD 10 9001:2008 Certified | No. 49881 78 Lindbergh Ave | Livermors, CA 34551
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ANNEX E
Calculation of wall stiffness in the initial and inthe retrofitted condition
Stiffness
Geometry Parameters Element of Eq.
stiffness coupled | stiffness
Pier Pier elements
Type | number
d hb2 h2 ht2 k k12
] | gmen] | fmmd | gy | © LS T ] P ey | BV ey
2 38 910 900 1800 300 2.308 | 0.989 8.00 0.093 49037
4 39 2900 900 1800 300 0.621 4.00 0.355 186265
2 40 1400 900 1800 300 1.500 | 0.643 8.00 0.247 129504
4 41 1000 900 1800 300 1.800 4.00 0.035 18275
2 42 600 900 1800 300 3.500 | 1.500 8.00 0.032 16667
4 43 1000 900 1800 300 1.800 4.00 0.035 18275
2 44 1400 900 1800 300 1.500 | 0.643 8.00 0.247 129504
4 45 2900 900 1800 300 0.621 4.00 0.355 186265
2 46 1590 900 1800 300 1.321 | 0.566 8.00 0.318 166721 1634303
4 47 2900 900 1800 300 0.621 4.00 0.355 186265
2 48 1400 900 1800 300 1.500 | 0.643 8.00 0.247 129504
4 49 1000 900 1800 300 1.800 4.00 0.035 18275
2 50 600 900 1800 300 3.500 | 1.500 8.00 0.032 16667
4 51 1000 900 1800 300 1.800 4.00 0.035 18275
2 52 1400 900 1800 300 1.500 | 0.643 8.00 0.247 129504
4 53 2900 900 1800 300 0.621 4.00 0.355 186265
2 54 910 900 1800 300 2.308 | 0.989 8.00 0.093 49037
1 55 910 900 1800 300 0.989 | 0.330 | 1.978 3.50 0.03 15899
1 56 1400 900 1800 300 0.643 | 0.214 | 1.286 3.50 0.089 46477
1 57 600 900 1800 300 1.500 | 0.500 | 3.000 3.50 0.01 5072
1 58 1400 900 1800 300 0.643 | 0.214 | 1.286 3.50 0.089 46477
1 59 1590 900 1800 300 0.566 | 0.189 | 1.132 3.50 0.118 61952 289803 233489
1 60 1400 900 1800 300 0.643 | 0.214 | 1.286 3.50 0.089 46477
1 61 600 900 1800 300 1.500 | 0.500 | 3.000 3.50 0.01 5072
1 62 1400 900 1800 300 0.643 | 0.214 | 1.286 3.50 0.089 46477
1 63 910 900 1800 300 0.989 | 0.330 | 1.978 3.50 0.03 15899
3 64 910 900 1800 300 2.967 0.330 | 28.00 | 0.502 263523
4 65 2900 900 1800 300 0.621 4.00 0.355 186265
3 66 1400 900 1800 300 1.929 0.214 | 28.00 1.089 571667
4 67 1000 900 1800 300 1.800 4.00 0.035 18275
3 68 600 900 1800 300 4.500 0.500 | 28.00 0.2 105000
4 69 1000 900 1800 300 1.800 4.00 0.035 18275
3 70 1400 900 1800 300 1.929 0.214 | 28.00 1.089 571667
4 71 2900 900 1800 300 0.621 4.00 0.355 186265
3 72 1590 900 1800 300 1.698 0.189 | 28.00 1.326 696183 4538055
4 73 2900 900 1800 300 0.621 4.00 0.355 186265
3 74 1400 900 1800 300 1.929 0.214 | 28.00 1.089 571667
4 75 1000 900 | 1800 300 1.8 4 | 0.035 | 18274.9
3 76 600 900 1800 300 4.5 0.5 28 0.2 105000
4 77 1000 900 1800 300 1.800 4.00 0.035 18275
3 78 1400 900 1800 300 1.93 0.214 | 28.00 1.089 571667
4 79 2900 900 1800 300 0.621 4.00 0.355 186265
3 80 910 900 1800 300 2.97 0.330 | 28.00 | 0.502 263523

Table 9-1 Calculation of Stiffness of the SecowdeStWall in the Initial Situation
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Stiffness
Element of Eq.
Geometry Parameters . .
. . stiffness coupled | Stiffness
Pier Pier elements
type | number
d hp1 h1 hu k k ki
r s q p K/Et
[mm] | [mm] | [mm] | [mm] [kN/m] [kN/m] [kN/m]
2 1 910 900 1800 300 2.308 | 0.989 8 0.0934 49037
4 2 2900 900 1800 300 0.621 4.00 0.3548 | 186265 364806
2 3 1400 900 1800 300 1.500 | 0.643 8.00 0.2467 | 129504
2 4 600 2700 0 300 0.500 | 4.500 1.33 0.0074 3889 3889
2 5 1400 900 1800 300 1.500 | 0.643 8.00 0.2467 | 129504
4 6 2900 900 1800 300 0.621 4.00 0.3548 | 186265
2 7 1590 900 1800 300 1.321 | 0.566 8.00 0.3176 | 166721 798258
4 8 2900 900 1800 300 0.621 4.00 0.3548 | 186265
2 9 1400 900 1800 300 1.500 | 0.643 8.00 0.2467 | 129504
2 10 600 2700 0 300 0.500 | 4.500 1.33 0.0074 3889 3889
2 11 1400 900 1800 300 1.500 | 0.643 8.00 0.2467 | 129504
4 12 2900 900 1800 300 0.621 4.00 0.3548 | 186265 364806
2 13 910 900 1800 300 2.308 | 0.989 8.00 0.0934 49037
1 14 910 900 1800 300 0.99 0.330 | 1.978 3.50 0.0303 15899
Reinforcing ring 45415 107791
1 15 1400 900 1800 300 0.643 | 0.214 | 1.286 3.50 0.0885 46477
1 16 1400 900 1800 300 0.643 | 0.214 | 1.286 3.50 0.0885 46477
Reinforcing ring 45415
1 17 1590 900 1800 | 300 | 0.566 | 0.189 | 1.132 | 3.50 0.1180 61952 245736
Reinforcing ring 45415
1 18 1400 900 1800 300 0.643 | 0.214 | 1.286 3.50 0.0885 46477 335328
1 19 1400 900 1800 300 0.643 | 0.214 | 1.286 3.50 0.0885 46477
Reinforcing ring 45415 107791
1 20 910 900 1800 300 0.989 | 0.330 | 1.978 3.50 0.0303 15899
3 21 910 900 1800 300 2.967 0.330 | 28.00 | 0.5019 | 263523
4 22 2900 900 1800 300 0.621 4.00 0.3548 | 186265
3 23 1400 900 1800 300 1.929 0.214 | 28.00 | 1.0889 | 571667
4 24 1000 900 1800 300 1.800 4.00 0.0348 18275
3 25 600 900 1800 300 4.500 0.500 | 28.00 | 0.2000 | 105000
4 26 1000 900 1800 300 1.800 4.00 0.0348 18275
3 27 1400 900 1800 300 1.929 0.214 | 28.00 | 1.0889 | 571667
4 28 2900 900 1800 300 0.621 4.00 0.3548 | 186265
3 29 1590 900 1800 300 1.698 0.189 | 28.00 | 1.3261 | 696183 4538055
4 30 2900 900 1800 300 0.621 4.00 0.3548 | 186265
3 31 1400 900 1800 300 1.929 0.214 | 28.00 | 1.0889 | 571667
4 32 1000 900 1800 300 1.800 4.00 0.0348 18275
3 33 600 900 1800 300 4.500 0.500 | 28.00 | 0.2000 | 105000
4 34 1000 900 1800 300 1.800 4.00 0.0348 18275
3 35 1400 900 1800 300 1.93 0.21 28 1.0889 | 571667
4 36 2900 900 1800 300 0.62 4 0.3548 | 186265
3 37 910 900 1800 300 2.97 0.330 | 28.00 | 0.5019 | 263523

Table 9-2 Calculation of Stiffness of the Firstr8yowall in the Retrofitted Situation
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Stiffness
Geometry Parameters Elgment of .Eq.
Pier Pier Stiffness coupled | Stiffness
type | number elements
d hbz hz htz k k kZAZ
) | fmm) | gmm) [ fmmy | 7[5 )9 [P pymy | vy | pnym)
2 38 910 900 1800 300 231 | 0.99 8 0.093 | 49037
4 39 2900 900 1800 300 0.62 | 4 | 0.355 | 186265
2 40 1400 900 1800 300 1.5 | 0.64 8 | 0.247 | 129504
4 41 1000 900 1800 300 1.8 4 0.035 18275
2 42 600 900 1800 300 3.5 1.5 8 | 0.032 | 16667
4 43 1000 900 1800 300 1.8 4 | 0.035 | 18275
2 44 1400 900 1800 300 1.5 | 0.64 8 | 0.247 | 129504
4 45 2900 900 1800 300 0.62 4 | 0.355 | 186265
2 46 1590 900 1800 300 132 | 0.57 8 0.318 | 166721 | 1634303
4 47 2900 900 1800 300 0.62 | 4 | 0.355 | 186265
2 48 1400 900 1800 300 1.5 | 0.64 8 | 0.247 | 129504
4 49 1000 900 1800 300 1.8 4 0.035 18275
2 50 600 900 1800 300 3.5 1.5 8 | 0.032 | 16667
4 51 1000 900 1800 300 1.8 4 | 0.035 | 18275
2 52 1400 900 1800 300 1.5 | 0.64 8 0.247 | 129504
4 53 2900 900 1800 300 0.62 4 0.355 | 186265
2 54 910 900 1800 300 231 | 0.99 8 0.093 | 49037
1 55 910 900 1800 300 | 099 | 0.33 | 198 | 3.5 | 0.03 15899
Reinforcing ring 45415
1 56 1400 900 1800 300 0.64 | 0.21 | 1.29 | 3.5 | 0.089 | 46477
1 57 600 900 1800 300 1.5 0.5 3 3.5 | 0.01 5072
1 58 1400 900 1800 300 0.64 | 0.21 | 1.29 | 3.5 | 0.089 | 46477
Reinforcing ring 45415
1 59 1590 | 900 | 1800 | 300 | 0.57 | 0.19 | 1.13 | 3.5 | 0.118 | 61952 | 471462 | 338604
Reinforcing ring 45415
1 60 1400 900 1800 300 | 0.64 | 0.21 | 1.29 | 3.5 | 0.089 | 46477
1 61 600 900 1800 300 1.5 0.5 3 35| 0.01 5072
1 62 1400 900 1800 300 | 0.64 | 0.21 | 1.29 | 3.5 | 0.089 | 46477
Reinforcing ring 45415
1 63 910 900 1800 300 099 | 0.33 | 1.98 | 3.5 | 0.03 15899
3 64 910 900 1800 300 | 2.97 0.33 | 28 | 0.502 | 263523
4 65 2900 900 1800 300 0.62 | 4 | 0.355 | 186265
3 66 1400 900 1800 300 1.93 0.21 | 28 | 1.089 | 571667
4 67 1000 900 1800 300 1.8 4 0.035 18275
3 68 600 900 1800 300 4.5 0.5 28 0.2 105000
4 69 1000 900 1800 300 1.8 4 | 0.035 | 18275
3 70 1400 900 1800 300 1.93 0.21 | 28 | 1.089 | 571667
4 71 2900 900 1800 300 0.62 4 0.355 | 186265
3 72 1590 900 1800 300 1.7 0.19 | 28 | 1.326 | 696183 | 4538055
4 73 2900 900 1800 300 0.62 4 0.355 | 186265
3 74 1400 900 1800 300 1.93 0.21 | 28 | 1.089 | 571667
4 75 1000 900 1800 300 1.8 4 0.035 18275
3 76 600 900 1800 300 4.5 0.5 28 0.2 105000
4 77 1000 900 1800 300 1.8 4 | 0.035 | 18275
3 78 1400 900 1800 300 1.93 0.21 | 28 | 1.089 | 571667
4 79 2900 900 1800 300 0.62 4 0.355 | 186265
3 80 910 900 1800 300 | 2.97 0.33 | 28 | 0.502 | 263523

Table 9-3 Calculation of Stiffness of the SecowdeStWall in the Retrofitted Situation

162



[1]

[2]

[3]

[4]

[5]

[6]

[7]

[8]

[9]

[10]

[11]

[12]

TU/e

Luca Martellotta

BIBLIOGRAPHY

NAM Nederlandse Aardolie Maatschappij B.V., ‘@hmical Addendum to the
Winningsplan Groningen 2013. Subsidence, Inducedhgaakes and Seismic Hazard
Analiysis in the Groningen Field.,” 2013.

A. Dogangun, A. Ural, and R. Livaoglu, “SEISMIBERFORMANCE OF MASONRY
BUILDINGS DURING RECENT EARTHQUAKES IN TURKEY,” 208.

E. L. Tolles, E. E. Kimbro, and W. S. Gindfllanning and Engineering Guidelines for the
Seismic Retrofitting of Historic Adobe Structur2802.

The European Unior8: Design of structures for earthquake resistancart-B: General
rules, seismic actions and rules for buildings (E398-1: 2004)vol. 1, no. 2004. 2004.

. C. D. D. D. P. C. IL MINISTRO DELLE INFRASTRTTURE, IL MINISTRO
DELL'INTERNO, “Norme Tecniche di Costruzione 2002005.

. C. D. D. D. P. C. IL MINISTRO DELLE INFRASTHTTURE, IL MINISTRO
DELL’INTERNO, “MINISTERO DELLE INFRASTRUTTURE E DEITRASPORTI
CIRCOLARE 2 febbraio 2009, n. 617,” 2009.

Asce standard 41-18eismic Evaluation and Retrofit of Existing BuigBr?2006.

New Zealand Society for Earthquake Engineeri#gsessment and Improvement of the
Structural Performance of Buildings in Earthquak2606.

EUROPEAN STANDARD Eurocode 6 -Design of masonry structures - Part Gé&neral
rules for reinforced and unreinforced masonry stanes 2005.

R. Bachman and R. Kirchner, “FEMA E-74 Reduyrithe Risks of Nonstructural
Earthquake Damage — A Practical Guide Reducinéribles of Nonstructural Earthquake,”
no. January, 2011.

Fema 547, “Techniques for the Seismic Rehtabitin of Existing Buildings,” 2006.

ARUP, “Groningen 2013-Structural Upgrading &t 2013.

163



[13]

[14]

[15]

[16]

[17]

[18]

[19]

[20]

[21]

[22]

[23]

[24]

[25]

[26]

[27]

TU/e

Luca Martellotta

E. STANDARD, Eurocode 8: Design of structures for earthquakestasce - Part 6:
Towers, masts and chimney®. 5972936. 20009.

Z. a Lubkowski and B. Aluisi, “Deriving SS arsl 1 Parameters from PGA Maps,” no.
2010, 2012.

D. W. W. Sang-Cheol Kim, “Mdof Response of L&ise BUILDINGS,” 2003.

American Society of Civil Engineers (ASCE),EMA 356 Prestandard and Commentary
for the Seismic Rehabilitation of BuildingRehabilitation no. November, 2000.

I. INTERNATIONAL CODE COUNCIL, 2006 International Existing Building Code
2007.

A. Brignola, S. Pampanin, and S. Podesta, lEatson and control of the in-plane stiffness
of timber floors for the performance-based retrofiuRM buildings,”Bull. New Zeal. Soc.
Earthq. Eng. vol. 42, no. 3, pp. 204-221, 2009.

Ing. Enrico Nespolo, “I SOLAI COLLABORANTI ANTSISMICA,” pp. 1-35, 2014.

N. Ismail, D. L. Lazzarini, P. T. Laursen, ahdMV. Ingham, “Seismic Performance of Face
Loaded Unreinforced Masonry Walls Retrofitted Uskgst-Tensioning,Aust. J. Struct.
Eng, vol. 11, 2011.

B. C. Goodwin, G. Tonks, and J. Ingham, “RETRDO TECHNIQUES FOR SEISMIC
IMPROVEMENT OF URM BUILDINGS,” no. April, pp. 30—4%009.

P. E. Gustavo Tumialan, P.E., Ph.D., MilandXegc, P.E., Ph.D., and Paul L. Kelley, “FRP
Composites for Masonry RetrofittingStruct. Mag, no. May, pp. 12-14, 2009.

D. J. Seracino, R., Jones, N. M., Ali, M. S.,l@age, M. W. and Oehlers, “Bond Strength
of Near-Surface Mounted FRP Strip-to-Concrete 3¢idt Compos. Constr2007.

C. R. Willis, Q. Yang, R. Seracino, and M. Griffith, “Bond behaviour of FRP-to-clay
brick masonry joints,Eng. Struct.vol. 31, no. 11, pp. 2580-2587, 2009.

S. R. Balasubramanian, K. Balaji Rao, D. B&duB. Anoop, and C. V. Vaidyanathan, “An
improved method for estimation of elastic latet#freess of brick masonry shear walls with
openings,’KSCE J. Civ. Engvol. 15, no. 2, pp. 281-293, 2011.

J. Abrams, D., and Lynch, “Flexural behavidrretrofitted masonry piers,” in on Risk
Mitigation for Regions of Moderate Seismicity,ldis, USA 2001.

R. Amiraslanzadeh, T. Ikemoto, M. Miyajima,dcan Fallahi, “A Comparative Study on

Seismic Retrofitting Methods for Unreinforced MaspiiBrick Walls,” 15 World Conf.
Earthq. Eng, pp. 2-10, 2012.

164



[28]

[29]

[30]

[31]

[32]

[33]

[34]

TU/e

Luca Martellotta

M. Karantoni, F., Fardis, “Effectiveness ofsric strengthening techniques for masonry
buildings,” 1992.

and R. E. K. Leiva, G., M., Merrymann, N. Aolus, “In-Plane Seismic Resistance of Two-
Story Concrete Ma-sonry Coupled Walls,”5th North American Ma-sonry Conference
1990.

R. E. Leiva, G., Merrymann, M., and KlingnéiDesign Philsophies for Two-Story
Concrete Masonry Walls with Door and Window Opesiiign 5th North Ameri-can
Masonry Conferencel 990.

R. E. Leiva, G. and Klingner, “Behaviour aneédign of Multistory Masonry Walls under
In-Plane Sismic LoadingsMason. Soc. Jvol. 13, 1994.

H. Elshafie, A. Hamid, and E. Nasr, “Strengiid Stiffness of Masonry Shear Walls with
Openings,” no. December, 2002.

Building Seismic Safety Council (US) and Apgai Technology Council, “NEHRP
guidelines for the seismic rehabilitation of builgs:FEMA 273,”Fed. Emerg. Manag.
Agency no. October, p. 435, 1997.

C. Antisismico and D. Strutture, “Tecnariausture miste e connettori.”

165



