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ABSTRACT

Unreinforced masonry construction is predominaningny urban areas world-wide. Many of
these constructions are vulnerable to earthquakesh are the main cause of damage and loss
of cultural heritage. Lessons learned from eartkgugurveys proved that a satisfactory seismic
performance is attained when the structure behas@smonolithic box.

This thesis tackles the problem of earthquake-impaderitage masonry construction, starting

from the basic consideration that efficient pratetiand strengthening can only be achieved with
the proper knowledge of the behaviour of the stmattelements and its connections. A numerical

approach is proposed aiming at studying and futharacterize the behaviour of stone masonry
walls and anchors injected in masonry walls (usestriengthen connections between structural
components). The knowledge provided by these Husdithen applied in the seismic assessment
of a typical masonry building.

The numerical study of the in-plane behaviour okomay walls was carried out based on an
experimental programme carried out at EUCENTRE. filiée element models, considering
walls with distinct slenderness ratios and pre-c@sgion levels, were calibrated against the
experimental results. Good agreement between erpatal and numerical results was achieved
both considering the global force-displacement bigha and failure mechanism. Moreover, the
validated models were used to carry out parameinalyses varying the geometric wall
configuration and pre-compression level and théuémfce of these parameters in the wall
response was evaluated. The drift capacity of thisvmumerically analysed was compared with
the drift limits imposed by codes showing thattdiihit recommended in codes for shear is not
accomplished for all the walls. For this reasormeowalls were analysed considering more
realistic boundary conditions. In this cases, thé timit was fulfilled for most of the walls.
Finally, the usage of a simplified formulationspiedict the strength capacity of walls is also
addressed. The comparison between the numericdig@sth the lateral shear strength estimated
by simplified models, demonstrated that these esgioes can predict with very good
approximation both the failure mode and the lateFsistance of a wall.

The numerical study of injected anchors in masevag supported by an experimental campaign
carried out at University of Minho. This work retad to a detailed finite element model, which
reproduces the experimental test setup, validajathat the experimental results. The modelling
approach adopted allowed for an accurate charaatem of the behaviour of all structural
elements, both in terms of stress field and digpteent distribution. Then, the numerical model
was used as a “numerical laboratory”, where theiteity of the results to the input of material
parameters, geometrical features and actions walysamad. Among all the conditions studied
through the parametrical analyses, the anchor eméetddepth was the parameter that most
influences the structural behaviour of the systiexreasing significantly the ultimate capacity.
Finally, simplified analytical methods to estimdle strength capacity of injected anchors on
masonry were reviewed and the achieved valuesahuleg modes agreed reasonably well with
the numerical analysis.

Finally, the seismic assessment of a typical masbuilding located in Lisbon was carried out.
The seismic performance of this building was evglddased on different assumptions related
to the connections between structural componemtsk bbf effective connections between



elements, improved wall-to-wall connections andeetfre connections among all elements.
Pushover analysis adopting the model that simuth&ebuilding response considering ineffective
connections between structural elements showeeérrédlv capacity when compared with the
other models that include the strengthening of ectians (either wall-to-wall or both wall-to-
wall and wall-to-floor connections). These resultlsmonstrated that the building seismic
performance is significantly enhanced by the improent of the connections behaviour, i.e. by
accomplishing a monolithic box-like behaviour. &tgthening interventions for the improvement
of the connections by installing injected ancharsmiasonry walls were also designed.



RESUMO

A conservacdo de edificios antigos € um tema goesiescitado um interesse crescente na
comunidade em geral, pela necessidade de preserdagéatrimonio edificado. As construgdes
antigas de alvenaria ndo reforcada sao predommantenuitas cidades mundiais, e devido a sua
vulnerabilidade as a¢des sismicas, a avaliacdoalaeguranca torna-se essencial. Do estudo e
analise do comportamento dos efeitos da acdo sismate tipo de edificios, conclui-se que uma
adequada resposta sismica é alcancada gquando udurestapresenta um comportamento
monolitico.

Este trabalho aborda o impacto sismico em edifandigos de alvenaria, com o pressuposto base
de que um reforco eficiente apenas se consegueococomhecimento do comportamento dos
varios elementos estruturais e sua interligacémavs da abordagem numérica proposta neste
trabalho, pretende-se estudar e caracterizar o amtampento de paredes de alvenaria e solucdes
de reforco com ancoragens injetadas nestes elespanta vez que 0s estudos existentes sédo
maioritariamente experimentais. O conhecimentodobt partir destes estudos numéricos é
depois aplicado na avaliagcdo sismica de um edfifijgico de alvenaria.

O estudo numérico do comportamento de paredesvdaaila sujeitas a cargas no seu plano,
baseou-se num programa experimental desenvolvidtlJCENTRE. Os modelos de elementos
finitos utilizados foram calibrados com os resulsdxperimentais relativos a paredes com
diferentes configuracdes geométricas e niveis dgac®s modelos numéricos validados foram
posteriormente utilizados em andlises paramétn@amndo a configuracdo geométrica e o nivel
de compresséo na parede, o que permitiu avaliafti@ncia destes parametros na resposta da
mesma. Foram também analisados os deslocameracaidatas paredes e comparados com 0s
limites regulamentares, constatando-se que eshéedi nem sempre sdo cumpridos. Por este
motivo, algumas paredes das foram reanalisadas rinamente considerando diferentes
condicbes de fronteira na tentativa de aproximsgwcomportamento a uma situacao mais real.
Estes novos resultados demonstraram que os liregamentares sdo cumpridos para a grande
maioria das paredes estudadas. Posteriormentsutad®s numéricos foram comparados com
obtidos através da aplicacdo de expressdes aaslitic

O estudo numérico de ancoragens injetadas em padglalvenaria teve como suporte a
campanha experimental realizada na Universidaddidbo, tendo sido construido um modelo
de elementos finitos detalhado, posteriormentébicdip com estes resultados experimentais.
Dada a confianga no modelo numérico, este foizatilo como laboratério numérico, onde foi
avaliada a sensibilidade dos resultados aos pam@smaateriais, geométricos e acoes, fornecendo
informacao importante na compreensao do comportanueste sistema em diversas condicoes.
De todas as condicdes estudadas, o comprimentnacl#agem foi o pardmetro que mais
influenciou o comportamento global da parede. Aacajade das ancoragens foi estimada por
métodos analiticos simplificados, que demonstraragoavel aproximacdo aos resultados
nuUMEricos.

A avaliacdo sismica de um edificio tipico em alviendocalizado em Lisboa foi realizada
recorrendo a trés modelos numéricos que incluedogd® de diferentes consideracdes relativas
as ligacoes entre elementos estruturais. A anddisshover” adotando um modelo que simula a
resposta do edificio considerando ineficientefgagdes entre elementos estruturais, revelou uma

\Y



baixa capacidade sismica quando comparada corsuitadns dos modelos que incluem reforco
de ligagcbes. Deste modo, demonstra-se que a rasgisstica do edificio é significativamente
melhorada com o refor¢co das ligaces, que conferamomportamento monolitico a estrutura.
Apresenta-se ainda o dimensionamento das solugbesfarco para as diversas ligagdes dos
elementos estruturais do edificio, considerandiliaagao de sistemas de ancoragem.

Vi
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INTRODUCTION
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1.1. MOTIVATION

Stone masonry is a traditional form of constructibat has been practiced for centuries
worldwide, ranging from typical buildings to culadrand historical landmarks. The earliest
records of history show masonry to be one of th&icband most common construction
material, being used for the construction of sorhéhe most important monuments and
structures around the world. Masonry constructialse represent the vast majority of the
traditional buildings nowadays.

The increasing awareness regarding the preservafidreritage and traditional masonry
buildings is a result of a collective social resgibility to protect the heritage, aiming at
guaranteeing that the cultural identity is perpetdéeor future generations. Moreover, the
functions that these structures still maintain im days justify the concern about its safety.
Many of these constructions are vulnerable to gagkes which are the main cause of damage
and loss of cultural heritage. Moreover the dansge collapse of these structures during a
seismic event is a permanent threat for human.lives

As proven by historical data, many ancient townd eities all over the world have already
been seriously affected by seismic actions, leatbingevere human, cultural and economic
losses. Examples of devastation caused by heavagkior the collapse of stone masonry
buildings in past earthquakes are shown in Figute Ih India, most of the 13,800 deaths
during the 2001 Bhuj earthquake (Figure 1.1c), emae than 8,000 deaths in the 1993
Maharashtra earthquake (Figure 1.1a), were at&thudb collapses of traditional stone
masonry buildings. Azores earthquake in 1998 caunsesl casualties and severe destruction
in many masonry buildings affecting more than 5,060ple in Portugal (Figure 1.1b). Also
in the 2009 Bhutan earthquake, many of the caieslitere associated to the total or local
collapse of masonry structures (Figure 1.1d). Folreervation of damage caused by more
recent earthquakes, L'Aquila 2009 in Italy (Figutele) and Christchurch 2011 in New
Zealand (Figure 1.1f), it could be concluded the tevel of damage found in masonry
structures is not so devastating as verified i paghquakes. Post-earthquake surveys were
performed in L’Aquila (D’Ayala and Paganoni 201@)daChristchurch (Senaldi et al. 2012)
in order to assess the seismic performance of nfioreed stone masonry buildings and
retrofitted constructions. These investigationsigabthat, although the damage is limited by
local collapses (total collapses observed was miaod some examples of successful
retrofitted structures were verified, unreinforcetbne masonry buildings reveal a poor
seismic performance.
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(b)

Figure 1.1 Earthquake damage: (a) Maharashtra ((88&); (b) Azores 1998 (Portugal); (c)
Bhuj Gujarat 2001 (India); (d) Bhutan 2009; (e) Quéila 2009 (ltaly); (f)
Christchurch 2011 (New Zealand).
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Damage surveys of past earthquakes have showmldhzge and the collapse of masonry
buildings cause major human and economic lossearéas where this construction is

widespread. The lack of proper strengthening imtetions in masonry buildings to prevent
damage and casualties while preserving culturaleyatlearly stands out. The development
of suitable and appropriate retrofitting measumresniprove the seismic performance of
traditional masonry buildings can only be acconis by gaining knowledge on the

behaviour the structural elements and its connestio

The key components of a typical stone masonry lmglahclude floor/roof systems, structural
walls, and connections between elements. The dealyslamage patterns can identify the
main causes of the poor seismic performance oétha#dings:

*» Foundation problems;

» Ungluing of wall wythes;

» Floor and/or roof collapse from inadequate walflvor (or wall-to-roof) anchorage;
= Damage and/or separation of walls at intersections;

= Qut-of-plane wall collapse due to the lack of ogbonal connection;

= Poor quality of construction;

= Lack of structural integrity;

Lessons learned from earthquake surveys regard@igtiuence of the structural components
and connections behaviour on the seismic performafnenasonry buildings proved that, a
satisfactory seismic performance is attained wherstructure behaves as a monolithic box.
When the walls are not properly connected at th&grsections, it is expected that they vibrate
on its own when subjected to earthquake groundispaBuildings with regular structural
organization, with the walls connected togethehatfloor levels, have often performed well
(Tomazewé 1999).

The key strategies to improve the seismic safetymafsonry buildings involves the
enhancement of the structural integrity of therertuilding by ensuring a box-like response.
The global behaviour of the building is obviouslgpéndent on the efficiency of the
connections between structural elements (the val® to be tied together and anchored to
the floor and to the roof). In this manner, seistoids can be transferred through the floor
and roof diaphragms to the in-plane walls, behainng more stable way. The knowledge of
the in-plane performance of the structural wallbjolr are the basic resisting elements to
seismic loads, is also essential for the properetsidnding of masonry buildings global
behaviour.

The structural in-plane behaviour of masonry waklse been experimentally studied by
several researchers (e.g. Abrams and Shah 199Bpifwetet al. 1995; Angelini et al. 2007;

Alcaino and Santa-Maria 2008; Magenes et al. 2008arilov and Dumova-Jovanoska 2010;
Freeda et al. 2012; Andreini et al. 2013; Churilamd Dumova-Jovanoska 2013).
Nevertheless, the huge number of possible combimatgenerated by the geometry, the
characteristics of mortar, the nature and arrangémgunits, as well as the construction
techniques makes the proper characterization tdrdifit masonry walls almost impossible.
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1.2. AIMSAND METHODS OF THE RESEARCH

Since the seismic performance of masonry walls #rel behaviour of strengthened
connections are two major issues within the glamémic behaviour of typical masonry
buildings, contributions on these topics are ineghtb be given.

The present study tackles the problem of earthgimgact on heritage masonry
constructions, starting from the basic consideratiat efficient protection and strengthening
can only be achieved with the proper knowledgeheftiehaviour of the structural elements
and its connections. This research includes theenigal study of:

= The in-plane behaviour of masonry walls which apesidered the most relevant
structural element;

» The strengthened connections between structunalegles in masonry buildings, by
means of injected anchors installed in masonrysyall

» The global behaviour of a typical masonry building.

Thus, the present work aims to provide a betteigiison the impact that individual
components behavior and their interaction havéénglobal response of the building. This
will be accomplished by: the characterization @& th-plane performance of stone masonry
walls; by investigating the behaviour of injectedclaors installed in masonry walls to
strengthen the connection between structural elsnand by evaluation the influence of
these parameters in the global behaviour of a &pi@asonry building.

The methodology followed for the characterizatidritee behaviour of masonry walls and
injected anchors installed in masonry is simildre Thain steps carried out within these studies
are the following:

» Selection of the experimental campaign to suste@mumerical study;

= Construction of finite element model trying to ately simulate the behaviour
observed during experimental testing;

= Calibration and validation of the numerical resaliminst the experimental data;
= Conduct nonlinear analysis to characterize theiebg

» Perform parametrical analysis to further evaluaee hehaviour of the component
under study in different conditions;

= Assess the available analytical formulations by panmg with the experimental and
numerical results.

The knowledge provided by these studies is usethénseismic assessment of a typical
masonry building well as in the evaluation of hdw tetrofit techniques contribute to overall
building response.
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1.3. OUTLINE OF THE THESIS

The thesis outline is divided into six Chapterd fiodlow the path presented in the previous
section. Chapter 1 describes the motivation, the aid scope of the work, as well as the
content of the thesis. Chapter 2 provides an ogerein the seismic performance of traditional
masonry structures. The gathered information ragarstructural components features and
seismic behaviour was presented, focusing in thgane failure mechanism of walls. The
role of the connections between structural elemisnédéso addressed and discussed. This is
followed by a brief description of known strengthmninterventions available for stone
masonry buildings, giving special attention to $ols that included injected anchors. The
literature review also included the discussing, ragsing advantages and limitations,
regarding the different available modelling teclug@g and analysis methods for the simulation
of stone masonry. The literature review provideel lasis for the definition of the working
strategy, taking into account both the inherenbmemendations and limitations.

Chapter 3 presents the study of stone masonry wadlsr in-plane loading. An experimental

campaign carried out in EUCENTRE was used to aiband validate the finite element model.
The results of the nonlinear analysis are preseamiddcompared with the experimental results
in terms of force-displacement curves and damatgierpaParametric analysis results, aiming
at characterize the behavior of masonry walls wdifferent geometries and levels of per

compression, are also presented and discusselleFudre, the drift capacity of these walls is
also addressed. Finally, analytical formulationsilable in literature to predict the in-plane

strength of masonry walls were discussed and cadEgainst the numerical and experimental
results.

Chapter 4 deals with the study of injected ancliwstalled in masonry walls as a way to
strengthen the connections between structural elesndhis investigation involves the
construction of a finite element model that simesathe experimental results taken from the
campaign carried out at the University of MinhoeTtumerical modelling validation process
is also presented as well as the numerical resbttsned from it. A discussion involving the
evaluation of which model (total strain fixed crankdel or total strain rotating crack) better
simulates the behaviour of the system is providée. influence of several key parameters in
the behaviour of the anchoring system is also ptesein this Chapter. Finally, analytical
expressions to predict the strength of the anch@ystem injected in masonry are discussed
and compared with the values estimated numerically.

In Chapter 5 the seismic assessment of a traditrnaaonry building of Lisbon is presented.
The purpose of this chapter is to apply the knogédedbtained through the studies presented
in Chapter 3 and Chapter 4 in the study of the @lsbismic behaviour of a typical masonry
building. The seismic response is evaluated, iksthsidering ineffective connections among
structural elements, then assuming efficient cotioee among walls and finally assuming a
global structural response of the structure with ddditional contribution of the floors. The
results from pushover analysis proportional to miess are presented and discussed. The
design of strengthening solutions for the improvetrd the wall-to-wall and wall-to floor
connections behaviour is also presented. Chapteméins a summary of the conclusions
drawn from this investigation and the most prongdmture works are suggested.
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BEHAVIOUR OF MASONRY BUILDINGS
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2.1. INTRODUCTION

Unreinforced masonry construction is predominamhany urban areas world-wide, particularly
in the form of impressive historical buildings andmarks of ancient cultures and typical
residential buildings in cities hearts (Figure 2.1)

Considering past and more recent earthquakessibban recognized that masonry buildings,
particularly if inadequately tied, are very vulngeato earthquakes (Abrams 2001; Lagomarsino
2006; Furukawa and Kiyono 2009). Most of masonriydings that undergo seismic action lead
to deaths due to an inadequate resilience of tiietate. In the past, masonry buildings were
constructed by learning from the experience onlamstructures, refining the proportions of
structural elements by a deep perception of thaictiral behaviour (Lagomarsino 2006). The
conception of these buildings was a result ofal &md error process that took into account only
static actions. In this way, masonry buildings geserally able to carry the vertical loads in a
safe and stable way (Betti and Vignoli 2008a), fooitn a structural point of view, they tend to
fail to respond well to seismic load&s such, the architectonic and cultural world fzeyd is at
permanent risk due to the threat that earthquak@mesent. Unfortunately, many areas in Europe
are characterized by a high level of seismic hazard the vulnerability of ancient masonry
structures is often relevant (Lagomarsino 2006)ekent years, many archival sources and in
situ surveys carried out after seismic events mdliat many heritage buildings are damaged by
earthquakes, stressing the need for safety evatuatiancient buildings in seismic zones. Several
examples of studies regarding masonry constructiffested by past earthquakes can be found
in literature, e.g. (Corradi et al. 2002; Dogangtiial. 2009; Furukawa and Kiyono 2009; Sturm
et al. 2009).

(b)
Figure 2.1 Examples of Masonry Buildings: (a) Cetasn, Rome and (b) City centre, Porto.

The increasing awareness regarding the preservafitieritage buildings as a way to protect
them for future generations leads to the needh@istudy and assessment of masonry buildings
in historical centres around the world, like in fagal, Italy, Greece, Turkey, Peru, Mexico, etc.
(Sturm et al. 2009). The concerns regarding thectiral safety of these buildings are justified
by the functions that these constructions stillntein nowadays. Considering that seismic events
are also a threat to human live, it is imperatovgdin knowledge on how masonry buildings may
behave and potentially collapse, so as to minimasualties and injuries to people (Furukawa
and Kiyono 2009). Due to the high seismic vulndigbof masonry constructions, research on
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the seismic behaviour of masonry structures isau@ays very much dedicated to existing
buildings with the aim of evaluating and reducihgit seismic vulnerability (Magenes 2006).

Performing a structural analysis of a heritage masoonstruction is a complex and difficult task
(Lourengo 2002) and (Lourenco et al. 2011), givem unknowns about the condition of the
building, its history and building phases, the niipgy of structural elements, the connection
between structural elements, among other aspecwiitAble analysis of a masonry building
should include the numerical modelling of its stare, with constitutive laws accurately
describing the mechanical behaviour of the matefiaén, the model must be calibrated against
experimental results to assure the necessary itajialf the results. Nonetheless, to be properly
implemented and effectively used, most of the aurevailable tools require a large amount of
resources: in terms of money, time, computatioffalteand knowledge (Vélez 2003).

In the last years, due to increasing awarenessadiety about heritage buildings, there has been
a major advance in modelling and analysis techmgqiienasonry structures. Several methods of
analysis and computational tools are currently lakde for the assessment of the mechanical
behaviour of masonry structures (Freeman 1998aFajfd Eeri 2000; FEMA 356 2000; Magenes

2000; Priestley 2000; Chopra and Goel 2001; Vankadsand Cornell 2002; EC8 2003; Penna
et al. 2004; Schnept et al. 2007; Lourenco etCd)72; Betti and Vignoli 2008a; Binda et al. 2009;

Dyavanal and Annigeri 2009; Antoniou and Pinho 20¥@ndes and Lourengo 2010; Penna et
al. 2013).

Although the application of modern concepts of nagits and the constant development of
advanced tools for the structural analysis of mgsoonstructions, there is the need for improved
knowledge about important issues such as: coriggtldws that define masonry behaviour;
masonry components behaviour; efficiency of corinast among others. These issues can be
further studied through experimental testing alliednumerical modelling approaches. Since
masonry is a complex material to model due to titeelient anisotropy and variability of
properties, only a few authors implemented constgunon-linear models able to consider
different strength and deformation capacity along material axes, e.g. (Lourenco 2000) for
finite elements and (Milani et al. 2007) for liméinalysis. These models are not widely
disseminated and can be hard to apply in traditlonigdings given the difficulties to characterize
the existing fabric with a high level of detail. Aiternative, lowest-complexity level, solution is
to adopt simple geometrical indices, e.g. (Loureagd Roque 2006), to make a first, non-
binding, screening of seismic assessment.

The knowledge obtained by an appropriate seismaduation of a structure can be used for the
design of an appropriate repair/strengthening wetation (if needed) and enables the study of
effects of these strengthening on the consideredttste. Actually, recent earthquakes have
revealed cases of inadequate implementation ofirfspangthening techniques, mostly due to
incompatibility between the existing structure d@hd intervention technique or materials. The
lack of knowledge on the existing materials, onrtBeuctural behaviour and interaction with the
strengthening are the main causes of the inap@tepchoice of the intervention techniques.

The purpose of the present section is to outlinmesgeneral aspects concerning masonry
buildings including the performance of materialsd astructural behaviour of components.
Strengthening techniques currently applied to thHesédings are also briefly outlined. The
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modelling strategies and analysis methods avaitabéssess the seismic behaviour of masonry
buildings and applied during the thesis work, dse addressed.

2.2. GENERAL ASPECTSON MASONRY BUILDINGS

As mentioned above, masonry is the oldest buildiagerial used around the world. Therefore,
the understanding of the masonry characteristiosnfosition, mechanical properties, units’

arrangement, ratio between units and mortar, etcgdssential for the seismic assessment of
masonry structures.

Masonry is a heterogeneous material becauseafitstitution: a combination of units connected,
or not, by mortar in order to obtain structuralneéats like walls, pillars, arches and vaulted
systems (Casarin 2006). The masonry constituenits, and mortar, present different mechanical
characteristics. Units are the resistant elemetige the role of mortar is connecting the single
blocks to obtain a solid composite and to disteéband to transmit stresses. The diversity
generated by the combination between the arrangethercharacteristics and geometry of units
and mortar hinders the characterization of the mgsbehaviour. The mechanical behaviour of
the different types of masonry generally exhibittoenmon feature: a very low tensile strength.
This property is so important that it has determiithee structural shape of historical constructions.

There are significant difficulties in performing\achced tests of existent structures because,
besides masonry having numerous variations, ibossible to characterize the behaviour of the
whole structure based on a single specimen. Aahjeygood characterization of existing
structures and materials, detailed enough in adaée used by advanced numerical models, is,
most of the time, a very demanding task (Oliveid@3). Non-destructive and minor destructive
tests give valuable data without damaging the mgldUnfortunately it does not provide enough
information about the characterization of the strted material required by advanced modelling.
Though, the feasibility of performing destructivests on old buildings, either in situ or by
removing samples large enough to be representéinet possible due to conservation issues in
most cases. The most conscientious option andrteeusually chosen is to perform laboratory
tests on masonry specimens representative of oeatreictions.

The structural performance of masonry dependswarakfactors and it can only be characterized
if the following factors are known: the geometriagtcharacteristics of its morphology, for
instance if they are single- or multiple-leaf waied how the connection between the leaves is;
the physical, chemical and mechanical componentgk(bstone, mortar) and finally, the
characteristics of masonry as a composite maf@iatla and Saisi 2005). Compressive tests are
generally easy to perform and give a good indiceditthe general characteristics of the materials
(Lourenco 2002). Masonry has a non-linear behavamd manifests a non-ductile post peak
softening behaviour, which consists in a graduabhsjth decrement in a masonry specimen under
a continuous increase of deformation. This charetie is typical of quasi-brittle materials.
Figure 2.2 shows the characteristic stress-dispiaoé diagrams for quasi-brittle materials in
uniaxial tensile and compression, as well as shearpression loading (Lourenco 1996a).
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Figure 2.2 Typical behaviour of quasi-brittle matkr under uniaxial loading (a) Tensile; (b)
Compressive; (c) Shear — compression (Lourenco 3996a

2.3. SEISMIC BEHAVIOUR

Typical unreinforced masonry buildings are, in gahecomposed of multiple load-bearing
masonry walls arranged in orthogonal planes, wethtively flexible floor diaphragms. In the
presence of a seismic event, it is generally asdufoe simplicity purposes, that the direction of
the ground motion is parallel to one of the manedions of the building, distinguishing in-plane
walls (parallel to the direction of ground moticemd out-of-plane walls (perpendicular to the
direction of ground motion). The vertical (walls)dhorizontal structural elements (diaphragms)
of typical masonry buildings under earthquake atich are schematically illustrated in Figure
2.3.

Out-of-plane wall
Diaphragm

Earthquake excitation direction

Figure 2.3 Scheme of a typical masonry buildindarmearthquake excitation (adapted from Moon
2004).

11
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The seismic response of a masonry building is d@dfioy the interactions between the in-plane
walls, the out-of-plane walls, and the floor diggdnns through their connections. Post-earthquake
damage surveys carried out worldwide enabled tlaeackerization of the typical behaviour of
masonry buildings under seismic loads. The defaonand typical type of damage in structural
walls of a simple masonry building subjected teisee loads is presented in Figure 2.4. The
characteristic damage pattern includes: crackseatdrners and wall intersections, which occurs
as a result of insufficient connections; out-off@deébending due to lack of connection between
walls and floors; diagonal cracking in the in-plavedls, among others. Thus, damage in masonry
buildings can be essentially interpreted on thasbalstwo fundamental collapse mechanisms:
out-of-plane and in-planéuring an earthquake both out-of-plane and in-pleesponse are
simultaneously mobilized.

:i\ Direction of the seismic acti
. \\\\
Out-of-plane bending N
[T
\
| Shea Shea
I [
| I | \
[ / / i
| / / |
/ |
Flexure // F
L |
Figure 2.4 Typical deformation and damage of ufioeged masonry buildings under seismic loads

(adapted from Tomazeavil999).

Masonry buildings represent a box-type structwstesn with vertical structural elements, walls,
connected to horizontal diaphragms, floors and .rd@bnsidering the typical structural
organization of these elements, the capabilityhef $tructures to redistribute horizontal loads
depends on the connection between orthogonal whéd]exibility of the diaphragms and their
connection to the masonry walls (Lourenco et aL120The combination of the referred aspects
provides the so called “box behaviour” to the bimidg which usually leads to a good performance
of the structure when subjected to horizontal astifLourenco et al. 2009; D’Ayala 2011).
However, the hypothesis of the box behaviour iy \adten far from the reality of the building
response since it depends on the connections betements and on the diaphragm stiffness.
In the majority of the cases the structural eleméehave separately.

Evidence from the recent 2011 New Zealand earthegjakmong many others, confirmed that
out-of-plane wall collapse was one of the main aggde mechanisms observed in masonry
buildings, which is strongly dependent on the catina quality (Senaldi et al. 2012). When not
properly connected to the roof, floors and perpeuldr walls, a masonry wall can easily become
unstable and collapse out-of-plane, compromisinghia manner the global capacity of the
structure. When walls are seismically excited igirtlown plane, the excitation has generally a
small amplification because of the large stiffnasd low natural period. On the contrary, walls

12
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subjected out-of-plane present a quite large seismiplification, due to their low stiffness and
high natural period.

Hence, the structural performance of traditionasomaty buildings to seismic actions depends on
their capability to redistribute the horizontal dsathrough vertical elements, which allows
exploring in-plane strength of the walls at its maxm and preventing local out-of-plane
mechanisms. Assuming that the quality and stat®wns$ervation of vertical elements is good and
that the horizontal elements have enough stifft@ssdistribute horizontal actions, the building
global performance is greatly influenced by theetizeness of the connections between vertical
elements and between vertical and horizontal elésnéihthese connections are ineffective, a
global behaviour cannot be achieved and the bujldiay collapse under the effect of low seismic
excitations by developing local mechanisms (sear€i@.5 for local and global mechanisms).
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(a) (b)

Figure 2.5 Examples of collapse mechanisms in imgjfl(a) Local out-of-plane, (b) Global in-plane
(Magenes 2006).

FrumEma
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In existing masonry buildings, local collapses oftecur in case of an earthquake, generally due
to loss of equilibrium of masonry parts, rathemtlaaglobal failure mode associated with lack of
integrity of the structure. Post-earthquake suneays experimental research, conducted in the
last years regarding the effects of earthquakeanaient buildings, allowed the compilation of
the typical seismic failure/collapse mechanismeeiased to different masonry building types in
an abacus in the form of graphical interpretationesnes (Lagomarsino 1998a; D’Ayala and
Speranza 2002; Di et al. 2002; Binda et al. 200&ia€£ 2007; Franchetti 2009). This abacus
represents local failures (loss of equilibriumylifferent parts of the structure and was developed
for religious and civilian constructions (isolatedaggregate constructions). Some examples are
presented in Figure 2.6. The position of the opgmifdoors and windows) strongly affects the
behaviour of the collapse mechanism, both for ampland out-of-plane failures.

13
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(a) (b)
Figure 2.6 Abacus of damage mechanisms (a) @milstructions; (b) Religious constructions
(Lagomarsino 1998b; Beolchini et al. 2002; BindaleR006; Franchetti 2009).

2.3.1. Diaphragms

It is not commonly observed in previous earthquatted the failure occurs in the wood
diaphragm itself (Yi 2004). Instead, observed s@stamage in unreinforced masonry structures
often includes out-of-plane failures of walls aseault of excessive deflections of diaphragms
and insufficient connections between them. As dtatiove, the interaction between diaphragms
(floors and roof) and out-of-plane walls can conmpise the seismic response of the entire
building. This interaction is governed not onlythg diaphragm stiffness but also by the strength
and stiffness of the connections between theseeteraents.

The walls’ response to a given seismic action exdite floor diaphragms in their borders (Paulay
and Priestley 1992). The structural system ha®todpable of transferring forces from the out-
of-plane walls through the diaphragms to the implavalls (Moon 2004). If the floor diaphragm
is rigid, it acts as a hinge support to the ouplaine wall and the displacements and accelerations
in the floor will be equal to the wall in the comtien (Paulay and Priestley 1992; Yi 2004).
Contrarily, if the floor is flexible the displacemis and accelerations of the floor borders and
walls are not the same, and the support of the tedhe out-of- plane masonry walls can be
consider like a spring support (Paulay and Prigst#92; Yi 2004). A floor with greater rigidity

is able to transmit forces to the masonry morecéffely with respect to a floor with greater
flexibility. Flexible diaphragms typically exhibitsignificant bending and shear deformations
under lateral forces. Most of masonry buildings esastructed with wooden floor and roof
diaphragms that are rather flexible and are ofteorlg tied into the walls (Park et al. 2008).

Most of the Portuguese traditional buildings aradenaf unreinforced stone masonry walls and
flexible timber diaphragms, with the exception déa cases in which the timber floors and roofs
provide efficient in-plane stiffness (Vasconcel@®)2). So, most of the diaphragms in existing
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masonry structures are rather flexible leadingtge acceleration amplifications when subjected
to horizontal loads (Moon 2004).

However, inappropriate use of techniques to inedlas floor in-plane stiffness, for instance the
introduction of concrete floors, leads to an insee&n mass with the increase of seismic loads
thus compromising the seismic response of the tstrelcA proper retrofit strategy for existing
masonry buildings should account for the influeréethe diaphragm flexibility and mass
distribution on the response of the entire strictBome experimental research has been
conducted on the seismic behaviour of masonry imgfdwith relatively flexible diaphragms
(Moon 2004; Yi 2004; Magenes et al. 2010a). Reger8enaldi et al. (2013) carried out an
extensive experimental work through full scale shgkable tests to study the influence of
stiffened floor and roof diaphragms on the seismgponse of a stone masonry building. For that
purpose, a representative of existing stone massimagtures building with flexible wooden
diaphragms was tested. Two other buildings, idaht@the first one, were strengthened with the
aim at improving the wall-to-floor and wall-to-roaonnections and increasing diaphragm
stiffness. Successful results were obtained fostrengthened buildings, which ensured a global
response, preventing the occurrence of local filmechanisms, through the enhancement of
connections between walls and floors and the siiffg of floor and roof diaphragms. A critical
discussion regarding the influence of the in-platifness of the diaphragms on the overall
seismic performance of masonry buildings is alstressed by Brignola and Podesta (2009).

So, to guarantee the box behaviour, assuring lileathdrizontal forces are absorbed by the walls
in their plane, three conditions have to be acc@hetl: sufficiently and suitable rigid diaphragm;
adequate connection between walls and appropriafieflaor and wall-roof link.

2.3.2. Out-of-plane behaviour

The out-of-plane failure of unreinforced masonryllsvaonstitutes the most serious life-safety
hazard for masonry buildings. For this reasonptiteof-plane failure is the most demanding and
represents the response of masonry walls to hdgkaaotions perpendicular to their plane, which
generally fail by overturning (Casarin 2006).

Surveys of seismic damage in masonry structurestéeaonclude that the collapse often includes
out-of-plane failures of walls, driven by excessisdormation of diaphragms and the insufficient
connections among them (Magenes and Calvi 1997eier, this type of failure can be
prevented if sufficient anchorage is provided betwevalls and floors and effective connection
between in-plane and out-of-plane walls.

This type of failure is typically local, usually pg@ening in structural elements causing the collapse
of parts of the building. Figure 2.7a presents atrad-plane rotation of the facade due to lacking
of connection between orthogonal walls and diapisagAn out-of-plane collapse, with the
overturning of the fagade walls of the top floershown in Figure 2.7b for a building damaged
by the 2011 Christchurch earthquake. This failuas & result of the lack of connection between
internal and exterior walls not allowing the boxhbeiour to develop. An example of a failure
mechanism caused by the inadequate consolidatitreafalls with the rigid floor is presented
in Figure 2.7c. Finally, Figure 2.7d presents aanagle of the overturning of a corner wedge due

15



Modelling of the Seismic Performance of Connectiand Walls in Ancient Masonry Buildings

to ineffective connection between external walissuificient anchoring of the floors to the
perimeter walls and the presence of openings reaetiges (the crack line often follow the
distribution of the fagade openings).

(d)

Figure 2.7 Examples of out-of-plane failures durgaythquakes: (a) Overturning of facade; (b)
Overturning of portions of the facade; (c) Partisderturning of facade (effect of
openings) (Binda et al. 2006); (d) Overturning ofrer wedge (Lagomarsino 1998b;
Beolchini et al. 2002; Binda et al. 2006; Frandhz209).
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2.3.3. I n-plane behaviour

The in-plane behaviour of masonry walls can bevatgd when an effective overall building
response is accomplished by preventing brittleaftglane failure with appropriate connections
between elements. Therefore, if connections areawgal by appropriate reinforcement systems
(for instance: steel ties at the floor levels, f@ioement solutions for the connections) in order t
prevent local mechanisms, a global behaviour g@ceiby the wall in-plane response can then
develop.

Examples of typical in-plane failures verified thgipast earthquakes are presented in Figure 2.8.
The damage verified in the in-plane walls is rerabik different from the damage caused by an
out-of-plane failure (Figure 2.7 and Figure 2.8ut©f-plane failures often involve the collapse
of part of the structure, which not verified foetm-plane failures.

Figure 2.8 Examples of in-plane failures (Beolclehal. 2002; Magenes and Griffith 2009a).

Methods to assess the seismic performance of mgigmasonry buildings based on the
individualization of the in-plane response of stmmal walls are well known and have been
extensively used. The POR method was developekeirli®80s and considers a storey failure
mechanism in which the global response of eaclegiarterms of base shear-storey displacement
is computed as the sum of the individual resporfigach wall (Tomazewil978). The structure

is schematized taking into account only the rescaof the vertical masonry elements. This
method assumes the following basic hypothesesnitiely rigid floors in their plane; box
behaviour; decomposition of the building in registaalls; only translation in the panel ends and
elastic-plastic material. Likewise, the simplifiédear static analysis presented in FEMA 356
(2000) assumes the decomposition of the buildingegistant walls which are relatively rigid
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elements. In case of linear analysis, the safetification with reference to the ultimate limit
state consists in the comparison between the aesistof each structural element and the action
for each failure mechanism. This last method ighirdiscussed in Chapter 5.

In a common masonry wall with openings (doors anddaws) two main elements can be
distinguish: piers, which are the shear walls betwepenings, and spandrels, which are the
beams above and below openings (see Figure 2.83 Rie the principal vertical resistant
elements to seismic loads. Generally, in-planaifad occur in only one of these two elements,
and the final collapse of masonry structures isliga result of pier failure (Calvi et al. 1996).

gl

=l
. Spandrels
Piers
M Rigid connections
Figure 2.9 'Il'ypical)in-plane masonry wall and mamctural elements (adapted from Calderini et
al. 2008).

According to post-earthquake surveys and experiahshidies, four types of failure mechanisms
define the behaviour of structural masonry walldamn-plane seismic actions: rocking and toe
crushing (flexural); sliding and diagonal crackifgnear) (Moon 2004; Calderini et al. 2008).
Various publications (Magenes and Calvi 1997; Teen&Zz1999; Mallardo et al. 2008) identify
a total of three failure modes, in which rockingldoe crushing are not considered separately,
being instead named flexural failufRocking occurs when the wall begins to behave reesaaly
rigid body rotating about the toe, usually whenwhbdical load is low in relation to compressive
strength of the pier and the horizontal load predua flexural motion making the pier bend
around the toe (Figure 2.10a). Toe crushing fajliy@cally observed after rocking deformations,
is usually associated with the compressive faibfrenasonry occurring at the toe of the pier
(Figure 2.10b). This failure mode typically happe&rieen the vertical load applied is high and the
horizontal load causes progressive sub-verticalksran the corner of the pier.

The sliding failure is characterized by the waliateation by sliding along a horizontal bed joint
plane, usually located at one of the extremitiethefpier (Figure 2.10c). Within the diagonal
cracking mode the failure occurs due to the foramatf diagonal cracks that usually develop in
the centre of the wall and propagate toward thenarsr (Figure 2.10d). This failure mode
generally occurs in the bond between unit and mdxtgause this is often the weakest link in
masonry assemblages (Lourenco 2002). The cracksigabe through the mortar joints, in a stair-
stepped manneor directly through the units depending on thetietastrength of the bond and
units. Walls will fail in the weakest of these taié modes and its occurrence depends mainly on
the wall’s geometry (relation between height andti), boundary conditions, compression stress
state and masonry mechanical properties.

18



Chapter 2 — Overview on the Seismic Behaviour oty Buildings

! | !

Diagonal cracks

4

Cracks at the toe N )
Sliding along

mortar joints

Overturning

- - - - === = = =1
s — T —

q v

\\\

(@) (b) (©) (d)
Figure 2.10 Typical failure mechanisms of masoneygi(a) Toe crushing; (b) Rocking; (c) Sliding;
and (d) Diagonal Cracking (adapted from Moon 2004 @alderini et al. 2008).

These four failure modes can be classified accgrdinthe type of behaviour: deformation-
controlled or force-controlled modes, see Table Bdk crushing and diagonal cracking failures
are force controlled since is the applied horizbfdece that governs the capacity of the pier,
while rocking and sliding behaviour are controlleg the displacements of the pier since the
instability is attained for a certain maximum da@ment. Typically these last failure modes can
exhibit large deformation capacities.

Table 2.1 In-plane failure modes.
Mode Flexure Shear
Force Controlled Toe Crushing Diagonal Cracking
Displacement Controlled Rocking Sliding

The characterization of the behaviour of histor&sonry walls due to in-plane loading has been
carried out by several authors thorough experinhargmpaigns (e.g. (Anthoine et al. 1995;
Oliveira 2003; Vasconcelos 2005; Angelini et al020Seki et al. 2008; Magenes et al. 2008b;
Elmenshawi et al. 2010; Magenes et al. 2010b; Qagpez 2011; Silva 2012; Churilov and
Dumova-Jovanoska 2013)). Still, the huge numbempadgsible combinations generated by
geometry, mechanical properties of masonry, conspresstress state as well as boundary
conditions are a permanent challenge for the chenaation of masonry walls. Numerical
analysis can be considered as auxiliary to expetiahéests, allowing the assessment of masonry
walls in-plane behaviour when varying some pararsetgithout the need of extensive
experimental work. For instance Anthoine et al.98)9 Annecchiarico et al. (2009) and Silva
(2012) carried out numerical simulations as a cemgintary study of the experimental tests with
this purpose.

Analytical formulations able to describe the bebawif each failure mode are available in
literature (Turnsek and Cacovic 1971; Turnsek ahdppard 1980; Mann and Muller 1982;
Magenes and Calvi 1997; FEMA 356 2000; EC8 2003SHE 2006; NTC 08 2009) and will be
detailed discussed in Chapter 3.
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2.3.4. Connections

Efficient connections between elements allow fa pinoper load transmission between out-of-
plane walls to the more stable in-plane walls, tavsiding local collapses, which, according to
known earthquakes (Azores 1998, L’Aquila 2009 amdigichurch 2011) are the main cause of
fatalities and cultural losses. Accordingly, thé&eaour of single connections between structural
elements can converge into an adequate globaltstalcesponse of these buildings (D’Ayala
2011). Assuming that the quality and state of coraen of vertical elements is good and that
the horizontal elements have enough stiffness distrébute horizontal actions, the building
global performance is greatly influenced by theetiizeness of the connections between vertical
elements and between vertical and horizontal elésndinthese connections are ineffective, a
global behaviour cannot be achieved and the bglidiay collapse under the effect of low seismic
excitations by developing local mechanisms. Furtteee, the connections between the floor
diaphragms and the masonry walls play an importaatin the nonlinear behaviour of structure.

As can be seen in Figure 2.11, the response ofsanma building to an earthquake excitation
strongly depends on how the walls are interconideat®l anchored at the floor and roof levels.
In the presence of a flexible floor to which wadl®e not tied, vertical cracks develop along the
joints between walls at corners and intersectideading to a possible out-of-plane local
mechanism (Figure 2.11a). If the walls are wellitbetween them and connected with the floor,
with a flexible or rigid diaphragm, the buildingbvates as a monolithic structure (Figure 2.11b
and Figure 2.11c). One of the basic condition tersie resistance, the energy dissipation capacity
of a building, can be significantly improved if aonolithic behaviour is ensured. Thus, the
efficiency of the connections between structuraneints determinates the behaviour of the
building during an earthquake and can be a decfsigt®r in terms of whether or not collapse
occurs under those conditions.

(@) (b) (©)

Figure 2.11 Typical seismic behaviour: (a) Flexifder and weak connection between orthogonal
walls; (b) Flexible floor and good connection betwerthogonal walls; (c) Rigid floor
and good connection between orthogonal walls (Tom&aa999).

2.4. STRENGTHENING TECHNIQUES

Different strengthening techniques have been deeeldo mitigate failure mechanisms that
develop on masonry buildings during earthquakes Trtervention solutions for masonry
buildings can be performed at an individual or gldbvel, by improving the behaviour of specific
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structural parts of the buildings or by ensuring thonolithic behaviour of the structure (box
behaviour). Some current solutions are referreddfeer, but not aiming to cover all possibilities
of intervention. As this thesis includes the stteeging of connections using anchors, special
attention to this technique is given here.

24.1. Wallsand floors

Within the methods to improve the seismic capaoitymasonry walls, the repointing of the
masonry joints with an appropriate mortar is reentr (Corradi et al. 2008). Deep repointing of
mortar joints consists in the removal of the detated mortar and its substitution with new
materials, which have better characteristics imgef strength and durability. The typical
construction of stone masonry walls, characterizetivo outer leaves of stones with inner infill
of smaller pieces of stones bonded with generadlygrgime mortar, commonly creates many
voids between the components. The filling of vdigisnjection of better quality cement mortar
can considerable improve the resistance of a walkebtoring its continuity (TomazeviL999;
Moon 2004).

The strengthening of walls by lateral confinemeam also significantly improve the resistance
and energy dissipation capacity of these elemaets Figure 2.12). Its purpose is to confine the
cross section of the walls, especially walls conspdsy multiple leaves, promoting its structural
integrity through a good bond between facings (Ro2@02). On the other hand, the application
of FRP composite materials for strengthening masavalls is an innovative and emerging
retrofitting technique (Moon 2004). Bonding the Isalith FRP is used to increase the strength
and ductility of walls subjected to in-plane or-afitplane loading (Valluzzi 2002; Marcari et al.
2007; Alcaino and Santa-Maria 2008; Zhuge 2008pNiae et al. 2009).

Figure 2.12 Transversal ties in masonry walls (Lanmz@ba).

The main role of floors in the seismic behaviouaohasonry building is to transfer the horizontal
actions through the vertical elements. There dferdnt timber floor strengthening techniques to
improve the in-plane stiffness. Few research wark&ee carried out to characterize the original
flexible timber floors and roofs and to study cotilpa techniques for their strengthening
(Baldessari et al. 2009; Branco 2009; Gattesco 2009
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24.2. Connections

Besides the strengthening of individual structunallls, special care should be put in the

strengthening of the connections in order to enstriectural integrity. The seismic response of
masonry buildings to past earthquakes showed k®astrengthening of connections between
structural components (walls and floors) can enbathe global seismic performance in a

significant way. Senaldi et al. (2012) presents s@unccessful examples of retrofitted masonry
buildings that survived to the recent 2011 NZ egutike without suffering major damage. It was

observed that the strengthening of connectiongusnthoring systems and the insertion of steel
tie rods at floor and roof levels proved to be effee in preventing local out-of-plane collapse of

walls under seismic events.

Improvement of the structural integrity of masobuyjldings with steel ties, generally introduced

at the floors level is an ancient and a recurreattce, perhaps even the solution most often
adopted in the past, in different times and cuiu@avrilovic and Jekic 2009; Sendova et al.
2009). By connecting all the structural elementthefbuilding, this technique can enhance in an
effective way the seismic overall response of thecture.

The performance of connections in masonry buildimas been studied by a few authors, either
evaluating the behaviour of a single connectioramalysing the effect of connections on the
global behaviour of a building. For example, the ad steel to strengthen ancient masonry
buildings has been observed since the 1920s (WanzeMaus 1992). Some other examples of
traditional and innovative strengthening solutidas connections can be found in (Magenes
2006; Mandara et al. 2009; Mazzolani et al. 200@9dbha et al. 2010). On the other hand, a
dissipative device to improve the connection ofppedicular walls was recently proposed
(D’Ayala and Paganoni 2014).

Injected anchors are particularly well suited tpaie and strengthen ancient masonry buildings
as they allow for an effective connection betweksments, thus avoiding overturning of walls
excited out-of-plane. Injected anchors are a comsti@mgthening method for masonry buildings
and a number works are available in literature (¥ééand Maus 1992; Gigla and Wenzel 2000;
Arifpovic and Nielsen 2004; Gigla 2004; Meyer ardjghausen 2004; Weigel and Lyvers 2004;
McGinley 2006; Algeri et al. 2010; Haman and Jaetf¥rl). However, there is an evident lack
of experimental and numerical studies to charamedtie behaviour anchors applied to ancient
masonry, which are necessary for a clear charaaten of the structural behaviour of this
strengthening solution.

Figure 2.13a illustrates a possible strengthenohgtion for the improvement of the behaviour of
wall-to-floor connections using two parallels anchimjected in the masonry wall, linked to the
floor with L-shape steel plates. Equally, a solutior the improvement of the connection between
external and internal walls is shown in Figure B,1&nsisting of two parallel anchors injected
in the external masonry wall and connected tonkermal wall by means of suitable steel plates.
Due to its importance, injected anchors will betier addressed in Chapter 4.
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(b)

Figure 2.13 Strengthening techniques using injeeatechors for the connection between structural
elements: (a) Wall to floor connection; (b) Wallhtalf-timber-wall connection (Moreira
et al. 2012).

Although experimental campaigns aiming at studyhmgbehaviour of injected anchors in both
brick and stone masonry walls have been carriedogud number of researchers (Meyer and
Eligehausen 2004; Arifpovic and Nielsen 2004; GR}@4; Algeri et al. 2010; Haman and Jaeger
2011), the design of injection anchors for masasigtill a challenge due to the lack of codes and
recommendations regarding the estimation of thength capacity. A detailed discussion on the
analytical formulations available in literaturecerried out in Chapter 4.

25. ANALYSISMETHODSAND MODELLING ISSUES

The analysis methods to assess the seismic belagfoumasonry buildings have been
progressively developed. The need for more suitaigihods for the analysis of heritage masonry
structures has stimulated the research on thigsulpd as a result numerical analysis methods
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have made significant progress in the last decadldsanced analysis methods have been
developed combining accurate material descriptiwhstructural models, particularly in the field
of finite element analyses (Orduiia 2003).

The assessment of the seismic behaviour of masrugtures or substructures can be obtained
by applying a static or dynamic analysis with lineanon-linear behaviour. In addition, masonry
buildings can be studied by limit analysis, evah@the main failure mechanisms likely to occur,
in order to obtain the mechanism that triggerscibiapse and the corresponding load at failure.
Figure 2.14 presents a scheme that groups theanalgsis methods used for the seismic analysis
masonry structures.

Static Analysis Dynamic Analysis
[ | I |
Linear Static [ | Pushover Analysis Limit Linear Dynamic Non-linear
Analysis (Nor-linear, Analysis Analysis Dynamic Analysi
Adaptive Incremental
Pushover Analysis Dynamic Analysis
Figure 2.14 Analysis methods.

In general, linear static analyses are not appaigpfior ancient constructions, considering that
masonry presents non-linear behaviour since vemnjdad levels due to the low tensile strength
of masonry (Ordufia 2003). The non-linear natumasonry behaviour and the intrinsic dynamic
aspect of seismic actions suggest that the bestnojat evaluate the vulnerability of a building to
an earthquake is considering both the non-lineafithe material and the dynamic nature of the
excitation.

Non-linear dynamic analysis with time integratigrthe most powerful method, which, provided
with accurate and appropriate constitutive modslg, give very rigorous results. Here the action
is characterized by sets of natural, syntheticrtifi@al accelerograms. Response time histories
analyses are obtained from numerical integratiogiféérential equations of motion, considering
the inertia and damping effects. Another non-lirdgaramic approach is the incremental dynamic
analysis. This is a parametric method and consistsubjecting the structure to a series of
nonlinear time-history analyses of increasing istgnto estimate the structural capacity under
earthquake loading. Incremental dynamic analysiviges a continuous picture of the system
response, from elasticity to yielding and finattdlapse and the results of this method are plotted
a curved of response parameterized versus thedradensity level (Marcari and Abrams 2009)
(Vamvatsikos & Cornell, 2002). The main objectifdélos approach is attaining a more accurate
indication of the nonlinear dynamic response dfacsure under earthquake action. Examples of
the application of incremental dynamics analysighi seismic evaluation of structures can be
found in literature (e.g. Mander et al. 2006; Lale2010). However, non-linear dynamic analysis
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requires very qualified analysts to perform anckriptet the results; is a very time and cost
consuming approach and requires for detail chaiaat®n of the mechanical behaviour of
masonry. Hence, the intrinsic complexity and théitmhal computational effort makes the
application of this method limited, typically ustmevaluate the seismic resistance of valuable
assets.

In linear dynamic methods, linear-elastic behavimiuthe structure is considered and the seismic
action simulated as dynamic. The usual approado igse a modal analysis of a structure
considering all the vibration modes and simulageghismic action through a response spectrum.
In this analysis method the non-linear materialawebur is studied by using global behaviour
factors. As stressed by Lourenco (2001), the cenatibn of linear elastic behaviour for historical
masonry structures is, generally, not recommendtdube strong non-linearity that masonry
presents.

During the last few years, displacement-based naetlbgies, such as the pushover analysis, are
being more and more recognized as practical anidideitools for the evaluation of the seismic
response of existing structures (Magenes 2000;n#ads 2003). Pushover analysis can be an
effective alternative to traditional methods ofelam seismic analysis considering the difficulties
related to non-linear time-history analysis (Augemtd Parisi 2009). The complexity and
computational demand required by nonlinear dynaamnialysis led to the development of new
methods for the seismic assessment based on af@thptechanical approach. These have been
consolidated during the 1990s, as the capacitytgpeanethod (Freeman 1998) and N2 method
(Fajfar and Eeri 2000) and were considered withodenn regulations both for designing new
structures and assessing existing ones (FEMA 366;20C8 2003; OPCM 2003).

Pushover analysis includes material nonlinear hiebbaand the seismic action is simulated by
static horizontal forces. Pushover analysis has lgaéning significance over recent years as a
tool for the assessment of masonry structures @Gagarin 2006; Galasco et al. 2006; Betti and
Vignoli 2011; Lourenco et al. 2011; Araljo et ab12; Simdes et al. 2012; Simdes and Bento
2013). Many different approaches of pushover aimlgse available depending on the load
pattern chosen, being the most common: unifornridigion; proportional to the mass and
proportional to the vibration modes. The uniformadopattern approach presupposes the linear
distribution of the displacement along the height.the proportional to the mass pushover
approach, the seismic effect is defined by the bhaesar coefficient, which defines the percentage
of the total weight of the building that must benswlered as a horizontal force applied to the
structure. The proportional to the mass analyss been carried out for several researchers
(Romano 2005; Casarin 2006; Mendes and LourencO; Bxiti and Vignoli 2011; Aradjo et al.
2012; Simdes et al. 2012). The modal proportiooatiipattern is obtained by applying a quasi-
static horizontal load derived from the critical deoshapes of the structure or the fundamental
vibration mode (Chopra and Goel 2001; Antoniou Rirtho 2004; Kalkan et al. 2006; Pan and
Ohsaki 2006; Ferracuti et al. 2009).

The structural model of a masonry building showdtemplate and simulate all the aspects that
influence the structural response, including thengetry and morphology of the building, the

material properties, the external actions, existitgrations and damage and the soil-structure
interaction. However, the structural modelling agwh must balance the realism with the model
preparation efforts and time of the analysis, kegphe model as simple as possible. Fully three-
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dimensional models are usually very time-consumbagh in preparing the model, in performing
the computation and mostly in analysing the results

Advanced and complex numerical models are usuakyl dor comprehensive analysis of single
elements. After a calibration/validation procesaiagt experimental data, these models become
valuable tools for carrying out parametrical anadyasing different boundary conditions, type of
loads and materials properties, connections, anodingrs. A global model of the structure is
generally used when the building resistance tavgeiactions is provided by the combination of
all the structural parts, such as floor diaphragms in-plane response of structural walls.

The numerical representation of masonry can gdgei@us on the micro-modelling of the
individual components, units and mortar, or theanag as a composite. In the continuum finite
element modelling approach, masonry is modelledamasequivalent material, rather than
modelling units and mortar separately. The equitat®ntinuum models must represent the
masonry intrinsic structure by means of appropratestitutive relations, for example, derived
from homogenization techniques (Lemos 2007; Louret@09a).

Finite element analysis can be very time and coatfmrtal consuming. For this reason, several
methods based on macro-element discretization Hzeen developed, requiring a low

computational effort (Magenes 2006). The macro-rhisden assembling of blocks attempting to

represent the mechanical behaviour of the strucuace already implemented in TreMuri and

SAM Il software. Normally the models are elaboraséedording to the damage observed in the
structure and also taking into account the typiadlire mechanisms reported in the literature
(addressed in section 2.2.1).

The consideration of an analysis instead of ana#tlezs in several aspects. Firstly, an essential
point is taking into consideration the compatilpildf the analysis tool with the information
sought, which also depends obviously of the gegmetrd structural characteristics of the
building. Besides, the engineer must have depthwladge regarding the analysis tool and
method to be applied. At last, a good accordantedsn available financial resources, time
requirements and accuracy of results is requestezldistinct methods of analysis have different
computational and time efforts as well as differlviels of accuracy. The idea of combining
different analysis procedures for the assessmemhadonry constructions is legitimately and
widely diffuse (Brencich et al. 2001; Lourenco &ourdo 2001; Mele et al. 2003; Casarin 2006).
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Chapter 3

IN-PLANE BEHAVIOUR OF MASONRY
WALLS
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3.1. INTRODUCTION

Bearing in mind the typical lay-out of a traditidmaasonry building, stone masonry walls are the
most relevant structural element in the seismiparse of the whole structure since they
represent the basic resisting elements to horizantemns. Masonry walls play an important role

since besides withstanding vertical compressiveefsrthey are expected to resist to in-plane
lateral loads usually induced by wind and earthggakvhich are transferred to them primarily

by horizontal diaphragms. Post-earthquake invesbigsehave shown that, once the out-of-plane
mechanisms are prevented by proper measures,isineiceesponse of a building depends on the
in-plane strength capacity of its walls. Conseqglyesdveral investigations were done in the past
to characterize the in-plane behaviour of masoralyswA large majority of these studies consist
of experimental campaigns, testing the shear eggist of piers. Nevertheless, very few of the
latter focus on carrying out numerical studiestetiarding the potential of a computational lab.

This Chapter presents the study of the in-planeatielir of masonry walls with different
slenderness ratios and distinct levels of axial |b@sed on the experimental campaign performed
at the EUCENTRE and University of Pavia on douklaf Istone masonry piers (Galasco et al.
2010; Magenes et al. 2010b). The behaviour of tasamry walls subjected to compressive and
shear loading was studied using advanced numesiicallations. Several numerical simulations
were performed, starting with linear elastic analy®mprehending the global model response.
First, numerical models were calibrated on thedafiesults that emerged from the experimental
campaign. Afterwards, validated models were usedalwy parametric analysis varying the
geometric wall configuration and pre-compressiorelgin order to evaluate the influence of
these parameters on the in-plane behaviour.

As stressed in Chapter 2, masonry walls can sdffginct failure modes depending on several
parameters, including the pre-compression level ladderness ratio. Numerical simulations
using appropriate validated models can providedi results, particularly useful to carry out
parametric studies, nearly impracticable from thpegimental point of view due to time, and
resources limitations. The confidence in these eadatnal predictions rely on the validation of
the numerical model against experimental results.

The drift capacity of the studied masonry wallgliso outlined here, including the comparison
and discussion with the drift limits imposed by esdFor this purpose, the mechanical properties
of masonry were also varied, in order to obtainer@xtensive data. As the boundary conditions
influence in the drift capacity, they are also a&dded in this section.

Finally, the usage of the available simplified fafations to predict the strength capacity of walls
is discussed. Analytical formulations have beerettigyed and documented, trying to characterize
the in-plane wall strength and taking into accainet behaviour of different failure modes, by
several researchers (Turnsek and Cacovic 1971;s&krand Sheppard 1980; Mann and Muller
1982; Magenes and Calvi 1997; TomaZeM®99). Furthermore, guidelines have been proposed,
e.g. in New Zealand (NZSEE 2006) and by the Amertsaciety of Civil Engineers (FEMA 356
2000), to determine which failure mode will govehe response, for a wall with particular
material properties, axial load and boundary caonkt Thus, available formulations were used
to estimate the lateral shear strength, and tmedigtions were compared among themselves and
with the numerical and experimental masonry wallihes.
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3.2. OUTLINE OF THE EXPERIMENTAL RESEARCH
PROGRAMME

A comprehensive experimental research work on mrgsealls was carried out in EUCENTRE
and University of Pavia laboratories, Italy (Gatast al. 2009; Galasco et al. 2010; Magenes et
al. 2010b). These walls were representative oftiegiduildings constructed with double-leaf
stone walls. The masonry typology is constitutedviay vertical leaves of stones placed side by
side along the wall thickness. For this kind of orag typology only few experimental results
are available. The selected natural stones conme Bergamo and are sedimentary rocks made
of calcareous sandstone. This stone was widely insbeé past as a building material in Italy and
is characterized by good mechanical propertied) witlensity of 2580 kgfina compressive
strength of about 170 MPa and a flexural stren@ébout 19 MPa, as documented in (Magenes
et al. 2010c). In order to satisfy the requiremainhaving a mortar consistent with historical
buildings, a pre-mixed natural hydraulic lime mortath a compressive strength non-exceeding
2 MPa was used.

Information about materials and construction chiaréstics of the undressed double leaf stone
masonry and its mechanical characterization byxisli@ompression and diagonal compression
tests are reported in (Magenes et al. 2010c). &king program included 6 specimens with
nominal dimensions of 1200x800x320 mm subjectedniaxial compression and 6 specimens
with nominal dimensions of 1000x1000x320 mm sulgedb diagonal compression. Vertical
compression tests consisted in applying a cyclmpression force on the masonry specimen,
trying to distribute vertical stress as uniformgy/@ossible and keeping the resultant force centred
on the wall section. Detailed information about kb&ding and unloading cycles is provided in
(Magenes et al. 2010c). The deformation was medgaréncreasing levels of compressive loads
giving important information regarding the charaistics of masonry. Through the evaluation of
the elastic behaviour range it is possible to attarae the elastic properties of masonry: Elastic
modulus E] and Poisson's coefficient][ Diagonal compression tests were used to deterthie
characteristics of shear stiffne€] fand strength of masonr{,[f]. The results from these tests
allowed to collect some data concerning the mecahmrroperties of the masonry, which are
summarized in Table 3.1.

As stated by Magenes et al. (2010c) the valuekastie modulus obtained from the experimental
tests are significantly higher than those suggdsyettie Italian code (NTC 08 2008). These will
be further discussed during the model calibratimtedure.

Table 3.1 Mechanical properties of masonry (test§ specimens) (Magenes et al. 2010b).

fe [MPq] E [MPq] f:[IMPa] G[MPq]

Interval 3.07-3.48 2274 - 2826 0.112 -0.161 /940

Mean 3.28 2550 0.137 840
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In-plane cyclic shear tests were carried out ainaingeproducing the behaviour of masonry piers
subjected to in-plane reversed cyclic load, repriegive of the seismic action. Constant axial
forces representative of gravity loads and a cytiizontal displacement history were applied
at the top of the wall. Two geometric configuraowere tested for different levels of pre-
compression, 0.2 MPa and 0.5 MPa. All specimeng lavominal thickness of 320 mm and are
2.5 m high. Two of them are 2.5 m long with a skmess ratioh{/l) equal to 1, which were
named “squat” piers (CT01 and CT02), and anotherare 1.25 m long with a slenderness ratio
(h/l) equal to 2, named "slender” piers (CS01 and CS0® dimensions of the specimens have
been selected taking into consideration real wWabéle Figure 3.1).

0.5 MPa 0.2 MPa 0.5 MPa 0.2 MPa
P = Zﬁﬁéﬁ%@ﬂ
e ey
e gt £
2.5 ?EE% /=2 2.5 25 20 %\:Dé hy, = iﬂéﬁ
e { e { o=
P | ==t ‘ | Py |
—1.25— —1.25— -~ 25— f—— 25—
(a) (b) (c) (d)
Figure 3.1 Wall specimens for in-plane cyclic se¢a) CS01 wall; (b) CS02 wall; (c) CTO1 wall;

(d) CTO2 wall (Magenes et al. 2010b).

Specimens were built on a 0.40 m thick reinforcedcecete foundation fixed to the floor. The
hydraulic actuators apply the axial load to thecgpen through a steel loading beam connected
to a reinforced concrete spreader beam directly aasop of the specimen. A third actuator is
used to impose horizontal displacements to theofojhe piers. The test setup imposes fixed
restrain conditions to the piers at the bottom &g giving a double bending configuration to
the tests (Figure 3.2).

Figure 3.2 Scheme of the experimental test selggé€nes et al. 2010Db).
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As a first step, specimens are subjected to axéal hpplied by vertical actuators which restrain
the rotation of the steel top beam by means ofyaritd” control (applying a constant total axial
load and maintaining the same vertical displacejndnta following phase, the horizontal
actuator applies a cyclic force in the top beanmgdaontrolled at the beginning of the test and
imposing increasing displacements afterwards. €seis stopped when the specimen presents
potentially dangerous damage or a significant dridlpteral strength.

By subjecting the walls to shear in-plane loadingportant information was gathered concerning
the failure mechanisms, maximum displacement cpand shear strength. The results provided
by the tests, namely the force-displacement cuamesfailure modes, are presented in Figure 3.3
for each wall.
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Experiments revealed that piers CS01, CTO1 and JQ&b2n shear by the development of
diagonal cracking. The formation of diagonal cradktermined the maximum shear resistance,
limiting as well the deformation capacity. The slen specimen CS02, characterized by low
compression level, showed a combined flexural dredusfailure. The deformation capacity of
this wall was noticeably higher due to the flexurahaviour observed during the test.

The in-plane capacity of a masonry pier is strondgypendent on its slendernesdl)(ratio.
Slender piers achieve lower maximum horizontaldptess than half, in comparison to the squat
piers with the same compression level. The maxirhonzontal force reached by the specimens
was: 94kN for CS01, 48kN for CS02, 234kN for CTOH 454kN for CT02. The piers subjected
to higher compressive loads proved to have moraaipin terms of horizontal load with a more
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brittle failure at the final branch, when compateith the ones with the same geometry. No
evidences were found of the occurrence of signitistiding in any of the tests (possible sliding
surfaces were monitored by displacement transducers

3.3. NUMERICAL MODELS

3.3.1. M odels Definition

Numerical models were used to represent the preljidasted masonry walls aiming at further
discussing and better understanding the experimesgalts. Since walls with two geometric
configurations were tested, two different numeritadels were constructed to represent squat
(CT) and slender walls (CS) (Figure 3.4). The éretement method was adopted for carrying out
all numerical calculations, using the software DIAN.4 (2009). The experimental setup was
numerically simulated including, besides the magavall, the top concrete and steel beams and
the reinforced concrete foundation. The steel lmgdieam was simulated with an equivalent
rectangular section, without changing the inertiapprties, fixing the height of the beam.

2.9 1 r 2.9
T T
Steel Beam 0i4 Steel Beam Of
Concrete Beam 0.24 Concrete Beam 0.24
2.5 Masonry Wall 25 Masonry Wall
T T
Concrete Foundation 0i4 Concrete Foundation OiA
3.2 —125——
Figure 3.4 Representative scheme of the numariodkls (dimensions in meters).

The masonry was modelled following a macro-modglipproach, assuming the masonry as a
composite material, where joints are smeared otitinuum elements. This modelling strategy
is a valuable alternative to the modelling of thesonry components (units, mortar and interfaces)
and assumes the use of average mechanical prepientimmasonry (Lourengo 1996a; Lourengo
2009b). The macro modelling approach is well déisnd has been successfully used by several
authors (Berto et al. 2004; Betti and Vignoli 200Btallardo et al. 2008; Abruzzese et al. 2009;
Annecchiarico et al. 2009), giving a reliable estilon of masonry response. By considering the
masonry as a homogenous material, the computatiomaland memory requirements decreases
substantially and the mesh generation is moregstifarward, when compared with a model in
which units and mortar joints are separately disted (Lourenco 2002). Additionally, units and
mortar distribution is not known in detail to allahe development of a reliable micro-model.
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Finite element models were constructed using 2Dheplatress elements since the stress
components perpendicular to the face are negligib&eto the small thickness of the walls, and
the loading acts in the plane of the element. All@gmesh discretization was developed using
eight-node quadrilateral isoparametric plane steémments based on quadratic interpolation and
Gauss integration for both models, CQ16M (TNO DIARB09). The model for the CT walls is
presented in Figure 3.5(a) with a 1686 nodes addelments mesh, and the model of CS walls
is shown in Figure 3.5(b) and has 1472 nodes aAciments. The numerical simulation of the
four walls experimentally tested was obtained bglypg the corresponding pre-compression
level in each wall.

@) (b)

Figure 3.5 Numerical models (mesh discretizati¢a) CT walls and (b) CS walls.

Code values of elastic modulus, Poisson coefficaeit density were used for concrete and steel.
The masonry mechanical properties were assignétetmodels as starting point in accordance
with the experimental characterization. Table Bi2marizes the material properties used for the
numerical models in this preliminary linear anatysiage. Note that no calibration process was
carried out at this stage.

Table 3.2 Material properties for the preliminanehr analysis phase.

Elastic modulus | Poisson coefficientf  Density

E [GPa] v[] y [Kg/m3]

Masonry 2.55 0.2 1900
Steel 210 0.3 7850
Concrete 30 0.2 2500

The boundary conditions and the load applicatioocedure are defined according to the
experimental setup described in section 3.2. Thdainassumes that the different materials are
fully connected, since no significant sliding betwamaterials occurred during the experimental
tests for any wall. Thus, fixed-fixed conditionseassured in the numerical models: pinned
supports at the base reinforced concrete beanmgresed and the rotation at the top metallic
beam is prevented using model constraints thats@pependencies between degrees of freedom.
In this way, the possible rotation of the top matdbeam is not allowed, as imposed by the
experimental apparatus.

33



Modelling of the Seismic Performance of Connectiand Walls in Ancient Masonry Buildings

Numerical models intent to be representative obttgaviour of this type of masonry walls given
that these models will be used for an exhaustivarpatric analyses.

3.3.2. M odels Calibration

As previously referred, the numerical simulationtbé masonry walls considered in a first
instance linear elastic models, for comparison ealibration with the data emerged from the
experimental shear tests. This is essential tarobtafidence in the numerical results. An attempt
was made of calibrating the four different walls e basis of linear analysis. Preliminary
analyses were carried out using the available exgeetal parameters (see Table 3.2). Two types
of loads representing the vertical compression thedenvelope of the horizontal cyclic force
were considered in each numerical analysis. Thicabcompression was applied first uniformly
to the top of the steel beam and the horizontal lwas simulated by a displacement. It is noted
that the self-weight of the wall, foundation angd tileams is also considered in the analyses.

Figure 3.6 summarizes the linear force-displacemesponse of the four walls (CS01, CS02,
CTO01 and CT02). The numerical response is comp#oethe corresponding experimental
envelope range, which is obtained by plotting theetope in both directions, up to 10 millimeters
of displacement. A quick analysis of the numerinaldel responses showed that the, in general,
the model is much more stiff than the experimenti@sted walls.
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Figure 3.6 Linear elastic analyses: (a) CS01 WJICS02 Wall; (c) CT01 Wall; (d) CT02 Wall.
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The response of the slender walls (CS) indicateiniial stiffness higher than the verified
experimentally, more significantly in CS01 wall gbre 3.6a and Figure 3.6b). The results found
for the squat walls also show significant differemdetween the numerical and experimental
initial stiffness, even more noticeable in thesdsv@igure 3.6¢ and Figure 3.6d). The stiffness
variations found for numerical analysis and expental response led to an analysis on the
parameters with direct influence on the wall s#8gs response.

In the numerical simulation the parameters thdtiérfce the wall stiffness in the linear range are
the masonry elastic modulus, the geometric condigom and boundary conditions. There is no
direct dependency on the compression stress levéh@ wall. Conversely, the analysis of the
experimental results proved that the initial sefs depends on the pre-compression stress level.
Generally, walls with the same properties subjedtegreater pre-compression level exhibit
higher initial stiffness. Several experimental stgdon the in-plane behaviour of masonry walls
confirm the existence of a relation between thahstiffness with the applied pre-compression
(Magenes and Calvi 1992; Vasconcelos 2005; Angetiai. 2007; Seki et al. 2008; EImenshawi
etal. 2010; Capozucca 2011; Silva 2012; Churilmy Bumova-Jovanoska 2013; Petry and Beyer
2014). This can be justified by joint closure asoasequence of a higher imposed compression
on the wall, which results in a more stiff compesihaterial. For this reason, the correct
simulation of the experimentally tested walls regsithe consideration of the pre-compression
effect on the walls response since the boundarglitons are well defined. Information provided
by University of Pavia concerning experimental daitk the measured rotations on the top beam
during testing confirmed that the rotations at tilye are nearly inexistent and can be neglected
for the four walls. This proves that the fixed-fikboundary conditions numerically modelled
simulate with very good approximation the testingditions.

Numerically, the stiffness dependence from thellef’feompression is simple to consider but the

lack of experimental data is evident. The defimitaf an equivalent elastic modulus, dependent
on the level of pre-compression of the wall, seémasefore preferable. This also means that the
elastic modulus defined experimentally may not dygreésentative of all the walls since it was

characterized considering using higher levels ofmpession on the specimens and the
dependency is likely to be highly affected by ttene size and arrangement, and the quality of
execution.

The adopted model calibration procedure, which isteen fitting the model behaviour with the
experimental results, was carried by defining amivedent elastic modulus for masonry. Table
3.3 presents the results obtained from the calthrgprocess, in which the masonry elastic
modulus is defined for each wall.

Table 3.3 Calibrated elastic modulus for each wall.

CTO01 CT02 Cs01 CS02
E [MPa] 1000 800 1500 2000

Analysing the elastic modulus resultant from thibcation process, it can be noticed that the
slender walls (CS) do not follow the typical belwawiwherein for higher levels of compression
on the wall the stiffness increases. Converseby gttperimental response of the wall with lower
lever of compression (CS02) shows higher linedfinstss than CS01 wall. Similar experimental
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campaigns results on the in-plane behaviour of mgswalls subjected to distinct levels of
compression, already referred previously, proveiththe majority of the cases walls in the same
conditions tend to exhibit more stiff behaviourglanhigher levels of compression loads. This
disparity can be related to differences in the iggpiaf masonry for specimen CS02 or even aspects
difficulties in the test set-up. For this reasois tlall will be analysed considering the calibrated
elastic modulus and also the elastic modulus reéefjuin order to fit the relations found for
similar in-plane tests on masonry walls.

The differences in the elastic modulus in what eons the two different geometric configurations
(CT and CS) can be explained by the in-situ watlstnuction conditions. As CS walls are smaller,
the careful arrangement of the units during cosibn may have been higher. In conclusion, the
considerable scatter found demonstrates the impuetaf the stress level and the execution (e.g.
arrangement of units, mortar quantity, voids anth&hge cracks) in the elastic stiffness of stone
masonry walls.

3.4. NON-LINEAR ANALYSES

3.4.1. Definition of the M aterial Behaviour

Since masonry exhibits manifestly non-linear bebaxian adequate material constitutive model
needs to be selected in order to achieve relidhiealations. Total strain crack models, which
describe the tensile and compressive behavioumeétarial with one stress-strain relationship,
are usually suitable for this purpose (TNO DIANAO2). For modern, or regular, masonry, more
sophisticated orthotropic models are available, &.gurenco and Rots 1997), but for stone
ancient masonry, usually with irregular bond andlitirieaf, isotropic models are normally
adopted. Within the total strain crack models, thsiinct approaches can be distinguished: the
Fixed Crack Model (FCM) and the Rotating Crack Md&CM). In both formulations the crack

is initiated when the maximum principal stress dgjtize tensile strength of the material, and its
initial orientation is normal to the maximum pripal strain. The main difference between these
two formulations is related to the cracks oriemtatiluring the inelastic process. In the FCM the
coordinate system is fixed upon cracking accordinthe principal strain directions and remain
invariant during the total analysis process. Eatkgration point admit a maximum of two
orthogonal cracks. The RCM allows a gradual cowacof the initially crack direction as the
crack plane can rotate during the analysis. Thekcdirection rotates with the principal strain
axes ensuring that the crack remains normal taditteetion of the maximum principal strain. In
the fixed formulation, a shear retention paramistezquired for the definition of the model shear
behaviour, whilst in the rotating model the sheafteming occurs implicitly as a result of the
principal stress and strain conditions. An extems®search regarding these formulations was
carried out by Rots (1988) which conclude thattiotacracks produce a more flexible response
and correctly keep the maximum tensile stress ucalarol, and can implicitly provide for shear
softening across the plane of initial cracking.séated by Rots (1988) several studies revealed
realistic predictions for rotating cracks formudetj while fixed cracks models tended to behave
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too stiff in shear dominated applications. For éhesasons, the RCM was used to carry out the
nonlinear numerical analysis once the shear bebawiothis study is dominant. An additional
discussion regarding the application of these twatenial models is provided in the next Chapter.

Parabolic and exponential stress-strain relaticerewsed to describe the tensile and compressive
behavior of masonry respectively, see Figure 3.@refi andG. stands for the compressive
strength and fracture enerdyand G; are the tensile strength and fracture enengyh is the
crack bandwidth. In the continuum modelling apptoatasonry is described as a homogenous
material and the required parameters were defiredaécordance with experimental
characterization results, previously calibratedstetamodulus and typical relations used for
masonry (Lourenco 2009a; 2009b). The tensile antpecessive fracture energy values, necessary
for the constitutive models definition, were inityaestimated based on these recommendations.
The compressive fracture energy calculated accgrttnthe relation of the ductility index
parameter (equation (3.1), available in the reterezommendations:

d=G:/f (3.1)
For f. < 12 N/mnt a value of d = 1.6 mm is suggested, which is #@ecsince experimental
characterization tests definédequal to 1.74 N/mfn Thus, the compressive fracture energy (
takes a value of 2.8 N/mm. The indicative valuetfiertensile fracture energg.f was calculated
according to equation (3.2) considering that tlrememended value for the ductility index (d) is
0.029 mm.

d=G/t (3.2

Table 3.4 presents the parameters to be used imutherical analyses in whidhis the elastic
modulus and the density. The Poisson ratio was kept constadtegual to 0.2. Although the
elastic modulus has been updated for each waltderao accurately simulate the influence of
the level of stress on the wall, the non-lineaapaaters are kept constant for all the analysisesinc
no other data is available and the material useéddrconstruction of the specimens had similar
characteristics. In what concerns wall CS02, twmlinear analyses will be carried out
considering different elastic modulus, one in adaoce with the calibration procedure and the
other according to the expected elastic response.

Concrete and steel beams behaviour was definddess klastic due to the significantly higher
strength of these materials compared to the masdimey equilibrium solution of the equations
in each step of the non-linear analysis is obtathegugh an iterative regular Newton-Raphson
method and a convergence criterion based on tleenalt energy with tolerance of i@vas
adopted.

EXPONE PARABO I

G, /h

Figure 3.7 Constitutive models for masonry (tensiad compression).
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Table 3.4 Mechanical properties for masonry.
E[MPa] | y[Kg/m? fe [MPa] Gc[N/mm] | fi[MPa] | G;[N/mm]
CS01 1500 1900 3,28 5,25 0,14 0,02
CS02 2000/110¢ 1900 3,28 5,25 0,14 0,02
CT01 1000 1900 3,28 5,25 0,14 0,02
CT02 800 1900 3,28 5,25 0,14 0,02

3.4.2. Non-linear Analyses Results

The loads considered in the non-linear analyse® wer self-weight of the structure in a first
step, the vertical compressive load in accordarite twe wall under analysis, in a second step,
and, at last, a horizontal displacement-contrdibediing steadily increasing until failure.

The numerical response of the slender wall CSOdbisined by imposing 0.5 MPa of pre-
compression on the wall and applying horizontapldisements in small increments. In order to
plot the capacity curve of the wall, a node inttiypof the wall, consistent with the point measured
during the experimental testing was selected. Timamical force-displacement curve is plotted
and compared with the corresponding experimentatlepe for wall CS01 in Figure 3.8. The
numerical force-displacement response fits very thel experimental envelope considering the
initial stiffness (previously validated), the maxim lateral resistance and also the nonlinear
behaviour. The maximum in-plane capacity estimateaerically reaches 92 kN, which is very
close to the 94 kN achieved in the experiments. difife capacity of the walls will be further
discussed in section 3.6.
120
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Figure 3.8 Force-displacement curve for CS01 wall.

The maximum principal strains distribution was a#saluated as an indicator of damage. At the
peak load, the tensile strains are concentratazpposite corners of the wall, resultant of the
effect of the wall deformation, accompanied by &élppearance of cracks in the diagonal of the
pier (Figure 3.9a). The damage distribution inribalinear behaviour, which is representative of
the state of damage near failure, is presentedguré 3.9b and indicates a clear propagation of
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cracks through the wall diagonal. Here the damagiem reveals a shear failure by the formation
of diagonal cracks along the pier, which is in agnent with the failure mode found for the
experimental test of this wall. The structural @ in terms of compressive strains distribution
is characterized by the formation of a large corsgire strut in the wall diagonal around the area
where the cracks develop as revealed by Figure. 3Bese results are consistent with the
expected damage considering the failure mode edrifi experiments.
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Figure 3.9 Strains distribution for CS01 wall: f@nsile damage at peak load; (b) Tensile damage

at final stage; (c) Compressive strain distribufinal stage.

As discussed before, the nonlinear analyses for2G&fll were carried out considering two

different elastic modulus for masonry, one considethe calibrated value against experimental
stiffness (E=2000 MPa) and the other consideripict relations found in similar experimental

research (E=1100 MPa). The nonlinear response demsy the wall CS02 with the masonry

elastic modulus calibrated according to the expeni@l stiffness (Figure 3.10a), shows good
agreement with the experimental envelope, althahghmaximum in-plane capacity is slight

overestimated. The final branch of the numericalveus typical of the rocking behaviour

presenting large displacement capacity.

The analysis considering a lower value for the maselastic modulusg=1100 MPa) presents

a force-displacement response similar to the pusvigigure 3.10b), with a clear difference in
the initial stiffness as expected. It should bengd out that the stiffness presented by this model
lies at the lower limit of the experimental envedppgmaking it acceptable. The maximum
horizontal load as well as the post-peak behawiatlr high deformation capacity are very similar
to the previous analysis. In terms of force-disptaent curves both models can represent well
the stiffness found by the experimental testing gr@dmaximum wall capacity. The significant
decrease of resistance verified in the experimematlope in the final branch could not be fully
simulated by the proposed numerical model. A pdéssixplanation may raise on the non-
consideration of the cyclic loading process. Framéxperimental point of view, the strength is
dictated by flexural strength, but it is not faorir the force needed to generate diagonal cracks.
Since the experimental test is cyclic, a diagomatic may have been possibly induced by the
repetition of deformation cycles that do not redehmonotonic diagonal cracking condition but
stayed close to it. As the numerical model usewbisable to capture this phenomenon of damage
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accumulation due to cyclic loading, a strength ddgtion cannot be observed in the post peak
branch of the load-displacement curve, even ifdicyoading procedure has been adopted.

Still, the modelling approach presented here desonith good approximation the maximum
capacity of the wall and the obtained behavioudiats well the rocking failure mode. It is worth
noting that even though the diagram does not gxéittlhe envelope, the maximum force and
failure behaviour are well estimated.
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Figure 3.10 Force-displacement curves for CS02 \{@llResults with E=2000 MPa; (b) Results with
E=1100 MPa.

The damage pattern was also evaluated for botheofibhalysis by plotting the maximum and
minimum principle strains distribution. Althoughmse differences were found between the
capacity curves of both the analyses, the straststaitions are nearly the same (see Figure 3.11
and Figure 3.12). Both in peak and post-peak belbavihe strains distribution indicate a
concentration of damage in the left bottom andrigbt corner of the wall. This type of damage
is characteristic of the flexural behaviour, wititking. The analysis of the compressive strain
distribution of the pier (Figure 3.11c and Figur&2®) shows a high concentration in the diagonal
direction until the toe, also typical of flexurdltaes. Crushing at the toe is also perceptible by
the strain concentration in this area.

Analysing not only the capacity curves but also ta@nage distribution obtained by these
analyses, a clear flexural behaviour is observegljipting the overturning of the wall over its
toe. In the experimental tests a combined shear feaxdire failure is described, initially
characterized by flexural-rocking behaviour follmvby the formation of shear cracks. The
analyses results do not indicate the appearans@ea#r cracks, only the rocking behaviour is
captured. The experimental tests show that ther sineeks appear due to sliding along units and
mortar joints. Indeed, within the experimental femaork another test was carried out on a wall
with the same characteristics but constructed \ifter quality mortar and only rocking
behaviour was verified. The comparison betweemthmerical and experimental results stresses
the model limitations in the simulation of slidibgtween mortar joints behaviour. Only a micro-
model could possibly simulate the behaviour founthe experimental test of this wall.

However, although the inherent and discussed ltroita, this modelling approach is simple but
uses sophisticated constitutive laws to describe mmasonry behaviour giving relevant
information regarding the maximum capacity and m@dr behaviour of these walls.
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Figure 3.11 Strains distribution for CS02 wall wE=2000 MPa: (a) Tensile damage at peak load;
(b) Tensile damage at final stage; (¢) Compressiansdistribution at final stage.
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Figure 3.12 Strains distribution for CS02 walllwE=1100 MPa: (a) Tensile damage at peak load,;
(b) Tensile damage at final stage; (c) Compressiansdistribution at final stage.

The analysis results of the squat wall subjecteligber level of compression, CT01, showed
that the in-plane behaviour of this wall is in agrent with the experimental monotonic envelope
as the maximum capacity is well estimated and thelimear behaviour fits with very good
approximation the experimental curve (Figure 3.83)calibrated, the linear numerical stiffness
is in agreement with the experimental initial bebav. The discontinuity visible in the capacity
curve of this wall can be explained by the opermihthe first crack in the model followed by the
subsequent redistribution of stresses to adjademiemts. The maximum horizontal capacity
measured during the experimental testing, 234 &Nyell estimated by the numerical analysis,
predicting 224 kN of maximum horizontal load (od% of error). The softening after peak
behaviour verified in the force-displacement cuwith the loss of capacity of the wall follows
the behaviour of the experimental envelope witly ggrod approximation. As stressed previously
the displacement capacity is discussed in section 3
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Figure 3.13 Force-displacement curve for CTO1 wall.

Experimental results identified several diagonacks forming in the centre of this wall
describing a pure shear failure. The analysis efdamage pattern by plotting the maximum
principle strains at peak and post peak behavieigu¢e 3.14a and Figure 3.14b), demonstrates
that the behaviour verified experimentally is wedproduced by the numerical model. The
formation of diagonal cracks between the top coarat the wall toe evidences a clear shear
failure with diagonal cracking developing at theerpcentre. Due to the high level of pre-
compression installed, the wall does not tend tatecaround the toe, instead it starts to develop
diagonal cracks at the centre where the concentrati strains is higher at the peak load (see
Figure 3.14a). In Figure 3.14c the concentratioarhpressive strains is presented showing a
compressive strut in the wall diagonal, aroundaieas where the cracks are located.
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Figure 3.14 Strains distribution for CTO1 wall) {gensile damage at peak load; (b) Tensile damage
at final stage; (c) Compressive strain distributfinal stage.
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The numerical results obtained for the squat waith wower compression level, CT02,
demonstrate that the in-plane behaviour verifieéxXperiments is numerically reasonably well
reproduced. The comparison between the numericedefdisplacement curve and the
experimental envelope, presented in Figure 3.1fjmwos that the maximum wall capacity is well
predicted by the numerical analysis with a mineorearound 5% (146 kN obtained numerically
against the 154 kN measured experimentally). Intwbacerns the post-peak behaviour, slight
differences can be found between numerical andrawrpatal curves. After reaching the peak,
the wall capacity decreases due to the formatighefirst diagonal cracks. After this point, and
as a result from the redistribution of stressasim-damaged adjacent elements, the wall suffered
a slight increase of its capacity before preserdingpre pronounced decrease of the load capacity.
The experimental envelope response also presergsident drop after the peak but a gradual
decrease on the wall capacity is verified untilufia.

The damage evolution verified numerically is cotsis with the experimental damage
description characterized by shear behaviour (Eigufi6). After the peak, where the tensile
strains concentrate at the bottom and top cornersalthe deformation of the wall (Figure 3.15a),
the wall suffers a decrease in the capacity maivéty the formation of the first crack and fails
in shear exhibiting a clear diagonal crack thasses the wall from one corner to another (Figure
3.15b). The expectable diagonal compressive stratso present when the minimum principle
strains distribution are plotted (Figure 3.15c)eTdnack pattern resultant from the experimental
testing of this wall presented cracking through wadl diagonals, consistent with the damage
found in this analysis results. Even if the numaricurve in the nonlinear range does not fit
exactly the experimental envelope, the maximum acapds well estimated and the damage
evolution is well described numerically, confirmitige ability of the numerical model to simulate
the wall behaviour.
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Figure 3.15 Force-displacement curve for CT02 wall.
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Figure 3.16 Strains distribution for CT02 wall) (gensile damage at peak load; (b) Tensile damage

at final stage; (c) Compressive strain distributiinal stage.

Based on the comparison between numerical and iexgetal capacity curves and damage
distribution, it can be concluded that the numénnadels proposed are able to reproduce the
experimental in-plane behaviour of masonry wallslemcombined vertical and shear loads,
meaning that they can be used on the parametrigsimalhe maximum horizontal load is well
estimated (with minor errors for all the walls)e thlastic strains evolution accurately describe the
experimental behaviour and the failure modes wegdipted well, with crack patterns consistent
with those observed experimentally.

3.5. PARAMETRIC ANALYSES

Numerical modelling is commonly regarded as a cemgntary approach to further study
different conditions and parameters, which is neianpracticable from the experimental point of
view. In this sense, parametric analyses consigennintermediate geometric configuration and
compressive load, using the validated numerical etfspchre addressed and discussed in this
section.

Parametric analysis aims to clarify the interacbetween the pre-compression level and the wall
slenderness ratidf]) in the in-plane response of the masonry wallseursthear loading. Since
four walls were experimentally tested and numelycstudied by validated models, intermediate
conditions of these walls are studied in accordawite Table 3.5. Walls with 2.5 m height and
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intermediate length of 1.875 m, comprising a sleness K/1) ratio of around 1.33 (named as CM
walls), were included in the numerical analysis aqae-compression level of 0.35 MPa was also
evaluated. The in-plane response of more five nrgswealls is numerically estimated, in a total
of nine walls.

Since the validated reliable models are represeataif the mechanical behaviour of the
experimentally tested vertical elements, the nucaéstudy is extended to other configurations
and stress levels.

Table 3.5 Parametric analyses (in grey the wajeementally tested and numerically validated).

hy, =2 h/ =133
0.5 MPa 0.5 MP:
Dﬁﬂ%?iﬂ
0.5MPa EEEs
25 m:mD:F CMO1
#—1.878—~
0.35 MPa 0.35 MP: 0.35 MP:
T L‘ U_‘T\_l) Lé%%%g T T u—u% I o |
0.35 MPa == P e =2=c
T -2 Ccs03 T =25t cmo3 T
#—1.875—
0.2 MPa
[=ls :():‘L_,J
02MmPa T
25 [ | CMO2
] -]
#—1.878—

Since the parametric analyses comprise a new geeornetfiguration (CM walls), a numerical
model with the characteristics defined above wastacted and the mesh discretization includes
1692 nodes and 529 elements, as presented in F&live The material constitutive laws,
boundary conditions and analysis options usedsmntiodel follow the same considerations made
in section 3.3 for CS and CT walls models.
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Figure 3.17 Numerical model for CM walls.

The analysis of the parametric models were perfdrmih the same assumptions made for the
validated models. As previously demonstrated, tasanry elastic modulus is dependent on the
geometric configuration and pre-compression le&hing at simulating the correct stiffness of
these walls, equivalent elastic modulus were ddffioe the parametric walls according to Table
3.6.

Table 3.6 Elastic modulus for the parametric anglysi
Elastic modulus [MPa]

5=05 MPa CT01 CMO01 Cs01
1000 1300 1500

_ CTO03 CMO03 CSs03
0 =0.35MPa 900 1100 1300

_ CT02 CM02 Cs02
0=0.2MPa 800 900 1100

The analyses results were grouped considering thegmpression level and the geometric
configuration in order to evaluate the influencdlafse parameters on the response of the wall.
Figure 3.18 describes the influence of the georadtdonfiguration in the wall behaviour and it
is observed that larger height/length ratios (fier same height) led to lower capacity of the wall,
independently of the level of compressive stressalysing the results when the vertical
compression was kept constant and the walls gegmatied, an increase in the lateral wall
capacity around 90% on average was verified comgasialls of h/l ratio equal to 2 with/I
equal to 1.33. A moderate enhancement of the waksgth capacity near 30% was verified for
walls of h/l ratio equal to 2 when compared to the 1hB3ratio walls. This increase is not so
pronounced for 0.35 MPa pre-compression level.
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Figure 3.18 Force-displacement curves of the pdarignanalyses - Comparison according the

compression level: (a) 0.5 MPa; (b) 0.35 MPa; (2)NPa.

The contribution of the pre-compression level omwall behaviour is assessed by the analysis
of Figure 3.19 in which, for the same geometricficpmation, the influence of the stress level is
evaluated. It is clear that the lateral strengtheihanced by increasing the level of pre-
compression on the wall, for all the geometric @unfations. The maximum capacity increase is
more or less consistent in all the geometric caméijons. Besides the expected differences in
the linear stiffness (obtained through the masaiagtic modulus), the non-linear behaviour
response of the walls is also influenced by thelle¥pre-compression. Walls subjected to lower
levels of pre-compression tend to exhibit a moretitkibehaviour, with the exception of wall
CMO3 that present also a ductile response.

Walls with lower compression levels and greateghiiength relations (slender configurations)
tend to experiment a smooth evolution in the faliglacement curve, typical of flexural
behaviours. The results of these analysis in wiichcerns the maximum capacity are very
consistent and close to the expected, given ottpargnental tests results. It is observed also that
the contribution of vertical stress level is depamicbn the failure mode developed in the pier.
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Figure 3.19 Force-displacement curves of the parégnanalyses - Comparison according the

geometric configuration: (d)/l =1; (b)h/l =1.33; (c)h/l =2.

In order to obtain a better insight on the influeraf the vertical compression and geometric
configuration in the failure mode, the maximum pijral strains distribution were plotted as an
indicator of damage for the post-peak behaviowgufe 3.20 shows the damage distribution of
the walls from the parametric analyses organizedebgl of compression and wall geometry.
Analysing the damage patterns, the transition ftoenflexural behaviour to shear is notorious.
Slender walls subjected to lower levels of pre-carapion tend to experiment flexural behaviour
with the overturning of the wall. The crack pattefrthe walls is in accordance with the force-
displacement curves presented above.

From the results it is possible to observe thatvia#t with slender configuration subjected to
0.35 MPa of compression (CS03 wall) suffers a comdbishear flexure failure. The severe
concentration of damage spreading from the topt ighner and bottom left toe points out the
flexural behaviour of this wall. Still, the conceation of strains in the diagonal of the pier, from
the top corner to the bottom toe, indicates thertmagg of the shear behaviour, which turns out
to be the one governing the failure at the end thiéhdevelopment of diagonal cracking.

Similarly, the wall with mean slenderness ratiojsated to low compression (0.2 MPa), CM02
wall, presents a damage pattern typical of flexbetiaviour including overturning of the wall
(rocking) and also shear diagonal cracking in gr@re of the wall. Although the evident flexure
response experimented by this wall, failure ocaus to the diagonal cracking which spreads
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along the wall creating instability. The deformaticapacity of this wall is more consistent with
a shear failure (see Figure 3.18c or Figure 3.19b).

The walls with lower slenderness ratio configunasiocombined with high levels of pre-

compression (CM03, CM01 and CT03), besides achiemnpre in-plane strength capacity, are
clearly governed by shear behaviour. The craclepadtl verified for the remaining walls was
the development of diagonal cracks at the centréhefpier, as shown in Figure 3.20. The
displacement capacity of these walls will be furthiscussed in the next section.
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Numerical results revealed that both the slendern&so and the pre-compression level play a
central role in the behaviour of masonry walls unideplane loading, affecting not only the
maximum lateral capacity but also the behaviour faiidre mode. Parametric analysis carried
out in this section enabled to verify in which manthe studied parameters are related, giving
relevant information about the response of thediswihe obtained results are consistent, further
validating the modelling approach.
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3.6. DRIFT CAPACITY

The purpose of this section is firstly to compdre drift capacity obtained numerically with the
experimental test results in order to validaterthmerical approach and then to estimate the drift
capacity for the walls in the parametric analy#idditional numerical analysis varying the
mechanical parameters of masonry were also caougdiiming at comparing the drift limits
imposed for different codes with the ones obtainatherically. Here it is intended to give a
contribution to the discussion on walls drift capac

In recent years, displacement-based methodologies heen progressively developed for the
seismic assessment of existing masonry structliriess been widely accepted that that structural
damage is related to material strains and for itBé&son such methodologies provide a more
reliable and realistic evaluation of the damageritistion (Russell 2010). Accordingly, the
characterization of the drift capacity of masondlg/is required.

As mentioned before, several experimental campaigrihe in-plane strength characterization
of masonry walls have been carried out in theylaats, but only a few focus on the drift capacity
topic. Experimental research on in-plane behavafunasonry walls constructed with different
materials has been summarized by Magenes and R@0&d) regarding the ultimate drift
capacities. There, a range of drift values is iatdid for each type of masonry walls, categorized
in shear and flexural failures. The drift capacdifyeach wall was determined in correspondence
of a drop in the shear force-lateral displacemamt®pe curve equal or greater than 20% of the
maximum shear force attained, except for walls goee by flexural failure in which no
noticeable strength decay up to very high drifuealwas observed and the tests were stopped.

A compilation of the ultimate drift of masonry péezorresponding to different failure modes (or
a combination of them) observed during the in-plaasting of several piers was also addressed
by (Moon 2004). Finally, the drift capacity of masp walls was also extensively investigated
by Petry and Beyer (2014) through an experimergaipaign which included the study of walls
with distinct boundary conditions and axial loadthis document the authors provide a database
compilation of available experimental tests resaitd the equivalent drift capacity.

In order to give contributions on the drift estifat for design and assessment of masonry
structures, a set of numerical analyses using didated models was performed. The ultimate
displacement was defined as equal to a displacenm@rgsponding to 80% of the maximum
force, as recommended by EC8 (EC8-3 2004) and FE39& (FEMA 356 2000). This is a
conventional limit used by several authors (Coffd72 Magenes and Penna 2011; Beyer 2012)
and generally corresponds to a condition in whitghwall is still capable of carrying the vertical
load, but additional increases in the deformatiemand could lead to the partial or total failure
of the element. Accordingly, both the experimeratatl numerical force-displacement curves
were used to assess the displacement capacity ofitral four walls (see Table 3.7). For wall
CS02, which experiments a rocking/flexural behawiaccording to the numerical analysis, the
ultimate displacement could not be estimated sasndeopped below 80% of the peak resistance
was not verified in the analysis within a reasoaat$placement. For this reason the experimental
and numerical drift capacity of CS02 wall were nompared. In what concerns the other walls,
comparing the drift capacity obtained in the nurcaranalysis with the experimental values, one
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can infer that the ultimate displacement is reashnaell estimated by the numerical models.
The errors between the experimental and numeridakcdpacity can be considered acceptable.

Table 3.7 Comparison between the experimental anterical conventional drift capacity.

Displacement Capacity [mm] / Drift [%]

Cs01 CS02 CTO01 CTO02
Experimental 10.3/0.41 17.0/0.68 11.5/0.46 12.0/0.48
Numerical 9.7/0.39 >25.0/>1.0 10.0/0.4 14.0/0.56
Error 6% - 13% 16%

Several codes and guidelines proposed a maximdhedpacity for damage limitation depending
on the failure mode of the element. The EurocodeB(B 2004), Italian (OPCM 3274 2003; NTC
08 2008) and New Zealand (NZSEE 2006) codes, daw€EMA guidelines, (FEMA 306 1998;
FEMA 356 2000) recommendations are summarized &utissed in the following. EC8 — Part
3 estimates the drift capacity as a function ofttfpe of behaviour (flexure or shear). The drift
capacity of an unreinforced masonry wall controltgdflexure should be limited to 0.8%/l,
and to 0.4% drift when controlled by shear behavigis the distance between the section where
the flexural capacity is attained and the contkafte point and | is the in-plane horizontal
dimension of the wall (depth). In the Italian cq@PCM 3274 2003) the in-plane drift in flexure
is set 0.8%, unlike Eurocode does not takes intowa the bl ratio, and 0.4% drift in shear.
These values are defined based on solid brick @mesimasonry walls tests since a larger
experimental data base is available (Magenes 200&)recommendations provided by NTC-08
(2008) limit the in-plane drift for flexural behair to 0.6% and for shear 0.3%, which are smaller
than the values set up by the previous codes. Tdvwe Eealand code proposes drift capacities
depending on the failure mode instead of the tyfd@ebaviour. Thus, rocking and shear sliding
are limited to a 1% drift and toe crushing and dizj cracking are limited to 0.5%. Finally,
FEMA also distinguishes drift capacities for thBeatient failure modes. In rocking failure, FEMA
assumes 0.8% drift, similarly to EC8 and for thdisg along the joints failure mode a drift of
0.4%. For combined modes FEMA also establish drfits, being for toe crushing, flexural
cracking and bed joint sliding 1.2% of drift and flexural cracking and toe crushing only a drift
capacity of 0.3%.

These limits adopted by codes do not make distinaif masonry typologies and levels of axial
load and only few take into account the boundamd@®mns. Several experimental campaigns
have shown that the failure mode and consequemdlylisplacement capacity of masonry walls
is scattered and depends on the aforementionedticosd A wide variation in drift capacity has
been reported depending on the failure mode by2804) and Magenes and Penna (2011) in a
compilation of available experimental tests. Thidt dapacity of unreinforced masonry walls is
extensively discussed in the work of Petry and B€3@14), in which an empirical drift capacity
equation that accounts for the boundary conditiaril load and the size effect is proposed.

In order to evaluate the influence of the geomatmonfiguration and vertical stress level in the
drift capacity, the force-displacement curves resitlfrom the parametric analyses were used to
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define the ultimate displacement according to thteria defined above. The displacement
capacity and equivalent drift is presented in Tab&for the 9 walls. Excluding the wall CM03,
numerical analyses showed that the lower the agialpression, the larger displacement capacity
attained by the wall. Indeed, parametric analybesved that walls subjected to higher levels of
compression exhibit more stiff responses and higsteength in-plane capacities but the

displacement capacity is limited. No evident r@ativas found in the drift capacity regarding the
wall aspect ratio.

Table 3.8 Drift capacity of the parametric analyséls.
Drift Capacity
5=05 MPa Cs01 CMO01 CT01
9.7 mm/0.39% 8.5 mm/0.349 10 mm / 0.40P0
_ CS03 CMO03 CTO03
0=035MPa| 455 1im/0.620% 17 mm/0.68%  12.5mm/0.50%
B CS02 CMO02 CT02
0=02MPa | o5 mm/>1%| 125mm/0.50% 14 mm/0.56%

Aiming at extending the study of the drift capadity provide more numerical data, a set of
numerical analysis based on these 9 models wasrpeatl varying the mechanical parameters of
masonry: (i) elastic modulus; (ii) compressive syth; (iii) compressive fracture energy;
(iv) tensile strength; (v) tensile fracture energire purpose is to evaluate the drift capacity of
these walls varying the elastic modulus -25% ariaP4-2nd the other parameters -50% and +50%
of its initial value. These variations were perfedmodifying only one parameter at a time and
in total 90 numerical analysis were carried oute Thtimate displacement for the sensitivity
analysis of CS02 wall could not be evaluated dubéaluctile flexural behaviour of this wall, as
explained previously. Therefore, 80 values for dnét capacity were graphically plotted and
compared with the 0.4% drift, as recommended bytrabthe codes for shear behaviour (see
Figure 3.21). The results showed that the minimuift of 0.4% proposed in the codes is not
attained by all walls, as 26% of the values achdkifes lower than 0.4% and 6% of them achieve
a drift lower than 0.3%.
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Figure 3.21 Drift capacity.
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Aiming at assessing in what measure some paramefieisnce the walls drift capacity, diagrams
which relate the drift capacity with the ratio betm vertical stress and masonry compressive
strength (Figure 3.22) and the slenderness ratgu(€ 3.23) were plotted. The vertical stress
over masonry compressive strength rasigf{) was selected in order to allow for a comparison
of results provided by some authors (e.g. PetryBayker 2014). Besides the typical graph, a box
diagram is also drawn, giving valuable informatiegarding the drift capacity distribution
according to the studied parameters. The diagraioates the spread of the numerical data: the
maximum, the minimum, the median (the line in thiddie of the box), the mean (represented
by the white square) and the “box” which represémsdata between 25% and 75%. The spacing
between the different parts of the box indicatedbgree of dispersion and skewness in the drift
values. From Figure 3.22a, it is observed thatltifecapacity seems to decrease for highgf,
relations, which mean lower vertical stress leve@lshe distribution presented in the box diagram
(Figure 3.22b) this relation is not so apparent Tbncentration of values fay/ f. equal to 0.06,
corresponding to the walls subject to 0.2 MPa dfiea stress, between 0.4% and 0.7%, is similar
to thea/f. of 0.11 which is between 0.45% and 0.8%. Nevee®lit should be noted that for
the walls with 0.2 MPa stress, the graph includs kealues since wall CS02 suffers rocking
behaviour and the drift could not be determinedigeavalues of drift capacity are expected
(>0.8%) for this wall, so the box diagram fay f. equal to 0.06 may not be representative
(probably the concentration would be for higherueal of drift capacity). In this manner, it can
be affirmed that walls with lower level of pre-corapsion tend to exhibit a more ductile
behaviour achieving higher drift capacities for @wevels of maximum in-plane strength.
Clearly, less dispersion of the drift was verifitet walls subjected to 0.5 MPa of pre-
compression. These results corroborate the behawietified during the numerical study
presented in the previous sections.
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Figure 3.22 Drift variation in function of the rétan between the vertical stress and masonry

compressive strength: (a) Scatter graph; (b) Bagrmaim.

In the assessment of the influence of the slendsmatio on the lateral drift capacity of the walls
Figure 3.23 displays the drift distribution accoglto the walls configuration. It is expected that
slender walls subjected to shear behaviour teneéxtabit limited horizontal displacement
capacity, although this relation is not so evidertien comparing with the other walls
configuration drifts. Furthermore, walls governedflexure behaviour or exhibiting combined
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shear and flexure behaviour reach larger displanewegpacity. As observed in the parametric
analyses results this type of responses is chaistief slender walls subjected to lower levels
of compression. For this reason, no direct relatembe addressed regarding the influence of the
aspect ratio of the walls in the drift capacity.

The force displacement curves obtained in the Beitgianalyses varying the mechanical
parameters of masonry are provided in Annex A. jriab the overall results from the sensitivity
analysis, it should be stressed that parametezstik compressive and tensile fracture energy,
and tensile strength influence in a significant was walls horizontal drift. The results from the
analyses varying the masonry elastic modulus shattthe walls response only suffer a deviation
in what concerns the linear stiffness, whilst samjath is verified in the nonlinear behaviour.
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Figure 3.23 Drift variation in function of the slderness ratio: (a) Scatter graph; (b) Box diagram.

From the presented results it is possible to olestirat the 0.4% drift recommended in codes for
shear is not accomplished for all the walls, whigises doubts on the adoption on this limit for
all walls. Nevertheless, the analysis of the seismsponse of masonry buildings proved that in
most cases a non-negligible contribution is progildg the coupling effect of masonry spandrel
beams. For this reason, the fixed-fixed conditiopdsed by the numerical model may not
reproduce with good approximation the real condgiin most of masonry buildings piers. In
typical masonry buildings, walls are connected biizontal diaphragms and spandrels which act
as coupling elements to piers. The stiffness arehgth of these connecting elements can vary
but fixed conditions are hardly obtained. Since dni#& capacity is highly dependent on the
boundary conditions (Petry and Beyer 2014) andrainait reproducing the boundary conditions
of typical masonry buildings, interface elementseniecluded in the previous numerical models
on the top of the wall assuming a normal stiffreggivalent to the axial stiffness of a 0.5 m high
spandrel placed on the top of the specimen. Orlgm@ecimens were considered, corresponding
to the walls which attained lower drift capacities.

The results of these analysis showed a consistergasing on the ultimate displacement, proving
that the boundary conditions have an importantigrite in the horizontal drift capacity attained
by the walls. An increase of 37% in average indh#& capacity was verified considering the
stiffness provided by 0.5 m of spandrels on thedbphe wall. In order to estimate the drift
capacity in the remaining walls (not numericallyabysed) a simple procedure was taken to give
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an idea of the drift distribution if different bodiary conditions were considered. The drift values
obtained previously were increased in 37% (sinieisithe mean increase) and plotted in Figure
3.24. With this simple procedure, an idea of thpeeted scattering of the analysed data is
provided.

Analysing the drift distribution presented in Fig8.24, the 0.4% of drift limit is accomplished
for 94% of the walls demonstrating that the requieats proposed by codes for shear behaviour
is fulfilled for most considering boundary condit® closer to the real ones. It is worth to
emphasize that, according to NTC-08 recommendatitmes drift limit in shear (0.3%) is
accomplished for all walls.
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Figure 3.24 Estimation of the drift capacity considg at the top wall the stiffness provided by 0.5
m of spandrels.

3.7. ANALYTICAL EVALUATION

Analytical simplified formulations have been deymd trying to characterize and estimate the
masonry walls in-plane strength. As previously estafpost-earthquake surveys revealed that,
when subjected to in-plane loading, masonry waltgltto fail by one of the four different failure
modes (presented and discussed in Chapter 2). @estadies have been developed aiming at
characterizing the shear resistance of walls thrcgigplified analytic models. Experimental
walls data is used to validate these models rdttzar on fundamental mechanistic theories and
constitutive models (Yi 2004). Relevant Europederditure documents and codes include and
discuss some of these analytical methods (e.g. Megand Calvi 1997; Tomazevi999; OPCM
3274 2003; EC6-3 2005).

In this section, the strength capacity of the nucadly studied walls is estimated based on the
simplified formulations proposed by some specifinrdpean literature hereinafter termed
“European equations” (Turnsek and Cacovic 1971;n3ek and Sheppard 1980; Mann and
Muller 1982; Magenes and Calvi 1997; Toma2ed®99; EC6-3 2005; NTC 08 2009; Magenes
and Griffith 2009b), by U.S. Guidelines (FEMA 356(0®) and New Zealand code (NZSEE
2006). The analytical equations are discussed laadntplane capacity is compared with the
experimental and numerical results. All methodsljotehe shear behaviour of walls by equations
to estimate the strength capacity of the walls ading to the failure mode. Table 3.9 summarizes
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the equations applied and in the following a bdie$cription of them is provided. Note that, given
its large number, the description of the symbotgiua the expressions is provided in the section:

List of Symbols.

Table 3.9 Analytical expressions according to Hikife mode.
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3.7.1. European Equations

The lateral resistance of a wall subjected to ampl load according to European literature
(Turnsek and Cacovic 1971; Turnsek and Sheppar@;188nn and Muller 1982; Magenes and
Calvi 1997; Tomazewi1999; EC6-3 2005; NTC 08 2009; Magenes and Gri2id09b) can be
assessed by considering an analytic equation &brfaglure mode. Note that in flexural responses
some authors do not distinguish the toe crushidgacking failures once the analytical equations
that describe their behaviour follow the same ppies.

The shear resistance of a wall failing in toe cihughis conditioned by the crushing of the
compressive zone which can be approximated to peprstress distribution as illustrated in
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Figure 3.25, neglecting the masonry tensile sttenghe vertical stress distribution at the
compressed toe is commonly assumed as an equivatgangular stress block withcoefficient
equal to 0.85. Thus, the equilibrium of forces igufe 3.25 leads to the expression to estimate
the wall strength for toe crushing (see Table 8fation (3.3)). A facta, to take into account
the boundary conditions is also suggested by mathoes (equal to 0.5 for fixed-fixed conditions
and to 1 to cantilever walls), which is valid hewsier.
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Figure 3.25 Equilibrium of the wall subjected to tieal and horizontal loads with crushing at the

base corner.

The rocking failure mode represents the overturrohghe masonry pier, as the horizontal
displacement increases the wall rotates arountbtheThus, the shear strength of a wall failing
in rocking is easily computed by the equilibriumtbé rigid block around O (see Figure 3.26).
Equation (3.6) describes the in-plane capacityhefwall for rocking, taking into account the
boundary conditions through the parametger

Figure 3.26 Overturning around O.

Bed-joint sliding failure occurs when the sheaesdracting on the effective section exceeds the
maximum bed-joint shear strength. It has been gdlgexrccepted that the shear resistance can be
evaluated based on the Mohr-Coulomb formulation défees and Calvi 1997) assuming the
effective uncracked section length (as adoptedhbyHC6 on masonry structures). The length of
the effective compression zone is calculated néghkpthe masonry tensile strength and assumes
a simplified distribution of compression stressas,described by Figure 3.27. The obtained
expression is easily deduced by these relationssgoitsented in Table 3.9, equat{ars).
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Figure 3.27 Calculation of the length of the comspien zone.

Finally, the expression to estimate the laterargjth in diagonal cracking was formulated by
(Mann and Muller 1982), based on the tests perfdrmeSlovenia (Turnsek and Cacovic 1971,
Turnsek and Sheppard 1980). As reported by (Tom&aAfo9), this formulation assumes that
the diagonal cracks are caused by the principalileestresses developing in the wall (with a
critical value according to the tensile strengthmafsonry) and accounts for the influence of the
geometric configuration in the load distributionssiiming that the masonry wall is an elastic,
homogeneous and isotropic element, the lateradteesie of a masonry wall falling in shear by
diagonal cracking (Figure 3.28) is evaluated thiodge expressiori3.11) This formulation
includes the consideration of a paramdt&rhich is dependent on the pier aspect ré,fy;) and
accounts for the distribution of shear stresseattnter of the wall. A value bfequal to 1.5 has
been proposed for walls with slenderness ratiotgréhan 1.5, between 1 and 1.5 aspect ratios b
is assumed equal to the relat?éyfﬂ and a value of 1 has been proposed for walls aggiect ratio

less than 1, giving good agreement with experimeatallts (Magenes and Calvi 1997).

’

3

Figure 3.28 Diagonal Cracking.

The analytical predictions proposed by FEMA and EESjuidelines follow similar principals
of the formulations presented above in some exjgessand for this reason only a brief
explanation will be addressed for these formulation
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3.7.2. FEMA Predictions

In FEMA recommendations (FEMA 356 2000), the ina@ecapacity of walls components is
evaluated as the lower value of the lateral stiergsed on each of the four typical failure modes.
Four analytical expressions, corresponding to dilare modes described in Chapter 2 by Figure
2.10, are proposed for the calculation of the gfifercapacity. Table 3.9 presents the equations
provided by FEMA. The wall strength capacity is leated through equation (3.15), which
considers the minimum value obtained for all falunodes. The factar reflects the boundary
conditions: for a fixed-free cantilever wadk is taken as 0.5 and for a fixed-fixed pier eqoal t
1.0.

Vo = MIN(V;; Vs Vs Vi) (3.15)

For toe crushing (equation (3.4)), rocking (equafi®.7)) and diagonal (equation (3.12)) strength
predictions the equations are very similar to thesgproposed by the European literature although
some differences can be found. Here, in toe crgsbkinength prediction the vertical stress
distribution at the compressed toe is consideréft instead 0.85fc). In the equation for rocking
failure a factor of 0.9 is introduced and the egpren for diagonal cracking is equivalent of the
one defined above in the case of walls with slemeles ratio H{/l) between 1 and 1.5The
modification introduced by the parameterdescribed above in the formulation to describe
diagonal cracking has been discussed by some autfio2004; Russell 2010) which considered
that it agrees better with the experimental results

Similarly to the European expression, the strerdiction of sliding follows the Mohr-
Coulomb criterion although here the effect of motriemot considered so the reduction in the
effective length of the pier due to the presenckarsizontal flexural cracks is not considered in
FEMA (equation (3.9)). These recommendations apdiexh and discussed in detail by several
researchers (Moon 2004; Yi 2004; Russell 2010; &ngl2011).

3.7.3. NZSEE Predictions

Similarly, the New Zealand Society for EarthquakegiBeering (NZSEE, 2006) provides
guidelines for predicting the nominal in-plane tatestrength of masonry walls also summarized
in Table 3.9 .Despite considering separate failnmeles for several authors, rocking and toe
crushing failure modes are often linked since trertirning of the wall includes the simultaneous
crushing of the compressed toe. Considering thith@se recommendations only one equation to
determine the flexural strength limit is providedj¢ation3.5), similar to the “European” formula
for toe crushing). Likewise, the equation recomneghdby for sliding shear is also defined
through the same principles explained in secti@nl3(Vs equation(3.10). The main difference
of these guidelines is the consideration of twaatigns to estimate diagonal tension failure mode:
one is intended to reflect crushing in mortar jeiand is based on a Mohr-Coulomb failure
criterion applied over the full length of the memlig’ in equation (3.13)and the other intends
to reflect shear associated with diagonal tensailnre involving cracking through unitg.{ in
equation (3.14)).
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3.7.4. In-plane Strength of the Walls

As given by the above expressions, the computatidine in-plane strength of a masonry wall is
largely dependent on the axial load, the geométwedl configuration and boundary conditions

(fixed-fixed or cantilever walls). The limiting stngth capacity was calculated for the studied
walls according to these expressions, using tleagth values from the analyses.

The results obtained by the application of the $ifilegd expressions are summarized in Table
3.10 and Figure 3.29. The prediction by the forriokes are compared with the lateral capacity
achieved numerically for the nine walls. Table 3pi€sents the in-plane shear capacity achieved
numerically for the nine walls under study and alsoresults from the application of the formulas
defined above for each failure mode. In the anedytpredictions, the lower value obtained
considering all the failure modes is presentedaild.bA comparison between the numerical and
the estimated in-plane capacity of the walls is @iovided in this table, dividing the predicted
value by the numerical value. Finally, in the lesiumn of Table 3.10 the obtained failure modes
are compared. Since sliding could not be simulbiethe proposed modelling strategy, the type
of failure mode was compared considering sheafflardral failure.

The results show that only 10% of the failure moidesot well predict regarding shear and
flexural behaviour. Besides, the failure modes d¢naately evaluated are related to FEMA
formulations, which can raise doubts regarding soomesiderations taken by these guidelines.
Analysing with more detail the obtained strengthuga for FEMA, it can be realized that the
sliding shear expression seem not to describe atyithe behaviour since the effect of moment
is not considered and the effective length is ety as also discussed by (Yi 2004). Moreover,
the expression provided in FEMA for diagonal cragkseem to be very conservative far
relations lower than 1 (slender walls), whilst taeropean expressions include the correction
throughb factor. The results also proved that the NZSEEesgions for the prediction of the
walls strength for diagonal cracking failures, castimate accurately the values obtained
numerically.

The relation between the analytically predictedrggth and the numerical values is near 1 in most
cases, which reveals a good agreement between ifséohpl formulations and
experimental/numerical results (since the numerioadels were also validated against the
experimental). Globally the European and NZSEE {fdations can predict well the failure mode
and the lateral resistance of masonry walls.
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Table 3.10  Strength prediction.

Prediction [kN]

Numeric Ff'\i/iltlégs Flexure Shear M fiﬁll:?g
[kN] _ Toe | pocking| Stiding| Didgonal | "Tene | mode?

Formulations-_| Crushing Cracking
European 180 198 | 144 186 0.99 Yes
CTO2 146 | FEMA 177 178 269 186 1.21 No
NZSEE 180 144 |160 | 375 0.99 Yes
European 273 318 | 209 220 1.02 Yes
CTO3 205 | FEMA 263 286 | 359 | 220 1.07 Yes
NZSEE 273 209|192 |391 0.94 Yes
European 352 438 268 248 1.10 Yes
CTO1 225 | FEMA 334 394 | 449 | 248 1.10 Yes
NZSEE 352 268 | 223 | 406 0.99 Yes
European 102 111 92 105 0.89 Yes
CM02| 104 | FEMA 99 100 201 105 0.95 No
NZSEE 102 92 |108 |253 0.89 Yes
European 153 179 137 123 1.02 Yes
cM03| 121 | FEMA 148 161 269 | 123 1.02 Yes
NZSEE 153 137 (129 | 264 1.07 Yes
European 198 246 180 140 0.80 Yes
cMoi| 176 | FEMA 188 222 336 | 140 0.80 Yes
NZSEE 198 180|151 | 274| 0.86 Yes
European 45 50 47 62 0.92 Yes
CS02 49 | FEMA 59 45 134 47 0.92 Yes
NZSEE 45 47 | 60| 141] 092 Yes
European 68 80 73 73 0.92 Yes
CS03 74 | FEMA 88 72 179 55 0.74 No
NZSEE 68 73 | 72| 147 092 Yes
European 88 110 99| 83 0.90 Yes
Ccso1 92 | FEMA 112 99 224 62 0.67 Yes
NZSEE 88 99 | 84 |152 0.91 Yes

Figure 3.29 displays the results in a bar diagieon.each wall the in-plane strength according to
the numerical results and analytical predictions plotted. The in-plane strength capacity
presented in the form of diagram allows for an exaisiterpretation of the results and promotes
the comparison between walls. Here, the influentethe geometric configuration and

compression load in the horizontal capacity ofutladl is easily perceptible. In what concerns the
analytical predictions, globally good agreementhwihe numerical was verified for all the

formulations. For slender walls (CS) minor diffecea were found for European and NZSEE
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predictions comparing with the achieved numerigeddal strength, and less reasonable errors for
FEMA predictions when diagonal cracking is govegnthe failure. The strength capacity CM01
wall was slightly underestimated by the analytfoaimulations, being the expressions provided
by NZSEE the ones giving closer values to the nigakvalues, with an error of around 14%.
For the remaining CM walls (CM02 and CMO03), theestth capacity is very well estimated by
all the formulations as can be graphically confidireFigure 3.29. The in-plane capacity of CT01
wall was predicted with very good precision by NES&pressions and with good approximation
by the others. Good agreement was also found iegtimation of the in-plane capacity of wall
CTO03 by the simplified formulations. European ar€iSEE analytical predictions achieved very
close strength values when compared to the nunhdoicavall CT02. FEMA mispredicted the
failure mode for this wall and for this reason fiength capacity attained is overestimated.

250

I Numerical
1Z% European

2004 R FEMA
i NZSEE

o

XXXX)
90%%%%

150+

R
i

R

g
030
K

>
26%%%

5%

V‘v
%%

3

KX
%3

X

00
5

>
25
K

100+

X
3

XX

7%

7
X

v‘v
%%
X

X

X
2%

o
X

%
X
%%

SO
%%

XXX

%

R

R

XX

%

o
R

Lateral Strengh (KN)

50

ZX

X
L

%
!
R

X

XX

e
%6%%

>
RRK

9

o

LANMMNIINIDDIDIZDOIOM

0
o
RRRES
i

=
%!

B
R

X%

1HMMDLIHDID9D] MM
Z2AMMIMMLID DML

AMMMMMIMIY
MMM

AMMMMIINY

93¢

Il . .
CMO1 CMO03  CMO2

Walls

Figure 3.29 Comparison between numerical sheangitieand predictions by analytical models.
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Based on the investigated analytical models andpeoison with the test results, it can be
concluded that all the analytical models for uni@iced masonry walls can predict successfully
and with good approximation the maximum shear dapad the walls and failure modes
regarding shear and flexural behaviour.

3.8. FINAL CONSIDERATIONS

In this Chapter a discussion on the in-plane betaof masonry walls with different slenderness
ratios and distinct levels of axial load subjectecshear loading is addressed, using advanced
numerical simulations. The numerical study was tasethe experimental campaign performed
at the EUCENTRE and University of Pavia on stonsonay piers. Aiming at simulating the in-
plane behaviour of masonry walls experimentallyesfinite element models were prepared.

Linear analyses results showed large differencdemitial walls stiffness when compared with
the measured experimental behaviour. The calibrghimcedure, as well as the analysis and
comparison with similar available experimental feswuallowed the conclusion that the elastic
modulus should be updated according to the pre-oessjn level. In order to calibrate the
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numerical models, the elastic modulus of masonry walated to adjust the walls stiffness to the
experimental behaviour since it is highly influedd®y the by axial pre-compression.

Good agreement was found between the experimenteé-flisplacement envelope and the
numerical capacity curve. The efficiency of fineeement continuum modelling to forecast a
representative failure mode of the masonry wassitiyated. Comparing with the failure in
experiments, the failure modes were also well egtioh by the numerical models, proving the
potential of the presented numerical strategynkite the in-plane behaviour of masonry walls
with accuracy. The limitation of the numerical apgch to simulate sliding was discussed during
the Chapter and it was considered that this woatgbrovide significant changes in the prediction
of the wall behaviour or strength capacity.

This work demonstrates that the understandingebt#haviour of masonry walls under in-plane
loading can be significantly improved by numerigpproaches. The validation of the numerical
models is an imperative step to gain confidend¢kérsubsequent results. The presented numerical
strategy can be seen as a complementary way ty stadonry piers, particularly useful for
parametric studies after model validation.

With the purpose of extending the study of masavaljs to other configurations and stress levels,
and taking advantage of the validated models, patrézranalysis were carried out. The results
allowed for the in-plane behaviour characterizatigrb additional walls, defining the lateral
strength capacity and estimating the damage digioib. It was possible to confirm that flexure
failure modes were predominant in slender wallfi\watv levels of pre-compression. Walls with
lower slenderness ratios subjected to higher cosspre loads tend to exhibit typical shear
behaviour with diagonal cracking developing at ¢bkatre of the pier. It was also demonstrated
that the higher level of pre-compression the graatplane capacity of the walls and the larger
slenderness relation the lower lateral capacityexeld by the walls.

The walls deformation capacity was also assessdddatussed according to the drift limits
imposed by codes. Besides the 9 walls studiednéheghanical parameters of masonry were also
varied in order to obtain a more extensive data total of 90 analyses. The study was intended
to provide additional insight into how the paramgtased in the analysis influenced on the
capacity. The drift data attained in these numeenalysis were compiled and compared to drift
codes limits. A number of walls did not fulfilleti¢ limit imposed and for that reason different
boundary conditions at the top of the wall weredgd. With the purpose of simulating the
coupling provided by spandrels, a stiffness eqgewialto 0.5 m of masonry spandrels was
considered to carry some additional analyses. Nigalanodels including interface elements at
the top to simulate the stiffness provided by 0 &fispandrels were studied estimating an increase
of 37% in average in the deformation capacity. Tluasmsidering this more realistic boundary
conditions the typical drift limit in the codesfidfilled for 94% of the walls.

Finally, the usage of a simplified formulationspredict the strength capacity of walls is also
addressed, which are associated to distinct failuwdes occurring in masonry walls under in-
plane loading. The comparison between the numerasallts with the lateral shear strength
estimated by simplified models, revealed that thesgressions can predict with very good
approximation both the failure mode and the lategaistance of a wall. FEMA expressions can
mispredict the failure modes. European and NZSEEnde better estimate the failure modes and
predict with precision the walls in-plane capacity.
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Chapter 4

BEHAVIOUR OF INJECTED ANCHORS
ON MASONRY WALLS
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4.1. INTRODUCTION

The widespread presence of masonry buildings wadewmphasized the great vulnerability of
the majority of these buildings to seismic eventsstly due to the lack of effective connections
between elements (Mandara et al. 2009). It has medhdocumented by post-earthquakes
surveys that the global seismic behaviour of masetructures highly depends on the efficiency
of the connections among vertical and horizontaicstiral elements.

As mentioned in Chapter 2, typical unreinforced omag buildings are in general composed of
multiple load-bearing masonry walls arranged ithogonal planes, with relatively flexible floor
diaphragms. The capability of the structures tastelute horizontal loads depends on the
connection between orthogonal walls, the flexipibif the diaphragms and their connection to
the masonry walls (Lourenco et al. 2011). The comtion of effective connections and floor
diaphragms, stiff enough to redistribute the hartabactions through in-plane walls, provides
the so called “box behaviour” to the building, whigsually leads to a good performance of the
whole structure when subjected to horizontal astitourenco et al. 2009; D’Ayala 2011). For
this reason the strengthening of the connectiohsdsn structural elements became an eminent
issue in the past few years since it can improeegthbal performance of a masonry building in
a significant way.

It is often stated that the culture and historg @buntry can be reported by its heritage buildings
Bearing this in mind, special attention should beeg to the choice of potential reinforcement
solutions. Accordingly, injected anchors are pattidy well suited to repair and strengthen
ancient masonry buildings considering aspects ohimim intervention and quality
requirements, mainly because the function and appea of the masonry will be not affected
and the new elements will not be discernible (G&f)@4). Furthermore, its design features allow
for adaptations that meet safety requirements wstile remaining sensitive to the original
architecture. Indeed, the improvement of the cotmes behaviour by application of injected
anchors is a recurrent technique in ancient aridricamasonry. Potential strengthening solutions
for connections between structural elements usimection anchors have been presented in
section 2.4 (see Figure 2.13). In this work, thelgtof injected anchors in stone masonry walls
as a possible solution to strengthen walls to tualber-walls connections is addressed.

An experimental campaign recently carried out aivehisity of Minho on connections aimed at
assessing the performance of masonry-to-timberexiions strengthened with injected anchors.
These connections are representative of wall-td-@aanections found in ancient buildings built
after the 1755 Lisbon earthquake. Figure 4.1 iatet the strengthening solution adopted for the
improvement of the connection between externaliatetnal walls, consisting of two parallel
Cinte® anchors injected in the external masonry wall@omthected to the internal wall by means
of suitable steel plates, as proposed in Coias/ARdhis technique basically consists on a tensile-
resistant element, usually steel, inserted intoraltole filled with grout, which carries the tensil
forces. Since an effective connection between pelipalar walls is granted by the injected
anchors in masonry walls, the overturning of theeal walls (out-of-plane collapse) is avoided
and the horizontal forces can be transferred tadj@cent walls, which will present a more stable
in-plane behaviour, activating global failure memisans.
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_Half-timberecwall
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Figure 4.1 Strengthening solution with parallettaors: (a) 3D view of the timber frame wall and
the connecting anchoring system; (b) Connectingegys(c) Top view strengthening
system (adapted from (Céias 2007).

Notwithstanding the importance of connections, khewledge on the behaviour of injected
anchors in masonry is very limited and only fewerkmental campaigns on injected anchors in
masonry are available (Gigla and Wenzel 2000; Axifp and Nielsen 2004; Gigla 2004; Ashour
and Algedra 2005; Algeri et al. 2010). Experimeméglults indicate that the main factor limiting
the capacity of the anchoring system is usuallytimeffailure of steel or the steel/grout interface,
but rather the somehow reduced shear and tensiegsh of the masonry substrate to which the
anchor is injected.

The failure modes experimentally identified foreiojed anchors in masonry seem to be similar
to the ones found for anchors in concrete (Gigth\atenzel 2000; Arifpovic and Nielsen 2004;
Gigla 2004; Ashour and Algedra 2005; Algeri et2010).The load transfer between the steel
element and the surrounding masonry comprises vasfaces: the outer intersection between
masonry and grout, and the inner intersection batwgrout and the steel element. When
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subjected to tensile loading, injected anchors ssanry may exhibit the following failure
mechanisms (see also Figure 4.2):

= Steel tensile failure: the anchor is loaded uhgl yielding of steel (Figure 4.2a);

= Masonry cone failure: shear cone-like surface failthat occurs in the masonry with
detachment of a small part of the wall around thgharing system (see Figure 4.2b);

= Sliding failure along the outer interface: slidiofthe anchoring system by failure at the
masonry-grout interface (outer interface) with disconnection of the anchoring system
from the wall (see Figure 4.2¢);

= Sliding failure along the inner interface: slidinfthe steel anchor along the steel-grout
interface (inner interface), involving local faikisee Figure 4.2d).

| . _F, _F,
() (b)
| | S 5
1 S J S S
S S S S
(c) (d)
Figure 4.2 Possible failure mechanisms in anclgosiystems: (a) Steel failure; (b) Masonry cone

failure; (c) Sliding failure along the outer inteck; (d) Sliding failure along the inner
interface (adapted from Algeri et al. 2010).

Although the four individual failure mechanisms pressible, steel failure is rarely observed and
takes place only in cases when the embedment depitistrength of the masonry are very high.
A combination of two different failures was alscsebved experimentally (Arifpovic and Nielsen
2004; Gigla 2004). Usually, the masonry cone failoccurs with the presence of the cone
formation simultaneously with sliding (also callednd failure) along the outer interface.

Masonry is a heterogeneous material with many trana with regards to the units’
configuration, its strength and the mortar charisties. The behaviour of the masonry
components, as well as the organization and rétimibs and joints, has a significant influence
in the ultimate capacity of the anchoring systeimgesthe masonry global behaviour and bond
strength of the injected anchor affects the loathdfer mechanisniMeyer and Eligehausen
2004). For this reason the tensile force in ancineexds to be limited in accordance with the
properties of the surrounding material.

As proved by previous experimental tests, the perémce of injected anchors in masonry
depends of several factors that combined can genaidiversity of different anchors conditions.
Masonry properties, anchor embedment depth, spaetvgeen anchors, anchor diameter among
other factors influence the masonry behaviour andsequently affect the load transfer
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mechanism of injected anchors (Meyer and Eligehra2664). The study of the influence of these
parameters on the behaviour of injected anchormasonry is almost impractical from an
experimental point of view and the numerical stadliethis field are also scarce. For this reason,
reliable numerical models, which simulate accuyatbe behaviour of the anchor injected in
masonry, can be used as a numerical laboratoryrenthe sensitivity of the results to material
parameters, geometrical features and actions catubesd.

In this Chapter an extensive numerical study basetthe results from experimental tests carried
out at the University of Minho is presented. Thea@tier is organized into four sections, covering
from the brief description of the experimental pegme results, the development of the
numerical model and its validation, going througdrgmetric analyses to the application of
simplified analytical expressions. Firstly, the log of the experimental programme, which
includes the most relevant results obtained intdsts and used in the numerical study, is
addressed. Then, the numerical study resorts tetaled 3D finite element model, which is
intended to reproduce the experimental test setdgpeocedure. The numerical model calibration
process was performed through the comparison wigh experimental outcomes. Nonlinear
analyses to numerically characterize the nonlitedraviour of the anchoring system are also
presented and discussed in this section. Additiprthle model validated against the experimental
results was used to perform parametric analysesrdier to evaluate the influence of key
parameters discussed here and over section 2.4indananalyses to evaluate the influence of
the masonry quality, wall pre-compression levelpedment depth, anchors diameter and anchors
spacing in the ultimate deformation capacity, ditgtand failure mechanism are presented and
discussed. The goal is to define critical paransdbgrstudying the effect of selected variables on
the behaviour of the anchors installed in the mgsamall. Finally, simplified analytical
approaches to estimate the strength capacity eftegl anchors on masonry are briefly reviewed
and the results compared both with the experimemdinumerical outcomes.

4.2. EXPERIMENTAL CONTEXTUALIZATION

In this section a brief contextualization of th@pesmental campaign carried out at University of
Minho on injected anchors in masonry walls is pnéseé. Detailed information regarding the
experimental campaign can be found elsewhere (Veoetial. 2012).

The strengthening solution proposed in the prevgerdion consists of two injected anchors
placed parallel to each other in an irregular stoasonry wall, connected to the half-timbered
wall by means of steel angles. The specimens weseded without the half-timbered wall,
focusing exclusively on the strengthening solutidhe experimental campaign included the
construction and testing of several real scale mgswalls in which parallel Cint€canchors
were applied. The applied Cinfeanchoring system is straightforward consistingheninjection

of a cementitious grout into a fabric sock, whies lalready been placed in an oversized drilled
hole (Cintec 2012).

Specimens intend to recreate as much as possjiresentative conditions of existing buildings
from Lisbon constructed after the 1755 earthqu&kene masonry walls were constructed with
rubble limestone units from the surroundings ofbbis and mortar with a ratio of 1:3:10:6
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(cement, hydraulic lime, river sand, yellow sandghva compressive strength of 1.27 MPa (28
days). The rubble masonry specimens were handrootest and have 2 m width and 1.6 m high.
Walls were built with a thickness of 0.4 m, repreaéve of a # floor wall, which directly
interferes in the anchor embedment depth (0.35md) eonsequently, on the response of the
anchor to pull-out forces. A pair of parallel anchwere introduced in the masonry specimen in
two levels in order to optimize the available reses (see Figure 4.3a). In order to reproduce
typical field conditions to make the boreholes, wWal was loaded vertically under compression
in order to reproduce the expected compressivesstate caused by permanent loads at a
4" floor. The anchoring system was installed onkerathe loading of the walls. The 16 mm
diameter steel bars were inserted into 50 mm diamimireholes injected with a Cinfegrout
(Presstel), resulting in a two-anchor system with 280 mmtafise between anchors
considering a half-timbered wall 120 mm thick plbs constructive distances of the steel angle
connecting both walls (see Figure 4.3B)ie cement grout provided by Cinteis part of their
standard anchoring solution and presents a testsdegth of 4.5 MPa and a compressive strength
of 51.5 MPa, both at 28 days. The steel bars oattehoring system were made of stainless steel
AISI 304 class 70, in order to keep them within dleestic range during the entire test.

Monotonic and cyclic pull-out tests were performedirder to assess the performance of the
anchoring system and to characterize its behaviche.vertical load was applied with actuators
designed to apply a constant compressive stré&20fMPa to the masonry wall through the stiff
HE200B metallic beams, in order to simulate the@fbf quasi-permanent loads in the structure.
The pull-out horizontal load, which intends to estte the seismic action, was applied in the two
parallel injected anchors at the same time. Morioton cyclic displacements were imposed
increasingly until one of these conditions is vedf a 50% decrease in load or the propagation
of cracks beyond the expected area of damage. hefglane displacements of the wall are
limited by the use of a self-balanced reaction fanrAiming at accommodating small
deformations, a hinge was used between the actwemrthe specimen. The test setup is
schematically presented in Figure 4.3c. A photdgrap the preparation of the test in the
laboratory is shown in Figure 4.4.
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Figure 4.3 Specimen configuration and test seétum({llimetres): (a) Front view with the location
of anchors; (b) Plan view of the anchors; (c) Ceesgion of wall and test set-up (Moreira
et al. 2012).
Figure 4.4 Specimen and test setup configuratighe laboratory (Moreira et al. 2012).

Since the material properties assume major infleeon the behaviour this system, the
experimental campaign also included the mechargbatacterization of the base materials.
Compression tests were carried out on masonry prismortar cylinders and limestone cores.
Diagonal compression tests were also performed asonry wallets. The average compressive
strength resultant from the tests on mortar cylaadrsamples was 1.3 MPa. Limestone units’
characterization tests indicated an average comigeestrength of 107 MPa and an elastic
modulus of 51500 MPa. The mechanical characteozaif masonry included the construction
of five masonry prisms with 0.4®.50x0.80 ni, which were subjected to compression tests, and
three masonry wallets with 0.8mper 0.3 m thickness tested by diagonal compresslasonry
mechanical characterization provided by the refetests is presented in Table 4.1. Further
details are given in Moreira et al. (2012).
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Table 4.1 Mechanical properties of masonry (Mareiral. 2012).
Average | COV [%]
Elastic modulus E [MPa] 1015 14
Compressive strength £, [MPa] 1.7 10
Shear strength f, [MPa] 0.29 15
Tensile strength f: IMPa] 0.14 15

Although both the upper and lower pairs of anclapplied in the walls were tested, only the
upper level tests were considered for the numesitaly. The results from one monotonic and
two cyclic experimental test are available and wdl used for the numerical model validation.
After performing the tests, specimens were demetisind carefully surveyed in order to evaluate
the cracks development and failure mode (an exaimplsplayed in Figure 4.5). All tests showed
that the formation of a shear cone combined wittirg at the grout/masonry interface was the
recurrent failure mode. The masonry cone failureh@racterised by the formation of a roughly
conical fracture surface radiating from the edgehefanchor. During visual inspection it was
confirmed that the tests showed an influence ofntlasonry cone in the failure of the system
higher than sliding between the interface materi@itdis survey showed an overlap between
failure cones, which is a direct result of the rityi between anchors.

(@) (b)

Figure 4.5 Example of one pair of injected ancladter testing: (a) Crack pattern; (b) Sliding oa th
grout/masonry interface (Moreira et al. 2012).

The outcome obtained from the LVDT's installed wsed for the definition of the global
horizontal force-displacement curves for each fHsé displacement chosen to plot the capacity
curves was the loaded end of the anchors. Noteftedotal displacement is a combination of the
masonry shear cone formation with the relative ldigment of the steel bar-grout (referred as
inner interface) and grout-masonry (referred agmointerface) interfaces. Figure 4.6 illustrates
the experimental envelope obtained from the contiminaof the individual force displacement
curves of three tests. The average maximum loadled@6.8 kN and the maximum displacement
achieved is around 19 millimetres. Force-displaggnoarves display a long linear branch until
50% to 85% of the peak load and the softening biréeraded to an ultimate load interval between
35 kN to 45 kN. For all tests, the post-peak betiavof the anchors shows a gradual degradation
of force and stiffness with the increasing of diggments.
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Figure 4.6 Envelope of the force-displacement curesultant from the experimental tests.

4.3. NUMERICAL STUDY

4.3.1. I ntroduction

The purpose of the numerical study is to contribbatelarify the behaviour of injected anchors in
masonry walls. A number of experimental works arailable in literature (as already referred
to) but the study cases are limited due to obveErgomic, time and resource restrictions. For
this reason, numerical modelling is commonly regdrds a complementary approach to further
study different conditions and parameters, whichearly impracticable from the experimental
point of view. Still, the confidence in the numalidesults implies its validation against
experimental data. Considering this, the experialazampaign briefly described in the previous
section is the basis of the numerical study. After validation with experimental data, the
numerical model can be used to simulate paramedriditions. For this purpose, the numerical
model should be able to simulate not only the erpamtal test conditions but also the typical
behaviour of injected anchors in masonry.

Previous conducted experimental works proved tieafdilure mechanisms verified for injected
anchors in masonry subjected to pull-out load tertzk recurrent. The pulling force is transmitted
between the surrounding masonry to the tensile e¢rand includes two interfaces: the outer
intersection between masonry and grout, and therinmersection between grout and the steel
element. Depending on the masonry material praggerthe embedment depth, the steel strength
and also the bond strength between the steel-gmodtgrout-masonry, injected anchors in
masonry loaded in tension exhibit different failun@des. According to several authors (Gigla
and Wenzel 2000; Arifpovic and Nielsen 2004; Gigt4; Algeri et al. 2010), as described in
Chapter 2, injected anchors in masonry when sudgject tensile loadingxhibit four main types

of failure mechanisms: steel failure; punching shfadlure; masonry-grout bond failure and
grout-steel bond failure (see Figure 4.2).

Note that, although the main purpose of experimerampaign was to study the connection
between masonry and half-timbered walls, the erpemtal test setup only included the
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construction of the masonry wall injected with amsh For this reason, the outcome of this work
can provide insight in the context of any strengthg technique involving anchors injected in
masonry.

4.3.2. Modelling Strategy

Taking into account the complexity of the systerbéanodelled, the numerical simulation of the
structural behaviour up to failure requires a ssfitited modelling approach, including the use
of advanced computational models (Lourenco et2fl8). Therefore, a detailed 3D finite element
model (FEM) was developed in DIANA 9.4 (TNO DIANAXQ9) and sophisticated constitute

laws were used for masonry, aiming at an accuratalation of the structural behaviour of the

injected anchors in the masonry wall.

The adopted geometry is equal to the one defineth® experimental test setup, i.e., the wall
dimensions are 2.0x1.6%mvith 0.4 m thickness, the anchor with 16 mm dian&t a 50 mm
diameter borehole. The bottom anchors were aldaded in the model aiming at recreate the
real conditions of the experimental setup. The tWB200B steel profiles, used in the
experimental tests to uniformly distribute the coegsion load to the wall, were simulated as an
equivalent steel beam in other to simplify the miaag without changing the inertia and weight
properties.

Moreover, since this model is intended to simuthebehaviour of injected anchors in masonry,
it was required to account separately for bondeéenh materials in order to reproduce accurately
all the failure mechanisms. With this purpose,dpproach used to model the anchoring system
embraces interface elements between the steehidatha grout, and between the grout and the
masonry, see Figure 4.7. Note that the thicknesheofnterfaces is merely representative. The
outer interface refers to the bond surface betweasonry and grout and the inner interface to
the bond between the steel bar and grout.

Outer interface

Inner interface
Steel bar
Grout

Figure 4.7 Modelling strategy used to model thehaning system (representative thickness in the
interfaces).

The mesh was defined aiming a compromise betweasiracy and efficiency. Brick elements of

twenty nodes, CHX60 (Figure 4.8a), are predomiyano8ed for the mesh, although some
tetrahedral elements of fifteen nodes, CTP45 (ligu8b), were also adopted to accommodate
the steel bars geometry. Each node has six degfeEeedom: three translations and three
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rotations. For the simulation of the bond betwe#ferknt materials, tri-dimensional interface
elements of eight nodes in each surface, CQ48u(Eig.8c), were used. All the elements include
quadratic interpolation, providing a rather googragimation of the displacement field. Detailed
information regarding the finite elements usedvigilable in (TNO DIANA 2009).

(@) (b) ()

Figure 4.8 Finite elements used in the modelCEHX60; b) CTP45 e c) CQ48l (TNO DIANA
2009).

The generated mesh results in 39.555 nodes and @léments. The mesh discretization was
carried out in a compromise between the reliabditghe results with controlled computational
efforts and time requirements. The huge number egfreks-of-freedom of the model (over
200.000) limited the mesh refinement to the surding areas of the anchors since these are the
regions where higher stress variations occur. $& Iefined mesh was adopted in the regions
where the stress distribution is smooth. The lefekfinement was also optimized through the
wall thickness, gradually becoming more refinegeldo the anchor’s loaded end. The numerical
model and meshing discretization is presentedguréi4.9.

Figure 4.9 Numerical model mesh.

The model is fully restrained at the bottom in erttereproduce the experimental constraints.
The areas of the wall in contact with the reacfiame were restrained only for horizontal out-
of-plane displacements.
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In what concerns the material properties, masorasg assumed as a homogeneous isotropic
material with mean-value properties, which is a dy@mmpromise between accuracy and

efficiency (Lourenco et al. 2007b). The value of #astic modulus for masonry was based on
the compression tests results performed on magoisys. The Poisson ratio was set equal to
0.20. Typical values for the elastic modulus anakitg of steel were used. Regarding the physical
and mechanical properties of the grout, informafimm the technical sheet was used (Cintec

2012). Table 4.2 provides the elastic propertiexpsat for the materials.

Table 4.2 Material properties adopted.

E[GPa] | v[] y [Kg/m?]

Masonry 1.0 0.2 1900
Steel 210 0.3 7850
Grout 30 0.2 2300

Interface elements describe the bond behaviouerimg of a relation between the normal and
shear tractions and displacements across the dao&eifTNO DIANA 2009).Thus, its elastic
behaviour is defined by the normal and tangentitihess of the bond between materials. As the
experimental campaign carried out did not inclut rnechanical characterization of the bond
behaviour along the 2 interfaces listed before,itiberface stiffness was defined, in an initial
phase, according to the available literature. &&idn the bond behaviour of steel-grout are scarce
and no suggested values for the bond stiffness fwarel. For this reason, studies in the field of
concrete-steel bond behaviour in reinforced coranetre taken as an initial approximation since
the mechanical characteristics of these materieds fairly comparable and no significant
differences should be expected. A range of valumsral 9-400 MPa/mm, depending on the bond
conditions, has been indicated for the tangentiffhess of the inner interface according to
investigations in this field (Lowes 1999; Zhu ara 2005; Jeong et al. 2005; Lee et al. 2011).

A number of investigations on the behaviour of gnmasonry interfaces were performed

considering different masonry types. Bajer and BafA012) carried out experimental tests and
numerical analyses for the study of the glue—cdedrdgerface of bonded anchors under tensile
load and a value around 500 MPa/mm was pointefootibe shear stiffness. The bond between
grout and surrounding brick masonry was investijaieGigla (2004), providing values between

55 MPa/mm and 66 MPa/mm for the shear stiffnes®raiure studies concerning unit-mortar

interface on masonry (which can be also assoctatéte grout-masonry bond), as well as some
expressions for its calculation, were also consideto estimate the interface parameters
(Lourenco 1994; Lourenco 1996b; Jarred and Haherfi@97; Eshghi and Pourazin 2009). Thus,
a range of values around 10-500 MPa/mm seems rabisoior the outer tangential stiffness.

The usual elasticity equations relating normal tamential stiffness indicate that the normal

stiffness is approximately twice the tangential ¢@éveira and Lourenco 2004). This range of

values will be the starting point for the caliboatiagainst the experimental results. The initial
values were defined taking into account that timeiirinterface stiffness is expected to be higher
than the outer interface stiffness.
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4.3.3. Initial Linear Analysis

A preliminary elastic analysis was carried out rdey to guarantee that the experimental wall
conditions are accurately simulated by the numenmalel. The numerical simplification in the
modelling of the HE200B beams (simulated as a nggetiar cross section with the same depth as
the real, 400 mm, and a height calculated so tteatrtertia of the element remains unchanged),
was evaluated to verify if the vertical load is elyedistributed in the wall. The model
simplifications can never compromise the correctutation of the system behaviour. It should
be noted that the density of this material was tath{m the new geometry in order to maintain its
actual weight.

The compressive stress (200 kPa) is imposed owahdehrough a distributed load in the upper
face of the beam. The compressive stress distoibuni the wall is presented in Figure 4.10. The
analysis of the results showed that the distributibstresses in the wall is quite homogeneous
proving that the modelling simplification adoptex the metallic beams is suitable and simulates
with good accuracy the conditions of the experiraktgsts.

—500
I—476
—-452
—-4329
—405
-351
I—35?
-333
-310
-z58
—262
—-238
-214
-1%0
-167
—-143
-119
-95.2
-71.4
-47.6
-23.8

Figure 4.10 Compressive stress distribution orvthk after the application of the vertical load (in
kPa).

Afterwards, a quick analysis to assess the aldifithe model to simulate the behaviour of injected
anchors in masonry was carried out. For that, lirealyses were carried out trying to capture
numerically the structural behaviour that idensifieach one of the main failure mechanisms
defined in Figure 4.2 by varying the interface paggers (within the range defined above). Since
the steel failure usually occurs on smaller diamletdts with longer embedment lengths, which
is not the case, only the failure mechanisms aasatio the masonry cone formation and sliding
along the interfaces were investigated numerically.

The experimental test procedure was followed ferrtbmerical analysis, where the compressive
vertical stress was initially applied on the toptltod metallic beam and the upper level anchors
were put into tension by applying increasing disptaents to its outward end.

77



Modelling of the Seismic Performance of Connectiand Walls in Ancient Masonry Buildings

Predominant relative displacements similar to dirglj failure pattern along the inner interface
(steel-grout) were obtained numerically by decregdis stiffness. This behaviour is perceptible
in Figure 4.11 where the maximum principal strairesplotted simultaneously with the deformed
shape of the model (the white contour on the baresents the sliding, relative displacements
along the interface). In the same manner, the itglidailure” along the outer sock-masonry
interface was captured by increasing the innerfete stiffness and decreasing the outer one.
The “sliding” along the grout-masonry interfacenisticeable in the numerical results plotted in
Figure 4.12, with the out-of-plane displacementtted whole anchoring system. Finally, the
masonry cone failure was numerically simulated figréasing both the interfaces stiffness to
assure that concentration of strains developsamtasonry. In Figure 4.13 is perceptible a shear
cone formation on the masonry wall near the anchsssexpected, the strain distribution is
concentrated around the anchoring system for allthinee failure mechanisms simulated. The
ability of the numerical model to simulate theseeéhmodes proves its adequacy to proceed to
the model validation and nonlinear analysis.
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Figure 4.11 Sliding failure along the inner inteda
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Figure 4.12 Sliding failure along the outer inteda
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Figure 4.13 Masonry cone failure.

4.3.4. Initial Validation

A set of linear elastic analysis was carried oubider to calibrate suitable interface stiffness
values that best match the experimental curvelsariinear range. Sensitive studies varying the
inner and outer interface stiffness were perfornféakse analyses proved that the values of the
normal stiffness do not have a strong influencahenstructural behaviour of the system and
therefore were considered to be twice of the tatiglesnes. This inverse fitting process resulted
in the values presented in Table 4.3, which arkimthe range defined in literature. A comparison
in terms of force-displacement between the expeariaieenvelope and the linear numerical
analysis result is given in Figure 4.14.

Table 4.3 Interface Stiffness.
Inner Interface Outer Interface
Tangential stiffness Normal stiffnesp ~ Tangentidfrass Normal stiffness
100 200 50 100
90
60
Z
X,
(]
=
£ 304
Experimental
Numerical
0 —t
0 2 4 6 8 10
Displacement [mm]
Figure 4.14 Comparison between the experimentatlepe and numerical behaviour in the linear
range.
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4.3.5. Nonlinear Analyses

In this section the procedure followed for the eleégrization of the nonlinear behaviour of the
system is described. Nonlinear analyses were daoué with the purpose to provide additional
insight of the behaviour of the system subjectecotmbined compressive and shear loading and
also to the further validation of the numerical mbh the non-linear range. Only material
nonlinear behaviour is considered, since it is etgukthat geometric nonlinearities would not
provide significant differences in the results.

Nonlinear Formulation

Most of the nonlinearities are expected to conegatin the masonry, since at the time masonry
fails, steel and grout are most probably stillia tinear range. After testing, the specimens were
demolished and carefully surveyed. The visual in8pe revealed that almost no damage was
observed in the grout. For this reason the linehialiour adopted for this material seems to be a
reasonable option. Interface elements allow onhfifeear elastic relative displacement since it
is expected that most nonlinear phenomena occtindnmasonry. In fact, experimental tests
showed an influence of the masonry cone higher thangrout/masonry interface, being the
masonry the main contributor to failure.

The non-linear behaviour of the masonry is moddtg@dopting two constitutive models based
on the total strain crack model: the total straked crack model (FCM) and the total strain
rotating crack model (RCM), both available in DIAN®4 (2009). These models describe the
tensile and compressive behaviour of the masortyatress-strain relationship. In both models
a crack is initiated when the maximum principaéss equals the tensile strength of the material
and the initial orientation of the crack is normm@lthe maximum principal strain. In the fixed
crack model the strain transformation matrix iséixupon cracking and the crack plane is also
fixed during the full analysis process. On the oth@nd, in the rotating crack model the crack
direction rotates with the principal strain axeswing that the crack remains normal to the
direction of the maximum principal strain. More apfing to the physical nature of cracking is
the fixed stress-strain concept in which the stetissn relationships are evaluated in a coordinate
system fixed upon cracking (TNO DIANA 2009). Howevihe shear stress locking problem
can be noted as the main disadvantage (Ghiassi).2U8 rotating crack model is more
flexible and allows for a gradual correction of iaitially mispredicted crack direction. Both
approaches are easily described in the same frarkewre the crack directions are either fixed
or continuously rotating with the principal dirawts of the strain vector.

In the fixed crack model, a shear retention fabtis to be chosen for the definition of the shear
behaviour, which leads to some stress built-uplacking. On the contrary, in the rotating crack
model a unique shear term is evaluated during tla¢dysis and updated taking into account the
current damage state. No shear model is requirtdsmmethod since it inherently abandons the
possibility of incorporating different crack shemodels since the crack always occurs in a
principal direction (Rots 1988). It is expectedtttiee structural behaviour of the model becomes
highly dependent on the shear behaviour of maséixgd and rotating crack formulations were
considered, aiming at discussing the most suitaloldelling approach.
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Masonry is modelled using exponential softeningteénsion and a parabolic strain-stress
relationship in compression, for both fixed andativiy formulations. These sophisticated stress-
strain relationships are suitable to describe thiealiour of masonry (Lourenco 1996a). The
analysis is physically non-linear. While shear hétar does not require the user definition within
the rotating crack model, in the fixed crack matiel post-cracked shear behaviour was modelled
using a constant shear retention facfi)r Thus, the behaviour of masonry is expressed by th
strain-stress relations described in Figure 4.D6acbémpression, Figure 4.15b for tension and
Figure 4.15c for shear behaviour in the case of FCM
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Figure 4.15 Mechanical behaviour of masonry: (a)si@n (b) Compression; (¢) Shear (applicable
for FCM).

The tensile and compressive strength of masonrg wefined according to the experimental
characterization tests results, given in secti@ %he tensile and compressive fracture energy
values, necessary for the constitutive models digfin were initially estimated based on the
relations described in section 3.4 (Equations (8 (3.2)). The shear retention fac®y Wwas
defined for the fixed crack model according toteommendations found in DIANA 9.4 (2009).
Besides the shear behaviour, it is expected tleatehsile parameters are the ones with more
influence in the nonlinear behaviour. These vahrescalibrated to fit the experimental nonlinear
behaviour, within reasonable limits. The updatetles for the definition of the nonlinear
constitutive models for masonry are summarizedahld 4.4.

Table 4.4 Non-linear updated parameters for theomgconstitutive laws definition.

Compression Tensile Shear

fc (MPa) Gc (N/mm) fi (MPa) Gt (N/mm) S*

1.74 2.8 0.1 0.03 0.01

*Shear factor only for the fixed crack model

The integration scheme for these elements was atkfronsidering the recommendations
presented in DIANA 9.4 (2009) and also aiming asoe@ble computational time and effort. The
20 nodes brick elements (CHX60) integration schearesented in Figure 4.16a, showsa@R3
Gauss integration rule. Three by two Gauss integraoints were used for the 15 nodes wedge
element (CTP45), as depict in Figure 4.16b. Findily the quadrilateral interface element
(CQ48I) a numerical 3x3 Lobatto integration schemas considered (Figure 4.16c). The shape
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functions obtained according to the integrationnpmiexpress the approximated displacement
field within the element in terms of its nodal \abies.

3x3
(©)

Figure 4.16 Integration schemes for the numerieahents: (a) CHX60; (b) CTP45; (¢c) CQ48I (TNO
DIANA 20009).

The equilibrium of the system of equations in eatdp of the non-linear analysis was tested
considering distinct iterative solution methodsehr stiffness, the regular and modified Newton-
Raphson. The regular Newton-Raphson method, whialuates the stiffness matrix in every
iteration, showed the best results in terms of eogence. For this reason, a regular Newton—
Raphson iteration procedure was used in the nanliaealyses and an energy convergence
criterion of 10°.

Nonlinear Analyses Results

The experimental test procedure was followed ferrntbnlinear analysis: firstly the self-weight
of the system was considered, then the compressitieal load was applied on the top of the
metallic beam and finally the upper pair of anchees loaded in tension by applying increasing
horizontal displacements at its outward end. N@airanalyses were carried out considering both
FCM and RCM formulations and the material behavibescribed in the previous section.

Figure 4.17 presents the force-displacement cufses the FCM and RCM and also the
experimental envelop@he comparison of the numerical analyses (FCM aBiIRagainst the
experimental envelope does not show significariédihces concerning the linear behaviour and
peak force, as expected. Although both numericabesupresent a sudden decrease in load
capacity just after the peak, the post-peak resperkibits considerable differences. The FCM
formulation provides a continuously increase of fitree after peak, which is not in agreement
with experiments. In fact, the experimental postkpenvelope shows clearly a gradual force
decrease with respect to displacement, which iscaptured by the RCM formulation. This last
approach provides a maximum force of 70 kN (vemyselto the mean experimental value,
76.8 kN, with an error less than 9%) and an ulter@inverged displacement of 15 mm.

The force-displacement response of the RCM andoifiening behaviour fits the experimental
envelope in a very good manner. Therefore, thisehisdable to reproduce more accurately the
shear strength after cracking. Figure 4.17 alsavstabearly that the shear model can have a great
influence on the post-peak behaviour of this typstauctures, making the difference between a
realistic structural modelling of the system andiraorrect overestimation of strength, even if
the first peak is independent on the model. Thersk#ess locking problem in the FCM has
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resulted in increment of force even after evolutidreracks. Rotating crack models seem more
suitable for the study of the strength of anchiojadted in masonry problems, in which high shear

stresses develop.
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Figure 4.17 Force-displacement curves for the RaGM &CM formulations and experimental
envelope.

To further discuss the numerical behaviour provibdgdhe distinct formulations, the maximum
(tensile) principal strains are plotted and analys®an indicator of damage. Aiming at improving
the perception of the damage evolution in the maklayers, the model has been divided in some
sections as depicted in Figure 4.18.

Figure 4.18 Division in sections of the model foe analysis of the results.

Figure 4.19 and Figure 4.20 show the maximum ppedctrains at peak load, for FCM and RCM
respectively. The qualitative distribution of dareaig very similar for both models in the
surrounding areas of the anchors, although it isensevere in the FCM. The top cross section
shows damage along the anchors (near the outefaice¢ for the FCM while diagonal strain
concentrations were found for the RCM. At this stag both analyses the crack pattern and
deformed shape is characterized by the formati@nsbfear cone on masonry (more noticeable in
RCM) and sliding trough the external interface (enaoticeable in FCM). The FCM behaviour
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is clearly conditioned by the concentration ofisisan the interface between grout and masonry,
whilst RCM behaviour is characterized by the magotwne formation. Experimental tests
showed an influence of the masonry cone much higtear the interface grout/masonry, as the
main contributor for failure. Thus, consideringgheesults, the RCM model seems to accurately
describe the development of the failure mechanienéed experimentally.
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Figure 4.19 Maximum principal strains at peak |dad FCM: (a) Lateral view (undeformed and
deformed shape); (b) Top view (undeformed and deddrehape).
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Figure 4.20 Maximum principal strains at peak Idad RCM: (a) Lateral view (undeformed and
deformed shape); (b) Top view (undeformed and deddrehape).
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The damage concentration in the post-peak behafaoltCM and RCM is presented in Figure

4.21 and Figure 4.22 respectively, by plotting tiemsile principal strains. The damage

distribution found for FCM analysis results in fhast-peak behaviour is similar to the one found
for the peak load, presenting higher level of daen@dgure 4.21). The masonry cone formation
is more evident at this stage, although the comagonh of strains at the grout/masonry interface
also predicts a great contribute of the slidingtigh the outer interface to the failure mode.
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The RCM results show a damage distribution whiglady indicates the existence of a masonry
shear cone (Figure 4.22). Some differences caoumedfin the damage distribution in the post-
peak behaviour when compared to the peak behavibershear cone formation becomes wider,
increasing the wall area that experiences outariglisplacements. After the peak, the extensive
concentration of damage in the areas close tortbkaas led to the redistribution of stresses in

the intact surrounding areas.
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Figure 4.21 Maximum principal strains at final sty FCM: (a) Lateral view (undeformed and
deformed shape); (b) Top view (undeformed and defdrahape).
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Figure 4.22 Maximum principal strains at final stafigr RCM: (a) Lateral view (undeformed and
deformed shape); (b) Top view (undeformed and deddrehape).

The analysis of damage concentration in the posk-ppehaviour confirm the shear cone in the
masonry for both FCM and RCM formulations, althouginch more evident in the last case. The
differences found in the crack patterns of the amalysis (FCM and RCM) are related to the
great influence that the distinct shear behavioavigded by these formulations has in the global
response of the system. As stressed above, theimemal behaviour observed during the
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performed pull-out tests showed a combined masoomg formation with sliding along the outer
interface failure, being the masonry cone the megmtributor to failure. Comparing the damage
distribution resultant from the distinct formulai® it is evident that the RCM failure is
characterized by the formation of a cone in masaas\clearly shown by Figure 4.22, while the
FCM shows more influence of the sliding along thiéeo interface. The masonry cone formation
is not very clear in the latter. As verified in tigce-displacement curve, the RCM model seems
to better simulate the post-peak behaviour of tiehars injected in the wall.

By the analysis of the damage pattern displayétdgare 4.22, the cone development through the
wall thickness and height seems to follow an aBfppmattern at certain point. The cracking
development may have been conditioned by the misshetization, which is more refined near
the anchor. Indeed, the numerical model was prepaceording to a macro-modelling strategy
in which the strain distribution can be dependeantl® mesh, as stated by Lourenco (1996a).
This means that the masonry cone formation mayhawe exactly the same shape as the one
presented numerically as this depends on the lgivelesh refinement. Even though, a good
approximation with experiments was found. The stdistribution and obtained failure modes of
these analyses further validate the RCM model.

The contour map of the out-of-plane displacementsbth analysis is also plotted in order to
further discuss the wall nonlinear behaviour (Fegi23). As expected for both analysis, the out-
of-plane displacements are concentrated near tbleoesy The area that suffers out-of-plane
displacements is higher in the RCM, which is inaidence with the damage pattern shown
above. Note that the contour maps for FCM and RG¥ewplotted for the same displacement of
the anchors, being in this way comparable. The m&scone formation observed in the

experimental tests mobilized a significant areauadothe anchors, which is reflected by the
behaviour found in RCM analysis.
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Figure 4.23 Contour map of the out-of-plane disptaents: (a) FCM; (b) RCM.

The comparison between the results provided bgpipdication of FCM and RCM formulations,
proved that the RCM simulates the experimental iela with a better accuracy. The force-
displacement response, damage distribution dun@gmalysis and evaluation of the failure mode
allowed the comparison between models behaviourcandequently the definition of a model
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that describes the experimental behaviour. Forrégeson the RCM formulation will be used
hereinafter for the parametric study.

4.4. PARAMETRICAL STUDY

In this section the validated model is used as mamical laboratory to perform parametric
analyses, aiming at efficiently evaluate the infloe of some input parameters.

Experimental campaigns carried out on injected argin masonry showed that the primary
factors affecting the performance of the anchospgtem are the anchor diameter, the anchor
embedment depth and the masonry tensile strengtisiiifey 2006), although other parameters
might influence the behaviour of the system as .witle study of the influence of all these
parameters is almost impractical from an experiagmoint of view and, therefore, numerical
investigations based on reliable models appean ageresting and appealing solution.

This section presents a parametric analysis oatlodoring system, where the influence on the
response of the following parameters of masonryewevaluated: (i) elastic modulus;
(i) compressive strength; (iii) compressive fraetienergy; (iv) tensile strength; (v) tensile
fracture energy. The purpose is to evaluate thietan on the structural response with respect to
the reference model, varying each parameter frovh &0200% of its initial value. Additionally,

a few relevant geometric parameters were alsodareh as the pre-compression level, anchors
dimensions, anchors embedment depth and anchongpalhe parameters influence is
evaluated by comparing the results with referenoeleh(RCM), summarized by Figure 4.17,
Figure 4.20 and Figure 4.22.

44.1. Masonry Parameters

Elastic Modulus

The influence of the masonry elastic modulus waaluated by increasing two times and
decreasing to half the reference value (1 GPagd-displacement responses are compared with
the reference model showing, as expected, the alsiogeand increasing in the elastic stiffness
(see Figure 4.24). The peak load showed an increaspproximately 7% in the analysis
considering the upper limit for E and a decreas8%fregarding the lower limit. The sudden
decrease in load capacity after the peak is vdrifieall the analyses although smoother in the
analysis with a higher elastic modulus. The posikggehaviour, for both the upper and lower
elastic modulus analysis is very similar to the émend for the reference model. The elastic
modulus influences the linear behaviour (elasiiftnstss) instead of the nonlinear response, as
expected.
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Figure 4.24 Force-displacement curves for the panacnanalysis of the masonry elastic modulus.

The tensile principal strains are also plottedriteo to evaluate the damage pattern resultant from
increasing and decreasing the masonry elastic mediihe damage distribution for the analysis
with 0.5 Eer (Figure 4.25) and 2.&.s (Figure 4.26) is very similar to the one verifigedthe
reference model, in which the masonry cone formascevident. The damage is more severe in
the analysis of 2.8 because it was plotted for a higher displacemdnisthe variation of the
masonry elastic modulus does not influence the darpattern and consequently the failure mode

of the system.
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Figure 4.25 Maximum principal strains at final stdgr the0.5 X E,.., analysis: (a) Lateral view; (b)

Top view.
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Figure 4.26 Maximum principal strains at final stdgr the2.0 X E,.., analysis: (a) Lateral view; (b)
Top view.
Compressive Strength

The compressive strength was studied by decre&sifg@0 MPa (0.8f. ) and increasing to
3.50 MPa (2.8f. e the reference value (1.74 MPa). The other pararseemained unaffected,
including the compressive fracture energy. To dattéer insight about the behaviour modifying
the compressive strength, Figure 4.27 shows thguessive constitutive laws generated. The
curves tend to overlap for a certain level of stamound 1.2%102), being the curve with lower
maximum compressive strength the one attaining enidgével of stress after that point. This
behaviour happened because the fracture energkepasinchanged.
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Figure 4.27 Stress-strain compressive behavioytingithe compressive strength.

The results from these variations are presentdeigare 4.28 in terms of force-displacement
responses. Although it was expected that the temsilameters were the ones to have more
influence in the system response, the variatioh@ftompressive strength has a relevant impact
in the model behaviour. The 50% reduction of thigalhcompressive strength (@:%) leads to a
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reduction on the peak load of around 10% in retetmthe reference model, followed by a more
pronounced post-peak degradation until failurecdmtrast, the doubling of the compressive
strength (2.8 re) originates an important increase of the applaedd, even if this increase occurs
after a first peak. The first peak load does ndtesusignificant variation compared to the
reference response. The analysis of these respprsax] that the masonry compressive strength
can be a relevant parameter in the anchoring sylsé&draviour.
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Figure 4.28 Force-displacement curves for the pamagnanalysis of the masonry compressive
strength.

The compressive and tensile strains distributi@s@nted in Figure 4.29 for the f3,5and Figure
4.30 for 2.0 e, indicate a typical masonry cone breakout behayisiverified in the reference
model. Thus, the failure mode is not affected bgyivey the compressive strength of masonry.
The minimum principal strains distribution displdy® Figure 4.29c and Figure 4.29d for the
analysis decreasing, fshows a concentration of compressive strains theainward end of the
anchors, indicating the crushing of masonry in ¢h@®as. In the analysis with increasgdhfe
compressive damage distribution is less severeai(€ig.30c and Figure 4.30d), as expected. The
capacity of the anchors is influenced by the masoompressive strength since the crushing in
masonry affects the behaviour of the system.
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Figure 4.29 Strains distribution at final stage thoe 0.5 X f .., analysis: (a) Tensile -lateral view;
(b) Tensile - top view; (c) Compressive -laterali¢d) Compressive - top view.
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Figure 4.30 Strains distribution at final stage thog 2.0 x f ..., analysis: (a) Tensile -lateral view;

(b) Tensile - top view; (c) Compressive -laterali¢d) Compressive - top view.

Compressive Fracture Energy

The influence of the masonry compressive facturerggnin the response of the system was
evaluated by varying to the double (5.56 N/mm) dadf (1.39 N/mm) the initial value
(2.78 N/mm). Again, the masonry compressive behaviby varying this parameter is depict in
Figure 4.31 for a better insight of the constitatiaws applied to the model. The maximum
compressive strength remains unchanged for atitiadysis.
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Figure 4.31 Stress-strain compressive behavioytingithe compressive fracture energy.

The analysis applying the constitutive laws defirsdgbve, resulted in the response curves
exhibited in Figure 4.32. The results prove tha farameter does not influence much the initial
behaviour of the system, while some differencesthiia post-peak behaviour for larger
displacements can be found. The main differencesedated to the deformation of the system.
For the same post-peak load, the anchoring systesepts displacements increasing with the
compressive fracture energy, i.e. the responsenbeeonore ductile, as expected. The damage
pattern resultant from these analyses is presém#&anex B since no significant differences were
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found in comparison with the reference model. Tlasomry cone failure mode is recurrent with
the clear development of cracks forming the corapsh
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Figure 4.32 Force-displacement curves for the patamanalysis of the masonry compressive

fracture energy.

Tensile Strength

Parametric analyses varying the tensile strengtin 0.05 MPa (0.%f;er) to 0.20 MPa (2.8f ref),
instead of the value of 0.10 MPa, imply the alteratof the tensile behaviour of masonry.
Increasing and decreasing the tensile strengtiewtne fracture energy remains unchanged, the
tensile linear and nonlinear behaviour suffergaificant change, as illustrated by Figure 4.33.
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Figure 4.33 Stress-strain tensile behaviour vargtiegtensile strength.

The nonlinear analyses capacity curves varyinddhsile strength are presented in Figure 4.34.
With respect to the analysis that adopts a reductio the tensile strength, the non-linear
behaviour is activated for a lower value of forckenw compared to the reference model, even
though it continues to increase up to 80 kN. Thet that the corresponding fracture energy
remains unchanged should be highlighted and catifyjufie high force capacity increase
originated by the reduction of the tensile strength

By increasing the tensile strength, the peak faitse reaches a higher value when compared to
the corresponding one from the reference moHeklever, in what concerns the post-peak
behaviour, the improvement is not so noteworthylebd, the response of the 24 model
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exhibits a more fragile behaviour since this moctahisiders a tensile strength increase while
keeping the fracture energy value unchanged.
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Figure 4.34 Force-displacement curves for the patamanalysis of the masonry tensile strength.

The distribution of tensile strains of both decieggFigure 4.35) and increasing (Figure 4.36)
of the tensile strength show the masonry cone dewatnt through the wall. It can be verified
that the masonry cone shape follows different pagtén the analyses. Comparing the two cone
shapes, the masonry cone in the 2&dnalysis presents a more close configuration mibne

widespread damage.
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Figure 4.35 Maximum principal strains at final stdgr the0.5 X f; .., analysis: (a) Lateral view;
(b) Top view.
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Figure 4.36 Maximum principal strains at final stdgr the2.0 X f; .. analysis: (a) Lateral view,
(b) Top view.

Tensile Fracture Energy

The nonlinear analyses varying only the tensileténee energy from 0.015 N/mm (&Gq,ef) to
0.06 N/mm (2.8Ger), represented by the tensile behaviour describedrigure 4.37, are
presented in this section.

The tensile fracture energy sensitivity analysisficmed the influence of this parameter on the
peak load and the significant alteration on the-pesk behaviour of the structure (Figure 4.38).
When increasing and decreasing the tensile fragnesgy by 50%, while keeping the tensile
strength constant, the peak strength is directtgctdd. Modifying the tensile behaviour by
decreasing the fracture energy implies a limitatiorthe capacity of some elements, which, in
consequence, can compromise the capacity of tive egstem. The fact that the maximum force
value increases after the first peak for the @,5@nalysis is a consequence of stress redistribution
in the elements where the tensile strength washeshthroughout adjacent elements, which
affects the capacity of the system. The damagsliision indicates a pattern very similar to the
reference model, showing the masonry cone developasewell (see Annex B).
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Figure 4.37 Stress-strain tensile behaviour varttiegtensile fracture energy.

94



Chapter 4 — Behaviour of Injected Anchors on MagMiells

90
A =~—
z | \
X, |
o |
o |
(@)
L 30
2.0 Gt,ref
Gt,ref
0 0.5 C'\t,ref
0 4 8 12 16
Displacement [mm]
Figure 4.38 Force-displacement curves for the patdc analysis of the masonry tensile fracture

energy.

4.4.2. Pre-compression L evel

The pre-compression level that the masonry wallgected to was decreased to half (100 kPa)
and increased two times (400 kPa) with respedid¢aaference value (200 MPa). The results are
depicted in Figure 4.39 in terms of global forcepificement curves. The pre-compression level
has a significant influence on the maximum forcat tthe anchoring system can carry. By
decreasing the compressive stress on the wallpéak force suffers a reduction of 14%.
Likewise, the increasing of the level of pre-congsien on the wall causes a 22% increase in the
ultimate capacity of the structure. In both casks,post-peak configuration is not very much
affected. The analysis of the damage patterns stmtshe failure mode is kept unchanged (see
Annex B).
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Figure 4.39 Force-displacement curves for the paraestudy of the pre-compression level.

95



Modelling of the Seismic Performance of Connectiand Walls in Ancient Masonry Buildings

44.1. Geometric Parameters

Supplementary studies were also carried out inraievaluate the influence of some of the
geometric parameters on the behaviour of the aimgpaystem, as follows: steel bar diameter
and respective borehole, wall width and embedmepttq and the spacing between anchors.

Anchor Dimension

The steel bar diameter and corresponding borehaile studied in order to evaluate how the anchor
dimensions can affect the behaviour of the systdmmew numerical model was created by

modifying the anchor dimensions, the initial 16 foan diameter was replaced for a 32 mm diameter
and the corresponding borehole of 75 mm, insteatefnitial 50 mm (as represented in Figure

4.40). The parametric study showed that an increa400% in the anchor diameter (increase of
167% in perimeter) did not provide a significantrgase in the ultimate capacity (around 11%
regarding the reference model) (Figure 4.41). Tost-peak behaviour does not present many
changes when compared to the reference model espdhe damage distribution is also very

similar to the one found for the reference modg&im with the masonry cone formation being

conditioning (see Annex B). As the dominant falunode is the masonry cone breakout, the
anchoring capacity is not enhanced in a signifigaayt by increasing the anchoring system.
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Figure 4.40 Modification of the anchoring systemension.
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Figure 4.41 Force-displacement curves for the panacstudy of the anchor dimensions.
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Embedment Depth

According to several authors, the embedment defptiecanchor is a factor with great influence
on the behaviour of the anchoring system. Forrason, this aspect was studied by changing
the wall thickness from 400 to 600 mm and the emimd depth from 350 mm to 550 mm. In
order to accomplish the new geometric featuresntimerical model was updated as represented

by Figure 4.42.
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Figure 4.42 Modification of the wall thickness aamtthor embedment depth.

The analysis results were compared to the refereracel in Figure 4.44, where the differences
on the behaviour of the models are apparent. Thhenmedel reaches a maximum force of 140 kN
opposing to the 70 kN achieved by the referenceambldtwithstanding, the post-peak behaviour
of the new model experiments a sharper decrease edrmapared to the reference model, which

shows to be more ductile.

Figure 4.44 illustrates the maximum principal stsan the new model at failure, which can also
be seen as an image of the tensile damage. Thiagiapattern presents significant differences
regarding the one from the reference model, seer&i¢.22. The formation of the shear cone on
the masonry is not activated for the whole anclystesn extension as in the reference model.
Instead, sliding along the external interface ixeptible until a certain position followed by the

masonry cone development (visible in Figure 4.44Db).
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Figure 4.43 Force-displacement curves for the pamaostudy of the embedment depth.
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Figure 4.44 Maximum principal strains at final gtdgr the embedment depth parametric analysis:
(a) Lateral view; (b) Top view.

F

Anchors Spacing

A study to evaluate the influence of the anchorcs was also conducted. This parametric
study aims at evaluating in which manner the ddmetween anchors can influence, not only
the ultimate capacity of the system, but also #s®aiated failure mode (interaction between the
cone formation of each anchor). A numerical modekhich the distance between anchors was
increased to 420 mm, i.e. a 50% increase of thialidistance, was constructed (see Figure 4.45).
By comparing the results of this model with theerehce ones, an increase in the ultimate
capacity can be confirmed, around 13%, see Fig4& Zhe nonlinear behaviour shown by this

parametric analysis is very similar to the refeeenmmdel response.
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Figure 4.45 Modification of the spacing betweentans.
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Figure 4.46 Parametrical study of the anchors sga¢a) Modifications on the model settings; (b)

Force-displacement curve.

The principal strains were also analysed as arcatali of damage in order to compare the cone
formation evolution of this analysis with the refiece results (Figure 4.44). The damage pattern
presents a different configuration between theanahors where the cone formation is more visible.
This analysis proved that the tensile capacityshgle anchor is affected by the overlapping ef th
adjacent anchors. This means that increasing theirgp between anchors, up to an optimized
minimum value, allows for the enhancement of tiienalte capacity of the system.
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Figure 4.47 Maximum principal strains at finalggeor the anchor spacing parametric analysis: (a)

Lateral view; (b) Top view.

4.4.2. Conclusions

The knowledge regarding the load-carrying capagitgnchors in masonry is limited. As such,
in order to avoid a physical, comprehensive ané4{ttamanding experimental testing to evaluate
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the influence of some parameters, a numerical saidgrried out instead. The confidence in the
results relies on the validation of the numericabliel against experimental results.

The assessment of the influence of the mechanioglepties of masonry on the behaviour of the
anchors in the masonry walls showed that the cossjye and tensile strengths are parameters
with significant impact on the response of the eyst

The parametric studies on wall conditions showeat the anchor embedment depth is the
parameter that mostly influences the structurabbitur of the system, increasing significantly
the ultimate capacity. Nevertheless, the pre-cosgina level of the wall, the anchor diameter
and the spacing between anchors also influencbehaviour of the structural system, although
in a moderate manner. The same failure mode wasregt in all the analyses, although some
differences in the damage pattern were verifiesbime cases.

45. ANALYTICAL EVALUATION

The assessment of the anchoring system capacityelays of complex numerical methods was
relevant for a better understanding of the strattoehaviour of the system. However, for design
purposes, the use of simplified models is requifezimentioned before, despite the fact that
injected anchors have been used for many yeanseiogshen masonry buildings, no generally
methodology exists for the design of such anchosirglems.

During the last few decades several analytical nsotdave been proposed to describe the
behaviour of anchors in tension (Wenzel and Ma@21&igla and Wenzel 2000; Arifpovic and
Nielsen 2004; Gigla 2004; Meyer and Eligehauser28CI 318 2011; fib Bulletin No. 58 2011,
Hilti 2011; MSJC 2013). In general the ultimatesiém load capacity is based on the simplified
assumption of separated failure modes (Bajer amdaB2012). Moreover, some of the simplified
analytical formulations presented in literatureadpisted to achieve a good fit with available test
data.

This section reviews the most used analytical maghassociated to distinct failure mechanisms
occurring in injected anchors under tensile loadamyl applies them to the example under study.
Due to the few existing analytical formulations aedjng anchors in masonry, formulations
regarding anchors in concrete have also been empldjost of these approaches are similar and
the same parameters are recurrently used, suctthasembedment deptt,;), steel bar
diameter(d) and area4;), borehole diametdiiz), masonry compressive strengfp), anchor
yield strength(f,) and bond strengtfr,). The symboll" will be used for the anchor capacity
loaded in tension.

45.1. M SJC For mulation

The analytical expressions provided by the Mas&tandards Joint Committee (MSJC 201@)
predict the anchor behaviour consider two failuechanisms namely steel yielding and tensile
breakout of masonry. This formulation is addresmed discussed by Weigel and Lyvers (2004)

100



Chapter 4 — Behaviour of Injected Anchors on MagMiells

and McGinley (2006). Equation (4.1) is used to miefihe anchor capacity based on the steel
yielding £,
T =A% f, (4.1)

The tensile breakout of masonry is computed usijuaions (4.2) and (4.3):

(4.2)
T = 0.332 X Ape X /fm

A
Ay =X L =2 (4.3)

whereA,,; represents the projected area on the masonrycsufea right circular cone anf is
the overlapping area of the anchors. In the exgmntal tests under consideratifinis equal to
640 MPa.

45.2. Giglaand Wenzel Formulation

Based on the results of 500 pull-out tests perfdrindaboratory and in-situ, Gigla and Wenzel
(2000) proposed simplified expressions for ultimedgacity of anchoring systems. The bond
strength between the grout and the surrounding nmaseas also evaluated and equation (4.4)
was proposed:

foc (4.4)

T, = (Z)] X (W-l_XB’W)
where @, is the reduction factor for bed or head joints assd equal to 0.6)f;. is the
compressive strength of grout axyd, is the term to describe the increase of bond sthengide
water absorptive stone material (the recommendégevia zero if the value is unknown). The
bond strength between grout and surrounding madsrdgpendent not only on the mechanical
properties on the injected grout, but also on #tie of head and bed joints of masonry, since the
support material conditions strongly influence #daerence between materials.

As f; . isequal to 51.5 MPa, the application of equatiord)(gives a value for the bond strength

around 3 MPa, which seems to be a reasonable wdlaa compared with experimental studies
(Gigla 2004; Algeri et al. 2010). This value wasmblsed in the formulations next, since no
experimental values are available. The capacignahjected anchor should be calculated using
equation (4.5):

A
T = Ty X A_B X AA,d (4.5)

g,d
wherer, is the bond strength4, , represents the surface of injected grout surrounthe steel
bar, A; 4 is the surface of injected grout angl is the contact area between grout and units (see
Figure 4.48). After the experimental tests carnation the University of Minho, the walls were
carefully demolished in order to assess the digtidlb of mortar and stone surrounding the grout
surface. Considering the three experimental tastayerage value of 37% was found for the area
of stone in contact with the grout surface, andlae of 63% for mortar (head and bed joints).

101



Modelling of the Seismic Performance of Connectiand Walls in Ancient Masonry Buildings

With this information, a more realistic value févetcontact area of grout and stqag) was
defined.

Bed Joint

Ana Acg ~As
Figure 4.48 Geometrical parameters for equatids) (4Gigla 2004).

45.3. ACI 318 Formulation

The methodology proposed by ACI 318 Appendix D (A2B 2011) for the prediction of the
anchor strength in concrete defines three failucgles: steel tensile failure, substrate tensile
breakout and bond failure. The design method prgbas Hilti (2011) is based on this code.
Weigel and Lyvers (2004) also used these provistonsompared test data of single bolts in
masonry.

The strength of an anchor in tension governed égtéel shall be evaluated by calculations based
on the properties of the anchor material and thesiphl dimensions of the anchor, as given by
equation (4.6):

T =nXAs X fyra (4.6)
wheren is the number of anchors in the group, dpd is the specified tensile strength of the
anchor steel (equal to 800 MPa for the anchor ustigly). ACI 318 considers that the tensile
strength of anchors is best represented hyrather thary, because the large majority of anchor
materials do not exhibit a well-defined yield pojACI 318 2011).

The base material breakout strength of anchorshbadtension is defined as follows:

T = ANc

= A X l’uec,T X q’ed,T X l‘Uc,T X l‘Ucp,T X n-Ty (4.7)
Nco

Anco =9I X 1yf° (4.8)

T, = 4.10 X \[fi, x I,;*° [adapted for use in masonry (Weigel and Lyvers 2004) (4.9)

Ca

Wear = 0.7 + 03X = »

if Cq < 1.5 lef (4.10)

whereA,. is the projected failure area of a single anchagroup of anchors limited by the edge
distance or spacing, as represented in Figure #49,is the modification factor for anchor
groups loaded eccentrically, which is not the caster study¥,. = 1); ¥,, v is the modification
factor for edge distances less thiagl,;, see equation (4.10¥, is equal to 1.0 when the base
material indicates cracking at service loads, wisaonsidered to be case for masonry, #ngr

is the modification factor for splitting, equaldn this case.
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1.5 lo

1.5 lo

Figure 4.49 Calculation ofy. andAy, (ACI 318 2011).

According with the same methodology, the bond siiferof adhesive anchor in tension is
evaluated as follows:

_ ANa
Ty = X lpec,Ta X lPed,Ta X lPcp,Ta X n-Tpg (4.12)
Nao
Ango = (2cya)? (4.12)
Ty
CNa = 10 - dB m (413)
Tpa = Ty X T X dp X lef (4.14)

whereAy, is the projected influence area of a single adteeaivchor or group, represented in
Figure 4.49, andl,,, is the projected influence area of a single anatitr an edge distance
equal tocy, (obtained by the application of equation (4.13)vthe constant 7.58 in N/nfim
described by equation (4.12) . In this case tharpater¥,., is equal to 1 since the anchor

group is not eccentrically loaded. The modificatfantor for edge effect®,, ., is equal to 1
whenc, > ¢y, , Which is the case, ar#, r the modification factofor splittingis also equal to
1.

The analytical formulations recommended by ACI &i8the substrate tensile failure and bond
failure include the interaction between anchor geoAlthough the number of ancharbas been
considered equal to 1 (in order to easily compadtk the other predictions), the strength value
obtained by the application of this formulatiorealdy takes into account the interaction between
anchors.

454, CEB Formulation

CEB (1994) proposes an approach to the designabfoss in concrete and masonry, where three
failure modes are defined. For the definition ¢ ttapacity based on the steel failure equation
(4.1) is used. As for the assessment capacity basdue base material cone failure the equation
(4.15) is proposed by Eligehausen et al. (Eligebhawet al. 1984). Doerr and Klingner (Doerr
and Klingner 1989) present the equation (4.16) twhaitempts to incorporate the combined action
of substrate-cone failure and bond failure.
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T =085 X Lot X \[fr (4.15)

34.7m X T, X dg*° [A’ X (los — 50)
= , X tanh |———2——+ 4.16
A 34.76 x d°*° (4.16)

wherel is a parameter that depends on the grout propdgéss (Doerr and Klingner 1989)),
which equals 0.3nm='/2 here. In the case of failure at the grout-masontgrface, the bond
strength is smaller than the masonry strength. ake this failure mode into account, CEB
proposes the following equation, also reported iAyRla (2011) and Meyer and Eligehausen
(2004):

T=1,Xl XX dp (4.17)

4505. Fib Formulation

The design guide for anchors in concrete availabfidd Bulletin No. 58 (2011) recommends the
prediction of the anchor strength based on thréderéamodes. In addition, the strength of an
anchor is evaluated by taking into consideratianititeraction between anchors in a group.

The anchor strength considering the steel failsigiven by equation (4.6), as proposed by ACI
318. The combined pullout and substrate cone faitay be obtained as follows:

A
_ p

T, = Top X A_Op XWor XWop XWerr X Wror, (4.18)

2
20 = (50, (4.19)

Ty
Scr,Tp = ZOdS ﬁ (420)
Corry = 0.5 SerTy, (4.21)

WhereT‘)p is computed using the equation (4.14) from Aﬂﬂb, the bond reference area, and
Ap, actual bond influence area limited by overlappamgas of adjacent anchors, is calculated
similarly to the method used in ACI 318 (see Fig@u@).‘lfﬂp is a factor that takes into account

the distribution of stresses due to the edgessoftibstrate member, equal to 1 in this case because
¢ > Cer, (c =380 mm). The facto#’g,Tp, which takes into consideration the effect offtirire

surface of anchor groups, and the fa@tgcr_Tp, which refers to non uniform tensile loads, arthbo

equal to 1 in this study (see fib Bulletin No. 2811)). The parameter that reduces the strength
of anchors with embedment degth < 100 mm (‘Pre,Tp) also takes the value of 1. The strength

capacity in the case of the substrate cone faifuobtained from the following procedure:
A 4.22
T.=T° x A—OC XWor X Worr, X Wror, (4.22)

c

A0, = (SCT,TC)Z (4.23)
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Sert, = 3oy (4.24)

whereT?, is given by equation (4.9), the geometric fa(if@ris equal to the one used in ACI 318

for the same failure mode, see equation (4.7),edsas the¥ ;. factor given by equation (4.10).
Wecr, and¥, 1 (already defined) are equal to 1.

45.6.  Arifpovic and Nielsen Formulation

Pull-out tests of single anchors in brick masoneyencarried out by Arifpovic and Nielsen (2004)

with the purpose of observing the failure modeg tf@vern the behaviour of the system in

different conditions. Simplified analytical expr&sss based on the theory of plasticity were
developed from the experimental results in ordepriedict the load carrying capacity of the

anchors. Three failure modes were presented bgutters. The strength capacity of the anchor
due to masonry cone failure can be obtained bytemuét.25):

T =0.96(d, + Lof) X Loy |f' (4.25)

For the case of bond failure, Arifpovic and Nielskzfined two expressions for the cases in which
the anchor is installed in a mortar joint, equa(126), or in a unit, equation (4.27):

3
T =22.38 ffcj X lor X dg2 (4.26)

T =3.79d; X los/fup (4.27)

wheref,; is the compressive strength of the mortar gpdepresents the compressive strength of
the unit. The compressive strength of the mortad Bmestone units were experimentally
evaluated for the present study and a mean valde3oMPa and 107 MPa, respectively, were
obtained. The combined brick-cone failure, whicimsists in the combination of the masonry
cone formation and sliding along both the intearad external interface, can be obtained through
equation (4.28):

/d
T = [3.93y/fup X (lof — 5.76 X ds) X dg + 37.44\[fo; X (L, + ds) X d] l—s (4.28)
ef

wheref,; is the compressive strength of the interface betwreortar and joints argd is the unit
length. Here, a value around 0.3 MPa was adoptéaiiog the recommendations reported in
the same report (Arifpovic and Nielsen 2004). Aerage lengtlfl,) of 200 mm was considered
taking into consideration the stone blocks used.

45.7. Results and Discussion
The prediction of the anchor capacity accordingtite simplified formulations described

throughout this section is summarized in Table Aitie strength capacity was calculated only for
one anchor, although the interaction between aschmovided by some formulations, was
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considered whenever possible. The shaded cellalite™.5 are associated with the lower value
obtained in each formulation.

Table 4.5 Prediction of the anchor strength acoorth the distinct formulations.

. . Anchor
Formulations Equation .
Capacity [kN]
Steel Failure (4.2) 129
MSJC (2002)
Cone Failure (4.2) 126
Gigla and Wenzel (2000) General (no failure modandd) (4.5) 26
Steel Failure (4.6) 161
ACI 318 (2005) Cone Failure 4.7) 36
Bond Failure (4.12) 238
Steel Failure (4.2) 129
Cone Failure (4.15) 137
CEB
Combined bond-cone Failure (4.16) 40
Bond Failure (4.17) 165
Steel Failure (4.6) 161
Fib (2011) Combined bond-cone Failure (4.18) 199
Cone Failure (4.22) 37
Cone Failure (4.25) 162
) ) ) (4.26) 30
Arifpovic and Nielsen (2004) Bond Failure
(4.27) 219
Combined bond-cone Failure (4.28) 51

The prediction of the failure mode through simplifi analytical methods appears to agree
reasonably well with both the experimental resaitsl numerical analysis. Either the base
material cone formation with masonry breakout c@ ttombined bond-cone failure are the
recurrent failure modes, achieved in almost allapproaches. MSJC (2013), ACI 318 (2011),
CEB (1994) and fib Bulletin No. 58 (2011) predicat the anchor strength is limited by one of
these failure modes. Arifpovic and Nielsen (200rBdict the sliding of the anchor installed in a
mortar joint as the failure mode limiting the ancloapacity (see Table 4.5). However, the
assumptions made in this study for this expresaiemot valid since the anchor is not completely
installed in a mortar joint, therefore the corrasgiag value found for this failure more is not
realistic. Disregarding this value, the failure raazbtained by this formulation is the combined
masonry cone formation with sliding along the ifdee, which is in accordance with
experiments. Gigla and Wenzel (2000) do not dedispecific failure mode.
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In order to provide a better perception on theti@tabetween the experimental and predicted
value, Figure 4.50 summarizes the results frondiffierent approaches, considered to predict the
anchor capacity, comparing these results to thenneg@erimental value. In this diagram, a

relation near to 1 means that the predicted vaduesvery close to the experimental capacity.
According to the experimental results, a mean fofcé6.8 kN was reached for the two anchors
composing the anchoring solution adopted. As thedtations were used to predict the capacity
of one anchor (including the interaction among gwhen applicable), the obtained value
should be multiplied by two.

a4 Steel failure

Cone failure

Bond failure

Combined bond-cone failure
General - no failure mode defined

*<4 D>ODO

MSJC (2002)
Il Gigla and Wenzel (2000)

Il ACI 318 (2005)

IV CEB (1994)

VvV  fib (2011)

VI Arifpovic and Nielsen (2004)

NPredictl NExp 3

| I 1 v \Y \

Figure 4.50 Comparison between the experimentalnmedue and analytical predictions of the
anchoring system capacity.

The relations presented in Figure 4.50 show trepthdicted strength values by ACI 318 and fib
bulletin 58 for the masonry cone failure, and byeBcand Klingner (1989) in CEB for the
combined bond-cone failure, are in very good agesgnwith the experiments. The good
predictions of these two formulations, regardinthidbe failure mode and the strength value, can
be explained by some considerations included inetkgressions that are important in the
anchoring system under study. Besides MSJC praw8siCl 318 code and fib are the only that
consider the influence of the anchors spacing asdiple interaction among them.

The ACI 318 recommendations for concrete, adaftedse in masonry by Weigel and Lyvers
(2004), predicted very well the tensile strengttthef anchors in masonry. ACI 318 code and fib
recommendations consider, beyond the masonry streargl embedment depth, other factors
such as the influence of the anchors spacing, édtgnce and possibility of splitting. As proved
numerically, the anchors spacing influence sigaifity the cone formation in the masonry and
consequently the strength capacity of a single @ncBimplified analytical expressions that
considers the interaction between anchors in apogseem to better describe the behaviour of this
anchoring system, as expected.

The formulation provided by Doerr and Klingner (898n CEB includes the prediction of a
combined failure mode (masonry cone with slidirapglthe interface), which is the failure mode
verified experimentally. This analytical expressiprovided a very close prediction on the
anchoring system strength capacity since it inaluthe contribution of the grout/masonry bond
in the formulation, even if factors like the anchpacing and the edge distance are not considered.
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The expression provided by Gigla and Wenzel (2@08jiicted very conservative relations that
can possibly be explained by conservative assumptregarding both the reduction factor
referent to the contact to mortar joints and thimtt describe the increase of the bond strength
inside water absorptive stone material, which wassidered equal to zero as no information is
available.

As previously stated, the provisions recommende@idpovic and Nielsen (2004) for the bond
failure when the anchor is installed in a mortae, @ot applicable to the case under study. The
strength capacity for combined bond-cone failureslightly overestimated but with good
approximation to the experimental value. This folation does not considers the influence of an
adjacent anchor.

As expected, the applied analytical formulationsdaaon the steel failure and bond failure
achieve considerably high load capacities. Theydical formulation defined by fib bulletin 58
for the combined bond-cone failure also resulted high strength value. When compared with
other formulations, this analytical expression seémbe more appropriate to define the bond
failure.

Finally, the simplified approach recommended by M8dses a very high value when compared
to experiments and numerical analysis, and even tlii# other simplified expressions. Weigel
and Lyvers (2004) have stated that these provisitmslead to less reliable results. Although the
values provided by MSJC and CEB are similar, CEBuitees an expression for the combined
cone sliding failure, which is the one verified exmentally.

The analytical expressions were also applied cenisig the walls from the parametric studies:

higher anchor dimensions, greater embedment deypthaager spacing between anchors. Here,
the analytical predictions are compared with thehanng system capacity obtained from the
numerical results. Figure 4.51 displays the retatietween the analytical predictions and the
numerical results for the anchors dimensions patraerenalysis, Figure 4.52 for the embedment
depth parametric analysis and Figure 4.53 for thehar spacing. The application of the

simplified expressions to different anchoring sgstdy varying some of the key parameters, aim
to further discuss the ability of the analyticatrfmulations to estimate the strength capacity of
anchoring systems.

12

Steel failure

Cone failure

Bond failure

Combined bond-cone failure
General - no failure mode defined

10

*4D>ODO

84 O

MSJC (2002)
Il Gigla and Wenzel (2000)

Il ACI 318 (2005)

IV CEB (1994)

VvV fib (2011)

VI Arifpovic and Nielsen (2004)

NPredic( NNum 6

| Il 1] v \% Vi

Figure 4.51 Comparison between the analytical esgimas and the parametric analysis of the anchor
dimension.
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Figure 4.52 Comparison between the analytical esgipes and the parametric analysis of the
embedment depth.
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Figure 4.53 Comparison between the analytical esgioes and the parametric analysis of the anchors
spacing.

The graphical distribution of the analytical andnarical relations of these analysis (see Figure
4.51, Figure 4.52 and Figure 4.53), show similaults in terms of the formulations that can best
describe the behaviour of the anchoring systerwhat concerns the analytical relations found
for the anchor diameter parametric analysis (Figusé), ACI 318 and fib formulations estimated

precisely the strength capacity verified numericalrifpovic and Nielsen (2004) and Doerr and

Klingner (1989) in CEB formulations seem to slightiverestimate the strength capacity since
the expressions provided by these formulationsttier combined bond-cone failure are very
sensitive to the anchor diameter.

For the anchoring system with higher embedmentrd@gigure 4.52), the analytical expressions
in general tend to underestimate the strength dgpEfche system, compared with the numerical
results. Even though, ACI 318, CEB, fib and Arifpmand Nielsen (2004) formulations give an
approximate estimation of the strength capacitthefsystem.

For the system with increased spacing between ttohoms (Figure 4.53), the analytical
expressions provided relations very similar to @hes obtained for the reference model with a
very close approximation from the ACI 318, CEB, fibmulations since in these the spacing
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between anchors is accurately taking into acco@mce Arifpovic and Nielsen (2004)
formulation does not considers the interaction leetwanchors, the analytical prediction by
increasing the spacing among the anchors is nettafd.

As verified in the analytical study for the refecermodel, MSJC gives very high strength values
and Gigla and Wenzel (2000) provide rather consemevaredictions in all the cases.

The application of the formulations consideringlaring systems with distinct characteristics,
allowed to verify the formulations that best ddserthe strength capacity of anchoring systems
in different conditions and to assess the sengitofithe expressions to certain parameters.

4.6. FINAL CONSIDERATIONS

The structural seismic behaviour of masonry bugdidepend in the efficiency of its connections.
A possible strengthening solution to improve thésmé& response of masonry-to-timber
connections in masonry buildings was numericallyeased. The present study has proven the
potential of numerical analyses when used as a lerngmtary tool to experimental campaigns,
allowing for a deeper characterization of the b&havand for parametric analysis.

The numerical model, prepared in accordance wighetkperimental setup, was calibrated and
validated against the available experimental resuBoth the fixed and rotating crack

formulations were applied and evaluated by compatiire numerical results with experiments.

The rotating crack model (RCM) showed a better egient regarding the post-peak behaviour,
since the shear strength is updated after crackioigg the complete analysis. Also the RCM
damage pattern observed during the analysis was copnpatible with the failure mode observed
experimentally. RCM seems to be more suitablenwkite the post-peak response of numerical
models when the behaviour is governed by sheath&umore, the numerical model described
very precisely the force-displacement behavioumiébin the experimental tests and also the
failure mechanism behaviour.

The parametric analysis carried out on the calfaratodel considered mechanical parameters of
masonry, wall pre-compression level and geometdeaditions in the anchoring system. In what
concerns the masonry mechanical parameters, tigsenshowed that the compressive strength
and tensile parameters influence the capacity hadhon-linear behaviour of the system in a
moderate way. The pre-compression level provee ta parameter that influences the behaviour
of the system, as expected. Considering the geanpatrameters under study, the behaviour of
the anchoring system was greatly influenced byahehor embedment depth, increasing the
capacity to the double although a less ductile Wielia was observed. The study of the influence
of the anchor dimensions in the response of théesygroved that an increase in the steel
diameter (from 16mm to 32mm) did not provide sigmifit enhancement in the system capacity.
By increasing the spacing between anchors, toirhéstthe initial value, a slight increase in the
ultimate capacity was verified and the damage itigion showed a more perceptible cone
formation between anchors, proving that the tensdlpacity of an anchor is affected by the
overlapping of adjacent anchors. Parametric analyseealed the potential of the proposed
model, assessing and describing the behavioureoitithoring system in distinct conditions,
giving a valuable contribution in the understandafgnjected anchors in masonry behaviour.
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The prediction of the anchor capacity injected msonry walls by means of complex numerical
methods became essential for a comprehensive dadeirsg of the system behaviour.

Available analytical formulations for the evaluatiof the anchor strength were discussed and
applied. A brief review of these simplified expriess is provided in this Chapter and applied in
the anchoring system under study. A good agreebeinteen experiments and the failure mode
predicted by all the models was attained. In teoimstrength capacity, a very good agreement
was obtained with the ACI 318 (2011), fib BulleNim. 58 (2011) and CEB (1994) formulations.
On the other hand, the method proposed by MSJQjZ&Ems to greatly overestimate the values
of the strength capacity. The analytical expressioovided by Arifpovic and Nielsen (2004)
estimated with acceptable approximation the strengpacity of the anchors, implying a careful
analysis of the failure modes applicable to eadeca
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Chapter 5

MASONRY BUILDING:
CASE OF STUDY
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5.1. INTRODUCTION

In the previous Chapters the study of the behavidfuwalls and connections in masonry
constructions have proven the potential of numeanalyses when used as a complementary tool
for experimental campaigns. The analyses allow eleeparacterization of the behaviour and
parametrical analysis. The knowledge obtained ftloese research works are now the basis for
the study of a typical masonry building, considgtine in-plane behaviour of walls and the effect
of the connections.

In this chapter the focus is on the influence @& tdonnections in the global response of the
structure. Initially, the description of the burdi selected for the study is provided. This isra¢h
storey building located in Lisbon, Portugal, congéd by masonry walls and timber floors.
Typical masonry constructions generally presentr pmmmnections between walls and floors,
usually consisting of timber joists supported ie thasonry wall. For this reason, the building
was studied considering three different structaoalditions:

= Assuming that the connections between structueahehts are insufficient, the structural
response was evaluated by considering only theiexigalls behaviour;

= By strengthening the wall-to-wall connections, nmakit effective, the building response
was studied considering the external and interaltsAhbehaviour;

= By both strengthening wall-to-wall and wall-to-flooonnections, the global response of
the building is studied.

The design of strengthening solutions for wall-talvand wall-to-floor connections is conducted
with a simple design tool based on the simplifigteknatic approach. The safety verification of
the out-of-plane collapse of the facade wall in ta@se of inefficient connections between
elements is also addressed.

The influence of the connections between wallsflouds and also the external and interior walls
in the global behaviour of the structure is asskasenerically. Finite element models considering
the conditions exposed above were constructed.dvaslanalysis proportional to the mass were
used to assess the seismic response of the builiegusage of numerical simulations to evaluate
the behaviour of masonry buildings and assess ffi@eacy of strengthening solutions is a
common procedure. An example is the work describegiardoso et al. (2005) and Bento et al.
(2005) for the study of a Portuguese typical magdmiilding, evaluating the influence of the
connections in the global behaviour and assessimgerically three different strengthening
solutions.

The implementation of a simplified procedure to leatge the building strength in a given
direction, based on the individual response ofcstimal components, is also addressed. In this
section the analytical expressions discussed irpeh&, section 3.7 were the basis to compute
the in-plane strength of the walls.
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5.2. DESCRIPTION OF THE CASE OF STUDY

Aiming at studying a typical masonry constructiarcase study presented by Lamego (2014) of
a characteristic building of Lisbon was handpickEadis selection was premised on not only the
study of a representative masonry building, but #ie possibility of comparing the results from
this study with the results provided by simplifi@dproaches carried by Lamego (2014).

The building is located in the Fernando Caldeira&t Alvalade neighbourhood in Lisbon and
is inserted in a set of 302 buildings called ateanical houses”. Almost all of these buildings
present similar characteristics, all yellow or pimkth simple and functional architecture (see
Figure 5.1). The construction of these buildingsrtstl in December of 1946 and ended in
September of 1948. Alvalade quarter was planneged@ds ago, establishing harmony between
housing and functional facilities.

(a) (b)
Figure 5.1 Typical masonry buildings in Alvaladéghdourhood, Lisbon.

The buildings have three floors and two apartmpatgloor with a total area per floor of 143.m
Figure 5.2 shows the main facades of the buildiith the presence of a few window openings,
contrasting with the lateral facades that do netteny openings. Each apartment has an area of
58.7 nt distributed by one living room, three bedroomiathroom and a kitchen (see Figure 5.3
and Figure 5.4). The building is very regular with2 m long, 8.2 m wide and 11.5 m of height
to the top of the roof and is symmetric in onehf directions.

This building was constructed following the typicaiyanization of most Portuguese traditional
buildings composed of load-bearing masonry waliaraged in orthogonal planes, with relatively
flexible floor diaphragms. The exterior walls ame twalls limiting the stairs in the central part
of the building are made of limestone masonry.d&blick masonry is used for the walls with
division purposes in the interior of the buildindgntified in Figure 5.3 and Figure 5.4). Exterior
walls have 0.50 m thick and the interior partitiwalls have thickness with 0.25 and 0.15 m. The
floor diaphragms are flexible, composed by pine deojoists, typically placed perpendicular to
the facade walls and braced by smaller ones tleaept the transverse deformation of the main
joists. The roofs are built with timber trussesdokith ceramic tiles type “Lusa”. The floor joists
dimension and disposition is unknown, so pine wjoists of 0.18x0.08 fspaced 0.40 m were
defined to compose the floor structure. The matgriaperties of the building were defined by
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Lamego (2014) according to Table 5.1, whers the elastic modulus,is the density anil is
the compressive strength.
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Figure 5.2 Elevation of the building: (a) Frontwaton; (b) Rear elevation (Lamego 2014).
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Figure 5.3 Plan of the ground floor (Lamego 2014).
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Figure 5.4 Plan of the first and second floorsnfego 2014).

Table 5.1 Material properties (Lamego 2014).

E[MPa] | y[kN/mJ fc [MPa]

Limestone Masonry 1035 19 0.9
Solid brick Masonry 2400 18 2.8
Pine Wood 11500 6 -

5.3. STRENGTHENING SOLUTION/INTERVENTION

As previously addressed, the seismic performance ¢fpical masonry building is highly
dependent on its capability to redistribute thazwortal loads through all the structural elements.
Given this, the efficiency of the connections beesnessential to ensure the proper load
transmission between elements. Typical masonndimgis are commonly characterized by the
lack of effective connections between structurairednts.

Wall-to-wall and wall-to-floor connections play aajor role in the seismic behaviour of the
global structure. For this reason, in this sectassuming that the connections between walls are
no longer effective, strengthening solutions to riowe the connections above mentioned are
presented and designed for the building under stlidg selected solutions to strengthen both
wall-to-wall and wall-to-floor connections includide introduction of injected anchors in
masonry walls and were designed according to thdystddressed in Chapter 4.

The design procedure performed is based on theduuillibrium analysis following the principle
of the virtual work. This procedure, with referertoéocal mechanisms, is developed through the
selection of the collapse mechanism and the evatuaf the horizontal forces that activate this
kinematic mechanism (OPCM 3431 2005). The safetjfie@tion is performed according to
OPCM 3431 (2005).

In the absence of effective connections to intenialls and floors, the out-of-plane overturn of
the facade walls is the most likely collapse mdde definition of the kinematic mechanism of
the facade wall is represented in Figure 5.5. Th# i supposed infinitely rigid, therefore the
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horizontal forces are proportional to the massaarijial forces). The loads considered acting on
the rigid bodies composing the kinematic mechamigre the self-weight (V) the vertical loads
acting at the floor levels (R a system of horizontal loads proportional to thassesof and
aW,;) and distributed horizontal forces which represém forces to be carried by the
strengthening wall-to-wall anchoring system)(Thot shown in the figure. The horizontal
coefficient @) is the seismic mass multiplier that triggers tiechanism.
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Figure 5.5 Kinematic mechanism concerning thedftglane overturn of the facade wall.

With respect to the kinematic mechanism, Tabledis@lays the loads acting in the rigid bodies.
A wall strip 1 m wide is considered. The self-wdighthe stone masonry walls is computed for
the three floor levels considering the respectpenings (W, W2 and W). The loads at the floor
levels (R and B) include the floor structure weight plus the owad according to the seismic
combination. The load at the roof levekXBomprises the roof weight, timber trusses, cecami
tiles and other coatings (typical values were takem Braz&do Farinha and Correia do Reis
(1993) recommendations).

Table 5.2 Loads of the kinematic mechanism in [KN/eeter wall].

W1 W2 W3 P1 P2 P3

28.7 23.4 23.4 3.5 3.5 3.9

53.1L Safety Requirements

According to OPCM 3431 (2005) the safety of eackmaaism is verified in the linear simplified
kinematic approach for ultimate limit state, if thgectral acceleration that activates the failure
mechanismd”*,) is greater than the acceleration of the elap@ctsum, adequately amplified to
consider the relative height of the portion of geicture involved in the mechanism (equation
(5.12).
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a, S Z
a, = 97(1 + 1.5ﬁ) (5.1)

where, q is the structure factor assumed equivadxeﬁtag is the ground acceleration, S is the
soil factor, Z is the height of the centre of thasses that generate horizontal forces on the
elements of the kinematic mechanism and which atefficiently transmitted to the other parts
of the building and H is the height of the wholeisture.

According to the National Annex of EC8 (2003), tireund acceleration for Lisbon is equal to
0.17 g for near-field earthquake (type 1), whicthissmost demanding. The soil factor (S) for this
building was considered type B, in agreement vt geological map of Lisbon, as referred in
Lamego (2014). The corrections to this factor psgabby the national annex (EC8-1 2010) were
also considered according to equation (5.2), riegulh a value of S equal to 1.27, considering
Smax =1.35.

Smax — 1
3
The height of the centre of the masses (Z) was atedpresulting in a height of 4.93 meters,

being the total height of the structure (H) 11.5ter®& The spectral acceleratiati {) for the
activation of the mechanism is computed by the ggud5.3), whereF; is the generic weight
force, M* is the participant mass (given by equat{6.4)), g is the gravitational acceleration and
e* is the fraction of the mass participant in tlieknatism (equation (5.5)).

S = Smax —

(ag—1) if 1m/s* < ay; < 4m/s* (5.2)

L _aXiaFi_ag

ao= M* e* (53)
2
M = (ZIy F 64) (5.4)
gZ?=1Fi é\Zx,i '
L_9M
¢ = r (5.5)

i=1"1
The participant mass is obtained through the apiptio of equation (5.4), bein%y, ; the virtual
horizontal displacement in a control displacemesitfp Table 5.3 summarizes the calculation
procedure for M*. The fraction of the mass partigip(e*) in the mechanism is computed using
equation (5.5), considering M*=6.82 as previousijcalated, and a value of 0.78 was achieved.

Table 5.3 Calculation of the participant mass M*.

n n
Fi O Fi 8y, Z F 6%,
i=1 i=1
Py 35 0.37 1.3 0.47
P 3.5 0.68 2.4 1.62
Ps 3.9 1.00 3.9 3.87
Wi | 287 0.18 5.3 0.97
W, | 234 0.53 12.3 6.47
Wz | 234 0.84 19.7 16.57 M*
> 44.8 29.97 6.82
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In this manner, the wall safety is verified if tretation given by equation (5.6) is satisfied, lgein
o the horizontal coefficient that activates the nsatidm. Computing this inequality, the load
coefficient o that activates the mechanism has to be higher €hdB8 to meet the safety
requirements (equation (5.7)).

@ _017-127( . 493
0.78 = 2 ~115 [9] (5.6)

a>0.138g (5.7)

5.3.2. Evaluation of the Wall Safety

In order to assess the need of the strengthenihgicsy the safety of the mechanism was
evaluated. The load multiplierwas calculated through the principle of virtualwby the simple
rotation equilibrium of the horizontal and vertiéatces around to the hinge O (Figure 5.5). The
position of the hinge (distancg ts given by limiting the maximum stress on thestmbmpressed
edge to 1 MPa, considering the limestone masonmypcessive properties (calculated through
equation (5.8)).

g. Xt

2(W, +Wy+ W, +P,+P,+P
2 1:W1+W2+W3+P1+P2+P3 o t1= ( 1 2 3 1 2 3)
O-C

(5.8)

Thus, the rigid body stability is assured by theilgyium of vertical and horizontal forces around
O with a distance {}t of 0.17 meters, as given by equation (5.9). Alloaefficient () of 0.018
was attained. Thus, the inequality granted by god5.7), related to the safety requirements,
is not verified for the wall without the strengtlimagsystem. The capacity parameter is below the
demand parameter: 0.018¢0.138g. This proves the need to design strengthesblutions to
avoid the out-of-plane collapse of the wall.

W1(0.25 - t1)+W2(0.25 - tl) + W3(0.25 - t1)+P1(0.35 - t1)+P2(0.35 - tl) + P3(0.35 - tl) (5-9)
—a(W1'1.75+W2'5+W3'8+P1'3.5+P2'6.5+P3'9.5):0

5.3.3. Wall-to-wall Connections

A possible strengthening solution to improve thefgrenance of wall-to-wall connections is
presented in Chapter 2, section 2.4 (lustratedgarg 2.13) and studied in Chapter 4. It consists
on parallel anchors introduced in the bearing wall connected to the perpendicular wall by
means of steel plates. A scheme of the considéredgshening solution is provided in Figure
5.6. As referred, the stone masonry bearing wéll38 m thick and the anchor embedment depth
was considered with 0.35 m. The anchors embednepthdvas chosen according to the wall
thickness and also taking into consideration thertg conditions studied in the previous Chapter.
The perpendicular interior walls of the buildingpsh of them made of brick masonry, present a
thickness varying from 0.15 to 0.25 m. Since thacspg between anchors is dependent on the
wall thickness (as clearly demonstrated in Figu63,3he design procedure will be carried out in
function of the worst case scenario, associateth Wit smallest spacing between anchors
(according to the parametric analysis performetthénprevious Chapter).
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I Stone Masonry Wall

% Brick Masonry Wall

e

Figure 5.6 Wall-to-wall strengthening solutiongplview).

To design the wall-to-wall strengthening solutithve simplified kinematic approach proposed by
OPCM 3431 (2005) is followed. The hypothesized faéc mechanism of the wall fagade,
including the forces to be carried by the strengjting solution, is represented in Figure 5.7. The
forces acting in the wall were defined in Table. 3.Be distributed horizontal load at each floor
level (T1, T2 and &), with respect to the strengthening system toasigthed, is calculated through
the principle of the virtual work assuring the ditpnium of the wall.

In order to meet the safety requirements, the tmadficiento that triggers the mechanism has to
be greater than 0.138 (as defined in section 5.Bdb)this reason, this value is on the basis®f th
design of the anchoring system.
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Figure 5.7 Kinematic mechanism concerning theadtglane overturn of the facade wall with the
consideration of the wall-to-wall strengtheningtsys.

The calculation of the tensile stresses to beaxhby the strengthening system of the second floor
(T3), is carried out considering the equilibrium of thpper part of the wall, as displayed in Figure
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5.8. The position of hinge A is determined, onceaiagby limiting the maximum stress at the
compressive edge to 1 MPa, computed by equatid@)Besulting in a distance of 0.054 m.
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Figure 5.8 Equilibrium of the upper part of the \aded for the calculation ofsT
p o 2(Ws+Ps) (5.10)

3
Oc

The equilibrium of the rigid body is given by eqgoat(5.11):

Consideringy equal to 0.138 (in order to satisfy the safetyumnegnents), the distributed force T
is determined through this equation, resulting. i6&N/m for 1 meter wide. A wall band 6 meters
wide is considered taking into account the worsecgcenario of the interior walls distribution in
the building, reaching a total of 3 kN for each Malwall connection.

The wall-to-wall strengthening solution includes thtroduction of an anchoring system in the
masonry wall. According to the parametrical anaysarried out on the previous Chapter and
considering the stone masonry mechanical properties strength capacity of the anchoring
system can be set in 65 ki) This capacity is reduced to around 22 kN, byapplication of a
safety factor o=3.0 (T /y). Comparing the strength capacity of the anchosygtem (22 kN)
with the horizontal force required to fulfil thefety requirements (3 kN), it is obvious that one
anchoring system in each wall-to-wall connectiornigugh to assure the safety of the building.
The following calculations will be carried out acdimg to the design of the strengthening
solution at this level, this means with a forc&2kN in each wall-to wall connection (1.2 kN/m
per 1 meter wide).

The determination of Jforce is carried out following a similar procedurmnsidering the
equilibrium of the rigid body presented in Figur®.5Firstly, the distance is calculated by
limiting the compressive stress £ 0.11 m). Then, the principle of virtual worksused to
determine the force I Since the parameteris known (0.138) and the force; Was already
defined (0.95 kN/m per 1 meter wide), the equilibriaround the hinge B gives the force T
(equation (5.12)):

X 4.5 — a(Wy X 1.5+ Wy X 4.5+ P, X 3+ P; X 6) = 0 (5.12)
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Figure 5.9 Equilibrium of the upper part of thelwesed for the calculation of,T

By computing the equilibrium equation (5.12), itsmeerified that the force;lis not necessary to
guarantee the stability of the system. This mehas the anchoring system introduced in the
upper wall-to-wall connections is sufficient to ass the safety verifications. Nonetheless, in
order to guarantee that the seismic forces arsrirated through all the elements, the installation
of an anchoring system for the wall-to-wall coninmts$ at this level (first floor) is also proposed.
In the same manner, the equilibrium of the whold was assessed resorting to the kinematic
mechanism presented in Figure 5.7. At ground ldwelwall safety is assured by the strength
capacity of one anchoring system (22 kN), sinceetipglibrium of the three floor resulted in T
equal to 0.88 kN/m, around 16 kN for a wall band oheters.

Thus, the design of the strengthening solutiomfali-to-wall connections through the kinematic
approach proved that one anchoring system placesdh connection between perpendicular
walls is enough to guarantee the safety verificatigas represented in Figure 5.10). The
anchoring system is placed at half height of thé. wa

] 0| I L
‘ L3 L3
L] ‘ i
Figure 5.10 Schematic representation of the veallsll strengthening solution in each floor level.
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5.3.4. Wall-to-floor Connections

The wall-to-floor connections efficiency is assutedthe strengthening solution presented in
Figure 5.11, which includes the introduction of tparallel anchors in the masonry wall, as in
the previous solution. The anchors inserted imthsonry wall are connected to the timber floor
through steel angles. The numerical study performégjected anchors in masonry (Chapter 4)
IS once again used as basis for the design ofstresigthening solution. The adopted spacing
between anchors was 28 cm, as the system expeasltyédmimerically studied.

Stone Masonry Wall

P —

Timber Floor
. _—

ﬂzzzzzmzm%z'

2 Agz: .
(a)

//’// Stone Masonry Wall /,//
\ \\\\\\ /’/// Timber Floor
)
(b)
Figure 5.11 Wall-to-floor strengthening solutiga) Plan view; (b) Perspective.

The procedure previously described for the desfgihe strengthening solution of wall-to-wall
connections is followed here and for this reasdoriaf explanation is given. The kinematic
mechanism, with the inclusion of the forces to haied by the anchoring system at the floors
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levels (T), is defined in Figure 5.12. A wall band 1 metedavis considered. The safety of the
wall is verified if the load coefficient is higher than 0.138, as demonstrated in secti®i 5

aP, N

aWs
3 e
1w3

o, [P, T,
< = 5

aW, o
< _

3 - N
1\/\/2 Ve \\\
// O \\\\
o P T « \
> ,

<

\:tr/ -
35 M o
le
4+ 05
Figure 5.12 Kinematic mechanism concerning theadytlane overturn of the facade wall with the

consideration of the wall-to-floor strengtheningtgm.

To estimate the force to be carried by the streamgtiy system (i T; and E), the equilibrium of
the wall in the three levels is assured. Firsthg tension in 3 is determined by the rotation
equilibrium around the hinge A of the upper levéltlre wall (see Figure 5.13a). The hinge
position is calculated by limiting the compresssteess, computed by equation (5.10), and the
forces acting in the wall were already defined (Balgle 5.2). Accordingly, the force Talculated

for 1 meter of wall is 0.25 kN. Considering thealowidth of the wall, a force of around 5 kN, is
required for the top wall equilibrium. The capacitf/the anchoring system to be used in this
building, already reduced by the safety factpr3(0), is 22 kN. Since the capacity of the
strengthening system is significantly higher thha tlemand force, one anchoring system is
proposed for this level.

Similarly, the tension in Jis determined by computing the rotation equilibriof the two top
floors around hinge B with+ 0.11 m (see Figure 5.13b). The tensigmeBulted in 2.9 kN per 1
meter of wall, which means 56 kN for the total waitith. To meet the safety requirements, the
installation of three anchoring systems in wallHtmr connections along the wall width are
recommended. Finally, the tensiondpplied at the first floor level is calculated satering the
designed solutions of the top floors connectionsaid ). The equilibrium around hinge O,
positioned at 0.18 m from the edge, gives a terfsiofh, of 112 kN. This means that six anchoring
systems are necessary at this level to guarangesathty requirements.
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Figure 5.13 Equilibrium mechanisms: (a) Upper pérthe wall for the calculation of 5T (b) Two
upper floors of the wall for the calculation of. T

Summarizing, the design of the strengthening smiutd wall-to-floor connections revealed that
one anchoring system is required at the top fléapltragm, three at the second floor level and
five at the first floor level. However, for practicand aesthetics purposes, three anchoring
systems at each level have been adopted (spaced #@En each other), see Figure 5.14. The
equilibrium of each level was recalculated baseth@new arrangement proving the wall safety.
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Figure 5.14 Schematic representation of the veafleor strengthening solution.

5.4. NUMERICAL STUDY

The numerical characterization of the seismic bahavwof the building comprises the study of
the structure using three numerical models. Firsthly the contribution of the external walls is
considered (assuming that the connections betwteectwal elements are inefficient), named
Model 1; then the contribution of the external amdrior walls is studied (assuming the efficient
application of the strengthening solution for wallwall connections, designed in the previous
Chapter), named Model 2; and at last the globalabielr of the structure is considered
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(considering also wall-to-floor efficient connegig), named Model 3. Thus, three numerical
models were prepared in order to fulfil these cbads. The configuration of the model attempts
to reproduce the structural behaviour of the boddi while adopting the necessary
simplifications. The numerical model was preparsidgithe TNO DIANA (2009) software using
the geometrical information gathered from Lameg0l@. Three-dimensional finite element
models were constructed using shell elements talabe the masonry walls. Eight-node
quadrilateral isoparametric curved shell eleme@t340S) were used to discretize the mesh (see
Figure 5.15). These elements have quadratic inf@ipo and Gauss integration.

Figure 5.15 Curved shell element (CQ40S) (adapted TNO DIANA (2009)).

Taking into account the conclusions provided bystuely carried out in Chapter 4 related to the
application of the FCM and RCM formulations, th&atetrain rotating crack model with rotating
crack model with exponential stress-strain relaiop in tension and parabolic in compression
(as represented in Figure 3.7). The nonlinear nadfemoperties were defined according to Table
5.1, following the recommendations used in the jotey Chapters. The stone and brick masonry
were simulated considering a uniqgue homogeneouEo material, as previously discussed.
Stone and brick masonry behaviour were definedrdang to Table 5.4, in which andG. are

the compressive strength and fracture endrgndG: are the tensile strength and fracture energy.

Table 5.4 Non-linear properties.

Yy E f(; Gc ft G’(
[kN/m%] | [MPa] [ [MPa] | [N/mm] | [MPa] | [MPa]
Stone Masonry 19 1035 0.9 1.44 0.1 0.0p
Brick Masonry 18 2400 2.8 4.48 0.2§ 0.0

The seismic assessment of the building considé¢hieagonditions previously described is carried
out considering this formulation. In the last desatesearch community has recognized non-
linear static procedures as effective tools for phediction of seismic performance, avoiding
complex, even if rigorous, non-linear time-histanyalyses (Parisi 2010). Pushover analysis is a
non-linear static structural analysis method, comimaised for the seismic assessment of
existing masonry buildings and has been introducedany seismic codes, such as (EC8 2003)
and (OPCM 3274 2003). Pushover analysis, whichudes material nonlinear behaviour and
consists on applying an incremental monotonic logdin the structure in order to determine its
ability to resist to seismic actions, has beeniggisignificance over recent years as a tool fer th
assessment of masonry structures, e.g. (Modena2&1®) and (Antoniou and Pinho 2004).
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As recommended in (Lourenco et al. 2011), a magsqutional pushover approach is carried out
in the direction perpendicular to the facade wdls represented in Figure 5.16). The solution
procedures used the regular Newton-Raphson metiwdraenergy convergence criterion, with
a tolerance of 0.001.

Figure 5.16 Global view of the building with thepresentation of the loading direction.

The connections between structural elements wearexgicitly modelled, in the case of model
2 and 3, since itis considered that the lateed $aare efficiently transmitted through the elerment
Instead, the elements were modelled perfectly actedeamong each other.

5.4.1. Model 1

As referred above, model 1 aims to study the seigmiformance of the building in the case of
ineffective connections between structural elemdsds this reason, only exterior stone masonry
walls were modelled. The mesh was automaticallyeggged by DIANA and then manipulated
and controlled in order to obtain a good qualitysmeesulting in 11.204 nodes and 3466 elements
(Figure 5.17).

Figure 5.17 Mesh of the numerical Model 1.
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Pushover analysis proportional to the mass werdedaout for the positive and negative
orientations of lateral forces, perpendicular te flicade walls (represented in Figure 5.17). The
capacity curve for both directions, computed by tamtion of the load factoraf and the
displacement at the top of the wall, is presente8ligure 5.18. The behaviour of the building
until the first peak is independent on the loa@ction since +Y and —Y capacity curves present
exactly the same response. After this point, thildimg response in —Y direction indicates an
increase in the seismic coefficient until 0.056gfdoe exhibiting an abrupt loss of capacity. On
the contrary, the response in +Y direction revaaisore ductile behaviour with high displacement
capacity. Pushover analyses demonstrated that #x@mam seismic capacity attained in =Y
direction is 0.056g and 0.049g in +Y direction. Hae¢ésmic factor attained numerically is greater
than the value determined through the limit eqtiilitm of the out-of-plane collapse of the facade
wall in section 5.3.20=0.018g). The differences are related to the glodsonse of the building
due to the flange contributions of the in-planerak walls, considered in the numerical model,
and also to the excessive reduction in the rotdienby using a triangular stress distribution in
the base. The pushover analyses proved that thmisetapacity of the building does not fulfil
the safety requirements expressed in section Sither proving that strengthening measures
should be implemented.
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Figure 5.18 Capacity curves for Model 1.

Complementary to the analysis of the capacity coifvihe structure, the evaluation of damage
and collapse mechanisms are essential for the ssmeas of the seismic performance of this
building. The maximum principal strains distributis plotted as an indicator of damage, which,
in addiction with the deformed shape, conveys thiegption of the collapse mechanism. The
evolution of damage resultant from the pushovetyaigin +Y direction is presented in Figure
5.19. The damage distribution in the fagcade wallsidespread until the load capacity reaches
the second peak, showing, however, more severeentmation of strains in the corners of some
windows (Figure 5.19a). After the drop capacityrresponding to 80mm of displacement, the
damage distribution is more severe and the craoksckearly defined (Figure 5.19b). Two
symmetric diagonal cracks develop in the facadd, wstdrting from the top of the structure
(following the window corner) and propagate towatttks base corner. Severe vertical cracks are
also visible between openings. At the final stage,damage follows the same pattern and the
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collapse is associated to the diagonal cracksjrogitize out-of-plane collapse of the central part
of the wall (easily perceptible from the deformédse shown in Figure 5.19c).
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Figure 5.19 Maximum principal strains distributishowing the damage evolution in +Y direction:
(a) Second peak load; (b) Drop after the peak (80;r(c) Final stage.

The damage evolution resultant from the pushovalyais in —Y direction is depicted in Figure
5.20. The principal strains distribution presentedrigure 5.20a, referent to the first inflection
point of the curve, show that the damage is comatad in the central spandrels in the top floors
and at the corners of the rear fagade wall. Sindimage distribution was found for the peak
load, although more severe (Figure 5.20b). The smdikcreased in the capacity verified in the
pushover curve response is related to the losdehbrizontal stability of the building. The
vertical cracks that form in the wall intersectipas represented in Figure 5.20c, indicates the
out-of-plane collapse of the whole facade wall.
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Figure 5.20 Maximum principal strains distributishowing the damage evolution in —Y direction;
(a) Inflection point; (b) Peak load; (c) Final stag

As proved by the numerical analyses, the collapsehanisms expected for a building with
deficient connections between elements are lodal thie collapse of parts of the facade or even
the collapse of the whole facade.

5.4.2. Model 2

Model 2 aims at studying the seismic performancethaf building considering effective
connections among walls. The proposed strengthesaigtion is installed to improve the
behaviour of the connections, allowing the latéwedes to be transmitted through these elements.
A numerical model that includes the modelling af thternal walls was constructed using shell
elements, resulting in a mesh of 26406 nodes afhd 8@ments.

+Y

N

Figure 5.21 Mesh of the numerical Model 2.

Proportional to the mass pushover analyses comsidboth +Y and —Y directions were carried
out and the capacity curves plotted in Figure 5T2i& capacity curves of both directions overlap
in the linear range and the nonlinear branch sheowsre ductile response in the direction -Y,
contrarily to the results found for model 1. Theaeity in the direction +Y is slightly higher,

reaching 0.36g, but after the peak the structuféermd a decrease in the load coefficient,
exhibiting a brittle behaviour. On the other diree the building presents a ductile behaviour
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after the peak load (0.349), attaining great disgri@ent capacity. Comparing this model, which
considers the inclusion of the strengthening sotufor wall-to-wall connections, with Model 1,
the previous model only had about 15% load capadityhe new solution. This proves the
influence of wall-to-wall connections in the glolihaviour of a typical masonry building.
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Figure 5.22 Capacity curves for Model 2.

In order to further evaluate the behaviour of thding, the principal strains distribution is
plotted for direction +Y in Figure 5.23 and for elition —Y in Figure 5.24. The damage
distribution resultant from the pushover analysisHY direction at the peak load shows
widespread concentration of strains in all theding (see Figure 5.23a). At the final stage, Figure
5.23b shows severe concentration of damage imtedar walls. A diagonal crack is developed
in the interior wall, located in the central pafttiee building, and the connection between this
wall and the perpendicular one is compromised leyftiimation of a vertical crack along the
height. Since the building is symmetric along s the same happens in the other part. This
damage pattern can be explained by the large gpaeiween interior walls in this direction, so
most of the lateral forces are transmitted thrathgise central in-plane walls. Besides, these walls
are thicker when compared to the other in-plandsw@hus, the capacity of the building in this
direction is limited by these walls.
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Figure 5.23 Maximum principal strains distributishowing the damage evolution in +Y direction:
(a) Peak load; (b) Final stage.
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The damaged pattern obtained for the peak loadYadirection shows the presence of vertical
cracks following the opening edges at the centtb@building (Figure 5.24a). At the final stage,
the damage propagates to the in-plane interiorswalhere significant cracks due to in-plane
loading are perceptible (see Figure 5.24b). Theadgnn some of the spandrels is severe and can
originate the out-of-plane detachment of smalletspaf the building. In-plane damage in the
interior walls also control the global performamdehe building.

By considering efficient connections between thdisaa global response of the structure was
attained in both directions.
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Figure 5.24 Maximum principal strains distributishowing the damage evolution in —Y direction;
(a) First inflection point; (b) Peak load; (c) Histage.

5.4.3. Model 3

The global behaviour of the building is assessedhleyconsideration of effective connections
among all the structural elements. Model 3 was ttoaoted assuming that the strengthening
solution previously proposed for wall-to-floor cautions is applied to the building. Rigid
connections between walls and the floor structoeeaasumed. The timber joists were simulated
by bars that transmit only axial forces, rotatians free at the connections points and there is no
shear deformation. The two-node truss elementsRL§Tused to simulate the timber joists are
represented in Figure 5.25.

y
o
)

U, /-~
/ l ﬁ Ux
z U: (70—
Figure 5.25 Truss element (L6TRU) (adapted from TN@ANA (2009)).

In relation to Model 2, this model additionally indes the simulation of the floor structure. The
timber joists distribution in each floor is illuated by Figure 5.26, including the representation
of the building materials. Since most of the nosdinties are expected to concentrate in masonry,
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linear behaviour was assumed for timber. The géegranesh for the numerical model is
presented in Figure 5.27 and has 25.400 elemedt8.662 nodes.

Materials:

[1BRICK MASONRY
[l STONE MASONRY
l TIMBER JOISTS

Figure 5.26 Schematic representation of one fldahe building, including the description of the
materials.

+Y

N\

Figure 5.27 Mesh of the numerical Model 3.

Proportional to the mass pushover analyses wengedaout considering the modifications
implemented in Model 3. The global response ofib#ding in Y direction is given by the
capacity curves plotted in Figure 5.28. Accordinghte pushover analyses, the building capacity
in =Y direction (0.45¢g of load factor) is higheaththe obtained in the other direction (0.39g),
presenting, as verified in the previous analysisi@hoa more ductile behaviour. Comparing with
the results obtained for Model 2, an increase éahilding capacity of around 25% for direction
-Y is verified and only 8% of growth in directiory+
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Figure 5.28 Capacity curves for Model 3.

Analysing the damage distribution for direction ffMgure 5.29) and -Y (Figure 5.30), similar
crack pattern is found compared the previous meaellyses. The global behaviour of the
structure is noticeable by the damage distributiesultant from the pushover analysis. The
building in the direction that presents the lowapacity exhibits damage in the interior in-plane
walls (Figure 5.29b). The ductile response of thading in —Y direction is confirmed by the
damage distribution throughout the structure.
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Figure 5.29 Maximum principal strains distributishowing the damage evolution in +Y direction:
(a) First inflection point; (b) Peak load; (c) Histage.

Figure 5.30 Maximum principal strains distributishowing the damage evolution in —Y direction:
(a) First inflection point; (b) Peak load; (c) Histage.
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5.4.4. Comparison between the models

The comparison between the model responses, asnaem#o assess the influence of the
connections in the behaviour of the building, igegi in Figure 5.31. It is clear the difference
between the first model (considering the connestioefficient) and the other two (Model 2 and
3), both in terms of stiffness and seismic capa@tycomparing the Model 2 with the Model 3,

it could be concluded that the introduction of flo®r structure (modelled by the timber joists)
do not provide more stiffness to the structure oasp. Instead, the seismic capacity is enhanced,
mainly in =Y direction with an increase of 25% Iretload factor.
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(a) (b)
Figure 5.31 Comparison between the model respo(esesY direction; (b) —Y direction.

5.5. VALIDATION OF THE BUILDING CAPACITY BY
SIMPLIFIED METHODS

5.5.1. Bilinear Pushover Curves

Bilinear approximation approach, in which the noeér behaviour is idealized with a bilinear
curve, represents a useful and common approacwed by code provisions currently available
worldwide (FEMA 356 2000; EC8 2003; OPCM 3431 2008)e bilinear approximation of the
capacity curves obtained by the analyses resulidanfel 3 were defined according to Figure
5.32, resulting in the bilinear curves presenteBigure 5.33 for both +Y and -Y directions.
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Figure 5.32 Bilinear approximation.
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Figure 5.33 Bilinear approximation of FEM resu() +Y direction; (b) -Y direction.

5.5.2. Macro-block approach

The work carried out by Lamego (2014) includedgtugly of this building using macro-elements
(see Figure 5.34). The software used to carry pueshanalysis proportional to thé' ¢ibration
mode was the 3Muri. Although different approachess lead to different results and considering
that in the present study pushover proportionghéomass was chosen instead proportional to the
1*'vibration mode, the results will be compared. &halyses results of the global model (Model
3) are compared to the results provided by Lam2ga4).
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Figure 5.34 Model using macro-elements (taken ftbamego 2014)).

Comparison between the FEM results with the resabitained by using the macro-modelling
approach are presented in Figure 5.35. Both thfnests and the seismic capacity present
important differences. The results provided by thacro-modelling approach are more
conservative than the ones obtained by the FEM) 8\l éEM considers out-of-plane effects and
the macro-modelling approaches ignores them. Madigbly these differences are related to the
pushover load pattern adopted to carry the analgsigportional to the mass or proportional to
the first vibration mode. In addition, the condiite laws adopted in this model are more
sophisticated than the ones used in the macro-matieth may lead to slight difference results.
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Figure 5.35 Comparison between the FEM results withresults obtained by using the macro-
modelling approach: (a) +Y direction; (b) -Y direct.

In alternative to finite element analyses, whicle aery time consuming and require high
computational efforts, expeditious methods havenbpeposed for estimating the seismic
capacity of structures based on the behaviourdititual walls components. An example is the
simplified linear static procedure included in FEN8B6 (2000) guidelines. Aiming at compare
the FEM results with the building lateral capaastimated through simplified approaches, the
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simplified model provided by FEMA 356 (2000) is &pd. This method focused primarily on
the response of individual in-plane piers takingpiaccount the typical failure mechanisms
reported in the literature (discussed in secti@®and studied in Chapter 3) (Abrams 2001). The
global response of the entire building in termslufar strength is then determined by combining
the individual responses of each wall (Moon 2004)s simplified procedure relies in two basic
assumptions: the parallel walls deform togethesuasng that forces are transmitted through all
the structural elements; and the lateral strengthebuilding in a given direction is calculated
as the sum of the strength capacity of all wallsala to this direction. The efficiency of the
connections between the structural elements aetivilie monolithic behaviour of the building,
making the role of walls paramount with regardthimlateral seismic resistance of the structure.
Indeed, post-earthquake investigations have shbat) tnce the out-of-plane mechanisms are
prevented, the seismic performance of a masonigibgidepends on the strength capacity of its
piers (Vasconcelos and Lourengo 2009).

In the building under study the efficiency of thenoections between structural elements is
assured by the strengthening solutions designéueiprevious section. Thus, the regular shape
of the building and its box-like behaviour undetetal actions, suggests that the simplified
approach is applicable and can give an approxiraatienation of the lateral strength of the
building.

The lateral capacity of the building was evaluatedsidering the direction perpendicular to the
wall facades. The components of the building tkatst to lateral loads in this direction are the
in-plane lateral walls. Both of the lateral walksvie the same characteristics, not presenting any
opening, as verified by the plants of Figure 5.8 Bigure 5.4. The lateral wall with the definition
of the structural components is presented in Figugé, in which three piers are distinguished
according to the floor levels. The forces actinghat floor levels (g p. and p) are calculated
following the same considerations taken in theisech.3. Since the timber joists are placed
parallel to these walls, only a small part of thecés from the floors are transferred to the latera
walls. Thus, pand pwere taken equal to 4.6 kN/m ang200 kN/m.

Pa [ J | L ] | ]|
Pier 3 3

<P P A A A
Pier 2 3

Pl Ll Ll

Pier 1 3,5

Figure 5.36 Schematic illustrating the definitidrstructural components in lateral walls.
The strength capacity of the piers is evaluatedutjin the analytical expressions provided in

FEMA 356 (2000) based on one of four possible behawl states: bed joint sliding, rocking,
diagonal tension or toe compression (discussedpplied in Chapter 3, section 3.7). The failure
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mode and corresponding lateral strength of a gieontrolled by the failure mode with lowest
strength. Equations (3.48.7), (3.9) and (3.12) described in section 3.7 were usedrapate the
strength capacity of the piers described above rdowp to the failure mode. The material
properties and the parameters used to computdrdregth of each pier according to the failure
mode are summarized in Table 5.5, where | is thgtle h is the height of the pier and t the
thickness, W is the weight of each pier and N tkialacompressive force acting in each level.
The parameteu; is related to the boundary conditions of each. pieted-fixed conditions were
defined for pier 1 and 2i4=1.0) because the wall develops for the next flogmanting the support
for these piers at the top. Since the timber tmusse disposed perpendicular to the facade walls,
it was considered that the roof structure wouldgrant enough support to the top pier. For this
reason cantilever conditions were conservativetyiared for pier 30=0.5).

Table 5.5 Parameters used to compute the streagé#tity of each pier.

Im] [h[m]| t[m] | WkN] [ NKN] |c[MPa] | fc[MPa] | f[MPa] | @ u

Pie3 | 82| 3 | 05| 2337 2501 0.1 0.9 01 o5 05
Pie2 | 82 | 3 | 05| 2337 5215 0.1 0.9 01 10 05
Pieel | 82 | 35| 05| 2727| 8319 0.1 0.9 01 10 of5

The calculated strength and controlling failure mddr each pier are shown in Table 5.6. For
pier 1 and 2 the shear sliding governs, whilstdlak behaviour by toe crushing governs the
failure of the top pier. The strength capacity tud tateral wall is computed by the sum of the
contribution given by the component at the basellsince it include the weight of all the piers,
i.e. 931.4 kN (pier 1). As a result, the globa¢sgth of the building to lateral loads in the diiec
perpendicular to the facade walls is estimatedbystim of the strength of the two in-plane walls,
totalizing around 1863 kN.

Table 5.6 Strength of the piers.

Toe Crushing | Rocking| Sliding | Diagonal Tension
[kN] [kN] [kN] [kN]
Pier 3 308.7 307.6 495.1 1218.8
Pier 2 1137.7 1282.9 698.6 1689.2
Pier 1 1321.3 1754.1 931.4 1671.8

The lateral strength capacity obtained by this §ified procedure was compared to the results
from FEM analyses. Since the in-plane capacityhesé walls can only be fully exploited if the
building behaves as a monolithic structure, asmassuby the FEMA simplified procedure, the
comparison with the numerical results is perforroedsidering the Model 3 in which the global
response governs. The maximum lateral capacityiraidey FEM in the bilinear approximation
was 2300 kN (see Figure 5.33). The prediction gibgrthe simplified procedure proposed in
FEMA 356 (2000) underestimates the strength obthileling when compared with the pushover
analyses results, but still provides very approténaalues. Similar results were found by Yi
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(2004), which concluded that the strength predidbgdFEMA 356 is conservative when
compared to the actual strength of the buildingeexpentally tested. The underestimation of the
strength capacity can be related to the fact teattirrent FEMA methods do not take into account
some global characteristics of the test structuoh &s the flange effects. This method primarily
relies on individual components to describe thealbilur of the in-plane walls possibly
neglecting important global characteristics of #teucture, but still it can estimates with
reasonable approximation of the building capacity.

5.7. FINAL REMARKS

The capabilities and application of the studiesiedrout on the previous Chapters are revealed
through its application in the study of the seishetaviour of a typical masonry building. Since
the global structural performance of masonry bogdi under earthquake loading, is affected by
the efficiency of wall-to-wall and wall-to-floor cmections, strengthening solutions were
designed based on the knowledge provided in thdy starried out in Chapter 4. The kinematic
limit analysis approach which considers the seismdevidual response of selected mechanisms
was applied to assess the safety of the wall witbonnections to the structural element and then
for the design of the strengthening solutions.

Finite element models were developed with the psepof evaluating the influence of the
connections between structural elements. Pushavalyses results proved that the seismic
capacity of the building considering inefficient ntctions is very low and that proper
strengthening measures would provide a great eehamc the capacity of the building.
Considering effective connections among walls thersic capacity is highly improved and when
combined to efficient strengthen of wall-to-flo@mmections the seismic response of the building
is even more improved.
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6.1. CONCLUSIONS

A numerical approach to study the structural betavof walls and strengthened connections in
traditional masonry buildings was presented, priogidaluable contributions on this topic. These
works demonstrated that the use of sophisticatederical analysis for the characterization of

experimentally tested specimens, not only providgsble results, including the accurate

characterization of the nonlinear behaviour, ulteneapacity and failure mechanisms, but also
appears as a powerful tool for the developmentodimpetric analyses.

During this thesis, special attention was givetinéonumerical model validation procedure against
experimental data, assuring in this manner theidente in the sequent parametric numerical
results. The results provided by the parametridyaea contributed to extend the available
database on the characterization of the behavibumasonry walls and injected anchors in
masonry.

This thesis can be divided into three main patis: study of wall components; the study of
strengthened connections using injected anchorsasonry and the application of the results
provided by these studies in the seismic assessyhamypical masonry building. In the following
the main conclusions of each of these studiesdaeeased.

6.1.1. Masonry Walls Study

The study of the in-plane behaviour of masonry svalas carried out resorting to finite element
models to simulate the numerically the walls resgohe evaluation of the walls experimental
response compared with the preliminary linear asedyresults, allowed to conclude that the
elastic stiffness is dependent on the pre-compmredsivel of the wall and on the construction

procedure. For this reason, the numerical modellghiocorporate this aspect so the masonry
elastic modulus was adjusted according to the @xjatal response. A good correspondence
between numerical and experimental responses has foend for all the walls proving the

potential of the presented numerical strategyrtaukate the in-plane behaviour of masonry walls
with good accuracy. The non-linear response, sthecgpacity and failure mechanism predicted
by the numerical analyses present good correlatiinthe experimental results for all the walls.

The validated numerical models were used as a ncahéaboratory to assess the response of
walls with different geometric relations and prevgmession levels. A total of five more walls
were numerically estimated regarding the, nonlinezsponse, stress distribution, strength
capacity and failure mode. The comparison betwéenwalls responses, demonstrated that
flexure failure modes are predominant in slenddtswaith low levels of pre-compression. The
in-plane capacity of the walls is improved by therease on the pre-compression level and lower
slenderness ratios (squat walls), but leadingdeaease in the lateral displacement capacity of
the walls.

The drift capacity of the walls was evaluated adowy to EC8 recommendations. The
comparison between the drift capacities estimajedumerical analyses and the limit proposed
by the codes showed that a number of walls diduifiied the requirements. Different and more
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realistic boundary conditions were then considengdch allowed to fulfil the drift limit for 94%
of the walls.

Finally, analytical simplified formulations availghin literature, which are associated to distinct
failure modes, were presented and discussed. Tgieaion of the simplified expressions to the

numerically studied walls, showed good agreemenwdsn the numerical lateral resistance and
the predicted values based on by simplified models.

6.1.2. I njected Anchors Study

The study of injected anchors in masonry as attosirengthen the connection between elements,
included the construction of a detailed three-disi@mal finite element model. Aiming at
investigating the formulation that best descritbes tiehaviour of the system, fixed and rotating
crack models were used. Rotating crack model siesiftne behaviour of the anchoring system
with a better accuracy since the force-displacemesponse, damage distribution and failure
mode are in better agreement with the experimeesailts.

The validated numerical model was used to studyinfleence of some input parameters and
model conditions. The response of other configaratiwas successfully evaluated through
parametric analysis proving, in this manner, theeptial of the numerical model. Parametric
analysis revealed that the embedment depth isdpecathat most influences the capacity of
injected anchors in masonry, in comparison withdtieer studied parameters.

Finally, a good agreement between experiments laaddilure modes predicted by available
analytical formulations was achieved. In termstaérggth capacity, a very good agreement was
obtained with the ACI 318 (2011), fib Bulletin N®3 (2011) and CEB (1994) formulations. On
the other hand, the method proposed by MSJC (XHe)s to greatly overestimate the values of
the strength capacity. Gigla and Wenzel (2000) esgions provide rather conservative
predictions in all the cases.

6.1.3. Typical Masonry Building

A traditional masonry building located in Lisbonsuwased to evaluate the role of connections in
its seismic performance. Strengthening solutionsgumjected anchors in masonry walls were
designed for wall-to-wall and wall-to-floor conniests. The strength capacity values were
estimated in accordance with the results providedhapter 4.

Finite element models confirm the great influenbet tthe connections have in the seismic
capacity of a structure. Pushover analysis propaatito the mass were used to assess the seismic
behaviour of the regular building. Considering faefive connections among the structural
elements, pushover analysis showed low seismiccitggdamited by local collapse mechanisms.
With the improvement of the connections among éxteand interior walls (obtained by the
installation of the designed strengthening solitibie building capacity increases around 85%
with regard to the previous model. The analysismaring that the structure behaves as a global
system (by improving the wall-to-floor connectioe®d to an increase of around 20% in the
building capacity. These two last numerical mogeksented a damage pattern that indicates a
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global behaviour of the structure. The influenceha connections between structural elements
was clearly demonstrated by the numerical anatgsiglts found.

The numerical results were also compared to a ffiggbinacro-modelling approach available in
Lamego (2014) and differences were found, whichtmarelated to the modelling approach used.

6.2. FUTURE WORKS

The research presented and discussed in this t@sise used as a basis for future developments
in theoretical, numerical, and even experimen&tfi. Further research is proposed as follows:

= The study reported in Chapter 3 focused on thebehaof stone masonry walls. This
numerical approach can be used for the study @rattasonry types, geometric aspect
ratios, and other structural aspects (boundaryitiond, levels of compression, etc.).

= In Chapter 4 a numerical approach was followedédscdbe the behaviour of injected
anchors in masonry. The conditions studied thrquaglametrical analysis can be further
explored, including additional parameters that @afuence the behaviour of the
anchoring system.

= The approach followed in Chapter 4 could also lmaaded for the study of other types
of strengthening solutions.

= The application of dynamic analysis and incremegiyalamic analysis in the assessment
of the seismic performance of traditional masoruijdings is suggested to validate the
use of simple approaches, more suitable for prizfieats.
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Figure A. 1 Force-displacement curves for the patamanalysis of the masonry elastic modulus
(CS01 wall).
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Figure A. 2 Force-displacement curves for the patam analysis of the masonry compressive

strength (CS01 wall).

100
80+
z
X 60+
[}
o
o
L 40
20 ——cCso1
/ —— CSO01 f; ;o +50%
CSOL f; o-50%
0 T T T T T T T T T T T T T
0 2 4 6 8 10 12 14
Displacement [mm]
Figure A. 3 Force-displacement curves for the patdamanalysis of the masonry tensile strength
(CS01 wall).
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Figure A. 4 Force-displacement curves for the patam analysis of the masonry compressive

fracture energy (CS01 wall).
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Figure A. 5 Force-displacement curves for the patamanalysis of the masonry tensile fracture

energy (CS01 wall).
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Figure A. 6 Force-displacement curves for the pa&tac analysis of the masonry elastic modulus

energy (CS03 wall).
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Figure A. 7 Force-displacement curves for the patam analysis of the masonry compressive

strength (CS03 wall).
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Figure A. 8 Force-displacement curves for the patdamanalysis of the masonry tensile strength
(CS03 wall).
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Figure A. 9 Force-displacement curves for the patdm analysis of the masonry compressive

fracture energy (CS03 wall).

162



ANNEX A

90

751
= 60+
X,
(]
O 45-
(o}
L

30+

——Cs03
151 —— CS03 Gy (of +50%
CS03 Gy o -50%
0 T T T T T T T T T T T
0 4 8 12 16 20 24

Displacement [mm]

Figure A. 10 Force-displacement curves for the mpatac analysis of the masonry tensile fracture
energy (CS03 wall).
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Figure A. 11 Force-displacement curves for theapetric analysis of the masonry elastic modulus
energy (CS02 wall).
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Figure A. 12 Force-displacement curves for the ipatac analysis of the masonry compressive
strength (CS02 wall).7
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Figure A. 13 Force-displacement curves for the patac analysis of the masonry tensile strength
(CS02 wall).
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Figure A. 14 Force-displacement curves for the ipatdc analysis of the masonry compressive
fracture energy (CS02 wall).
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Figure A. 15 Force-displacement curves for the mpatac analysis of the masonry tensile fracture
energy (CS02 wall).
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Figure A. 16 Force-displacement curves for the patédc analysis of the masonry elastic modulus
energy (CMO1 wall).
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Figure A. 17 Force-displacement curves for the ipatdac analysis of the masonry compressive
strength (CMO1 wall).
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Figure A. 18 Force-displacement curves for the patec analysis of the masonry tensile strength
(CMO1 wall).
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Figure A. 19 Force-displacement curves for the ipatdac analysis of the masonry compressive
fracture energy (CMO1 wall).
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Figure A. 20 Force-displacement curves for the mpatac analysis of the masonry tensile fracture
energy (CMO1 wall).
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Figure A. 21 Force-displacement curves for the pateac analysis of the masonry elastic modulus
energy (CMO03 wall).
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Figure A. 22 Force-displacement curves for the ipatdc analysis of the masonry compressive
strength (CMO03 wall).
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Figure A. 23 Force-displacement curves for the patac analysis of the masonry tensile strength

(CMO3 wall).
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Figure A. 24 Force-displacement curves for the ipatac analysis of the masonry compressive
fracture energy (CMO03 wall).
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Figure A. 25 Force-displacement curves for the patac analysis of the masonry tensile fracture
energy (CMO03 wall).
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Figure A. 26 Force-displacement curves for the patdc analysis of the masonry elastic modulus
energy (CMO02 wall).
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Figure A. 27 Force-displacement curves for the ipatdc analysis of the masonry compressive
strength (CMO02 wall).
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Figure A. 28 Force-displacement curves for the patac analysis of the masonry tensile strength
(CMO02 wall).
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Figure A. 29 Force-displacement curves for the patdac analysis of the masonry compressive
fracture energy (CM02 wall).
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Figure A. 30 Force-displacement curves for the mpatac analysis of the masonry tensile fracture
energy (CM02 wall).
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Figure A. 31 Force-displacement curves for the petdac analysis of the masonry elastic modulus
energy (CTO01 wall).
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Figure A. 32 Force-displacement curves for the ipatdc analysis of the masonry compressive
strength (CTO1 wall).
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Figure A. 33 Force-displacement curves for the patac analysis of the masonry tensile strength
(CTO1 wall).
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Figure A. 34 Force-displacement curves for the ipatdc analysis of the masonry compressive
fracture energy (CTO1 wall).
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Figure A. 35 Force-displacement curves for the patac analysis of the masonry tensile fracture
energy (CTO1 wall).
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Figure A. 36 Force-displacement curves for the pateac analysis of the masonry elastic modulus
energy (CTO03 wall).
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Figure A. 37 Force-displacement curves for the ipatac analysis of the masonry compressive
strength (CTO3 wall).
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Figure A. 38 Force-displacement curves for the patac analysis of the masonry tensile strength

(CTO3 wall).
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Figure A. 39 Force-displacement curves for the ipatac analysis of the masonry compressive
fracture energy (CTO3 wall).
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Figure A. 40 Force-displacement curves for the mpatac analysis of the masonry tensile fracture
energy (CTO3 wall).
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Figure A. 41 Force-displacement curves for the pateac analysis of the masonry elastic modulus
energy (CTO02 wall).
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Figure A. 42 Force-displacement curves for the ipatac analysis of the masonry compressive
strength (CTO02 wall).
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Figure A. 43 Force-displacement curves for the patac analysis of the masonry tensile strength

(CT02 wall).
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Figure A. 44 Force-displacement curves for the ipatdc analysis of the masonry compressive
fracture energy (CTO2wall).
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Figure A. 45 Force-displacement curves for the mpatac analysis of the masonry tensile fracture
energy (CTO02 wall).
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Final stage — lateral section; (c) Peak load -stagtion; (d) Final stage — top section.
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Figure B.7 Maximum principal strains at final stdgethe anchor diameter parametric analysis: (a)

Lateral view; (b) Top view.

178



	Página 1
	Página 2
	Página 3
	Página 4



