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ABSTRACT 18 

An analytical procedure based on the SLaMA (Simplified Lateral Mechanism Analysis) method 19 
is proposed for the seismic vulnerability assessment of UnReinforced Masonry (URM) 20 
structures. The procedure considers an equivalent frame discretization for the structure (pier, 21 
spandrel, and joint elements) and includes: (i) the evaluation of moment‒rotation capacity 22 
curves at each pier-spandrel subassembly; (ii) the assessment of the hierarchy of strength in 23 
each subassembly; and (iii) the calculation of the structure capacity curve according to the 24 
expected failure mechanism. Validation of the proposed SLaMA-URM procedure is achieved 25 
in a one-story URM substructure tested under lateral cyclic loading. The analytical predictions 26 
are compared with numerical ones from a 2D continuous finite element (FE) model based on a 27 
macro-modelling strategy. The flexural capacity of the components is estimated using a 28 
monolithic beam analogy, and the results compared with those from traditional sectional 29 
analysis. The influence of the substructure geometry on the hierarchy of strength at the 30 
subassembly and global levels is investigated. An analytical formulation of the pier-spandrel 31 
joint strength is also proposed to be considered in the assessment of the hierarchy of strength. 32 
The method is validated for a one-story substructure subjected to lateral in-plane loading. 33 
Results, in terms of crack patterns and capacity curves, are in relatively good agreement with 34 
the experimental and FE results, even when a bilinear curve approximation is used. The 35 
potential of the SLaMA-URM method for the seismic assessment of URM buildings is thus 36 
demonstrated, whose application to a larger URM structure is planned as a subsequent study. 37 

Keywords: URM structures, lateral mechanism analysis, pier-spandrel joint, simple benchmark 38 
substructure, numerical simulation, geometry influence.  39 

https://doi.org/10.1016/j.jobe.2022.105487 

mailto:claudia.sansoni@uniroma1.it
mailto:marquesmnc@sapo.pt
mailto:stefano.pampanin@uniroma1.it
mailto:pbl@civil.uminho.pt
https://doi.org/10.1016/j.jobe.2022.105487


 2 

1. Introduction 40 

Past and recent earthquakes, such as the 2016 Central Italy earthquakes, evidenced the high 41 

seismic vulnerability of UnReinforced Masonry (URM) buildings. To deal with this problem, 42 

it is necessary at first to understand the actual behavior of masonry structures, identify their 43 

critical weaknesses (diagnosis), assess their seismic vulnerability (prognosis), and implement 44 

effective prevention strategies (therapy). 45 

Masonry is a composite material, for which advanced modeling approaches based on the Finite 46 

Element (FE) method have been developed to simulate its complex behavior [1–7]. Although 47 

this strategy can potentially provide very accurate results, it is computationally demanding and, 48 

therefore, of limited application in seismic vulnerability assessment studies. Simplified models 49 

are usually preferred, since they allow a good compromise between the computational burden 50 

and the reliability of the results, e.g. [8–15]. Within this context, the Equivalent Frame (EF) 51 

method is arguably the most frequently used. When applying the EF method to URM structures, 52 

the influence of the pier-spandrel joint (considered rigid) is generally neglected, both in terms 53 

of strength and deformability, as originally proposed by Dolce [16]. 54 

In this work, a simplified mechanical-based analytical (“by-hand”) procedure, based on the EF 55 

discretization, is proposed for the seismic vulnerability assessment of URM structures. This 56 

procedure builds on and extends the SLaMA (Simplified Lateral Mechanism Analysis) method 57 

in the New Zealand Seismic Assessment guidelines (NZSEE Part C5 [17]) and recent Dutch 58 

guidelines NPR 9998-18 [18]. The SLaMA method is based on an analytical nonlinear approach 59 

to obtain the capacity curve of a given frame-like Reinforced Concrete (RC) structure through 60 

simple hand calculations [19,20] and, more recently, to masonry structures [21]. 61 

The global seismic response of the structure is integrated from the components capacity by 62 

considering a “chain” of failure mechanisms among the structural subassemblies. The sequence 63 

of mechanisms relies on the hierarchy of strength between the structural components using a 64 
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Moment‒Axial load (M‒N) performance domain [22]. The equilibrium approach is based on 65 

the distribution of the internal “moment capacity” at each subassembly, to derive the equivalent 66 

frame Overturning Moment (OTM) and, in turn, the base shear versus lateral displacement 67 

capacity curve. 68 

The so-called SLaMA-URM method proposed here is intended to be a tool to quickly assess 69 

the seismic capacity of URM structures. The presented application of the method is intended to 70 

give a comprehensive overview of the methodology. The subsequent parametric analyses are 71 

aimed to address the influence of the pier-spandrel joint, as well as of the dimensions of the 72 

panels, on the global response of a simple URM structure. 73 

2. Proposed SLaMA-URM method 74 

The SLaMA method is currently prescribed in several guidelines (the NZSEE Part C5 [17] and 75 

the NPR 9998-18 [18]) for the seismic assessment of existing buildings, as a key stage in the 76 

procedure before the implementation of more complex computational models. The 77 

methodology consists of several consequential steps: 1) obtaining the building data (geometry, 78 

material properties and details) and the information on the seismic hazard; 2) evaluating the 79 

flexural and shear capacities at the component level; 3) defining the hierarchy of strength among 80 

column, beam and joint at subassembly level; 4) evaluating the overturning moment capacity 81 

of the structure and the overall force‒displacement response (corresponding to either column-82 

sway, beam-sway or mixed sideways mechanisms) from the equilibrium of the internal moment 83 

capacities. 84 

In this work, the SLaMA method is extended, adapted, and applied to the case of URM 85 

structures, relying on the hypothesis of regular and frame-like buildings. The capacity of 86 

structural components, such as the in-plane flexural and shear strengths, are defined according 87 

to rules given in the literature and/or code provisions. The proposed method relies on the 88 

hypothesis of building box-behavior, so the influence of the out-of-plane response of the walls 89 
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and the deformability of the floors is disregarded. This is currently a limitation of the method, 90 

but its application to geometrically regular buildings according to the assumption of box-91 

behavior, i.e., with good wall-to-wall and wall-to-floor connections and stiff diaphragms is 92 

reasonable. In this case, the response of the building in each direction can be calculated as the 93 

sum of the responses of the individual walls oriented in that direction. Further improvements to 94 

the method aiming to consider both the out-of-plane response of the walls and the deformability 95 

of the floors will be considered in a next step, in which experimental works that may constitute 96 

a valuable source of validation can be found in [23,24]. 97 

2.1 Background of considered strength criteria 98 

Several models for estimating the in-plane strength of URM piers are available in the literature. 99 

The flexural strength related to the rocking mechanism is typically defined assuming an 100 

equivalent rectangular compressive stress block (NTC 2018 [25], NZSEE Part C8 [26]). For 101 

the shear strength, several formulations exist to consider the different mechanisms of diagonal 102 

cracking and bed-joint sliding. For diagonal cracking, the Turnšek and Cačovic [27] criterion, 103 

in which the strength is defined based on the masonry tensile strength, and the Mann and Müller 104 

[28] model, that assumes the shear strength based on the cohesion and the friction coefficient 105 

of joints, are the two most common approaches in masonry codes. For bed-joint sliding, the 106 

Mohr-Coulomb criterion is typically assumed, as suggested in the Italian code (NTC 2018 [25]).  107 

For URM spandrels, there is a limited knowledge on their behavior and the experimental studies 108 

are scarce and relatively recent (e.g., Beyer and Dazio [29], Parisi et al. [30], Knox et al. [31]). 109 

According to some building codes, if a spandrel is coupled by an effective lintel or by tie-rods, 110 

it can be assumed as a pier rotated by 90 degrees (e.g., NTC 2018 [25], EN 1998-3 [32]). This 111 

is specifically addressed in NTC 2018 [25], when the horizontal axial load is known; otherwise, 112 

an equivalent strut is assumed (if a coupled tensile resistant element is present) and the shear 113 

strength depends on the cohesion. In absence of any specific resistant element coupled to the 114 
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spandrel, the bricks interlocking effect at the end-sections with the contiguous masonry can be 115 

considered (FEMA 306 [33], Cattari and Lagomarsino [34]) to avoid an excessive 116 

underestimation of the flexural capacity. 117 

In the EF modeling approach, the evidence of limited damage to pier-spandrel joints in URM 118 

walls during earthquakes has led to assume them as rigid and infinitely resistant. However, 119 

joints may have an important role on both buildings’ stiffness and capacity depending on the 120 

geometry of the spandrel-pier subassemblies. This has been observed experimentally in 121 

[29,31,35], but also in recent numerical studies [36–38]. The assumption of deformable joints 122 

may better capture the real behavior of buildings, especially because a rigid node assumption 123 

is a rough approximation of the complex stress transfer mechanism that occurs between 124 

spandrels and piers, as addressed by [39]. In such a context, the actual capacity of the joints can 125 

be considered by assuming an “equivalent strut” strength mechanism (Bertoldi et al. [40]). For 126 

the EF approach, different studies have been developed to define the effective deformable 127 

height and length of piers and spandrels, respectively (e.g., Dolce [16], Lagomarsino et al. [41]).  128 

In the SLaMA method, a specific sectional analysis procedure is implemented according to the 129 

Monolithic Beam Analogy (MBA) approach aiming to estimate the moment‒rotation capacity 130 

of components. This approach is based on the calculation of the equilibrium of deformable 131 

bodies, as in the case of precast concrete jointed ductile rocking-dissipative connections based 132 

on unbonded post-tensioned techniques (Pampanin et al. [42]). 133 

2.2 Component level analysis: piers and spandrels 134 

2.2.1 Moment‒Rotation curves 135 

The flexural capacity of piers is defined from an elastic‒perfectly plastic stress‒strain relation 136 

in compression and no-tensile resistance (EPP-NTR) assumption. Regarding the spandrels, an 137 

elastic‒perfectly plastic stress-strain in compression and tension resistant (EPP-TR) model is 138 

considered. In detail, an equivalent tensile strength 𝑓𝑓𝑡𝑡𝑡𝑡 related to the interlocking effect [34] is 139 
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used to calculate the bending moment by performing the sectional analysis. Based on the height 140 

and the width of the bricks, Δy and Δx, respectively, and considering the 65% of the mean 141 

compressive vertical stress 𝜎𝜎𝑣𝑣 on the cross-section of the adjacent pier, the equivalent tensile 142 

strength is calculated according to Equation (1) [34]. 143 

ftu=
𝛥𝛥𝑥𝑥

2𝛥𝛥𝑦𝑦
𝜇𝜇 0.65 𝜎𝜎𝑣𝑣 (1) 144 

where 𝜇𝜇 is the friction angle. The stress‒strain relationships in compression and tension used in 145 

the sectional analysis for describing the moment‒rotation response, with the corresponding 146 

elastic (𝜀𝜀𝑦𝑦𝑦𝑦 and 𝜀𝜀𝑦𝑦𝑡𝑡) and ultimate (𝜀𝜀𝑡𝑡𝑦𝑦 and 𝜀𝜀𝑡𝑡𝑡𝑡) strain values, are shown in Figure 1.  147 

Note that the responses are defined at an element scale, rather than at a representative volume 148 

of the masonry. At an element scale, there is some evidence that the consideration of an EPP 149 

model with significant ductility in tension is a reasonable assumption for spandrels, e.g., Cattari 150 

and Lagomarsino [34]. Note that the tension resisting response is considered only for the 151 

spandrel (Figure 1b). In fact, when the damage of spandrels is mostly driven by shear cracking 152 

of the mortar bed joints, as assumed in the current work, the failure is relatively ductile. A brittle 153 

failure is more likely to occur due to the tensile cracking of the units and so in a weak-unit‒154 

strong-joint masonry, as observed in [3]. 155 

 156 

Figure 1. Stress-strain relationships: (a) elastic–perfectly plastic in compression and no-tensile 157 

resistant (EPP-NTR) for piers, and (b) elastic–perfectly plastic in compression and tensile 158 

resistant (EPP-TR) for spandrel. 159 



 7 

The MBA formulation (Pampanin et al. [42]) is herein adapted for URM structures to 160 

characterize the step-by-step rocking/rotation behavior of piers and spandrels. In particular, the 161 

components are assumed as deformable bodies with the inelastic deformations concentrated at 162 

their ends, whose position is established by the existing openings. Therefore, Equation (2) can 163 

be derived from an analogy in terms of displacement (member compatibility condition) between 164 

the URM cantilever element and an equivalent monolithic RC element. 165 

θi=
�εi
ci
− χy� �Lcant −

Lp
2 �Lp

Lcant
 (2) 166 

where 𝜀𝜀𝑖𝑖 is the strain value at the corresponding neutral axis depth 𝑐𝑐𝑖𝑖, 𝜒𝜒𝑦𝑦 = 2 𝜀𝜀𝑦𝑦𝑦𝑦/𝐵𝐵 is the 167 

elastic curvature (where B is taken as the length 𝐵𝐵𝑝𝑝 for piers and the height ℎ𝑠𝑠𝑝𝑝 for spandrels), 168 

𝐿𝐿𝑦𝑦𝑐𝑐𝑐𝑐𝑡𝑡 is the distance from the element-end to the point of contraflexure (assumed as half of the 169 

effective height for piers, ℎ𝑝𝑝,𝑒𝑒𝑒𝑒𝑒𝑒/2, and as half of the clear span for spandrels, 𝐿𝐿𝑠𝑠𝑝𝑝/2), and 𝐿𝐿𝑝𝑝 170 

is the assumed cracking depth (theoretical equivalent plastic hinge length) at the element-end, 171 

which is taken approximately as 0.1𝐿𝐿𝑦𝑦𝑐𝑐𝑐𝑐𝑡𝑡. This last estimation of 𝐿𝐿𝑝𝑝 according to [42] can be 172 

adopted in cases with a limited knowledge about the masonry arrangement. For well-known 173 

cases, based on damage evidence in experimental programs for piers and spandrels [29,43,44], 174 

Lp can be estimated according to the masonry units dimensions. Specifically, assuming Lp 175 

ranging between [ℎ𝑡𝑡𝑐𝑐𝑖𝑖𝑡𝑡 , 2ℎ𝑡𝑡𝑐𝑐𝑖𝑖𝑡𝑡] and [ℓ𝑡𝑡𝑐𝑐𝑖𝑖𝑡𝑡, 2ℓ𝑡𝑡𝑐𝑐𝑖𝑖𝑡𝑡] for piers and spandrels, respectively, is a 176 

good compromise; where ℓ𝑡𝑡𝑐𝑐𝑖𝑖𝑡𝑡 is the length of units and ℎ𝑡𝑡𝑐𝑐𝑖𝑖𝑡𝑡 is the height of units. Considering 177 

that Equation (2) defines only the “plastic” component of the element’s rotation, developed 178 

through the rocking mechanism, the elastic component (flexural and shear deformations of the 179 

member itself outside the critical rocking sections) is added from the initial stiffness 𝐾𝐾𝑒𝑒𝑒𝑒 180 

according to Equation (3), after assuming fixed-fixed boundary conditions. 181 

Kel=�
ℎ𝑒𝑒𝑒𝑒𝑒𝑒

3

12𝐸𝐸𝑚𝑚𝐼𝐼
+ 1.2

ℎ𝑒𝑒𝑒𝑒𝑒𝑒
𝐵𝐵𝑝𝑝𝑡𝑡𝑝𝑝𝐺𝐺𝑚𝑚

�
−1

(3) 182 
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where ℎ𝑒𝑒𝑒𝑒𝑒𝑒 is the effective height (derived from Dolce’s [16] rule for piers, ℎ𝑝𝑝,𝑒𝑒𝑒𝑒𝑒𝑒, and given 183 

by the clear span for spandrels, 𝐿𝐿𝑠𝑠𝑝𝑝), Bp and tp are respectively the length and the thickness of 184 

the element, Em and Gm are respectively the elastic and shear moduli of masonry, and I is the 185 

moment of inertia. For spandrels, the moment capacity curve is defined in two different ways 186 

according to the EPP-TR model, which are characterized by: 1) ductility in tension limited to 187 

𝜇𝜇𝜀𝜀𝑡𝑡 = 𝜀𝜀𝑡𝑡𝑡𝑡 𝜀𝜀𝑦𝑦𝑡𝑡⁄ = 50, i.e., tension-governed failure (TF), and 2) ductility in compression limited 188 

to 𝜇𝜇𝜀𝜀𝑦𝑦 = 𝜀𝜀𝑡𝑡𝑦𝑦 𝜀𝜀𝑦𝑦𝑦𝑦⁄ = 1.2 with infinite ductility in tension, i.e., compression-governed failure 189 

(CF). The tension strain ductility of 𝜇𝜇𝜀𝜀𝑡𝑡 = 50 was calculated according to the generalized EPP 190 

tension stress‒strain model for spandrels (i.e., 𝜀𝜀𝑦𝑦𝑡𝑡 = 0.04% and 𝜀𝜀𝑡𝑡𝑡𝑡  =  2%) defined by Knox 191 

[42], when considering that damage is mostly driven by the shear cracking of the mortar bed 192 

joints. The Knox’s proposal [42] is based on results from in-situ bed-joint shear tests in typical 193 

New Zealand masonry buildings. 194 

Three different limit state conditions are considered (decompression, peak and ultimate) and a 195 

sectional analysis is performed to define the moment‒rotation response. In detail, the 196 

decompression condition corresponds to the assumption that the rotation 𝜃𝜃𝑑𝑑𝑒𝑒𝑦𝑦 is equal to the 197 

elastic rotation (obtained from the initial stiffness 𝐾𝐾𝑒𝑒𝑒𝑒), and the decompression moment 𝑀𝑀𝑑𝑑𝑒𝑒𝑦𝑦 is 198 

consequently defined. For piers and spandrels, when the EPP-TR-CF model is adopted, from 199 

imposing the values of compressive peak 𝜀𝜀𝑦𝑦𝑦𝑦 and ultimate 𝜀𝜀𝑡𝑡𝑦𝑦 strains, the peak moment 𝑀𝑀𝑝𝑝 and 200 

the ultimate moment 𝑀𝑀𝑡𝑡, and the corresponding rotations (elastic plus plastic) 𝜃𝜃𝑝𝑝 and 𝜃𝜃𝑡𝑡, are 201 

defined. On the contrary, when the EPP-TR-TF model is adopted for spandrels, from imposing 202 

the values of tensile peak 𝜀𝜀𝑦𝑦𝑡𝑡 and ultimate 𝜀𝜀𝑡𝑡𝑡𝑡 strains, the moments 𝑀𝑀𝑝𝑝 and 𝑀𝑀𝑡𝑡 and the 203 

corresponding rotations 𝜃𝜃𝑝𝑝 and 𝜃𝜃𝑡𝑡, are defined. 204 

Regarding the shear strength of piers, the Turnšek and Cačovic [27] criterion is adopted for 205 

diagonal cracking, given by Equation (4). 206 



 9 

Vs,dc=
𝐵𝐵𝑝𝑝𝑡𝑡𝑝𝑝𝑓𝑓𝑡𝑡
𝑏𝑏 �1 +

𝜎𝜎𝑣𝑣
𝑓𝑓𝑡𝑡

(4) 207 

in which 𝑏𝑏 = ℎ𝑝𝑝,𝑒𝑒𝑒𝑒𝑒𝑒 𝐵𝐵𝑝𝑝⁄  is the pier aspect ratio that varies in the range [1‒1.5], ft is the masonry 208 

tensile strength, and 𝜎𝜎𝑣𝑣 is the compressive vertical stress on the pier. The Mohr-Coulomb 209 

criterion is assumed for bed-joint sliding, as given by Equation (5). 210 

 𝑉𝑉𝑠𝑠,𝑏𝑏𝑑𝑑𝑏𝑏 = 𝑙𝑙′𝑡𝑡𝑝𝑝(𝑓𝑓𝑣𝑣0 + 𝜇𝜇𝜎𝜎𝑣𝑣) (5) 211 

where 𝑙𝑙′ is the compressed length of the pier, fv0 is the masonry shear strength in absence of 212 

axial load, and μ is the masonry friction coefficient (assumed to be 𝜇𝜇 = 0.7). It is noteworthy 213 

to highlight that Equation (5) is an implicit expression, since the 𝑙𝑙′ value is dependent on the 214 

lateral shear force. Several authors tried to overcome this dual dependence, for instance [45]. 215 

For spandrels, the shear strength is calculated with Equation (6), multiplying the spandrel cross-216 

section (height hsp × thickness tp) by the masonry shear strength in absence of axial load, fv0 217 

(NTC 2018 [25]). 218 

𝑉𝑉𝑠𝑠,𝑑𝑑𝑐𝑐 = ℎ𝑠𝑠𝑠𝑠𝑡𝑡𝑠𝑠𝑓𝑓𝑣𝑣0 (6) 219 

The strength thresholds are expressed in terms of moment capacity calculated from the pier (or 220 

spandrel) shear resistance 𝑉𝑉𝑠𝑠 and the pier (or spandrel) cantilever length 𝐿𝐿𝑦𝑦𝑐𝑐𝑐𝑐𝑡𝑡, as 𝑀𝑀 = 𝑉𝑉𝑠𝑠𝐿𝐿𝑦𝑦𝑐𝑐𝑐𝑐𝑡𝑡. 221 

2.2.2 Moment‒Axial load (M‒N) performance domains 222 

The flexural capacity of piers is defined through a closed-form equation according to NTC 2018 223 

[25] and NZSEE Part C8 [26] codes, in which the bending moment capacity is defined based 224 

on assuming an equivalent compressive stress block. Alternatively, the Moment‒Axial load 225 

(M‒N) interaction curve can be obtained through sectional equilibrium equations, in which 226 

different constitutive laws can be adopted for masonry. In such a context, the pier M‒N 227 

interaction domains are defined by considering an elastic‒perfectly plastic law in compression 228 

and a no-tensile resistant (EPP-NTR) model. The MBA approach [42] can be used for 229 
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calculating the flexural capacity as an alternative to the traditional sectional analysis. It is 230 

schematized for piers in the flowchart of Figure 2. 231 

 232 

Figure 2. Calculation of the M‒N domain through sectional analysis using the MBA approach. 233 

2.3 Subassembly level analysis: hierarchy of strength 234 

The evaluation of the hierarchy of strength between the structural components of a subassembly 235 

requires the assessment of the individual capacities of the components with reference to a 236 

common parameter. In the procedure proposed here, the parameter taken is the equivalent 237 

bending moment at the involved pier, according to [22]. 238 

Considering that the capacity of the structural components was previously derived as a 239 

moment‒rotation relation, the pier M‒N interaction (or performance) domain is adopted to 240 

identify the sequence of failure mechanisms in each pier-spandrel subassembly. In this 241 

performance domain, the demand is represented by the axial load variation due to the lateral 242 

load on the frame structure. The axial load variation on the piers (ΔN), due to the coupling effect 243 

of the spandrel strip during the lateral sway, is considered and introduced in the M‒N domain, 244 

according to Equation (7) from NZSEE Part C5 [17]. 245 

ΔN=±
2𝐻𝐻
3𝐿𝐿

𝐹𝐹 (7) 246 

where 𝐻𝐻 and 𝐿𝐿 are the height and the length of the substructure, respectively, and F represents 247 

the equivalent seismic load, assumed to be applied at 2 3⁄  of 𝐻𝐻. The intersection of the demand 248 

(axial load variation) with the capacity curves determines the sequence of events. Such 249 

assumption of considering the axial load variation follows the strategy adopted in other 250 

literature studies [19,20,46]. This strategy to evaluate the variation of axial load with reference 251 

to a single pier in a simple framed structure is as specified in section C5.6.2 of the NZSEE Part 252 
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C5 [17] guidelines. For more complex structures, a similar procedure can be adopted based on 253 

the portal frame method, or it can be computed in FE-based structural analysis software. 254 

2.4 Global level analysis: capacity curve 255 

The Overturning Moment (𝑂𝑂𝑂𝑂𝑀𝑀) is calculated, with reference to a single-bay single-story 256 

substructure, with Equation (8) that considers a global equilibrium approach by including two 257 

contributions: 1) the sum of bending moments at the base of each pier 𝑀𝑀𝑝𝑝,𝑖𝑖 and 2) the push-pull 258 

overall moment due to the coupling of shear forces at the spandrel-end 𝑉𝑉𝑠𝑠𝑝𝑝 (rocking mechanism) 259 

which is multiplied by the total length of the frame, L. 260 

𝑂𝑂𝑂𝑂𝑀𝑀 = �𝑀𝑀𝑝𝑝,𝑖𝑖 + ��𝑉𝑉𝑠𝑠𝑝𝑝� 𝐿𝐿  (8) 261 

The base shear force 𝑉𝑉𝑏𝑏, given by Equation (9), is calculated dividing the 𝑂𝑂𝑂𝑂𝑀𝑀 by the effective 262 

height of the structure 𝐻𝐻𝑒𝑒𝑒𝑒𝑒𝑒, given by Equation (10), as formulated in Priestley et al. [47].  263 

Vb=
OTM
Heff

(9) 264 

𝐻𝐻𝑒𝑒𝑒𝑒𝑒𝑒 =
�9 − 8𝛽𝛽𝐹𝐹 − 1

𝑛𝑛0.25 𝐻𝐻 (10) 265 

where 𝛽𝛽𝐹𝐹 = 𝑀𝑀𝛥𝛥𝛥𝛥
𝑂𝑂𝑂𝑂𝑀𝑀

 is the parameter that lets to define the moment contribution of the spandrel, 266 

defined as 𝑀𝑀𝛥𝛥𝛥𝛥 = �∑𝑉𝑉𝑠𝑠𝑝𝑝�𝐿𝐿, to the OTM; and 𝑛𝑛 is the number of stories. The step-by-step 267 

procedure for application of the SLaMA-URM method is summarily described as follows (more 268 

details in Appendices A and B): 269 

Step 1: Building data: Identification of the geometry, material properties and structural details 270 

Step 2: Component level: Definition of the flexural capacity (according to Section Moment‒271 

Rotation curves), and the shear strength of URM piers (Eqs. (4)-(5)) and spandrels (Eq. (6)) 272 

Step 3: Subassembly level:  Establishment of the hierarchy of strength 273 

• Define the equivalent pier moment of the URM components 274 

• Calculate the axial load variation on the piers (Eq. (7)) 275 
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• Compare the capacity of the components (i.e., equivalent pier moment) with the seismic 276 

demand (i.e., axial load variation on the piers) in the pier M‒N performance domain 277 

Step 4: Global structural level: Definition of the pushover curve 278 

• Calculate the overturning moment, OTM (Eq. (8)) 279 

• Define the effective height of the structure (Eq. (9)) 280 

• Calculate the base shear force (Eq. (10)) 281 

The above strength criteria and formulations are the ones adopted in the application of the 282 

SLaMA-URM method proposed in this work. Note that other strength criteria and formulations 283 

can be used; for instance, according to [29,34,48]. 284 

3. Experimental test and numerical simulation for validation 285 

The experimental shear test of a benchmark structure is presented herein together with the 286 

corresponding performed numerical simulation based on a 2D macro-mechanical model. The 287 

structure consists of a pier-spandrel assembly. The results provided here are later used for 288 

validating the SLaMA-URM method. It is important to remark that future works may include 289 

the analysis of larger structures and comparison with results retrieved from advanced numerical 290 

simulations, e.g. [49,50]. 291 

3.1 Experimental setup and results 292 

The considered substructure is designated as PS3 and was tested under in-plane lateral quasi-293 

static cyclic loading by Knox et al. [31], see Figure 3. This is a one-story URM framed 294 

substructure with two piers linked by a spandrel, which was selected here because of its simple 295 

geometric configuration. The PS3 specimen presents a total height of 2.74 m (with piers and 296 

spandrel heights of 1.80 m and 0.94 m, respectively) and a total length of 4.42 m (with piers 297 

and spandrel lengths of 1.19 m and 1.24 m, respectively). It is a two-wythe (230 mm thick) 298 

masonry wall built reusing clay bricks obtained from a demolished 1930s URM building, and 299 



 13 

a weak mortar with an average compressive strength of 2.9 MPa, selected to simulate weather-300 

deteriorated mortar typical of old URM buildings. 301 

 302 

Figure 3. Benchmark tested substructure: (a) cyclic testing setup (adapted from Knox et al. [31]) 303 
and (b) sketch of the adopted boundary conditions. 304 

The lateral load was applied on the side edges of the spandrel using a hydraulic-powered 305 

actuator connected to a reaction wall. The axial load is equal to 0.48 MPa and is equivalent to 306 

two stories of masonry. This load was applied on the top of the spandrel at the centerline of the 307 

piers. During testing, diagonal tension cracking of the spandrel characterized by a “X” crack 308 

pattern occurred before any damage in the piers. A flexural crack at the interface between the 309 

spandrel and the pier-spandrel joints was also observed earlier in the test due to the onset of the 310 

rocking mechanism [34]. The base shear‒displacement response is governed by the rocking 311 

mechanism. It was reported that the test was stopped at 1% drift, without failure of the piers 312 

and so with a “ductile” flexural-rocking behavior. 313 

3.2 Numerical simulation: 2D macro-mechanical model 314 

This section is intended to provide a complementary view of the behavior of the tested 315 

substructure, particularly to what concerns the expected damage patterns and the sensitivity to 316 

changes in the boundary conditions and material parameters. This is particularly relevant 317 

because the latter aspects are hardly perceived from the experimental results. Furthermore, the 318 

comparison of the proposed SLaMA-URM method with a smeared-crack FE model (i.e., the 319 
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Total Strain crack model) is of relevance for practice. Such FE-based approach is widely 320 

validated in the literature and is typically adopted when studying large-scale masonry 321 

structures, e.g., Mendes and Lourenço [49] and Saloustros et al. [50]. 322 

The PS3 substructure was modeled in DIANA software [51] adopting a 2D FE macro-323 

mechanical approach. The masonry is represented through continuum FEs (Q8MEM, 4-node 324 

quadrilateral) using a structured mesh with an approximated size of 50 mm. The Total Strain 325 

Rotating crack model was adopted to describe the material response. Regarding the coordinate 326 

system and the boundary conditions, it was considered to: (i) define the X- and Y- directions in 327 

the wall plane (Figure 4a); (ii) set the X-direction in the horizontal direction at the level of the 328 

first bottom masonry course, to simulate the concrete grouted base; (iii) adopt a master-slave 329 

node strategy, with the master node at mid-height of the right edge of the spandrel, to simulate 330 

the lateral loading by applying a horizontal displacement to the spandrel edge. A thin steel plate 331 

(10 mm thick) was modeled at the right edge of the spandrel to evenly transfer such nodal 332 

displacement to the substructure, as illustrated in Figure 3b and Figure 4a. 333 

 334 
Figure 4. Simulation of the PS3 substructure: (a) geometry and FE model, (b) experimental and 335 
numerical crack patterns (normal crack strain) at the ultimate displacement and (c) numerical 336 
capacity curve against experimental envelope. 337 
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The following mechanical properties were considered in the FE model: Young’s modulus 𝐸𝐸𝑚𝑚 =338 

1200 MPa and shear modulus 𝐺𝐺𝑚𝑚 = 545 MPa; for the tensile behavior, a linear-exponential 339 

stress‒strain relation with strength 𝑓𝑓𝑡𝑡 = 0.3 MPa and fracture energy 𝐺𝐺𝑡𝑡 = 0.02 N/mm (set 340 

according to Lourenço [52], in absence of further experimental data); for the compressive 341 

behavior, a linear-parabolic stress‒strain relation with strength 𝑓𝑓𝑦𝑦𝑚𝑚 = 9.2 MPa and fracture 342 

energy 𝐺𝐺𝑦𝑦 = 1 N/mm (assumed as 1% of 𝑓𝑓𝑦𝑦𝑚𝑚). A distributed vertical load corresponding to the 343 

axial stress on the piers of  𝜎𝜎 = 0.48 MPa was applied. The horizontal displacement was applied 344 

on the right edge of the spandrel to simulate the first push cycle experimental loading. 345 

Pushover analysis was performed to predict the envelope of the experimental cyclic base shear‒346 

horizontal displacement response. The experimental and numerical crack patterns (in terms of 347 

normal crack strain), as well as the comparison of the corresponding base shear‒displacement 348 

curves, are shown in Figure 4b-c. As observed, the numerical damage mechanisms of both piers 349 

and spandrel match well the experimental ones, i.e., rocking of piers and diagonal cracking of 350 

the spandrel. The obtained pushover curve is in good agreement with the experimental envelope 351 

response. These results are later used as a reference to assess the accuracy of the SLaMA-URM 352 

method. 353 

It is of utmost importance to address that several assumptions follow a conservatism nature, 354 

while other are non-conservative, for example, the consideration of an elastic‒perfectly plastic 355 

behavior for masonry. Although there is a certain compensation effect, one would expect that 356 

the analytical response leads to a safety solution from a practical standpoint, i.e., it is 357 

conservative. If the analytical response is directly compared with the experimental response 358 

based on a monotonic test, then it would be expected that the results of the proposed strategy 359 

would demonstrate a marked conservative nature. This was demonstrated in [53], where a 360 

monotonic loading of a given structure lead, depending on the testing protocol, to a capacity 361 

higher than that corresponding to the envelope of the cyclic lateral loading. 362 
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4. Application of the SLaMA-URM method 363 

The SLaMA-URM procedure is herein validated with reference to the experimental case study 364 

(the so-called PS3 substructure from Knox et al. [31]) and the performed numerical simulations. 365 

4.1 Building data: geometry and mechanical parameters 366 

The geometry of the PS3 substructure was defined according to the EF model discretization 367 

(Figure 5) towards the application of the SLaMA-URM procedure. In detail, the length and the 368 

clear height of both piers were set to 𝐵𝐵𝑝𝑝 = 1.19 m and ℎ𝑝𝑝 = 1.80 m, respectively; the height 369 

and the length of the spandrel were ℎ𝑠𝑠𝑝𝑝 = 0.94 m and 𝐿𝐿𝑠𝑠𝑝𝑝 = 1.24 m, respectively; the thickness 370 

of both piers and spandrel was 𝑡𝑡𝑝𝑝 = 0.23 m. The effective height of the piers, calculated using 371 

the Dolce’s [16] rule, was ℎ𝑝𝑝,𝑒𝑒𝑒𝑒𝑒𝑒 = 2.25 m, while the effective length of the spandrel 𝐿𝐿𝑠𝑠𝑝𝑝 is its 372 

clear span. 373 

 374 
Figure 5. Schematic representation of the PS3 substructure according to the EF model. 375 

The masonry mechanical properties adopted in the analytical model were those derived from 376 

the experimental characterization tests reported in Knox et al. [31], i.e., a masonry compressive 377 

strength 𝑓𝑓𝑦𝑦𝑚𝑚 of 9.2 MPa (the horizontal compressive strength 𝑓𝑓ℎ𝑚𝑚 was assumed equal to 𝑓𝑓𝑦𝑦𝑚𝑚 as 378 

addressed in Beyer and Dazio [29]), a brick compressive strength 𝑓𝑓𝑏𝑏 of 25.4 MPa, and a 379 

masonry friction coefficient 𝜇𝜇 of 0.7. From the calibrated numerical model, the Young’s 380 

N

F

N

hp=1.80 m

tp=0.23 m

hsp=0.94 m

Bp=1.19 m Lsp=1.24 m Bp=1.19 m

hp,eff=2.25 m
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modulus 𝐸𝐸𝑚𝑚 and the shear modulus 𝐺𝐺𝑚𝑚 were assumed as 1200 MPa and 545 MPa, respectively. 381 

The tensile strength ft was calculated according to Equation (1), resulting in a value of 0.30 382 

MPa. The shear strength at zero compressive stress 𝑓𝑓𝑣𝑣0 was estimated as 𝑓𝑓𝑡𝑡/1.5 (NTC 2018 383 

[25]), i.e., equal to 0.2 MPa. An equivalent axial load 𝑁𝑁 of 131 kN, corresponding to an axial 384 

load ratio 𝑣𝑣𝑟𝑟 = 𝑁𝑁/(𝑓𝑓𝑦𝑦𝑚𝑚𝐴𝐴𝑝𝑝𝑖𝑖𝑒𝑒𝑟𝑟) = 0.05 (where 𝐴𝐴𝑝𝑝𝑖𝑖𝑒𝑒𝑟𝑟 is the pier cross-section area), was applied 385 

on each pier. 386 

4.2 Component level analysis: piers and spandrel 387 

At the component level, the flexural and shear capacities of the piers and the spandrel are 388 

calculated, both in terms of moment‒rotation curves and moment‒axial load (M‒N) domains. 389 

It should be noted that both PS3 substructure piers have the same geometry and pre-390 

compression load. Moreover, their capacity and the resulting failure mechanism are dependent 391 

on the acting axial load that results from the gravity load 𝑁𝑁 and the effect of axial load variation 392 

±𝛥𝛥𝑁𝑁, due to the coupling effect of the spandrel during the lateral sway (Figure 6). The variation 393 

of the axial load 𝛥𝛥𝑁𝑁 is obtained from the spandrel shear resistance 𝑉𝑉𝑠𝑠𝑝𝑝 and given as the 394 

minimum of the flexural and shear strength capacities. Applying the equivalent seismic force 395 

from right to left, following the first push cycle load of the experimental test (Knox et al. [31]), 396 

the right pier is subjected to a decrease of axial load (−𝛥𝛥𝑁𝑁) and the left pier to an increase of 397 

axial load (+𝛥𝛥𝑁𝑁). 398 

 399 

Figure 6. Frame subjected to horizontal load and gravity load with axial load variation. 400 

Left pier Right pier

N N

N = Vsp N = Vsp

F
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The parameters adopted for the stress‒strain relationships of piers (by an EPP-NTR model) and 401 

spandrel (by an EPP-TR model) are reported in Table 1. The moment‒rotation couple of values 402 

obtained with the EPP-TR-CF and EPP-TR-TF models for the spandrel and those obtained with 403 

the EPP-NTR model for the piers are reported in Table 2. For the spandrel, the EPP-TR-TF 404 

model is adopted as it gives lower rotation values, hence the lower flexural ductility. 405 

Table 1. Parameters adopted for the stress-strain relationships of piers (by an EPP-NTR model) 406 
and spandrel (by an EPP-TR model). 407 

Structural 
element Model 

εyc
 εuc

 fcm(= fhm) εyt
 εut

 ftu
 

[-] [-] [MPa] [-] [-] [MPa] 

PIERS EPP-NTR (a) 0.010 0.012 9.20 - - - 
SPANDREL EPP-TR (b) 0.010 0.012 9.20 0.0004 0.020 0.30 

 408 

Table 2. Rotation (𝜃𝜃) and bending moment (M) values obtained for the spandrel and piers, 409 
respectively, for the: (i) decompression instant, i.e., 𝜃𝜃𝑑𝑑𝑒𝑒𝑦𝑦 and Mdec; (ii) peak instant, i.e., 𝜃𝜃𝑝𝑝 and 410 
Mp; (iii) and ultimate instant, i.e., 𝜃𝜃𝑡𝑡 and Mu. 411 

Structural 
component Model 

θdec
 Mdec

 θp
 Mp

 θu
 Mu

 

[%] [kNm] [%] [kNm] [%] [kNm] 

SPANDREL 
EPP-TR-TF 0.149 26.28 0.187 27.08 0.290 27.08 
EPP-TR-CF 0.159 27.29 0.355 28.52 1.442 29.65 

LEFT PIER EPP-NTR 
0.290 85.67 0.785 94.24 1.046 95.40 

RIGHT PIER 0.156 45.90 1.272 49.98 1.782 50.28 
 412 
The flexural and shear strength thresholds for the spandrel are shown in Figure 7a. It is observed 413 

that a flexural-shear mixed failure is expected to occur. Nevertheless, a brittle shear failure 414 

mechanism, which disregards the development of a flexural failure, is conservatively assumed. 415 

This results in an elastic‒brittle response of the spandrel with a failure moment 𝑀𝑀𝑝𝑝 of 26.81 416 

kN.m. To analyze the piers, the shear strength of the spandrel 𝑉𝑉𝑠𝑠𝑝𝑝 (equal to the axial load 417 

variation 𝛥𝛥𝑁𝑁 on the piers) is obtained from the spandrel failure moment, as 𝑉𝑉𝑠𝑠𝑝𝑝 = 𝑀𝑀𝑝𝑝 𝐿𝐿𝑠𝑠𝑝𝑝 2⁄ , 418 

resulting in 𝛥𝛥𝑁𝑁 = 43.24 kN. Considering the gravity load N on each pier, the axial loads 419 

applied on the left and right piers are 174.6 kN and 88.1 kN, respectively. The response of both 420 

piers is governed by a rocking mechanism, as observed in Figure 7b-c. The thresholds of the 421 
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flexural and shear strengths of the spandrel and the piers are reported in Table 3 and shown in 422 

Figure 7 within moment‒rotation diagrams. 423 

 424 

Fig. 7. Flexural and shear strength thresholds at the moment-rotation diagram for (a) spandrel 425 

(EPP-TR-TF model), (b) left pier (EPP-NTR model) and (c) right pier (EPP-NTR model). 426 

Table 3. Rotation (𝜃𝜃) and bending moment (M) values obtained for the spandrel (EPP-TR-TF 427 
model) and piers (EPP-NTR model), respectively, for the: (i) decompression instant, i.e., 𝜃𝜃𝑑𝑑𝑒𝑒𝑦𝑦 428 
and Mdec; (ii) peak instant, i.e., 𝜃𝜃𝑝𝑝 and Mp; (iii) and ultimate instant, i.e., 𝜃𝜃𝑡𝑡 and Mu. 429 

Structural 
element 

θ
dec
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dec

 θ
p
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p
 θ

u
 M

u
 

Failure 
[%] [kNm] [%] [kNm] [%] [kNm] 

SPANDREL 0.149 26.28 0.152 26.81 0.152 26.81 SHEAR 
LEFT PIER 0.290 85.67 0.785 94.24 1.046 95.40 ROCKING 

RIGHT PIER 0.156 45.90 1.272 49.98 1.782 50.28 ROCKING 
 430 
By considering a fixed elastic compressive strain 𝜀𝜀𝑦𝑦𝑦𝑦 = 1%, two different ductility levels in 431 

compression (𝜇𝜇𝜀𝜀𝑦𝑦 equal to 1.2 and 3.5) are considered to evaluate the influence of the ductility 432 

on the M‒N strength domain for piers. It is noteworthy to state that the 𝜀𝜀𝑦𝑦𝑦𝑦 value was assumed 433 

based on the data by Lumantarna et. al [54], from extensive masonry compression tests of 434 

laboratory constructed prisms using historical bricks, and field samples collected from heritage 435 

buildings damaged after the Christchurch earthquake of February 2011.  436 

The results presented in Figure 8 denote that the domains from EPP-NTR model with 𝜇𝜇𝜀𝜀𝑦𝑦 equal 437 

to 1.2, obtained from the conventional sectional analysis and the MBA approach, converge to 438 

those based on NTC 2018 [25] or NZSEE Part C8 [26]. When increasing the ductility to a value 439 



 20 

of 𝜇𝜇𝜀𝜀𝑦𝑦 = 3.5, the M‒N domain expands since the neutral axis depth decreases and, 440 

consequently, the lever arm of the resultant compression force increases. In all cases, the M‒N 441 

curves obtained with the two approaches, i.e., the conventional sectional analysis and the MBA 442 

approach, show a perfect agreement. 443 

 444 
Figure 8. Comparison of the M‒N domains for (a) piers (EPP-NTR model) and (b) spandrel 445 
(EPP-TR-CF and EPP-TR-TF models), with the sectional analysis and the MBA approach. 446 

For the spandrel, the elastic‒perfectly plastic stress‒strain law and tensile resistant model (EPP-447 

TR) is assumed. A compression governed model (EPP-TR-CF) with compressive strain 448 

ductility of 𝜇𝜇𝜀𝜀𝑦𝑦 = 1.2 and 𝜇𝜇𝜀𝜀𝑦𝑦 = 3.5 is adopted (assuming again 𝜀𝜀𝑦𝑦𝑦𝑦 = 1%). Furthermore, a 449 

tension governed model (EPP-TR-TF) with a tension strain ductility of 𝜇𝜇𝜀𝜀𝑡𝑡 = 50 is considered 450 

(with 𝜀𝜀𝑦𝑦𝑡𝑡 = 0.04% and 𝜀𝜀𝑡𝑡𝑡𝑡 = 2%), as suggested in Knox [55]. 451 

Similarly to the case of piers, the M‒N domains for the spandrel expand in line with the increase 452 

of 𝜇𝜇𝜀𝜀𝑦𝑦 (from 1.2 to 3.5). The EPP-TR-CF and EPP-TR-TF models give the same results when 453 

𝜇𝜇𝜀𝜀𝑦𝑦 is equal to 3.5 and 𝜇𝜇𝜀𝜀𝑡𝑡 is equal to 50, either using the traditional sectional analysis or the 454 

MBA approach. It is worth noting that the advantage of using the MBA procedure is to capture 455 

the step-by-step development of the neutral axis position in absence of compatibility conditions 456 
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at section level, and thus be able to capture the full rocking motion and moment‒rotation curve, 457 

instead of only the ultimate state strength.  458 

Henceforward, the spandrel tensile behavior is considered in correspondence with the 459 

experimental results, in which the interlocking effect of bricks at the spandrel-joint interface 460 

region occurs. Furthermore, the EPP-TR-TF model is adopted for the flexural response of the 461 

spandrel, in which lower values for the rotation, flexural ductility and tensile strain ductility are 462 

conservatively assumed. 463 

4.3 Subassembly level analysis: hierarchy of strength 464 

The evaluation of the hierarchy of strength between the components of the subassembly (i.e., 465 

the piers and the spandrel) is based on the assessment of the individual capacities, by taking a 466 

common parameter as a reference, which is, in this case, the equivalent bending moment at the 467 

pier involved. The pier M‒N interaction (or performance) domain is used to identify the 468 

sequence of failure mechanisms in each pier-spandrel subassembly. In this domain, the demand 469 

in terms of axial load variation, due to the horizontal force applied to the structure, is defined. 470 

The capacity of the spandrel in terms of the equivalent pier bending moment is defined 471 

depending on the type of subassembly, and then considering a local (rotational) equilibrium 472 

between pier and spandrel. In the structure under study, both subassemblies are of type “external 473 

corner”, and therefore are characterized by a “one-to-one” (no. of piers-to-no. of spandrels 474 

connecting into the joint) moment ratio. 475 

A null value of the axial load acting on the spandrel has been assumed according to the 476 

specifications in the Italian code (NTC 2018 [25]). Although there is an axial compressive force 477 

on the spandrel that affects the strength envelope of the masonry, the latter normative 478 

recommends disregarding it to give a conservative estimate of the capacity. It is considered an 479 

acceptable approach, since low compression stress gradients are observed in spandrels due to 480 

the variation of the axial load on the piers, e.g. [8,9]. So, despite Equation (1) is used to estimate 481 
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the equivalent tensile strength of the masonry (related to the interlocking effect, which is 482 

assumed to be constant) and the flexural capacity of the spandrel, the hypothesis of null axial 483 

load on the spandrel is considered. Therefore, the spandrel moment capacity is assumed to be 484 

constant within the M‒N performance domain. 485 

The M‒N performance domain of the piers (it is the same for both piers), with the curves 486 

corresponding to the potential failure mechanisms of the piers and the spandrel, are shown in 487 

Figure 9a. The sequences of events in the right subassembly, subjected to a decrease of axial 488 

load (−𝛥𝛥𝑁𝑁) (squares; numbered from 1 to 2), and in the left subassembly, subjected to an 489 

increase of axial load (+𝛥𝛥𝑁𝑁) (triangles; numbered from 1 to 2) are illustrated in Figure 9b. In 490 

the right subassembly, the onset of failure is given by (i) diagonal cracking shear of the spandrel, 491 

followed by (ii) rocking of the pier. Instead, in the left subassembly, it is given by (i) diagonal 492 

cracking shear of the spandrel, followed by (ii) diagonal cracking of the pier. 493 

 494 

Figure 9. Frame analysis: (a) M‒N performance domain; (b) zoom highlighting the sequence of 495 

failure events (■: right subassembly (‒ΔN), ▼: left subassembly (+ΔN)). 496 

4.4 Global level analysis: capacity curve 497 

The global mechanism of the substructure, which is, in this case, a “mixed sideway” 498 

mechanism, can be defined based on the hierarchy of strength in each subassembly. The 499 
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mechanism is characterized by the shear failure of the spandrel followed by the rocking of both 500 

piers, as also obtained from the experimental test and the numerical simulation.  501 

The SLaMA method considers a bilinear elastic‒perfectly plastic curve as a first approximation 502 

to the base shear force‒displacement response of the structure. The elastic-limit and ultimate 503 

displacements of the bilinear curve are obtained according to the corresponding rotations of the 504 

critical structural components. Refinements to this curve are possible by evaluating the 505 

aforementioned 𝑂𝑂𝑂𝑂𝑀𝑀 at intermediate stages (e.g., for different limit states). By calculating the 506 

𝑂𝑂𝑂𝑂𝑀𝑀 at different stages, starting from the limit elastic condition (identified as the rotation 507 

corresponding to the spandrel shear failure), a refined curve is obtained (see Figure 10a). Here, 508 

one may note that after the occurrence of shear damage in the spandrel, its relative contribution 509 

for the substructure’s moment capacity decreases; thence, the effective height of the structure 510 

𝐻𝐻𝑒𝑒𝑒𝑒𝑒𝑒 is supposed to increase. Note, however, that the change in 𝐻𝐻𝑒𝑒𝑒𝑒𝑒𝑒 is only reflected when 511 

using the refined SLAMA method since it is evaluated for different stages in the sequence of 512 

events. This parameter, together with the different values for the Overturning Moment (OTM) 513 

determines, according to Equation (9), the change in the initial slope of the curves in Fig. 10a. 514 

To what concerns Figure 10b, it is evidenced that the refined curve is in better agreement with 515 

the experimental and numerical responses. The difference in terms of dissipated energy (i.e., 516 

the area under the curve) when comparing the standard and the refined curves with the 517 

experimental one is 10% and 8%, respectively. The predicted shear mechanism (brittle failure) 518 

of the spandrel occurs for a slightly lower displacement (marked with an “X” in the graphs). 519 

Finally, assuming that the structure is still capable of withstanding the lateral load, a global 520 

rocking mechanism is developed up to a displacement of 32 mm. 521 
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 522 
Figure 10. Global mechanism analysis: (a) analytical curves from the standard and refined 523 

SLaMA-URM procedures; (b) experimental, numerical, and analytical (refined) responses. 524 

5. GEOMETRY INFLUENCE ON THE GLOBAL FAILURE MECHANICSM AND 525 

CAPACITY 526 

The geometry of the structural components in URM structures plays an important role in the 527 

global seismic capacity. By varying the dimensions of piers and/or spandrels, the failure 528 

mechanism in each subassembly may change. To assess this influence, parametric analyses on 529 

the PS3 substructure were carried out and the M‒N performance domains, together with the 530 

corresponding pushover curves, were obtained. The geometric configurations considered are 531 

listed in Table 4, where bold-marked values refer to variations in relation to the geometry of 532 

the PS3 substructure (in the first row, in italics). The effective length of the spandrel Lsp (clear 533 

span of the openings) and its height (or section depth) hsp, as well as the length (or section 534 

depth) of the piers Bp and its height (clear, not effective) hp were varied, individually, in the 535 

following ranges: Lsp = [1.24 - 2.50 m]; hsp = [0.94 - 2.00 m]; Bp = [0.80 - 1.80 m]; hp = [1.00 536 

- 3.00 m]. Accordingly, the aspect ratios of the spandrel and piers vary in the range λsp = 537 

Lsp/hsp = [0.62 - 2.66] and λp = ℎ𝑝𝑝/Bp = [0.84 - 2.52], respectively. 538 
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It is worth noting that, in the following analyses, the PS3 specimen is considered as a benchmark 539 

and the shear failure of its spandrel corresponds to the ultimate state of the substructure. The 540 

analysis in this section is intended to investigate the influence of the substructure geometry on 541 

the results calculated according to the assumptions and formulation of the proposed SLaMA-542 

URM procedure. It also allows to form an idea of possible limitations of the method for certain 543 

ranges of dimensions of the panels. Unlike the previous assumption in Section 4.4 of a global 544 

rocking mechanism of the substructure to allow extending its response (horizontal plateau) in 545 

displacement, here such a mechanism and the ductility branch are considered only when the 546 

spandrel fails by rocking, because the generalization of the previous assumption needs further 547 

evidence. This is evidenced in Table 4, where the determining failure mechanism for the pier-548 

spandrel substructure is indicated. 549 

Table 4. Description of the parametric analyses in relation to the PS3 substructure geometry (1st 550 
row in italics) and predicted failure mechanism. The varying geometric parameters are in bold. 551 

hp Bp λp Lsp hsp λsp 
Failure mechanism [m] [m] [-] [m] [m] [-] 

1.795 1.19 1.51 1.24 0.94 1.32 SP Shear 
1.795 1.19 1.51 1.40 0.94 1.49 SP Rocking 
1.795 1.19 1.51 1.60 0.94 1.70 SP Rocking 
1.795 1.19 1.51 1.80 0.94 1.91 SP Rocking 
1.795 1.19 1.51 2.00 0.94 2.13 SP Rocking 
1.795 1.19 1.51 2.20 0.94 2.34 SP Rocking 
1.795 1.19 1.51 2.50 0.94 2.66 SP Rocking 
1.795 1.19 1.51 1.24 1.20 1.03 SP Shear 
1.795 1.19 1.51 1.24 1.50 0.83 SP Shear 
1.795 1.19 1.51 1.24 2.00 0.62 SP Shear 
1.795 0.80 2.24 1.24 0.94 1.32 SP Shear 
1.795 1.00 1.80 1.24 0.94 1.32 SP Shear 
1.795 1.40 1.28 1.24 0.94 1.32 SP Shear 
1.795 1.60 1.12 1.24 0.94 1.32 SP Shear 
1.795 1.80 1.00 1.24 0.94 1.32 SP Shear 
1.00 1.19 0.84 1.24 0.94 1.32 SP Shear 
1.30 1.19 1.09 1.24 0.94 1.32 SP Shear 
1.50 1.19 1.26 1.24 0.94 1.32 SP Shear 
2.00 1.19 1.68 1.24 0.94 1.32 SP Shear 
2.30 1.19 1.93 1.24 0.94 1.32 SP Shear 
2.60 1.19 2.18 1.24 0.94 1.32 SP Shear 
3.00 1.19 2.52 1.24 0.94 1.32 SP Shear 
SP is for Spandrel.    

 552 
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From the performed analyses, it is highlighted that by increasing the length of the spandrel Lsp 553 

(for a given height, so increasing the aspect ratio), its failure mechanism changes from shear to 554 

flexural type (from λsp = 1.49) and, after this, although the base shear capacity is slightly 555 

reduced, the substructure show an increase in ductility μ (from 1.7 up to 2.3), see Figure 11a. 556 

Note that when the spandrel fails by shear, the lines in Figure 11 represent only the yield limit 557 

of the substructure. Contrarily, the spandrel capacity increases when its height hsp is increased, 558 

and it continues to be governed by a shear failure without changing the original failure 559 

mechanism of the substructure (Figure 11b). In this case, there is a small increase of the base 560 

shear capacity of the substructure ranging between 6% to 12%. The influence of the spandrel 561 

length and depth is yet so pronounced as expected (up to 15% difference in base shear capacity), 562 

even if a significant change of ductility is observed when varying the spandrel length. 563 

 564 

Figure 11. Capacity curves of the substructures when varying the (a) spandrel length Lsp and 565 

(b) spandrel height hsp. Note: when the spandrel fails by shear, the lines represent only the yield 566 

limit. 567 

Regarding the piers, an increase of the axial load (+ΔN) leads to a rocking mechanism of the 568 

left pier for an aspect ratio λp larger than 1.26, while for lower values it presents a diagonal 569 
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cracking failure. According to Figure 12a, the base shear capacity of the substructure increases 570 

for larger Bp lengths, within a ‒27% to +42% variation in relation to the PS3 substructure (black 571 

line in Figure 12a). In this case, the failure mechanism of the spandrel is not changed, i.e., it 572 

remains a shear failure. By varying the pier height hp, the substructure has a significant change 573 

of stiffness and base shear strength, within ‒57% to +140% and ‒35% to +54% variation ranges, 574 

respectively, in relation to the PS3 substructure (black line in Figure 12b); the spandrel has a 575 

shear failure. At last, it is important to recall that the spandrel was always the “weakest link” 576 

and is then the first element to fail. Nonetheless, in other scenarios, the spandrel can have 577 

significantly higher strength, causing the piers to fail first, and therefore, the axial force 578 

redistribution may change. This possibility has not yet been explored in this work. 579 

 580 

Figure 12. Capacity curves of the substructures when varying the (a) piers length Bp and (b) 581 

piers height hp. Note: when the spandrel fails by shear, the lines represent only the yield limit. 582 

6. ANALYTICAL-BASED STRENGTH OF URM PIER-SPANDREL JOINT 583 

In the previous sections, the influence of the URM pier-spandrel joints on the global capacity 584 

of the structure was neglected since these components were assumed as rigid. Here, an 585 

analytical approach to derive the strength capacity of the pier-spandrel joints is considered with 586 

the aim to assess its effect on the pier M‒N performance domain and hierarchy of strength of 587 
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the subassembly. Four potential failure mechanisms of URM pier-spandrel joints are addressed: 588 

diagonal compression, toe crushing, sliding shear, and diagonal shear (tension). 589 

An equivalent diagonal strut mechanism within the pier-spandrel joint is assumed, following 590 

the analogy with the failure mechanisms (and their hierarchy) of masonry infill walls within a 591 

RC frame [40]. According to this hypothesis, the diagonal strut resistance of the pier-spandrel 592 

joint is defined as the lowest strength amongst the aforementioned possible failure mechanisms, 593 

formulated by analogy with the corresponding failure modes in masonry infill walls. Details of 594 

such formulation are given in Appendix B. 595 

The procedure is demonstrated with reference to the previously analyzed PS3 substructure. 596 

Firstly, the capacity of the pier-spandrel joints in terms of the equivalent bending moment of 597 

the pier needs to be calculated. To this aim, based on simplified equilibrium equations, the 598 

equivalent pier shear force and, subsequently, the pier equivalent moment, are obtained. The 599 

pier equivalent shear force Vp is defined from the lateral resistance of the equivalent strut Vjh, 600 

based on the geometry of the subassembly, as shown in Figure 13. The pier equivalent moment 601 

Mp is calculated multiplying Vp by the half pier height hp/2 (assumed as the pier cantilever 602 

length). The expressions for Vp and Mp are formulated in Appendix A and the expression for 603 

Vjh is presented in Appendix B. Then, the hierarchy of strength between the pier, spandrel, and 604 

joint within the pier M‒N performance domain is evaluated. 605 
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 606 
Figure 13. Schematization of the parameters to find the strength of a joint at a generic external 607 
subassembly (adapted from [20]). 608 

For all cases investigated, the expected failure mechanism of the joints is diagonal cracking. 609 

The hierarchy of strength of the given substructures shows that when the spandrel height hsp or 610 

the pier length Bp increase, the joint develops a higher capacity which can, by itself, be 611 

sufficient to prevent its failure when evaluating the sequence of events. On the contrary, the 612 

influence of the joint becomes important (i.e., its capacity decreases) when the pier height hp or 613 

the spandrel length Lsp increases. To highlight this aspect, the capacity of the joints was 614 

considered in the pier M‒N performance domains calculated for the performed parametric 615 

analyses. Some representative domains are presented in Figures 14 and 15, corresponding to 616 

subassemblies with varying the spandrel height hsp and the spandrel length Lsp, respectively. 617 

bj

hj=hsp

bw

dw

θ

Vjh

Vjh

Csp

Msp

Vsp

Vp

Mp

Bp

hsp

N

Joint 
panel

xu

Building level

Sub-assembly level



 30 

 618 
Figure 14. Pier M‒N performance domains for subassemblies with an hsp of (a) 0.94 m, (b) 1.20 619 
m and (c) 1.50 m (circled numbers indicate the failure sequence events). 620 

Both the spandrel height hsp and the spandrel length Lsp influence the joint capacity consistently. 621 

For cases with low values of hsp and/or high values of Lsp the capacity of the joint decreases 622 

and its influence on the hierarchy of strength could become significant. For example, when 623 

considering the case with Lsp equal to 2.50 m (Figure 15c) and the negative variation of axial 624 

load −ΔN, the joint failure follows the rocking failure of the spandrel in the sequence of events. 625 

Hence, disregarding the finite actual capacity of the joint (as done when adopting the hypothesis 626 

of a rigid joint) could lead to incorrect and possibly unconservative predictions of both the local 627 

and global failure mechanisms and, in turn, to an inappropriate retrofit solution. 628 
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 629 
Figure 15. Pier M‒N performance domains for subassemblies with an Lsp of (a) 1.24 m, (b) 1.80 630 
m and (c) 2.50 m (circled numbers indicate the failure sequence events). 631 

When increasing the spandrel length Lsp, the failure mechanism of the substructure is dominated 632 

by the flexural behavior of the spandrel. In this case, when the total length of the substructure 633 

increases, the variation of axial load ΔN due to the lateral load tends to decrease. For higher 634 

values of Lsp, the corresponding shear capacity of the spandrel increases. Regarding the 635 

analyzed variations of hsp, Bp and hp, the same failure mechanism observed for the PS3 636 

substructure (i.e., starting with the shear failure of the spandrel) is identified. 637 

The increase of hsp leads to a higher variation of ΔN (due to the increased height of the 638 

substructure) and a slight increase of shear strength together with a large increase of flexural 639 

capacity of the spandrel. In this case, the joint capacity presents a significant increase. When 640 
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the pier length Bp increases, a decrease of ΔN is observed (due to the increased length of the 641 

substructure); as expected, the flexural capacity of the piers increases, while the spandrel shear 642 

capacity decreases. Finally, for higher values of pier height hp, the shear capacity of the piers 643 

increases and the joint capacity decreases. 644 

7. CONCLUSIONS 645 

In this paper, a novel extension of the SLaMA method to URM structures has been proposed. 646 

It aims to provide an estimation of the global seismic capacity of URM structures from the 647 

analysis at the member and subsystem levels. The experimental test of a one-story pier-spandrel 648 

substructure available in the literature was used as a benchmark to validate the SLaMA-URM 649 

method. A 2D macro-mechanical FE model was also developed to extend the results and 650 

complement the validation. 651 

The proposed procedure defines the Moment‒Axial load (M‒N) performance domain of piers 652 

through a sectional analysis. Detailed constitutive laws for masonry, such as the strain-softening 653 

model, have been used instead of the compressive stress-block adopted in simplified methods. 654 

The Monolithic Beam Analogy approach was also adopted to define the moment‒rotation curve 655 

of the deformable rocking piers. The results in terms of strength capacity are in very good 656 

agreement with those obtained from the traditional sectional analysis. The axial load variation 657 

on the piers, due to the coupling effect of the spandrel strip, has been shown to influence the 658 

hierarchy of strength and the sequence of failure mechanisms. 659 

The obtained results with the SLAMA-URM method, in terms of crack patterns and capacity 660 

curves, are in relatively good agreement with the experimental and FE results, even when a 661 

bilinear curve approximation is used. A better agreement was achieved by implementing 662 

refinements to the proposed method, namely by evaluating the OTM in intermediate stages. 663 
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Parametric analyses of the structural geometry were also performed to get an idea of the 664 

limitations of the method for certain ranges of dimensions of the URM panels. 665 

Although the pier-spandrel joint was initially considered as a rigid element, a new approach 666 

aiming at evaluating the strength capacity of the joint was proposed. A parametric analysis of 667 

the geometry of the pier-spandrel joint has shown that the traditional assumption of rigid joints 668 

is reasonable for large spandrel heights (typically greater than 1 m for common window and 669 

door openings). In other cases, such an assumption may lead to inaccurate and possibly 670 

unconservative results, so a clear indication of limiting geometric ratios is required. 671 

The obtained results demonstrate that the SLaMA-URM method can be a valuable and practical 672 

approach to estimate the seismic capacity of URM buildings, as well as to support the design 673 

of retrofit solutions. Nonetheless, future studies should include the application and validation 674 

of the SLaMA-URM method to larger and more complex URM structures. 675 

APPENDIX A. CALCULATION OF THE MAXIMUM PIER DEMAND VP 676 

A step-by-step demonstration to calculate the maximum shear demand for the pier Vp based on 677 

the rotational equilibrium of the pier-spandrel joint is given as follows: 678 

1 The translational equilibrium of the internal forces can be written as: 679 

𝑉𝑉𝑏𝑏ℎ = 𝐶𝐶𝑠𝑠𝑝𝑝 − 𝑉𝑉𝑝𝑝 (A. 1) 680 

where Vjh is the shear capacity of the joint panel, Csp is the resultant of the compressive stresses 681 

on the spandrel edge, and Vp is the pier shear force. The shear capacity of the joint is computed 682 

according to the strategy given in Appendix B. 683 

2 The rotational equilibrium is expressed as: 684 

𝑉𝑉𝑝𝑝
ℎ𝑝𝑝 + ℎ𝑠𝑠𝑝𝑝

2
= 𝑉𝑉𝑠𝑠𝑝𝑝

𝐿𝐿𝑠𝑠𝑝𝑝 + 𝐵𝐵𝑝𝑝
2

(A. 2) 685 

3 From the rotational equilibrium the spandrel shear is defined in function of 𝑉𝑉𝑝𝑝, as:  686 
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𝑉𝑉𝑠𝑠𝑠𝑠 = 𝑉𝑉𝑠𝑠
ℎ𝑠𝑠 + ℎ𝑠𝑠𝑠𝑠
𝐿𝐿𝑠𝑠𝑠𝑠 + 𝐵𝐵𝑠𝑠

(A. 3) 687 

4 The pier bending moment at the joint panel interface is given by 𝑀𝑀′
𝑝𝑝 = 𝑉𝑉𝑝𝑝

ℎ𝑝𝑝
2

. 688 

5 The spandrel moment at the joint panel interface is given by: 𝑀𝑀′
𝑠𝑠𝑝𝑝 = 𝑉𝑉𝑠𝑠𝑝𝑝

𝐿𝐿𝑠𝑠𝑝𝑝
2

= 𝐶𝐶𝑠𝑠𝑝𝑝𝑥𝑥𝑡𝑡, 689 

where 𝑥𝑥𝑡𝑡 is the distance between the resulting compressive force (equivalent to a bilinear 690 

stress diagram) and the middle axis of the spandrel. Here, the neutral axis is computed 691 

considering only the compression stresses hence precluding the contribution of the tensile 692 

stresses. A no-tension assumption is therefore followed, which is fostered by its practical 693 

convenience and conservatism [56]. 694 

6 The resultant of the compression force on the masonry spandrel is derived from 𝑀𝑀′
𝑠𝑠𝑝𝑝 and 695 

writing it as a function of 𝑉𝑉𝑝𝑝 according to Equation (A.2), such as: 696 

𝐶𝐶𝑠𝑠𝑠𝑠 =
𝑀𝑀′

𝑠𝑠𝑠𝑠
𝑥𝑥𝑢𝑢

=
𝑉𝑉𝑠𝑠𝑠𝑠 

𝐿𝐿𝑠𝑠𝑠𝑠
2

𝑥𝑥𝑢𝑢
=

𝑉𝑉𝑠𝑠
 2𝑥𝑥𝑢𝑢

 (ℎ𝑠𝑠 + ℎ𝑠𝑠𝑠𝑠)𝐿𝐿𝑠𝑠𝑠𝑠
𝐿𝐿𝑠𝑠𝑠𝑠 + 𝐵𝐵𝑠𝑠

(A. 4) 697 

7 The shear capacity of the joint panel is, by considering Equation (A.4), expressed as a 698 

function of 𝑉𝑉𝑝𝑝: 699 

𝑉𝑉𝑗𝑗ℎ = 𝐶𝐶𝑠𝑠𝑠𝑠 − 𝑉𝑉𝑠𝑠 = 𝑉𝑉𝑠𝑠 �
 (ℎ𝑠𝑠 + ℎ𝑠𝑠𝑠𝑠)𝐿𝐿𝑠𝑠𝑠𝑠
 2𝑥𝑥𝑢𝑢(𝐿𝐿𝑠𝑠𝑠𝑠 + 𝐵𝐵𝑠𝑠)− 1� (A. 5) 700 

8 Therefore, the maximum shear demand for the pier can be written in terms of the shear 701 

joint capacity 𝑉𝑉𝑏𝑏ℎ, i.e.: 702 

𝑉𝑉𝑠𝑠 =
𝑉𝑉𝑗𝑗ℎ

�
 (ℎ𝑠𝑠 + ℎ𝑠𝑠𝑠𝑠)𝐿𝐿𝑠𝑠𝑠𝑠
 2𝑥𝑥𝑢𝑢(𝐿𝐿𝑠𝑠𝑠𝑠 + 𝐵𝐵𝑠𝑠)− 1�

(A. 6)
 703 

The equivalent pier moment 𝑀𝑀𝑝𝑝, associated with the joint shear capacity, is defined from 704 

multiplying 𝑉𝑉𝑝𝑝 by the corresponding arm, so calculated as 𝑀𝑀𝑝𝑝 = 𝑉𝑉𝑝𝑝
ℎ𝑝𝑝+ℎ𝑠𝑠𝑝𝑝

2
 . 705 

APPENDIX B. CALCULATION OF THE SHEAR CAPACITY OF THE JOINT VJH 706 



 35 

The shear capacity of the joint Vjh is calculated by adapting the formulation given in [40] for 707 

masonry infill walls to the pier-spandrel joint panel (see Figure 13). In this scope, four potential 708 

failure modes are considered for the joint panel: (i) compression failure at the centre of the 709 

panel; (ii) compression failure at the corner edges; (iii) sliding shear failure; and (iv) diagonal 710 

tension failure. The strength of the equivalent strut is defined as the minimum value of the 711 

strength terms associated with the different mechanisms. Therefore, the corresponding 712 

horizontal capacity of the joint 𝑉𝑉𝑏𝑏ℎ can be calculated by Equation (B.1). 713 

𝑉𝑉𝑏𝑏ℎ = 𝑓𝑓𝑠𝑠𝑡𝑡𝑟𝑟𝑡𝑡𝑡𝑡𝑏𝑏𝑤𝑤𝑡𝑡𝑏𝑏𝑐𝑐𝑐𝑐𝑠𝑠𝜃𝜃 (B. 1) 714 

where bw is the strut width, tj is the joint thickness, θ is the strut angle, and fstrut is the strength 715 

of the equivalent strut given by 𝑓𝑓𝑠𝑠𝑡𝑡𝑟𝑟𝑡𝑡𝑡𝑡 = min�𝜎𝜎𝑤𝑤,𝑖𝑖� , 𝑖𝑖 = 1, . . ,4. The strength 𝜎𝜎𝑤𝑤,𝑖𝑖 is calculated 716 

for each failure mode. For the compression failure at the center of the joint panel, it is given as: 717 

𝜎𝜎𝑤𝑤,1 =
1.16𝑓𝑓𝑦𝑦𝑚𝑚𝑡𝑡𝑡𝑡𝑛𝑛𝜃𝜃
𝐾𝐾1 + 𝐾𝐾2𝜆𝜆ℎ𝑏𝑏

(B. 2) 718 

The strength for the compression failure at the corner edges of the joint panel is given as: 719 

𝜎𝜎𝑤𝑤,2 =
1.12𝑓𝑓𝑦𝑦𝑚𝑚 𝑠𝑠𝑖𝑖𝑛𝑛𝜃𝜃 𝑐𝑐𝑐𝑐𝑠𝑠𝜃𝜃

𝐾𝐾1�𝜆𝜆ℎ𝑏𝑏�
−0.12 + 𝐾𝐾2�𝜆𝜆ℎ𝑏𝑏�

0.88 (B. 3) 720 

The strength for the sliding shear failure of the joint panel is given as: 721 

𝜎𝜎𝑤𝑤,3 =
(1.2𝑠𝑠𝑖𝑖𝑛𝑛𝜃𝜃 + 0.45𝑐𝑐𝑐𝑐𝑠𝑠𝜃𝜃)(𝑓𝑓𝑣𝑣0 + 𝜇𝜇𝜎𝜎𝑣𝑣) + 0.3𝜎𝜎𝑣𝑣 

𝑏𝑏𝑤𝑤 𝑑𝑑𝑤𝑤⁄
(B. 4) 722 

The strength for the diagonal tension failure of the joint panel is given as: 723 

𝜎𝜎𝑤𝑤,4 =
0.6𝑓𝑓𝑤𝑤𝑠𝑠 + 0.3𝜎𝜎𝑣𝑣  

𝑏𝑏𝑤𝑤 𝑑𝑑𝑤𝑤⁄
(B. 5) 724 

where 𝑓𝑓𝑣𝑣0 is the masonry shear strength in absence of axial load; μ is the masonry friction 725 

coefficient (assumed as 𝜇𝜇 = 0.7); 𝜎𝜎𝑣𝑣 is the vertical compressive stress on the joint panel due to 726 

the gravity load; 𝑏𝑏𝑤𝑤 and 𝑑𝑑𝑤𝑤 are the in-plane dimensions of the equivalent strut (see Figure 13); 727 
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ℎ𝑏𝑏 is the height of the joint panel (see Figure 13); 𝑓𝑓𝑤𝑤𝑠𝑠 is the shear strength of the diagonal 728 

equivalent strut, assumed as 𝑓𝑓𝑤𝑤𝑠𝑠 = 𝑓𝑓𝑣𝑣0; 𝜆𝜆 is found as given in Equation (B.6) when considering 729 

that the masonry has an elastic isotropic behavior; and K1 and K2 are, as proposed in [40], 730 

determined as a function of the resulting product 𝜆𝜆ℎ𝑏𝑏 as described in Equation (B.7). 731 

𝜆𝜆 = �
12𝑠𝑠𝑠𝑠𝑛𝑛(2𝜃𝜃)

4𝑏𝑏𝑏𝑏3ℎ𝑏𝑏
4

(B. 6) 732 

�
𝐾𝐾1 = 1.3 ,𝐾𝐾2 = −0.178
𝐾𝐾1 = 0.707 ,𝐾𝐾2 = 0.01 
𝐾𝐾1 = 0.47 ,𝐾𝐾2 = 0.04   

     
𝑖𝑖𝑓𝑓
𝑖𝑖𝑓𝑓
𝑖𝑖𝑓𝑓

          
𝜆𝜆ℎ𝐽𝐽 ≤ 3.14

3.14 < 𝜆𝜆ℎ𝐽𝐽 < 7.85
𝜆𝜆ℎ𝐽𝐽 ≥ 7.85

 (B. 7) 733 
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