
                          

This electronic thesis or dissertation has been
downloaded from Explore Bristol Research,
http://research-information.bristol.ac.uk

Author:
Cross, Ted

Title:
Seismic risk assessment through non-linear time-history analysis of template
buildings in Nepal
RC with infills and stone masonry

General rights
Access to the thesis is subject to the Creative Commons Attribution - NonCommercial-No Derivatives 4.0 International Public License.   A
copy of this may be found at https://creativecommons.org/licenses/by-nc-nd/4.0/legalcode  This license sets out your rights and the
restrictions that apply to your access to the thesis so it is important you read this before proceeding.
Take down policy
Some pages of this thesis may have been removed for copyright restrictions prior to having it been deposited in Explore Bristol Research.
However, if you have discovered material within the thesis that you consider to be unlawful e.g. breaches of copyright (either yours or that of
a third party) or any other law, including but not limited to those relating to patent, trademark, confidentiality, data protection, obscenity,
defamation, libel, then please contact collections-metadata@bristol.ac.uk and include the following information in your message:

•Your contact details
•Bibliographic details for the item, including a URL
•An outline nature of the complaint

Your claim will be investigated and, where appropriate, the item in question will be removed from public view as soon as possible.



  

 

Seismic Risk Assessment Through 
Non-Linear Time-History Analysis of 
Template Buildings in Nepal: RC with 

Infills and Stone Masonry 
 

 

Theodore Cross 

 

 

 

Department of Civil Engineering 

University of Bristol 

 

A dissertation submitted to the University of Bristol in 
accordance with the requirements for award of the degree 

of Doctor of Philosophy in the Faculty of Engineering 

 

 

Date of submission: 06/05/2022 

Word count: 73,720





 

I 

 

Abstract 

The implicit risk of unreinforced template masonry (URM) and reinforced concrete (RC) with 

masonry infill structures is assessed. Template design is an approach used by non-

governmental organisations (NGOs) in developing countries where a single design is replicated 

at many sites as a method of reducing design and approval costs. Pahar Trust has provided the 

design of a template RC with infill school and a URM health centre for this research. These 

structures are used as benchmark cases for assessing the implicit risk to template across Nepal, 

allowing the assessment of the suitability of the template approach. Implicit risk is the 

unavoidable seismic risk to a structure built according to local design codes.  

A detailed finite element (FE) model of the template RC with infill school is developed, and 

non-linear time history analysis is used to find the fragility curves for various limit states. These 

fragility curves are integrated with up-to-date seismic hazard maps to assess the varying risk 

across Nepal. This showed that the risk values for the code-compliant structure were below 

threshold values from Europe at all locations across Nepal. 

The spectral-based FAST method is adapted and verified for the Nepalese context. The FAST 

method was initially conceived for Southern European RC buildings with hollow clay brick 

infills. It is updated for Nepal by reviewing the local code prescriptions, construction practices 

and material properties for RC masonry infills. The input parameters are updated, and the 

method is validated using numerical models and a building dataset with damage information 

from Gorka 2015. The method captures the dominance of the low damage states in the specific 

Kathmandu neighbourhood considered but still overestimates the overall damage. 

Continuous micro-modelling of an unreinforced irregular masonry pier is verified. An FE 

model of an experimental campaign carried out by (Senaldi et al., 2018) is developed, and the 

shear capacity of the numerical model is compared to the experimental values. The code-based 

approach from CNR-DT 212/2013. (2014) is used as a further point of comparison. The 

comparisons show that continuous micro-modelling can accurately capture the shear capacity 

and failure mechanism. 

Finally, a continuous micro-model of the Pahar Trust template health centre is developed, and 

NLTHA is used with a cloud analysis to derive fragility curves. An established equivalent 

SDOF approach is also used for deriving fragility curves as a point of comparison. The risk 

assessment is then carried out, which shows that the URM health centre exceeds European 

benchmark risk thresholds in some areas of Nepal.  
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Chapter 1: Introduction 

1.1 Background and Motivation 

Nepal is a seismically vulnerable country situated on the Indian and Eurasian Plate boundary 

between India and Tibet. As a developing country, the infrastructure in Nepal often lacks 

sufficient seismic design due to economic restraints. A combination of this seismic hazard and 

financial conditions results in a country that frequently endures heavy socioeconomic and 

humanitarian setbacks. This was highlighted in 2015 when a magnitude 7.8 Mw earthquake 

occurred 40 miles east of Kathmandu, causing over 8,800 deaths and over 22,000 injuries 

(Government of Nepal, 2019). 

After the 2015 Gorkha earthquake, Non-Governmental organisations (NGOs) played a 

significant role in helping Nepal rebuild vital pieces of infrastructure such as education and 

health care, with 770 out of the 7553 reconstructed schools being carried out by NGOs 

(Ministry of Education, Science & Technology, 2021). NGOs supported the immediate relief 

phase of the recovery as well as the long-term recovery of Nepal.  

NGOs often use template designs to construct schools and health centres in developing 

countries. A template design is the design of a structure that can be used repeatedly across a 

country to reduce the design and approval costs, in contrast to a bespoke seismic design 

typically site-specific (i.e. typical practice in developed seismically vulnerable countries). 

These designs have slight modifications at different sites based on the site conditions and the 

availability of construction materials. In collaboration with the Asian Development Bank and 

the Japanese International Cooperation Agency (JICA), the Nepalese Department of Education 

has set out strict guidelines on school designs (Nepal Department of Education, 2016). This 

was set up in response to many schools in Nepal not being designed in adherence to seismic 

codes even when they are in place (D’Ayala et al., 2020). Once a design has been developed 

and satisfies these criteria, it must be approved by the Nepalese Department of Education. On 

top of ensuring that the schools meet the required guidelines, the Nepalese department of 

education is also responsible for ensuring that all school buildings are designed under the 

Nepalese Building Codes (Jones et al., 2016). This is one of the reasons why NGOs in Nepal 

use template designs as standard practice. 

Seismic resistant construction techniques in Nepal have developed over the last 30 years with 

the introduction of the first Nepalese seismic construction code in 1994 (NBC 105, 1994), 
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which was brought into law in all cities by 2003 (Pant, 2015). Despite these advancements, 

Nepal still has a problem with code compliance caused by over 80% of buildings being built 

by their owner (Dixit, 2004). As a developing country, the construction practices in Nepal are 

often based on the availability of materials and the skills of the local tradespeople. Current 

construction practices are centred around the use of mud-bonded masonry. Over recent years 

reinforcing steel has become more common in Nepalese cities, causing reinforced concrete to 

become one of the most common building materials in Kathmandu (Chaulagain, 2012). 

The implicit risk of a structure is defined as the unavoidable seismic risk to a structure designed 

and constructed according to local design codes, which refer to specific reliability levels and 

accepted level of safety (EN 1990-1, 2000). For instance, implicit risk has been assessed across 

Italy (Iervolino & Dolce, 2018), which found that buildings with a greater seismic hazard had 

a greater seismic risk despite the codes mandating a higher seismic design level and different 

requirements in terms of structural detailing. 

Quantifying implicit risk relating to a specific template design within a particular country can 

be very important for NGOs to assess the level of safety at which they operate. A common 

misconception is that a structure built according to the latest structural codes will survive all 

possible earthquakes. By evaluating the implicit risk to the template design across a country 

with varying seismic hazard, NGOs can make an informed decision about the suitability of a 

given design in different locations.  

This thesis looks at the seismic vulnerability of Nepal and applies some of the latest modelling 

techniques to quantify the risk of specific template design referred to different structural 

typologies, i.e., reinforced concrete (RC) with masonry infills and unreinforced masonry 

(URM) with specific reference to stone masonry. Using seismic risk data, infrastructure 

decisions can be made based on the current infrastructure seismic reliability. Furthermore, this 

risk information can be used to attempt to drive the local construction industry away from 

practices that result in high risk and towards a future of seismically robust construction. This 

thesis will assist these decisions by providing an accurate overview of seismic risk to RC and 

URM template buildings.  

RC with infills is relatively well-developed in the Nepalese urban environment and less prone 

to template practice (e.g., varying number of storeys). There is still a strong Nepalese nuance 

in how these structures are realised relative to European RC structures with masonry infills. A 

general approach, suitable for regional vulnerability analyses, is developed to assess the risk to 
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Nepalese RC with infill structures. Unreinforced masonry (URM) is commonly used in Nepal, 

with 42% of structures being formed of mud bonded brick/stone (Government of Nepal, 2012). 

URM is more common in rural locations and is typically applied to building that are one or two 

storeys high. Bamboo, timber and cement bonded brick/stone are also commonly used building 

typologies in Nepal (Government of Nepal, 2012) however they will not be the subject of 

research in this thesis. 

1.2 Objectives 

This thesis aims to use the latest structural modelling, fragility, and risk assessment methods 

to add to Nepal's understanding of seismic risk. Specifically, much of this thesis focuses on the 

use of template masonry and reinforced concrete by NGOs and their suitability in an area of 

variable seismic risk. The key objectives of this thesis are: 

• To use a template design of a reinforced concrete (RC) structure with masonry infills 

to carry out a seismic risk assessment and hence infer the suitability of this technique 

in Nepal. RC with infill is an increasingly common structural typology in Nepal 

(Chaulagain, 2012). A further point of comparison will be to assess the efficiency of an 

intensity measure of a modified version of SAavg relative to peak ground acceleration 

(PGA). 

• To assess the importance of modelling the structural contribution of masonry infills in 

RC structures with masonry infills. RC structures with masonry infills are a common 

structural typology worldwide, often adding to the structure's stiffness. However, many 

structural codes do not account for this additional stiffness. This thesis aims to carry 

out a full seismic risk assessment on a structure with and without the structural 

contribution of the masonry infills. 

• To update an established method of large-scale seismic vulnerability assessment (FAST 

method) for the Nepalese context. The FAST method is a rapid method for assessing 

the seismic vulnerability of RC-infilled structures (De Luca et al., 2014; De Luca et al., 

2015), which is updated for the Nepalese context using local codes and material tests.  

• To validate the latest masonry micro-modelling techniques for use on irregular stone 

masonry. Irregular stone masonry is one of Nepal's most common building typologies 

and can be split into rubble, semi-dressed, and dressed. This thesis aims to validate 

continuum micro-modelling on semi-dressed irregular masonry, using experimental 

pseudo-static pushover results from Senaldi et al. (2018).  
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• To investigate the effect of irregular bond pattern on the capacity of a masonry wall. A 

set of criteria are obtained for an equivalent regular wall to assess the necessity of 

measuring each stone of an irregular masonry wall. 

•  To use continuum micro-modelling on a template design of an unreinforced masonry 

structure to carry out a seismic risk assessment. Pahar Trust has also generously 

provided the design of an unreinforced masonry health centre. This is the basis of a case 

study for the suitability of template structures formed of unreinforced masonry. The 

health centre design is a single-story building with a sloped timber roof, and a nominal 

amount of reinforcement is provided in reinforced concrete bands at the sill, lintel and 

roof level. 

• To investigate the necessity of a full multiple degree of freedom (MDOF) FE model by 

also carrying out the seismic risk assessment for an equivalent single degree of freedom 

(SDOF) system. The reduced requirement in computational power allows the use of 

incremental dynamic analysis (IDA) to derive the fragility curve. These fragility curves 

can then be compared to those derived from the MDOF model. 

1.3 Outline 

This thesis is split into seven chapters. Chapter 1 presents the introduction (as detailed above); 

Chapter 2 reviews the relevant literature; Chapter 3 covers the seismic risk of template RC 

structures; Chapter 4 examines the Nepal FAST method; Chapters 5 and 6 discuss the seismic 

risk to unreinforced masonry structures, and Chapter 7 draws and presents conclusions. The 

main themes of this thesis are indicated in Figure 1.1. 
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Figure 1. 1 Main themes of this thesis 

Chapter 2 presents and reviews much of the relevant literature, specifically looking at the 

seismic vulnerability of Nepal in conjunction with structural modelling methods and risk 

assessment methods. This literature review looks at current construction practices and their 

seismic implications. It also looks at hazard assessments for Nepal and the implication for 

future earthquakes. The fundamentals of the finite element approach are explained and how it 

is applied for reinforced concrete and masonry. Various material models for steel and concrete 

are summarised. Different methods of modelling masonry structures are summarised, including 

the equivalent frame method, equivalent strut modelling, continuum modelling, the discrete 

element method (DEM), and continuous micro-modelling. The background on seismic risk 

assessment is then be presented to examine different methods of assessing the seismic hazard 

of an area. Several methods of deriving the fragility of a structure are presented: the cloud 

method, incremental dynamic analysis, the modified cloud method, and empirical fragilities. 

Finally, an overview of how fragility and hazard can be combined to find seismic risk is 

presented. 

Chapter 3 covers the seismic risk assessment of the RC infilled template school structure 

provided by Pahar trust. The details of a non-linear finite element model of the structure are 

presented, followed by a description of how an equivalent strut model is applied. A model is 

created with and without considering the masonry infills. This is used as a point of comparison. 

A ground motion selection is carried out based on the criteria set out by Jalayer et al. (2017). 

NLTHA is then be carried out and the results used in a cloud analysis to derive the fragility 

curves. Fragility curves are derived explicitly for the exceedance of limit states based on 

threshold interstorey drift levels and for the occurrence of pounding. Using a seismic hazard 

map from Stevens et al. (2018), a complete seismic risk assessment is carried out in all locations 

across Nepal. These risk values are then compared to benchmark values from literature as to 

draw conclusions on the seismic safety of this template school. 

Chapter 4 develops the FAST method (De Luca et al., 2015) for the Nepalese context. The 

FAST method is updated using local data for the drift at each damage state and the material 

properties. The Nepal FAST method is then applied to a catalogue of 6869 RC buildings with 

masonry infills. The results are then be compared to the observed damage from the Gorkha 

2015 earthquake. The Nepal FAST method is also be applied to the RC school with masonry 
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infills from chapter 3. The fragility values from the two approaches can subsequently be used 

as a point of comparison. 

Chapter 5 presents the application of the latest continuous micro-modelling methods for 

unreinforced masonry and verifies them based on the literature. The horizontal load capacity 

of a masonry pier is evaluated using both a code-based analytical approach and a numerical 

approach. The results are compared to experimental results from Senaldi et al. (2018). The 

effect of regularisation on a masonry pier is evaluated by comparing the shear capacity of an 

irregular pier and an equivalent regular pier. Finally, the sensitivity of specific mortar material 

properties is assessed for the shear capacity of masonry piers. 

Chapter 6 applies the previous masonry modelling approach to a single story template structure 

provided by Pahar Trust. A detailed micro-model is created with an RC fibre section for the 

RC bands and linear elastic beam-column elements for the roof. A static pushover analysis is 

carried out on this multiple degree of freedom (MDOF) model. The pushover curve is used to 

develop a single degree of freedom model. An incremental dynamic analysis is used to derive 

fragility curves from the SDOF system, which has been developed, with a cloud analysis being 

performed on the MDOF model. This is followed by comparing the fragility curves of the two 

modelling approaches. Lastly, the full seismic risk assessment is carried out for both modelling 

approaches, and the risk values are compared to benchmark values. 

Chapter 7 raises conclusions derived from the previous chapters. The implications of the risk 

values from chapters 3 and 6 are discussed, showing how various levels of ground motion may 

affect structures designed/built by the Pahar Trust. The results of the Nepal FAST method are 

explained, and conclusions are drawn on how the Nepalese building stock could perform in 

various earthquakes. The limitations of this research is summarised, and areas of further 

development are suggested. 
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Chapter 2: Review of Literature on the Seismic Risk to Nepal and 
Structural Modelling of Masonry and RC Buildings 

 

Objectives of this chapter 

This chapter will seek to lay out the relevant literature for this thesis. It will cover RC finite 

element modelling, masonry modelling techniques and seismic risk assessment. It will also 

cover background on the seismic risk to Nepal, covering previous earthquakes and current 

seismic design codes and building conventions. Limitations and issues presented in modern 

seismic risk assessment will also be covered in this chapter. The objectives of this chapter are 

as follows: 

• Explain the importance of seismic design in Nepal by considering historical events and 

their respective consequence. 

• Summarise typical construction practices in Nepal and how they may affect seismic 

performance. This will include structural codes and how they have changed in recent 

years. 

• Review up to date approaches for developing finite element (FE) models of reinforced 

concrete structures and summarise the different approaches for modelling the 

contribution of masonry infills. 

• Evaluate the different approaches for modelling masonry buildings, including 

equivalent frame approach, discrete element method and micro modelling.  

• Summarise the key points on probability-based seismic risk assessment and its 

importance in developing countries.  

2.1 Introduction 

Seismic risk assessment is a holistic approach to determining the probability of a structure 

displaying damage or collapse due to an earthquake. Seismic risk assessment requires a high 

amount of information about the structure and the seismic hazard. Although the benefits of a 

seismic risk assessment are typically outweighed by the cost and complexity, particularly in a 

developing country. However, this may not be the case with a template structure where a single 

seismic risk assessment can be carried out for the structure, which is repeated multiple times 

across the country.  
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This literature review will look at the crucial relevant literature for the following chapters. One 

of the most important factors when carrying out a seismic risk assessment for different building 

typologies in Nepal is reviewing the background information on Nepal's construction practices 

and recent seismic events in Nepal. A background understanding of the local construction 

practices supports reasonable assumptions made when carrying out aspects of the risk 

assessment, such as finite element modelling and hazard selection. By reviewing previous 

earthquakes, we can understand the effect earthquakes have on local infrastructure and 

therefore the local community. This helps to highlight the importance of developing the 

understanding of the seismic risk to Nepal. 

Current approaches for developing finite element (FE) models will be reviewed. Initially, the 

underlying concepts of finite element will be examined, such as non-linear geometric effects 

and approaches for damping. Following this, the current practices for applying finite element 

method to reinforced concrete (RC) structures will be reviewed. Finally, the varying 

approaches to modelling unreinforced masonry will be reviewed. This review will highlight 

which aspects of finite element modelling are applicable for the case of Nepalese buildings and 

will also expose areas of the literature which are not yet consolidated.  

Different methods of deriving fragility curves are then reviewed. The characteristics of the 

finite element model will typically determine the suitability of different approaches for deriving 

fragility curves (i.e. a model that requires a high computational demand typically requires a 

fragility analysis method that requires fewer analyses). Different hazard assessment methods 

will then be reviewed. Although hazard assessment is not a focus of this thesis, a background 

understanding of how seismic hazard is measured is an important factor as this data plays a 

crucial role in seismic risk assessment.  

This chapter should provide a background understanding of the core concepts relating to the 

seismic risk assessment of Nepal's unreinforced masonry and RC structures. It should also 

highlight the importance of further developing the understanding of seismic risk in Nepal to 

allow better decision making and ultimately drive down the impact of subsequent earthquakes.  

2.2 Seismic Risk in Nepal 

Nepal experiences a high level of seismic activity as it is situated on the most active segment 

of the Main Himalayan Thrust (MHT) (Ram and Wang, 2013). The Himalayas are formed of 

four East-West spanning faults, including the South Tibetan Detachment System (STDS), the 

Main Central Thrust (MCT), the Main Boundary Thrust (MBT), and the Main Frontal Thrust 
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(MFT). The MCT, MBT and MFT combine to form the Main Himalayan Thrust. These faults 

are shown in Figure 2.1. These faults have led Nepal to experience frequent earthquakes, 

including 1255, 1408, 1505, 1833, 1934 and 2015, each with a magnitude over 7.5. Gorkha 

2015 is considered the deadliest earthquake in Nepal’s history for several reasons, including 

high levels of population growth, rapid urbanisation, and low-quality infrastructure 

construction (Ram and Wang, 2013). The 1934 earthquake, magnitude Mw 8.1, is the largest 

in Nepal’s recorded history, with an estimated 200,000 damaged buildings and 81,000 

collapsed buildings. Although it did not have the highest death toll, this is likely due to a smaller 

Nepalese population in 1934 (Chaulagain, 2018). The Modified Mercalli intensity scale (MMI) 

is an intensity measure developed in 1902 which measures the intensity of an earthquake in 

terms of its effect on the surrounding infrastructure. The MMI scale ranges from I (not felt) to 

XII (extreme). The 1934 earthquake exhibited an MMI  of X, IX and VII across Kathmandu 

Valley with high levels of liquefaction. 

 

Figure 2. 1: Map of Main Central Thrust (MCT), the Main Boundary Thrust (MBT), and the Main Frontal 

Thrust (MFT) (Sakai et al. 2017) 

The Nepalese National Society for Earthquake Technology (NSET, 2001) has made predictions 

for an earthquake with shaking equal to the 1934 earthquake. These predictions are based on 

the state of infrastructure at publication (2001). They concluded that 60% of buildings would 

likely be heavily damaged, half of the bridges in Kathmandu valley will be impassable, and 

10% of roads would sustain moderate damage. 95% of water pipes would be significantly 

damaged. This emphasises the importance of improving the seismic resilience of Nepalese 

infrastructure. This thesis will focus on buildings, specifically in the education and health 

sector. 



Seismic risk assessment through non-linear time-history analysis of template buildings in 

Nepal: RC with infills and masonry 

10 

 

On April 25th, 2015, an earthquake of magnitude Mw 7.8 struck roughly 80 km northwest of 

Kathmandu near Gorkha. This was the largest earthquake in Nepal since 1934. Two aftershocks 

of Mw 6.6 and 6.7 occurred in the hour immediately after the mainshock, and a further 

aftershock of Mw 7.3 occurred 17 days later, causing more fatalities (Elliot et al., 2016). The 

earthquake led to the destruction of over 250,000 buildings Homes (Liang & Zhou 2016). The 

earthquake caused damage to buildings, roads, hydroelectric infrastructure and water services. 

An assessment carried out after the event by the National Planning Commission (NPC) of 

Nepal concluded that a total of $7 billion worth of damage occurred (Nepal National Planning 

Commission, 2015). The NPC also concluded that the earthquake pushed at least 700,000 

people into poverty. 

The Gorkha 2015 Earthquake severely affected the education system in Nepal. It was reported 

that 870,000 students could not return to school immediately after the event. (United Nations, 

2015). This was due to the destruction of 28,570 classrooms and damage to 12,440 classrooms. 

Before the 2015 earthquake, efforts were made to increase Nepalese school buildings' seismic 

safety. In 2012, the Nepalese Department of Education (DoE) prepared the school safety action 

plan, which involved retrofitting 260 school buildings. At the time of the 2015 earthquake, 160 

of these retrofits had been completed, and none experienced any damage (Nepal National 

Planning Commission, 2015). The projected time to reconstruct schools was 2-3 years, with 

15,000 temporary learning centres being used during the reconstruction phase. 

Non-governmental organisations play an important role in reconstructing Nepalese schools, 

with 770 out of 7553 reconstructed schools being carried out by NGOs (Ministry of Education, 

Science & Technology, 2021) after the 2015 earthquake. NGOs typically specialise in the type 

of school that they construct. This can mean using one building technology, serving one area 

or using one design. Although that can improve the efficiency of the project (i.e. deliver more 

schools in a given time or budget), it can lead to the delivery of schools not most suited by the 

local community (Westoby et al., 2021). An example of this is highlighted in Westoby et al. 

(2021), where an example is given where a community received construction materials for a 

masonry building. However, due to damage to the roads supplying this community, the bricks 

would often arrive broken, and sand would often spill out. This could have been avoided by 

more flexibility in construction methods and using locally sourced materials. The NGOs 

involved in reconstructing schools after the Gorkha earthquake included Save the children 

(Save the Children, 2016) and the Disaster Emergency Committee (Disaster Emergency 
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Committee, 2016). One of the methods used by NGOs is to have a template design where the 

same design is replicated at multiple locations with slight adjustments made based on local 

materials or site conditions. 

This overview of the seismic risk to Nepal demonstrates the importance of researchers 

investigating the suitability of the current construction practices in Nepal and assessing the 

likely consequences of another seismic disaster. Assessing the seismic risk to infrastructure in 

Nepal allows the government to make informed decisions regarding building regulation and 

public investment. An accurate picture of the seismic vulnerability of local infrastructure can 

enable emergency responders to make a more informed decision in the event of an earthquake. 

A seismic risk assessment of Nepal also allows NGOs to make informed decisions on where 

and how to improve the infrastructure in the local communities.  

2.3 Construction Practices and Codes in Nepal 

Although Nepal is still a developing nation, it has made significant advances in construction 

technology over the last 20 years. Typical building materials in Nepal are unreinforced 

masonry with mud mortar, unreinforced masonry with cement mortar, reinforced concrete with 

masonry infills and bamboo. Reinforced concrete structures have risen to prominence in recent 

decades(Dizhur et al., 2016), however they are still concentrated in the cities and did not form 

a significant proportion of the residential buildings in the 2011 Nepalese Census, shown in 

Figure 2.2. The distribution of these building typologies for houses can be seen in Figure 2.2a 

(Government of Nepal, 2012). The foundations of Nepalese residential buildings are typically 

made with mud-bonded bricks/stone or cement-bonded bricks/stone. The distribution of 

foundation materials can be seen in Figure 2.2b. The roofing type for Nepal is relatively evenly 

split between thatch/straw, galvanised iron, tile/slate and reinforced concrete, as shown in 

Figure 2.2c (Government of Nepal, 2012). 

   

(a) (b) (c) 
Figure 2. 2: Distribution of building materials for the (a) outer wall, (b) foundation, (c) roof (figure made based 

on data from 2011 census (Government of Nepal, 2012)) 
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(a) 

  

(b) (c) 

Figure 2. 3 Examples of (a) rubble stone masonry in cement mortar (Schildkamp et al., 2019) (b) RC with 

masonry infills (Varum et al., 2017) (c) Concrete blocks with cement mortar (Shrestha et al.,2021) 

RC infilled buildings are among the most common structural typologies in urban and semi-

rural areas in Nepal, such as the Kathmandu Valley. RC with infills are used for residential, 

office, and institutional use and has rapidly become prominent over the last few decades 

(Dizhur et al., 2016). The masonry infill is usually formed of solid clay bricks with cement 

mortar or even mud mortar. These infills are not typically designed to resist lateral loads; 

however, they can increase the stiffness and, therefore, the structure's natural frequency. In 

recent years medium-rise buildings (10 – 20 storeys) have become more common in 

Kathmandu. These are often formed of RC with masonry infill. These were shown to provide 

adequate structural performance in the 2015 earthquake with little recorded structural damage, 

however, there was significant non-structural damage recorded (Barbosa et al., 2017). 

Unreinforced masonry (URM) is primarily considered the most vulnerable building typology 

in Nepal (Brando et al., 2017). In Kathmandu, URM buildings are typically square or 

rectangular in plan; however, due to the demand for residential buildings in Kathmandu, it is 

not uncommon for additional stories to be added to existing structures. In Kathmandu, fired 

clay bricks are typically used with mud mortar. However, in more rural locations, stone is more 
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commonly used. In many cases, URM structures are owner built and are widely not designed 

with any design codes. Most municipalities in Kathmandu have a system for granting building 

permits, however these permits usually do not require a strength requirement. The acquisition 

of a building permit depends on ground coverage, height, toilet provision, and liquid waste 

disposal. Kathmandu and Lalitpur now require structural drawings for buildings greater than 

three stories or over 1000 sq. ft in plan (Mishra, 2019). Recent mandatory rule of thumb codes 

(NBC-202:1994., 1994) have been released but are rarely followed (Pokharel et al., 2017). 

Stone masonry can come into three broad categories, rubble, semi-dressed and dressed. More 

recent unreinforced masonry structures have a nominal amount of reinforcement in the form of 

shallow RC bands. These bands are intended to add horizontal stiffness to the structure and 

ensure a box effect. The Nepalese code (NBC-203:2015., 2015) recommends these bands are 

formed of RC; however, where this is not possible, provisions are provided for bamboo and 

timber horizontal bands. These horizontal bands are recommended to be placed at plinth, sill, 

and lintel levels. A full review of how different countries' seismic codes are applied to the case 

of unreinforced masonry construction can be found in Schildkamp et al. (2020). 

Nepal has various codes for the design of masonry buildings, referred to as Nepalese Building 

Codes (NBC). These building codes were first written and released in 1994 but were not 

brought into law until 2003. They are now legally binding in all 130 municipalities; however, 

this does not cover towns and villages (Pant, 2015). These initial codes included NBC 105 

(1994), titled “Seismic design of buildings in Nepal”. NBC 105 (1994) states it should be used 

with the Indian standard Code of Practice for Earthquake Resistant Design and Construction 

of Buildings (IS 4326.,1976). NBC 105 (1994) is intended for use with structures greater than 

20 m2 in plan, a height greater than 5 m, a building with water tanks up to 200 m2, and all 

buildings with public access. NBC 105 (1994) uses the seismic coefficient method (more 

recently referred to as the equivalent static method) for buildings less than 40 m tall, regular in 

plan, and with no abrupt changes in lateral stiffness. Buildings that do not fit these criteria 

should use the modal spectrum method. Further details on the design spectrum can be found in 

Section 4.2.1. In 2020 NBC 105 (1994) was updated with NBC 105 (2020). This gave a more 

detailed approach for carrying out the equivalent static method. In NBC 105 (2020), the criteria 

for applying the equivalent static method are that the building is less than 15 m tall, has a period 

of less than 0.5s and the building is considered regular. NBC 105 (2020) uses an updated design 

spectrum shape which is significantly more conservative than NBC 105 (1994) but not as 
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conservative as (EN 1998-1, 2004). This is further explained in Section 4.2.1. NBC 105 (1994) 

and NBC 105 (2020) both provide PGA maps for Nepal based on probabilistic seismic hazard 

analysis (PSHA). Further details on these maps are given in Section 2.6.1. 

Nepal Building Code 203 (NBC 203, 2015) provides guidelines for designing earthquake-

resistant buildings from low strength masonry. Low strength masonry is defined as masonry 

that has non-erodible blocks (e.g., bricks and stone) with mud mortar as a binder. NBC 203 

(2015) recommends that mud mortar be free of organic material and pebbles, and the sand 

content should be below 30%. It is suggested that dressed stones should be used to achieve 

accurate bedding and jointing. Provisions are also given for boulders and quarry stones. Bricks 

must conform to the Nepal Standard NS: 1/2035 and have a compressive strength no lower 

than 3.5 N/mm2. 

NBC 203 (2015) suggests that horizontal reinforced concrete bands are installed at plinth, sill, 

and lintel levels. The bands should be continuous and should be adequately tied to vertical 

reinforcement. The horizontal bands should be at least 75 mm deep at the sill and lintel level 

and at least 150 mm deep at the plinth level. The 75 mm deep bands should have at least two 

longitudinal reinforcement bars, and the 150 mm deep bands should have at least four 

longitudinal reinforcement bars. 

Although building codes in 2015 suggested a design PGA of 0.36 g for Kathmandu and the 

Gorkha earthquake caused a PGA of 0.15 g, many buildings were damaged. This implies that 

the issue was not at the design requirements level but the lack of enforcement of the codes 

(Karmacharya et al., 2018). The lack of code implementation is caused by over 80% of 

buildings being built by their owner (Dixit, 2004). The National Society for Earthquake 

Technology (NSET) is a Nepalese non-governmental organisation advocating for reducing 

earthquake risk and increasing earthquake preparedness across Nepal. One of the main ways 

they try to achieve this is by increasing code compliance. This is achieved by educating local 

builders and craftsmen in construction techniques that could reduce the seismic risk (Dixit, 

2004). 

Construction practices in Nepal are usually based on the availability of building materials and 

the skillset of the local workforce. Nepalese census data has shown that mud bonded brick is 

the most common building material, and due to the brittle nature of mud, it can cause sudden 

failure when under seismic loads. Nepalese building codes have progressively tried to modify 

building habits to reduce the seismic risk whilst not being too cumbersome for the construction 
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workers and still using available materials. Examples of this are nominal vertical and horizontal 

reinforcement in mud bonded masonry structures. The introduction of increasingly more 

stringent building codes has encouraged the Nepalese construction industry to change their 

practices; however, code compliance still results in many buildings being built below the 

specified level. 

2.4 Finite Element Modelling 

Finite element modelling (FEM) is a widely used numerical method for characterising the 

response of solid structures. In FEM, the structural system is discretised into a finite number 

of elements. These finite elements interact with each other at node points. The element is 

modelled with a set of analytical functions that represent the displacement, stress and strain 

fields within the element. 

These elements fit into three main categories: beam/column (1D), shell (2D) and solid elements 

(3D). Other element types include membrane elements, cable elements and zero-length 

elements, these are not covered in this thesis, but further information can be found in Mackerle 

(2002). 

A beam-column element can be implemented into a finite element using four approaches: 

plastic hinge, non-linear spring hinge, finite length hinge and fibre sections. Both the plastic 

hinge and the non-linear spring hinge use a zero-length element at each end of the element. By 

concentrating the plasticity, these elements are relatively numerically efficient. The finite 

length hinge uses distributed plasticity along a predefined element length at each end. The finite 

length hinge more accurately captures the yielding of the member over the end of the member; 

however, it is less numerically efficient than the concentrated hinge methods.  

The final method uses an integration of a series of cross-sections along the length of the beam. 

This is often referred to as a fibre section and is the most commonly used method due to its 

compromise between accuracy and computational cost. The assumption is that these plane 

sections remain in-plane, which is the case at low levels of displacement. The cross-section is 

integrated numerically along predefined sections of the beam using a force or displacement-

based approach (Deierlein et al., 2010). 

A shell element is a 2D element typically in 3D space. It is typically used on objects where one 

dimension is more than 20 times smaller than the other dimension. Shell elements require a 3D 

volume to be converted into a series of surfaces. Shell elements typically have a significantly 
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shorter meshing time than a solid element approach. Shell elements are not prone to shear 

locking, and the computational time is substantially shorter than for solid elements. 

2.4.1 Non-linear Geometric Effects 

Two types of geometric non-linearities affect a deformed frame structure. These are P-δ effects 

and P-Δ effects. P-δ effects relate to the local deformation relative to the chord between the 

two end nodes. This is shown in Figure 2.4a. P-δ typically slightly reduces the buckling 

capacity of axial members, however, the effect is relatively small at low levels of deformation 

and is therefore often not accounted for (Deierlein et al., 2010). P-Δ are commonly caused by 

drifts in a building and are caused by the offset vertical load, as shown in Figure 2.4b. The 

forces are typically significantly higher and ultimately cause a loss of lateral stiffness.  

 
 

(a) (b) 
Figure 2. 4:  (a) schematic of P-δ effects in a fixed-fixed column, (b) schematic of P-Δ effects in a laterally 

loaded column 

2.4.2 Damping 

Damping is caused by the loss of energy through friction and other resistive forces and results 

in the reduction of the amplitude of an oscillation. The internal damping of a material is not 

necessarily related to the frequency. Damping methods that are independent of the frequency 

are referred to as hysteretic damping (also known as material damping). Hysteretic damping is 

not applicable for a non-linear model, and therefore, a frequency-dependent model is required 

(Nakamura, 2016). For non-linear transient analysis, Rayleigh damping is commonly used. 

Rayleigh damping is formed of the sum of a mass proportional component and a stiffness 
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proportional component. The equation of motion (i.e. the sum of forces is zero) is given in 

Equation 2.1, where [M] is the mass matrix, {U} is the displacement vector and [K] is the 

stiffness matrix. The equation for the damping vector, {D(t)}, can be given by Equation 2.2, 

where α and β are the mass and stiffness coefficients, respectively. The mass and stiffness 

coefficient equations are shown in Equations 2.3a and 2.3b. Rayleigh damping assumes an 

equal damping ratio at the two corner frequencies, referred to as ω1 and ω2, as shown in Figure 

2.5. The values used for these corner frequencies are subject to debate and depend on material 

and structural system; however, first and third modes are commonly used (Chopra, 2007).  

Figure 2.5 shows the Rayleigh damping with a target damping ratio of 5% and corner 

frequencies of 1 rads-1 and 2 rads-1. It can be seen in Figure 2.5 that at lower frequencies, the 

damping is mass-dominated, and at higher frequencies, the damping is stiffness dominated. 

[𝑀]{�̈�} + {𝐷(𝑡)} + [𝐾]{𝑈} = 0 (2.1) 

{𝐷(𝑡)} = (𝛼[M]+β[K]) {�̇�} (2.2) 

𝛼 =
2ℎ𝜔1𝜔2
𝜔1 + 𝜔2

 (2.3a) 𝛽 =
2ℎ

𝜔1 + 𝜔2
 (2.3b) 

 

 

 

Figure 2. 5: An example of Rayleigh damping with a target damping ratio of 5% and 

corner frequencies of 1 rads-1 and 2 rads-2 (recreated from (Chopra, 2007)) 
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The target damping ratio varies based on the level of damping typically offered by a given 

material. Literature has shown that 2% is a suitable target damping ratio for a reinforced 

concrete building. The structure's first and third fundamental period is used as the corner 

frequency (Dolšek and Fajfar, 2001). Newmark and Hall (1982) investigated the recommended 

damping ratios for different material properties using experimental data. Two sets of values are 

given, one set for the “working stress levels” where the stress is less than half of the yield 

strength and one set where the stress level is near the yield point. These results are shown in 

Table 2.1. 

Table 2. 1:  Suggested damping ratio for a variety of materials at working stress and near yield stress states, as 

suggested by Newmark and Hall (1982) 

The upper and lower frequencies used to calculate mass proportional damping factor (α) and 

stiffness proportional damping factor (β) have been the subject of much research. A commonly 

used system is using the first and third fundamental period of a structure (Chopra, 2007); 

however, for the context of masonry corner frequencies ω1 and ω2 can be calculated from 

Equations 2.4a and 2.4b, where T* is the initial period of the bilinear idealisation of an 

equivalent SDOF, µ is the available ductility of the bilinear system, and fN is the frequency 

corresponding to the nth mode of vibration, where n is the mode which exceeds 85% 

participation mass in the direction of the analysis (Mouyiannou et al., 2014) 

𝑓1 =
1

𝑇∗√µ
 (2.4a) 𝑓2 = 𝑓𝑁 (2.4b) 

2.5 Reinforced Concrete Structural Modelling 

Reinforced concrete frame structures are typically implemented into a FE model using beam-

column elements and a series of fibre sections to model the varying reinforcement over the 

Stress Level Material Damping ratio (%) 

Working stress (up to 

50% of yield stress) 

Welded steel, pre-stressed concrete, well-

reinforced concrete 
2-3 

Reinforced concrete with considerable 

cracking 
3-5 

Riveted or bolted steel, Timber structures 

with nailed or bolted connections. 
5-7 

Near yield stress 

Welded steel, pre-stressed concrete (without 

loss of prestressing) 
5-7 

Prestressed concrete with no stress 

remaining 
7-10 

Reinforced concrete 7-10 

Riveted or bolted steel, Timber structures 

with bolted connections. 
10-15 

Timber structures with nailed connections  15-20 
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length of the element. Fibre sections are based on the assumption that deformations are small 

and plane sections remain in plane. The fibre section uses flexibility-based fibre elements. 

These elements are formed of a section subdivided into longitudinal fibres running parallel to 

the direction of the member. The constitutive response of the fibre is derived through the 

integration of the uniaxial response of the constitutive fibres (Taucer et al., 1991).  Assuming 

equilibrium of the stress field across the fibre section, the displacement of fibres and, therefore, 

the curvature of the section can be calculated. The uniaxial response of the fibres are based on 

material models set out in Section 2.5.1 and Section 2.5.2. The two main formulations for 

beam-column elements are force-based and displacement-based. Force-based elements assume 

equilibrium between the element and the section forces. Section forces are found using 

interpolation from the system. The interpolation is based on the assumption that the axial force 

is constant and the moment distribution is linear along the element. The accuracy of a force-

based approach can be improved by increasing the number of integration points or the number 

of elements. A displacement-based approach is more typically used in finite element 

approaches and is based on the principle of virtual displacements (PVD). Section displacements 

are interpolated from an approximate displacement field (Terzic, 2011). Implementing an FE 

model of an RC building requires the design of the reinforcement and a detailed model of the 

non-linear response of the concrete and steel.  

2.5.1 Concrete Constitutive Models 

When modelling RC frame structures using a fibre section, it is important to consider the 1D 

hysteretic stress-strain relationship of the concrete. When concrete acts in a reinforced concrete 

column, the concrete core within the transverse reinforcement acts as confined. This therefore 

requires a distinct concrete constitutive model for both the unconfined and confined concrete 

(Wu et al., 2018).  This literature review will consider uniaxial concrete constitutive models as 

this is what is used in the fibre sections throughout this thesis. Many studies have been carried 

out on the stress-strain relationship of confined concrete starting in the 1950s when Chan 

(1955) investigated the axial strain-stress relationship of confined concrete. His proposed 

model is shown in Figure 2.6a. Chan found a strength increase of more than 50% relative to 

unconfined concrete and an increase in the ultimate strain of over 500%. A series of empirical 

factors relate the initial elastic stiffness to the stiffness from A to B and B to C. In confined 

concrete, the factor relating to the initial stiffness to the stiffness from B to C is a negative 

value to model the softening of the concrete. 
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(a) (b) (c) 

Figure 2. 6: Historical models of the stress-strain relationship of concrete. (a) Chan's Curve (1955), (b) Soliman 

and Yu's Curve (1967), (c)Roy and Sozen's curve (1964) (figure recreated using data from Sheikh, (1982)). 

Soliman and Yu (1967) developed a stress-strain relationship for confined concrete as a 

function of the concrete cylinder strength (f'c) and the ratio of the area of confined concrete to 

the area of concrete, as shown in Figure 2.6b. The first section of the curve is a parabola, up to 

the peak confined strength of concrete (fcc), followed by a constant strength followed by a linear 

softening. The strain values at which each section finishes are established using an empirical 

equation that is a function of the cylinder strength and the ratio of the area of confined concrete 

to concrete. 

Roy and Sozen (1964) developed a bi-linear idealisation for the stress-strain relationship of 

concrete, as shown in Figure 2.6c. They concluded that the confinement did not affect the 

concrete's peak strength, and only the post-peak stiffness was affected by the presence of the 

confining steel. They proposed an empirical formula for the strain value at which the concrete 

has softened to half its original strength (ε50c), which is a function of the height of the section 

(h), the ratio of the volume of transverse steel to the volume of concrete (ρs) and the spacing of 

hoops (s). 

The Kent and Park (1971) model was developed and later updated by Park et al. (1982). These 

two models and the model for unconfined concrete are shown in Figure 2.7. The unconfined 

and the initial Kent and Park (1971) model have a common initial branch (from A to B), given 

by Equation 2.5, where f’c is the peak strength of concrete, ε0 is the strain at maximum stress, 

and εc is the strain. The initial branch of Park et al. (1982) is given by Equation 2.6, which 

scales Kent and Park (1971) by k. The equation for k is given by Equation 2.7, where ρs is the 

ratio of the volume of steel hoops to the concrete core, and fyh is the yield strength of the 

transverse reinforcement.  
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𝑓𝑐 = 𝑓′𝑐 [
2휀𝑐

0.002𝑘
− (

휀𝑐
0.002𝑘

)
2

] (2.5) 

𝑓′′𝑐 = 𝑘𝑓′𝑐 (2.6) 

𝑘 = 1 +
𝜌𝑠𝑓𝑦ℎ

𝑓′𝑐
 (2.7) 

The softening section of the hysteretic response is given by Equation 2.8, where Z is the slope 

of decreasing strain indicated in Figure 2.7. The formulation of Z is given in Equation 2.9, 

where b’’ is the width of the concrete core and sh is the spacing of the hoops. The final section 

of the compressive response indicates that the concrete has a residual strength equal to 20% of 

the peak strength. This can be seen in Figure 2.7. 

𝑓𝑐 = 𝑓𝑐
′′[1 − 𝑍(휀𝑐 − 휀𝑜)] (2.8) 

𝑍 =
0.5

3 + 0.29𝑓𝑐′

145𝑓𝑐′ − 1000
+
3
4𝜌𝑠

√
𝑏′′

𝑠ℎ
− 0.002𝐾

 
(2.9) 

 

 
Figure 2. 7: Model for confined and unconfined concrete from Kent and Park (1972) and the modified 

confined model presented by Park et al. (1982) (figure recreated using data from Sheikh, (1982)) 

The most common concrete constitutive model is the Mander model (Mander et al., 1988). The 

Mander model uses the stress-strain relationship for confined concrete initially proposed by 

Popovics (1973) and shown in Figure 2.8. The uniaxial stress-strain relationship is given in 

Equation 2.10, where fc and εc are the axial stress-strain of the concrete, f’cc and ε’cc are the 
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peak stress and corresponding strain, and r is a factor to account for the brittleness of the 

material, calculated using Equation 2.11. In Equation 2.11, Ec is the elastic modulus of the 

concrete. The peak stress is found using the failure criteria proposed by Mander and Priestley 

(1988) and given in Equation 2.12. 

𝑓𝑐
𝑓𝑐𝑐′

=
(휀𝑐/휀𝑐𝑐

′ ) ⋅ 𝑟

𝑟 − 1 + (휀𝑐/휀𝑐𝑐′ )𝑟
 (2.10) 

𝑟 =
𝐸𝑐

𝐸𝑐 − 𝑓𝑐𝑐′ /휀𝑐𝑐′
 (2.11) 

𝑓𝑐𝑐
′ = 𝑓𝑐𝑜 (2.254√1 + 7.94

𝑓𝑙
𝑓𝑐𝑜

− 2
𝑓𝑙
𝑓𝑐𝑜

− 1.254) (2.12) 

In Equation 2.12 fl is the effective confining pressure given by Equation 2.13, where ke is the 

confinement effectiveness coefficient. Ke is calculated using Equations 2.14a and 2.14b for 

circular and square sections, respectively. In Equation 2.14, s’ is the hoop spacing, dc is the 

confined core diameter, and pcc is the ratio of the area of longitudinal reinforcement to the area 

of core concrete. In Equation 2.13 f’l is the effective confining pressure provided by the steel. 

This can be found by assuming equilibrium at the yield point of the steel. This is shown in 

Equation 2.15, where fsy is the yield strength of the hoops and Asp is the area of the transverse 

steel cross-section. 

𝑓𝑙 = 𝑓𝑙
′ ⋅ 𝑘𝑒 (2.13) 

𝑘𝑒 =
1 −

𝑠′

2𝑑𝐶
1 − 𝜌𝐶𝑐

 
(2.14a) 

𝑘𝑒 =
(1 −

𝑠′

2𝑑𝑐
)
2

1 − 𝜌𝑐𝑐
 

(2.14b) 

𝑓𝑙
′ ⋅ 𝑠 ⋅ 𝑑𝑐 = 2𝑓𝑠𝑦 ⋅ 𝐴𝑠𝑝 (2.15) 

 
Figure 2. 8: Model for confined and unconfined concrete from (Mander et al., 1988) using the confined 

concrete initially proposed by Popovics (1973) 
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2.5.2 Steel Constitutive Model 

Many hysteretic models have been used to find the response of steel rebar. One of the most 

prominent hysteretic response models was developed by Menegotto and Pinto (1973) and later 

updated for isotropic hardening rules by Filippou et al. (1983). The non-linear backbone is 

given by Equation 2.16, where ε* is the effective strain and σ* is the effective stress given by 

Equations 2.17a and 2.17b. R is the parameter that affects the shape of the transition curve from 

E0 to E∞ where E0 is the initial stiffness and E∞ is the eventual stiffness and is equal to zero. 

𝜎∗ = 𝑏휀∗ +
(1 − 𝑏)휀∗

(1 + 휀∗)1/𝑅
 (2.16) 

휀∗ =
휀 − 휀𝑟
휀0 − 휀𝑟

 (2.17a) 𝜎∗ =
𝜎 − 𝜎𝑟
𝜎0 − 𝜎𝑟

 (2.17b) 

2.6 Masonry Modelling 

Masonry is one of the oldest building materials due to it being easily accessible and can be 

implemented without advanced tools. Masonry can be formed of bricks or stone laid on top of 

each other (dry masonry), or masonry can be formed of brick or stone connected with layers or 

mortars. The block in masonry can be formed of stone, brick or concrete block, and the mortar 

can be formed of cement, lime or mud. This thesis will focus on unreinforced stone masonry 

with mud mortar. Unreinforced masonry is a material that is notoriously difficult to numerically 

model due to its heterogeneous composition and anisotropic physical properties.  

2.6.1 Masonry Material Characterisation 

The material properties required to model masonry largely depend on the modelling approach 

(see Sections 2.5.2 and 2.5.3). These broadly come under two categories masonry constituent 

properties and masonry assemblage properties. Macro-models do not discretize the mortar and 

the block and therefore require the material properties of the masonry assemblage. Micro-

models require material properties for the mortar and block independently. Certain material 

properties such as fracture energy require accurate lab equipment and therefore are not 

prescribed by codes. Details on the procedure for finding fracture energy can be found in da 

Porto et al.  (2010).  

Masonry assemblage properties are required for macro-modelling approaches. These are 

typically obtained from experimental tests of wallettes, stacks and triplets. A compression test 

of a masonry wallette (CEN. 2002), as shown in Figure 2.6a, can be used to obtain fu (ultimate 
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compression strength), Ec  (secant modulus), and ν (poisons ratio). A masonry wallette is 

formed and fixed at the base. It is then progressively loaded until failure. The specimen must 

be at least three bricks high and two bricks wide. Equations 2.18a and 2.18b are then used to 

find the compressive strength and elastic modulus. In Equation 2.18a, fi is the compressive 

strength, Fi,max is the max vertical load, and Ai is the area of the wallette. In Equation 2.18b, Ei 

is the elastic modulus, and εi is the strain at one-third of the peak load.  

𝑓𝑖 =
𝐹𝑖,𝑚𝑎𝑥
𝐴𝑖

 (2.18a) 𝐸𝑖 =
𝐹𝑖,𝑚𝑎𝑥

3 × 휀𝑖 × 𝐴𝑖
 (2.18b) 

A diagonal compression test can be used to find the tensile strength (ft), the maximum shear 

stress (τ), and the shear modulus (G). A masonry wallette is positioned at a 45-degree angle, 

and a compressive force is applied across opposing corners, as shown in Figure 2.9b. The peak 

shear strength is found using Equation 2.19a, where p is the peak diagonal compressive load, 

An is the net effective area given by Equation 2.19b, where w is the width of the sample, h is 

the height of the sample, t is the thickness of the sample, and n is the fraction of the net section 

that is solid (usually assumed to be 1). The tensile strength can be found using Equation 2.20, 

where α is a coefficient that varies based on the masonry typology. α is assumed to equal 0.707 

in ASTM (2002), although this is considered unconservative by Brignola et al. (2008), who 

suggest a value of 0.35 for the case of irregular masonry. RILEM (1994) suggest a value of 0.5 

should be used for the case of irregular masonry.  

𝜏 =
0.707 × 𝑃

𝐴𝑛
 (2.19a) 𝐴𝑛 = (

𝑤 + ℎ

2
) × 𝑡 × 𝑛 (2.19b) 

𝑓𝑡 =
𝛼 × 𝑃

𝐴𝑛
 (2.20) 

   
   
Figure 2. 9: Schematic of (a) Wallette compression test (CEN. 2002), (b) diagonal compression test, (c) triplet 

shear test(CEN. 2007) 
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A shear triplet test CEN. (2007) can be used to obtain the c (cohesion) and μ (friction angle) of 

the mortar joint. A shear triplet test involves a stack of three bricks with a layer of mortar 

between each, as shown in Figure 2.9c. The test specimen is positioned with the bricks 

spanning vertically, and the sample is supported such that the central brick can be pushed 

through. A compressive force is applied to the masonry specimen up to a predetermined level. 

The shear force is applied to the central brick until the mortar joints fail. This process is 

repeated several times at various levels of confining pressure. Linear regression of the results 

can then be used to calculate the cohesion and friction angle. 

The two main tests to obtain mortar properties are the flexural and compressive strength tests. 

The mortar specimen is 40 mm x 40 mm x 160 mm and is left to set for 28 days. The sample 

is then simply supported at a span of 100 mm, and a central load is applied. The vertical load 

is applied at a rate of 10 N/s to 50 N/s. The peak load F is then recorded. Equation 2.21 is used 

to find the flexural strength (f), where F is the peak load, l is the distance between the support 

rollers, b is the width of the specimen, and d is the depth of the specimen (EN 1015-11. 2019). 

𝑓 = 1.5
𝐹 × 𝐼

𝑏 × 𝑑2
 (2.21) 

 

A mortar compression test is usually carried out using the two stubs from the flexural test (EN 

1015-11. 2019). They are flattened off, and a vertical compressive load is then applied at a rate 

of 10 N/s to 50 N/s. The peak load is recorded and then divided by the area to find the peak 

compressive strength.  

Masonry constituent properties cover the properties of the block. The block would typically be 

brick or stone, although a concrete block is sometimes used. The Indian standards prescribe 

four types of tests for bricks (IS 1077, 2005). These are compressive strength, water absorption, 

efflorescence and tolerance tests. The compressive test requires five bricks to be submerged in 

room temperature water for 24 hours. The frogs are then filled with mortar. The bricks are then 

left to dry and then resubmerged for 7 days. A compression test is then carried out on each 

brick with the frogs facing up. The mean of the five tests is used. The water absorption test 

involves putting the bricks in an oven for 48 hours. It is then removed, weighed, and submerged 

for 24 hours before reweighing. Absorption is the percentage of weight gain due to submersion.  
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2.6.2 Macro-modelling 

Masonry is a composite material formed of mortar and brick, each with its own mechanical 

characteristics. Macro-modelling attempts to homogenise masonry and create a homogeneous 

material that has an equivalent response to the mason assemblage. Macro-modelling does not 

distinguish between the units and the joints and assumes the stresses will be continuous 

throughout the material. The two main methods of doing this are the equivalent frame method 

and continuum modelling. Equivalent strut models are also used for unreinforced masonry 

infills.  

2.6.2.1 Equivalent Frame Method (EFM) 

The equivalent frame method takes each masonry wall, divides it into piers and spandrels, and 

then models the structure as a frame where the deformation is concentrated in these portions. 

Although this can be considered a rough approximation of an unreinforced masonry structure, 

this method can accurately capture the strength of a structure subject to a lateral load and the 

displacement of a structure at the ultimate limit state (Magenes et al., 1998). Many software 

packages (Lagomarsino et al., 2013) still use this method today because it requires relatively 

little computing power compared to more detailed approaches. The equivalent frame method 

does not require individual experimental tests on bricks and mortar for the masonry properties. 

 The first step is to divide the wall up into piers and spandrels. Four different methodologies 

can be used to divide a façade into piers and spandrels. The first method is AVG (average 

effective height), where the line defining the boundary of the pier travels from the corner of 

the opening to the corner of the façade or corner of the next opening. This results in the height 

of the pier being the average of the height of the neighbouring piers. This can be seen in Figure 

2.10a. The second criterion is called the MIN (minimum effective height) criterion, whereby 

the minimum height of the masonry wall between two openings is used. This can be seen in 

Figure 2.10b. The third method is referred to as the LIM (limited effective height) criterion and 

is broadly the same as the AVG criterion; however, the inclination of the borderline of the pier 

is limited to 30o. This can be seen in Figure 2.10c. The final criterion is the LIN (rigid lintel) 

criterion which assumes a rigid lintel, and therefore, the boundary to the edge of the wall 

follows the same criterion as MIN. However, between the openings, the same criterion as LIM 

is used (Morandini et al., 2019). This is shown in Figure 2.10d. 



Chapter 2: Review of Literature on the Seismic Risk to Nepal and Structural Modelling 

of Masonry and RC Buildings 

 

27 

 

  
(a) (b) 

  
(c) (d) 

Figure 2. 10: Different pier-spandrel discretisation methodologies. (a) AVG, (b) MIN, (c) 

LIM, (d) LIN (recreated based on a figure from Morandini et al., 2019)  

Piers can be modelled as a beam-column element with a shear and flexural (or rocking) 

response. The shear and flexural responses are assumed to have an elastic-plastic bi-linear 

behaviour. Where the failure criteria are not met, the beam-column element can be assumed to 

be linear elastic. The flexural capacity can be calculated assuming an equivalent rectangular 

stress block. Equation 2.22 shows the formulation of the ultimate moment (Mu), where D is the 

height of the pier, t is the thickness of the wall, and p is the mean vertical stress on the wall. K 

is a coefficient to consider the stress distribution at the toe (0.85 is commonly used), and fu is 

the compressive strength of masonry (Magenes et al., 1998). Once Mu is obtained, a plastic 

hinge forms and rotation can occur at a constant moment. 

𝑀𝑢 =
𝐷2𝑡𝑝

2
(1 −

𝑝

𝐾𝑓𝑢
) (2.22) 

 

The shear strength (Vmax) is obtained using Equation 2.23, where τu is the ultimate shear stress. 

Three different failure modes can govern the ultimate shear stress. These are failure along bed 

joints (τcs), diagonal cracking across the panel from mortar failure (τws), and diagonal cracking 

across the panel from brick failure (τb). The ultimate shear stress is the minimum of the three 

stresses, as shown by Equation 2.24.  

𝑉𝑚𝑎𝑥 = 𝐷𝑡𝜏𝑢 (2.23) 

𝜏𝑢 = 𝑚𝑖𝑛(𝜏𝑐𝑠, 𝜏𝑤𝑠, 𝜏𝑏) (2.24) 
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𝜏𝑐𝑠 =
1.5𝑐 + 𝑝µ

1 + 3
𝑐𝛼𝑣
𝑝

 (2.25) 

𝜏𝑤𝑠 =
𝑐 + 𝑝µ

1 + 𝛼𝑣
 (2.26) 

𝜏𝑏 =
𝑓𝑏𝑡

2.3(1 + 𝛼𝑣)
√1 +

𝑝

𝑓𝑏𝑡
 (2.27) 

  

The shear stress causing shear failure along bed-joints (τcs) is given by Equation 2.25, where c 

and µ are the cohesion and shear strength of the mortar joints, respectively, and αv is the shear 

ratio of the section. The shear stress leading to diagonal shear cracks from mortar failure (τws) 

is given by Equation 2.26, and the shear stress leading to diagonal shear cracks from brick (τb) 

is provided by Equation 2.27 where fbt is the tensile strength of bricks. Once the shear load 

exceeds 0.9Vmax, plastic shear deformation occurs at constant shear force. The chord rotation 

(θ) can then be calculated as the sum of the flexural rotation and shear deformation. The 

rotation due to the shear is limited to 0.5%, and the flexural rotation is limited to 1.0% 

(Magenes et al., 1998). These rotation values have been found from experimental tests on piers 

(Magenes et al., 1997). A squat wall is more likely to exhibit a shear-dominated response, 

whereas a slender will is more likely to have a flexural (rocking) dominated response. The 

capacity of the spandrels is calculated mainly in the same way as the piers. There is commonly 

a rigid link between the piers and the spandrels, and the beam-column elements are assumed 

to have a lumped plasticity.  

2.6.2.2 Continuum Modelling 

Continuum modelling of masonry typically uses shell elements to carry out finite element 

analysis. The masonry is represented by a continuous discretised shell element formed of a 

homogeneous anisotropic continuum with a single set of material properties. To obtain these 

material properties, material testing must be carried out on samples of the masonry assemblage 

instead of the constituent parts. Continuum models have been created with various yield 

surfaces for the continua material. These include a Rankine/Hill yield surface (Lourenco et al., 

1997), the Drucker Prager (Petracca et al., 2017) and the Willam and Warnke failure criterion 

(Bayraktar et al., 2010). The Material is then implemented on a discretised shell element. 
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2.6.2.3 Equivalent Strut Model 

Equivalent strut modelling is commonly used to model masonry infills. An equivalent strut 

model was first used to mimic the response of infills in 1961 (Holmes, 1961). A pin joined strut 

was implemented with a width equal to one-third of the infills diagonal length and material 

properties equal to the infill. This was implemented on concrete infilled frames. Chrysostomou 

et al. (1992) developed previous models to propose a "compression-only three struts model". 

Although this model significantly improved previous models, it did not accurately capture the 

force transfer and slip along the infill frame interface. A further single strut model has been 

developed by (Al-Chaar, 2002), whereby a single strut is placed at a distance of lcolumn along 

the length of the column, as shown in Figure 2.11b. lcolumn is calculated in Equation 2.28, where 

θ is the angle between the infill diagonal and the horizontal. This eccentricity of the single strut 

is suggested as most of the infill forces are resisted by the column elements. The three strut 

model is shown in Figure 2.11a, where the offset distance zb and zc, are given in Equations 

2.30a and 2.30b, respectively, where Cod and Cd are the stiffness distribution factors for the off-

diagonal and diagonal struts, respectively. The equivalent strut width (bw) can be found using 

Equation 2.31. 

  
(a) (b) 

Figure 2. 11: (a) Compression-only three struts model, (b) Equivalent eccentric single strut  

 

𝑙𝑐𝑜𝑙𝑢𝑚𝑛=
𝑏𝑤

𝑐𝑜𝑠(𝜃)
 (2.28) 

𝜃𝑐𝑜𝑙𝑢𝑚𝑛 = tan(
ℎ −

𝑏𝑤
𝑐𝑜𝑠(𝜃)

𝑙
) 

(2.29) 

𝑍𝑏 =
𝐶𝑑𝑏𝑤 + 𝐶𝑜𝑑𝑏𝑤
2sin(𝜃)

 (2.30a) 𝑍𝑐 =
𝐶𝑑𝑏𝑤 + 𝐶𝑜𝑑𝑏𝑤
2𝑐𝑜𝑠(𝜃)

 (2.30b) 
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𝑏𝑤 = 𝑑𝑤0.175𝜆ℎ𝑤
−0.4

 (2.31) 

 

Previous studies have given many formulations for the strut width, as given in Table 2.2. 

Table 2. 2: Previous formulations for the strut width in the equivalent strut models. 

 

Caliò et al. (2012) proposed a discrete element macro-model approach for simulating the in-

plane response of unreinforced masonry walls. This approach has been shown to replicate the 

response of numerical and experimental masonry piers for nonlinear incremental static 

analysis. This simplified approach is only applicable for the in-plane response of a wall, 

therefore, it must be applied for an assemblage of masonry walls. This is a common limitation 

of many of the simplified macro approaches (e.g. equivalent strut model), but this limitation is 

reduced by using a series of walls parallel to each other (Caliò et al., 2012). 

Various methods have been used to compensate for masonry infills' reduced strength and 

stiffness due to openings. An approach to compensate for the openings is to apply an opening 

factor (λopening) to the width of the strut, subsequently reducing its stiffness and strength. 

Equation 2.32 calculates the opening factor where αw is the infill wall opening percentage (Al-

Chaar et al. 2002). 

𝜆𝑜𝑝𝑒𝑛𝑖𝑛𝑔 = 1 − 1.6𝛼𝑤 + 0.6𝛼𝑤
2 (2.32) 

2.6.3 Micro-modelling 

Micro-modelling is a finite element technique for masonry which individually models the 

brick/block and mortar (and sometimes the brick-mortar interface). Micro-modelling typically 

allows better capturing of the failure mechanisms. However, it requires more detailed material 

testing as it requires a discrete set of material properties for the brick and mortar. Micro-

modelling comes in two main forms discrete element method (DEM) and finite element method 

Reference Equation Comments 

(Smith and Carter, 

1969) 𝑤𝑑𝑠 = 0.58 (
𝑙

ℎ
)
−0.445

(𝜆𝐻)0.335𝑑
𝑙

ℎ

0.064

 

I is the length of the infill, h  is the 

height of the infill, λ is the  Relative 

panel-to-frame stiffness, and H is the 

height of the frame. 

(Holmes, 1961) 𝑤𝑑𝑠 =
𝑑𝑤
3

 dw is the diagonal length of the infill 

(Paulay & Priestley, 

1992) 
𝑤𝑑𝑠 =

𝑑𝑤
4

  

(Mainstone, 1971) 𝑤𝑑𝑠 = 𝑑𝑤0.175(𝜆𝐻)
−0.4  

(Liauw & Kwan, 

1984) 
𝑤𝑑𝑠 =

0.95ℎ𝑚 cos 𝜃

√𝜆ℎ𝑚
 

θ is the incline of the strut from 

horizontal as shown in Figure 2.11b 
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(FEM). FEM can further be split up into 2D-C where both the mortar and the block are 

modelled as non-linear continuum material (Figure 2.12a), 2D-D, where the blocks are 

modelled with a continuum elastic model, the mortar is modelled with a non-linear interface 

element, and an interface model is used within the block as to model cracking within the brick 

as proposed in  Macorini et al. (2011) and shown in Figure 2.12b. Finally, 2D-CD, where the 

blocks are modelled with a non-linear continuum and the mortar is modelled with an interface 

element (Figure 2.12c). 

 
(a) (b) (c) 

Figure 2. 12: Visual demonstration of different types of micro-modelling (a) 2D-C (b) 2D-D (c) 2D-CD 

(Petracca et al., 2022) 

 

2.6.3.1 Discrete Element Method (DEM) 

The discrete element method (DEM) assumes that a series of elements, which are often rigid 

or linear elastic, are connected through a series of elastoplastic interface elements. The main 

advantage of this method is that it can more accurately capture the failure mechanism of the 

masonry relative to continuous macro-modelling and equivalent frame method. Cundall (1971) 

first proposed the discrete element method for modelling soil, and there were no interface 

elements between particles to resist tension and traction. This model was later updated by 

Meguro et al. (1990) to include elastic spring and dashpots. Since the discrete element method 

has progressed, it has many similarities to a typical finite element model, such as the 

discretisation of the block unit. There are four characteristics of DEM (Lemos, 2007): 

1. Although certain DEM models have deformable blocks, the majority of the 

deformations are concentrated in the interaction. 

2. Interactions between blocks are achieved through point contacts or edge to edge contact 

elements. No attempt is made to achieve a continuous stress distribution. 

3. They are designed to allow complete separation between blocks, allowing analysis to 

continue at large displacements. 

4. Tend to use time-stepping algorithms 
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The interaction between blocks is based on several point contact elements which exert a force 

on the block, which is a function of the distance between the two blocks at the relevant point. 

The block itself is typically modelled as a rigid block. This assumption works well when the 

strength and stiffness of the block are significantly larger than the mortar (i.e. stone with mud 

mortar). More recently, discrete element models have used deformable blocks, where each 

block is discretised into a FE mesh. These deformable blocks are often assumed to be linear 

elastic to avoid a large computational demand. The majority of DEM models follow three key 

features: 

1. Blocks are assumed to be either rigid or deformable. Where deformable blocks are used, 

an FE mesh is used. 

2. A deformable contact approach is used whereby the contact stresses are derived from 

the relative displacement of neighbouring blocks. 

3. An explicit solution is used for static and dynamic analysis 

One commonly used DEM code is UDEC (universal distinct element code), which was later 

developed into a 3D version called 3DEC (Israelsson, 1996). 3DEC allowed fully dynamic 

analysis and allowed rigid or deformable blocks. The deformable blocks could be elastic or 

exhibit Mohr-Coulomb plasticity. The material properties for the discontinuities were 

coulomb-slip or continuous-yielding. 

The discrete element method has been modified to account for potential failure in the 

bricks/blocks. Lourenço and Rots (1997) proposed a model where the bricks are modelled with 

a linear continuum with a vertical interface element. This was intended to overcome the 

inability of the previous model to capture a direct tensile failure to the brick. 

2.6.3.2 Continuous micro-modelling 

In a continuous micro-model, both the mortar and the block (brick or stone) are formed of a 

plane-stress continuum element with a non-linear hysteretic response. This approach has 

progressed in recent years (Petracca et al., 2017, Abdulla et al., 2017, Lourenço, 1997). It is 

typically more computationally demanding than alternatives and requires detailed material 

properties for the block and mortar. This approach is similar to classical FEA approaches, 

where both the mortar and the brick are discretised. This allows a constitutive material law that 

allows for the explicit evaluation of a solution.  

To accurately capture the damage and plasticity of masonry, a tension-compression plastic 

damage model is proposed by Petracca et al. (2022). This model is an extension of the tension-
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compression damage model proposed by Petracca et al. (2017). The initial damage model is 

based on the work of Cervera et al. (1995) and Wu et al. (2006). In the Petracca et al. (2017) 

model, permanent deformations were not accounted for therefore leading to it not being 

suitable for cyclic analysis however, this was updated to include plasticity in Petracca et al. 

(2022).  

The nominal stress tensor (σ) is given by Equation 2.33 where �̅�+ and �̅�− are the positive and 

negative components of the effective stress tensor, and 𝑑𝑐
+ and 𝑑𝑐

− are the positive and negative 

cracking damage variables. The cracking damage variable reduces the strength and stiffness of 

the effective stress tensor. The positive and negative components of the effective elastic stress 

tensor are a function of 𝑑𝑝𝑙
+

 and 𝑑𝑝𝑙
−

, the positive and negative plastic damage variables. �̃� is 

defined as the trial effective stress tensor and is given by Equation 2.35, �̅�𝒏 is the effective 

stress at time step n and 𝑪𝟎: (𝜺 − 𝜺𝒏) is the elastic trial stress increment. Further details on the 

iterative process used to find the components of the trial effective stress tensor can be found in 

Petracca et al. (2022). 

𝝈 = (1 − 𝑑𝑐
+)𝝈

¯ + + (1 − 𝑑𝑐
−)𝝈

¯ − (2.33) 

𝝈
¯ ∓ = (1 − 𝑑𝑝𝑙

∓ )�̃�∓ (2.34) 

�̃� = 𝜎𝑛 + 𝐶0: (휀 − 휀𝑛) (2.35) 

 

The failure criteria are based on Lubliner et al. (1989). The damage surface is given by Equation 

2.36 and Equation 2.37 for the tensile and compressive strength. In these equations 𝐻(−�̃�𝑚𝑖𝑛) 

and 𝐻(�̃�𝑚𝑎𝑥) are the Heaviside functions of the minimum and maximum eigenvalues. These 

are applied to ensure that the tensile surface is active only if at least one eigenvalue is positive 

and that the compressive surface is only active if at least one of the eigen vectors is negative. 

This ensures that compressive damage cannot occur under tensile states and tensile damage 

cannot occur under compressive states. α is given by Equation 2.38, where kb is the ratio of the 

compressive bi-axial strength to the uniaxial compressive strength. In Equations 2.36 and 2.37 

𝐼1is the first invariant of the trial effective stress tensor and 𝑗2̃ is the second invariant of the trial 

effective deviatoric stress tensor. β is given by Equation 2.39, where fcp is the compressive peak 

strength and ft is the tensile strength. 



Seismic risk assessment through non-linear time-history analysis of template buildings in 

Nepal: RC with infills and masonry 

34 

 

�̃�− = 𝐻(−�̃�𝑚𝑖𝑛) [
1

1 − 𝛼
(𝛼𝐼1 +√3𝑗2̃ + 𝑘1𝛽⟨�̃�𝑚𝑎𝑥⟩)] 

(2.36) 

�̃�+ = 𝐻(�̃�𝑚𝑎𝑥) [
1

1 − 𝛼
(𝛼𝐼1 +√3𝐽2 + 𝛽⟨�̃�𝑚𝑎𝑥⟩)

𝑓𝑡
𝑓𝑐𝑝
] 

(2.37) 

𝛼 =
𝑘𝑏 − 1

2𝑘𝑏 − 1
 

(2.38) 

𝛽 =
𝑓𝑐𝑝

𝑓𝑡
(1 − 𝛼) − (1 + 𝛼) 

(2.39) 

 

 

Figure 2. 13: Lubliner et al. (1989) failure surface in 2d stress (taken from Petracca et al. 2017) 

To apply damage to the material model, the damage parameters 𝑟+ and 𝑟−are used. The values 

represent the largest equivalent stresses as shown in Equations 2.40 and 2.41, where 𝑓𝑡 and 𝑓𝑐0 

are the elastic limit in tension and elastic limit in compression. These damage parameters can 

be used to find the total strain counterparts, as shown in Equation 2.42, which can be used with 

the hardening functions f+
 and f- to find the degradation in stiffness. 

𝑟+(𝑡) = 𝑚𝑎𝑥 (𝑚𝑎𝑥
𝑠∈[0,𝑡]

 𝜏+(𝑠); 𝑓𝑡) 
(2.40) 

𝑟−(𝑡) = 𝑚𝑎𝑥 (𝑚𝑎𝑥
𝑠∈[0,𝑡]

 𝜏−(𝑠); 𝑓𝑐0) 
(2.41) 

휀𝑡𝑜𝑡∓=
𝑟∓

𝐸
 

(2.42) 

𝑞∓ = 𝑓∓(휀𝑡𝑜𝑡
∓ ) (2.43) 

The hardening functions are proposed in Petracca et al. (2017). The tensile damage d+ is given 

by the exponential softening law given in Equation 2.44, where Hdis is the discreet softening 

parameter, r+ is the tensile damage threshold, and r+
0 is the initial tensile damage threshold 

(i.e. the elastic limit when under uniaxial compression). To ensure that the response is 
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independent of the discretisation size, the softening part of the response must be modified such 

that Equation 2.45 is satisfied. In Equation 2.45 gf is the fracture energy per unit volume, Gf is 

the fracture energy per unit length, and ldis is the length of the damage zone. The softening law 

is given in Equation 2.46, where ft is the tensile strength and E is the elastic modulus. The 

discrete softening parameter is given by Equation 2.47, where lmat is given in Equation 2.48 

and ldis, the length of the damage zone, is assumed to be the characteristic length of one finite 

element (lch). The smallest dimension is used in a discretisation where the elements are not of 

regular sizes. The uniaxial tensile response of the tension/compress continuum material is 

shown in Figure 2.14a. The fracture energy per unit volume (gt) affects the softening rate in the 

material's tension region. This can be shown in Figure 2.14a. 

𝑑𝑟(𝑟+) = 1 −
𝑟0
+

𝑟+
𝑒𝑥𝑝 {2𝐻𝑑𝑖𝑠 (

𝑟0
+ − 𝑟+

𝑟0
+ )} (2.44) 

𝑔𝑓𝑙𝑑𝑖𝑠 = 𝐺𝑓 (2.45) 

𝑔𝑓 = (1 +
1

𝐻𝑑𝑖𝑠
)
𝑓𝑡
2

2𝐸
 (2.46) 

𝐻𝑑𝑖𝑠 =
𝑙𝑑𝑖𝑠

𝑙𝑚𝑎𝑡 − 𝑙𝑑𝑖𝑠
 (2.47) 

𝑙𝑚𝑎𝑡 =
2𝐸𝐺𝑓

𝑓𝑡
2  (2.48) 

 

  
(a) (b) 

Figure 2. 14: (a) Uniaxial tension (b) Uniaxial compression of “tension/compression damage model” used 

for mortar and stone in masonry micro-model Petracca et al. (2017). 
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The compressive damage index is formed of five parts. The first part is a linear elastic part. 

This is followed by a hardening part and two separate softening parts, which are finally 

followed by a residual plateau. These five sections can be seen in Figure 2.14b. The hardening 

and softening parts follow a quadratic Bézier curves, using the endpoints and the tangent at the 

endpoint as the three required initial conditions. This is 2.49. As shown in Figure 2.14, the area 

beneath the stress-strain curve is equal to the fracture energy Gc. Therefore the position of the 

control points in Equation 2.49 are a function of the fracture energy as to ensure that the area 

under the curve is equal to the fracture energy. Finally the damage index can be calculated 

using Equation 2.50. 

Σ(𝜉) =

{
 
 

 
 ℬ(𝜉, 휀0, 휀𝑖, 휀𝑝, 𝜎0, 𝜎𝑖 , 𝜎𝑝)    휀0 < 𝜉 ≤ 휀𝑝

ℬ(𝜉, 휀𝑝, 휀𝑗 , 휀𝑘, 𝜎𝑝 , 𝜎𝑗 , 𝜎𝑘)    휀𝑝 < 𝜉 ≤ 휀𝑘
ℬ(𝜉, 휀𝑘, 휀𝑟 , 휀𝑢, 𝜎𝑘 , 𝜎𝑟 , 𝜎𝑢)    휀𝑘 < 𝜉 ≤ 휀𝑢
𝜎𝑢    𝜉 > 휀𝑢

 (2.49) 

𝑑−(𝑟−) = 1 −
∑(𝜉)

𝑟−
 (2.50) 

 

The plasticity is implemented using the method outlined in Petracca et al. (2022). The plastic 

damage variables used in Equation 2.34 are calculated using Equation 2.51 where 𝑞𝑝𝑙
∓  are the 

effective plastic hardening variables and �̃�∓ are the positive and negative damage thresholds. 

The effective plastic hardening variables are found using Equation 2.52 where 𝜔∓are the plastic 

damage factors used to quantify the amount of plasticity in the material. They range from 1 

(purely plastic) to 0 (no plasticity). The damage thresholds are given by Equation 2.53 where 

휀𝑡𝑜𝑡
∓ is the total strain and 𝜆𝑛

∓
 is the equivalent plastic strain. 

𝑑𝑝𝑙
∓ = 1 −

𝑞𝑝𝑙
∓

�̃�∓
 (2.51) 

𝑞𝑝𝑙
∓ = 𝑞∓ + (1 − 𝜔∓)(𝑟∓ − 𝑞∓) (2.52) 

�̃�∓ = 𝐸(휀𝑡𝑜𝑡
∓ − 𝜆𝑛

∓) (2.53) 

 

2.7 Seismic Risk Assessment 

Seismic risk assessment can be broadly separated into empirical and analytical. Empirical risk 

assessment methods are typically a probabilistic assessment of a certain building typology in a 

specific area based on its performance in previous earthquakes. Analytical methods usually use 
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the design of the building or properties of the building to create a numerical or analytical model 

of the structure to assess the expected impact of an earthquake. 

2.7.1 Hazard Analysis 

There are two main approaches for estimating the seismic hazard of an area: probabilistic 

seismic hazard analysis (PSHA) and deterministic seismic hazard analysis (DSHA). PSHA is 

based on historical records of earthquakes and applies statistical methods to find the probability 

of an earthquake in the future. DSHA is based on the study of geology in which the likelihood 

of an earthquake can be calculated.  

2.6.1.1 Probabilistic Seismic Hazard Analysis 

PSHA aims to quantify the rate of exceedance of specific ground motion properties. The 

numerical application of PSHA was first proposed by Cornell (1968). The ground motion 

property used has typically been peak ground acceleration (PGA), although more recent studies 

use spectral acceleration at a specific period. The main fundamental assumption of PSHA is 

that an earthquake of magnitude (M) and distance (R) is a continuous random variable. There 

are four main steps to carrying out a PSHA: 1) earthquake source identification, 2) source 

characterisation, 3) attenuation function selection and 4) earthquake hazard calculation 

(Purwana et al., 2019). 

The earthquake source identification involved identifying any earthquake source that could 

cause a damaging earthquake. This information can be obtained through historical earthquake 

data or geological data. The source can either be identified as a fault line, or an areal region is 

used if the individual fault lines cannot be identified. Source characterisation involved 

predicting the expected magnitude of the earthquake. The Gutenberg & Richter (1944) 

relationship is used to find the relationship between the magnitude and the annual exceedance 

rate. This relationship is obtained using historical data and statistical methods and is typically 

denoted fM(m). The characterisation of the source also involves identifying the earthquake 

distance from a specific site. This calculation assumes an equal probability of the earthquake 

occurring at any point along the fault or in an area. Geometric and statistical approaches are 

used to derive a probability function of the distance at a specific site, denoted fR(r). A ground 

motion prediction equation (GMPE) is used to estimate ground motion intensity at a given site. 

These GMPEs use variables such as the magnitude, distance, faulting mechanism and site 

effects. Finally, the previous information is combined using Equation 2.54 to find the 
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relationship between intensity measure (IM) and the annual exceedance rate. This is denoted 

P(IM > x) in Equation 2.54 (Baker, 2013). 

 

𝑃(𝐼𝑀 > 𝑥) = ∫  
𝑚𝑚𝑎𝑥

𝑚𝑚𝑖𝑛

∫  
𝑟𝑚𝑎𝑥

0

𝑃(𝐼𝑀 > 𝑥 ∣ 𝑚, 𝑟)𝑓𝑀(𝑚)𝑓𝑅(𝑟)𝑑𝑟𝑑𝑚 (2.54) 

PSHA has become the foundation of many structural codes over the last 50 years. The Nepalese 

Building Code first introduced a Hazard map in 1994 in the National Building Code for seismic 

design of buildings in Nepal (NBC-105:1994., 1994). The hazard map for a return period of 

500 years from NBC-105:1994 (1994) is shown in Figure 2.15a, where it can be seen that 

Kathmandu has a PGA of 0.36 g. After the release of  NBC-105:1994 (1994), several PSHA 

studies have been carried out, as shown in Table 2.3. Several of these studies used the data 

from Gorkha 2015. It can be seen from Table 2.3 that all of the studies are significantly higher 

than NBC-105:1994 (1994). In 2020 an updated version of the National Building Code for 

seismic design of buildings in Nepal (NBC-105:2020., 2020) was released. Although there was 

a new hazard map, the 475 year return period earthquake intensity for Kathmandu is 0.35 g. 

The hazard map can be seen in Figure 2.15b. 

 

Table 2. 3: PGA values for a 475 year return period earthquake in Kathmandu from a variety of PSHA studies 

assuming soft soil and a Vs30=1000m/s (taken from Pokhrel et al., 2019) 

Reference PGA (g) 

Parajuli et al., (2010) 0.51 

Thapa and Guoxin (2013) 0.525 

Chaulagain et al. (2015) 0.38 

Ghimire and Parajuli (2016) 0.61 

Subedi and Parajuli (2016) 0.51 

Rahman and Bai., (2018) 0.55 

Stevens et al. (2018) 0.75 

Pokhrel et al. (2019) 0.72 
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(a) (b) 

Figure 2. 15: Seismic hazard maps from (a) NBC-105:1994 (1994) colourised and redrawn by NSET (BCDP, 

1994). (b) NBC-105:2020 (2020) 

2.7.2 Fragility Analysis 

A fragility curve describes the likelihood of a structure incurring damage from an earthquake. 

A fragility curve relates some intensity measure (IM) of an earthquake to the probability of that 

structure exceeding a given limit state. A fragility curve is frequently considered to follow a 

lognormal cumulative distribution function (CDF) (Porter et al., 2007), as shown in Equation 

2.55, where η is the median intensity value, and β is the standard deviation in log space. 

𝑃(𝐷𝐶R > 1 ∣ 𝐼𝑀) = Φ(
ln 𝜂𝐷𝐶R∣IM
𝛽𝐷𝐶R∣IM

) (2.55) 

A vulnerability curve relates an IM to the repair cost. Fragilities can typically be developed 

empirically from historical data (Giordano et al., 2021), typically collected in the aftermath of 

an earthquake, or fragility curves can be developed from an analytical or numerical model of 

the building or building typology (Choi et al., 2004). 

Several different intensity measures (IM) can be used for fragility analysis. These broadly come 

into three categories: frequency response based, peak based, and cumulative/duration based. 

These can be seen in Table 2.4. 

Table 2. 4: Selection of different intensity measures Kiani et al., (2017). 

Category Symbol Description 

Frequency response based 

Sa(Ti) Spectral acceleration at Ti 

Saavg(Ti, Tj) 
The geometric mean of the spectral acceleration 

between Ti and Tj 

DSI Displacement spectrum intensity 

Peak based 

PGA Peak ground acceleration 

PGV Peak ground velocity 

PGD Peak ground displacement 
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Cumulative/duration based 

AI Arias intensity 

CAV Cumulative absolute energy 

Ds5-75 

Significant duration. The interval between 5% and 

75% of the Arias intensity 

2.7.2.1 Empirical Fragilities 

Empirical fragilities are derived from historical data on buildings' response to an earthquake. 

This has two significant issues. Often the only data available is from the post-earthquake 

reconnaissance survey. All this damage data will be from the same earthquake, resulting in a 

low dispersion of intensity measure. The second issue with historical data is that it is rarely 

sufficient for all building typologies to be able to derive a series of statistically significant 

fragility curves. The steps for deriving empirical fragilities are as follows: 

1. Identify the severity of the shaking (i.e. the IM) at each building. This requires a shake map 

for the relevant area for the relevant earthquake. These shake maps can be derived from 

instrumental measurements of the earthquake and information of the local geology and the 

characteristics of the earthquake. Once a shake map is obtained and the geographical data 

of the damage data, then an IM for each damage point can be found. 

2. The damage data must be converted into the required damage state (DS). Damage survey 

data can often be in the form of photographs of buildings in the aftermath of an earthquake. 

These Photographs can be converted to DS using the EMS-98 scale outlined in Table 2.5. 

Table 2. 5: Damage levels from the European Macroseismic scale (Grünthal, 1998) 

Grade Name Description 

1 Negligible damage 
Cracking of non-structural elements, such as dry walls or external 

cladding 

2 Moderate Damage 
Major damage to the non-structural elements, minor damage to load-

bearing elements 

3 
Substantial to heavy 

damage  
Significant damage to load-bearing elements but no structural collapse 

4 Very heavy damage 
Partial structural collapse (i.e. individual floor or portion of the 

building) 

5 Destruction Full collapse 

3. Several statistical methods can be used to derive fragility curves from historical data, the 

most common of which is the maximum likelihood method. This method obtains the 

probability distribution function parameters that maximise the historical data's likelihood 

function. It is assumed that the fit is a lognormal distribution, and therefore, the optimisation 

function for the parameters for the fragility curve is as shown in Equation 2.56. The data 
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must first be distributed into a series of IM bins of an equal number of data points, these 

are typically PGA bins. In Equation 2.56, ni is the number of buildings in the bin that exceed 

the damage level, ф is the standard normal cumulative distribution function, PGAi is the 

average PGA in the ith bin, Ni is the total number of data points in bin i and m is the number 

of bins. ûlog, and β̂ are the logarithmic mean and standard deviation for the fragility function. 

µ̂𝑙𝑜𝑔, �̂� = 𝑎𝑟𝑔 max
µ𝑙𝑜𝑔,𝛽

∑[𝑛𝑖𝑙𝑛 (𝜙 (
ln(𝑃𝐺𝐴𝑖) − µ𝑙𝑜𝑔

𝛽
)) + (𝑁𝑖

𝑚

𝑖=1

− 𝑛𝑖)𝑙𝑛 (1 − 𝜙 (
ln(𝑃𝐺𝐴𝑖) − µ𝑙𝑜𝑔

𝛽
))] 

(2.56) 

2.7.2.2 Analytical/Numerical Fragilities 

Fragility curves can be obtained using a numerical or analytical model of a building. A failure 

criterion must then be established for each limit state, and a set of ground motions must be used 

to assess the ground motion variability in the response. The main advantage of analytical 

fragilities is that they do not require damage data of existing structures, therefore can be applied 

to buildings before a large earthquake or even before the building is constructed. A numerical 

fragility is typically for a specific structure, however the FAST method (De Luca et al. 2015) 

can be used to derive fragility curves for building typologies. 

A numerical model can be created of a structure, ranging from a single-degree-of-freedom 

(SFOF) model to a detailed multiple-degree-of-freedom (MDOF) finite element model. A finite 

element model of a structure often does not consider the inherent uncertainties in material 

properties and structural loading. Certain studies have investigated the effect of material 

properties in fragility assessment. Kim & Han (2013) investigated the impact of the ultimate 

strength of concrete, yield strength of reinforcing steel and the damping ratio on the 

vulnerability of a structure. This, therefore, leads to all the uncertainty being derived from the 

record-to-record variability. 

Once a model of the structure has been created, there are many methods to find the fragility 

curves. The main techniques are cloud analysis, incremental dynamic analysis (IDA) and multi-

stripe analysis. All of these methods require transient analysis using a ground motion set. There 

are various methods for carrying out a ground motion selection. Most of them are 

fundamentally developed around ground motions similar to what may occur at the structure's 

site. Alternatively, ground motion selections are based on finding the point the building exceeds 
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a limit state and are therefore based on the structure's response. A code-based ground motion 

selection is typically based on the response spectrum of the ground motions being similar to 

that of the code based elastic response spectrum for that site (EN 1998-1. 2004). In Eurocode 

8 (EN 1998-1. 2004), the provision is set that between 0.2T1 and 2.0T1 (where T1 is the 

fundamental period of the structure in the direction in which the motion is going to be applied), 

at no point should the mean 5% damping response spectra be lower than 90% of the 5% 

damping elastic response spectra. An example of a Eurocode 8 (EN 1998-1. 2004) compatible 

ground motion set is shown in Figure 2.16. EN 1998-1. (2004) further states that there should 

be more than 3 ground motions and that the mean PGA should not be lower than the PGA of 

the site.  

  
(a) (b)_ 

Figure 2. 16: (a) Example of a code (EN 1998-1. 2004) compatible ground motion selection set and the 

corresponding elastic response spectra. (b) example of a scaled ground motion set for an IDA (figure formed 

using data from the PEER NGA West 2 (2014) database ) 

For cloud analysis, various criteria must be satisfied to ensure that the fragilities are 

independent of the ground motion selections. Jalayer et al. (2017) set out three criteria: 

1. The record selection should have a large dispersion of Sa (or the relative intensity 

measure used for the fragility curve) to reduce the standard error level in the regression 

slope. 

2. At least 30% of the nonlinear time history analyses should cause the demand capacity 

ratio (DCR) to exceed 1 for each limit state. 

3. No more the 10% of the ground motion selection should be from the same event. 
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Due to the scaling applied when carrying out an IDA, only the restriction on the number of 

motions from a single event is applicable. IDA has been criticised for requiring linear scaling 

of ground motions. The scaling can lead to an artificially high spectral acceleration at the non-

target spectral acceleration. This can be seen in Figure 2.16b, where the ground motions have 

all been scaled such that their spectral acceleration at a period of 0.1s is 0.9 g. It can be that as 

a result, the peak spectral acceleration at 1-2 s has been increased. Certain codes (FEMA P695, 

2009) provide a ground motion set depending on if the site is near-field or far-field, where near-

field is defined as less than 10 km from the rupture and far-field is further than 10 km from the 

rupture. FEMA P695 (2009) recommends using the far-field for collapse assessment due to the 

irregularities caused by ground motions from close to the rupture. 

Multi-stripe analysis (MSA) addresses the shortcomings of the IDA by carrying out multiple 

ground motion selections to form a series of different ground motion suites for different 

intensity levels (Jalayer et al., 2009). As MSA allows multiple ground motion suites, excessive 

scaling can be avoided. Therefore, the analysis implicity accounts for the different ground 

motion properties of high-intensity vs low-intensity ground motions (Adam et al., 2013). 

 

Figure 2. 17 Illustration of the multi-stripe analysis for the collapse case 

The main advantage of cloud analysis is that it can be carried out without ground motion 

scaling, and it requires fewer non-linear time-history analyses (NLTHA). Cloud analysis uses 

the NLTHA results in a linear regression probability model. Linear regression is carried out for 

the demand capacity ratio for a given limit state against a given intensity measure (IM). An 

example of this can be seen in Figure 2.18a, and the equation for this is given in Equation 2.57. 

This linear regression can be used to find ηY|Sa (the median Y at a given Sa), where Y is the 
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demand capacity ratio, and Sa is a given IM. The logarithmic standard deviation of the DCR 

given a certain IM (σlogY|Sa) is provided by Equation 2.58, where Yi and ηY|Sa are the DCR and 

IM from each analysis in the NLTHA. The fragility curve is assumed to follow a lognormal 

cumulative distribution function, as shown in Figure 2.18b. 

𝐸[log 𝑌 ∣ 𝑆𝑎] = log 𝜂𝑌∣𝑆𝑎 = log 𝑎 + 𝑏log 𝑆𝑎 (2.57) 

𝜎log 𝑌∣𝑆𝑎 =
√
∑  𝑛
𝑖=1 (log 𝑌𝑖 − log 𝜂𝑌∣𝑆𝑎,)

2

𝑛 − 2
 

(2.58) 

 

 

(a) (b) 
Figure 2. 18: Cloud analysis (a) Linear regression of NLTHA results. (b) Fragility curves corresponding to 

the damage states. 

The cloud analysis has been further adapted (Jalayer et al., 2017) for the condition where some 

of the analyses do not converge/collapse. The collapse case is also referred to as dynamic 

instability. In this scenario, the results can be split up into those that cause dynamic instability 

(referred to as C) and those that do not cause dynamic instability (referred to as NoC). Typical 

cloud analysis is carried out on the data that does not undergo dynamic instability, this is 

indicated by Equation 2.60. The fragility curve is shown in Equation 2.59. The term 

P(DCRLS>1|Sa,C) is the probability of a limit state being exceeded given that dynamic 

instability has been achieved. This can be assumed to be equal to one. The term P(C|Sa) is the 

probability of collapse at a given intensity measure. This is given using logistic regression of 

the NLTHA results that collapse and those that don’t, as shown in Equation 2.61.  

𝑃(𝐷𝐶𝑅𝐿𝑆 > 1 ∣ 𝑆𝑎)

= 𝑃(𝐷𝐶𝑅𝐿𝑆 > 1 ∣ 𝑆𝑎, 𝑁𝑜𝐶) ⋅ (1 − 𝑃(𝐶 ∣ 𝑆𝑎))

+ 𝑃(𝐷𝐶𝑅𝐿𝑆 > 1 ∣ 𝑆𝑎, 𝐶) ⋅ 𝑃(𝐶 ∣ 𝑆𝑎) 

(2.59) 
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𝑃(𝐷𝐶𝑅𝐿𝑆 > 1 ∣ 𝑆𝑎, 𝑁𝑜𝐶) = Φ(
ln 𝜂𝐷𝐶𝑅𝐿𝑆∣𝑆𝑎,𝑁𝑜𝐶

𝛽𝐷𝐶𝑅𝐿𝑆∣𝑆𝑎,𝑁𝑜𝐶
) = Φ(

ln 𝑎 ⋅ 𝑆𝑎
𝑏

𝛽𝐷𝐶𝑅𝐿𝑆∣𝑆𝑎,𝑁𝑜𝐶
) (2.60) 

𝑃(𝐶 ∣ 𝑆𝑎) =
1

1 + 𝑒−(𝛼0+𝛼1⋅ln 𝑆𝑎)
 (2.61) 

Incremental dynamic analysis (IDA) was first formalised by Vamvatsikos and Cornell (2002) 

to respond to increased available computing power. In the IDA, all ground motions are scaled 

such that they have a consistent level of some intensity measure. This intensity measure is 

typically peak ground acceleration or spectra acceleration at the structure's first fundamental 

period. Other intensity measures have been used, such as SAave (Bayat et al. 2015, Kohrangi et 

al. 2017b). The given analysis is then carried out for the scaled ground motions before the 

target intensity measure is increased, and the process is repeated. An IDA plot is shown in 

Figure 2.19a, where the peak roof displacement of a structure is shown against the PGA. To 

derive the fragility curves, the log-normal distribution is taken at the point where the demand 

is equal to the capacity for a given limit state, this can be seen in Figure 2.19b.  

  
(a) (b) 

Figure 2. 19: IDA plot showing (a) scatter plot of PGA against roof displacement (b) Graphical 

representation of the lognormal distribution of PGA for each damage state. 

IDA curves can exhibit hardening, whereby an increased intensity does not lead this an 

increased response. This is caused due to the earlier part of the ground motion being amplified, 

causing part of the structure to yield earlier. When the peak section of the ground motion 

arrives, the structure responds differently due to the earlier yielding. Once the IDA curves have 

been obtained, there are three main ways to get the fragility curves: empirical cumulative 

distribution, moment method and maximum likelihood estimation method (Flenga et al., 2021). 

Empirical cumulative probability is applied by taking a discrete number of stripes at the point 

where the engineering demand parameter (EDP) is equal to the capacity at some limit state. 

The limit state point is used to define the number of ground motions that have exceeded the 
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capacity at a given IM. This is shown in Figure 2.20a, where a stripe has been taken at a PGA 

of 0.8 g. It can be seen that of 14 ground motions, 6 exceed the capacity limit. Therefore, on 

the fragility curve, the probability at 0.8 g is 6/14, as shown in Figure 2.20b. This is shown by 

Equation 2.62, where n is the number of analyses exceeding limit capacity and m is the total 

analysis. The process is repeated for a range of IMs.  

The moment method for calculating fragility curves from IDA results involves finding the IM 

values at which the limit capacity is exceeded and then fitting a log-normal distribution to the 

IM values using Equation 2.63 for the median (μ) and Equation 2.64 for the dispersion (β). μ 

and β can then be used in the log-normal cumulative distribution function (CDF) given by 

Equation 2.55 where ϕ in the standard normal CDF, as is done with the empirical fragilities.  

In Equation 2.66, n is the number of analyses, and IMi is the level of intensity measure at which 

the analysis exceeds the capacity. Figure 2.21 shows the moment method. 

𝑃[𝐸𝐷𝑃 > 𝐶] =
𝑛

𝑚
 (2.62) 

  
(a) (b) 

Figure 2. 20: Application of empirical fragility (a) derivation of probability value at 0.8 g (b) example of 

empirical fragility (recreated based on data from Flenga, 2021)  

 

𝜇 =
1

𝑛
∑  

𝑛

𝑖=1

ln 𝐼𝑀𝑖 (2.63) 

𝛽 = √
1

𝑛 − 1
∑  

𝑛

𝑖=1

(ln(IM𝑖) − 𝜇)2 (2.64) 
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Figure 2. 21: Graphical representation of using the moment method to calculate the fragility from IDA 

results. 

The third method of finding fragility curves from IDA results is the maximum likelihood 

estimation (MLE) method. The maximum likelihood method derives median (μ) and dispersion 

(β) values to be more compatible with the empirical fragility. This is achieved by maximising 

the likelihood function in Equation 2.65, where m is the number of different intensity levels, zj 

is the number of ground motions exceeding a given capacity, and nj is the total number of 

seismic excitations. IMj is the specific intensity measure for that part of the summation.  

{𝜇, 𝛽} = 𝑚𝑎𝑥
𝜇,𝜎

 ∑  

𝑚

𝑗=1

{ln (
nj
zj
) + zjlnΦ(

ln(IMj) − 𝜇

𝛽
)

+ (nj − zj)ln (1 − Φ(
ln(IMj) − 𝜇

𝛽
))} 

(2.65) 

2.7.3 Risk Assessment 

A seismic risk assessment involves combining the seismic hazard (refer to Section 2.6.1) and 

a structure's fragility (refer to Section 2.6.2) to determine failure probability. A failure 

probability is typically given as an annual probability of a structure exceeding a given limit 

state. The failure probability can then be combined with an exposure function to find the 

seismic risk. The exposure function is the expected losses given a certain failure.  

The failure probability is found from the hazard and fragility curve, as shown in Figure 2.22 

and detailed in Equation 2.66, where H(a) is the hazard curve, and pF(a) is the fragility curve. 

It should be noted that the differential fragility function is a log-normal probability function. 
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𝑝F| = −∫  
∞

0

d𝐻(𝑎)

d𝑎
𝑝F(𝑎)d𝑎 = ∫  

∞

0

𝐻(𝑎)
d𝑝F(𝑎)

d𝑎
d𝑎 (2.66) 

 
Figure 2. 22: Hazard curve and fragility curve shown on the same axis. 

 

2.6.3.1 Target Risk Assessment Values 

In several structural codes, seismic risk has been used to assess the suitability of a structure. 

ASCE (2005) uses threshold risk values for different seismic design categories (SDC). These 

SDCs are based on the importance and consequence of the structure. The risk value can be seen 

in Table 2.6. Studies in literature have also suggested target risk values. Pinto et al. (2014) 

recommended risk values shown in Table 2.7. These risk values are based on the importance 

class from Eurocode. The Chinese code GB50010-2010 (2010) sets out the requirements of: 1) 

no damage under a regular earthquake, 2) no unrepairable damage under a moderate earthquake 

3) no collapse. These criteria are interpreted by Lu et al. (2014) to mean a probability of less 

than 63.2% of exceeding LS1 in 50 years and less than 2% probability of exceeding LS4 in 50 

years.  

Table 2. 6: Target risk values suggested by ASCE (2005) 

SDC Annual Probability Probability in 50 years Return period 

1 1 x 10-3 5% 1000 years 

2 4 x 10-4 2% 2500 years 

3 1 x 10-4 0.5% 10,000 years 

4 4 x 10-5 0.2% 25,000 years 

5 1 x 10-5 0.05% 100,000 years 

 

Table 2. 7: Target risk values suggested by Pinto et al. (2014). 

Limit State Importance Class I Importance Class II Importance Class III Importance Class VI 

SLD 0.064 0.045 0.030 0.022 

SLS 0.0068 0.0047 0.0032 0.0024 

SLC 0.0033 0.0023 0.0015 0.0012 
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2.8 Conclusions 

The chapter has reviewed much of the recent literature surrounding seismic risk in Nepal. It 

highlighted Nepal's issues, such as their high level of seismic hazard and unengineered, owner-

built structures. This literature review also highlighted remedial efforts, past and present, to 

increase the seismic resilience of Nepalese infrastructure. These efforts included a phased 

introduction of design codes that were gradually brought into law in all cities in Nepal. These 

design codes included “mandatory rules of thumb” designed to ensure the local construction 

industry could follow them. These codes show how developments in seismic safety in Nepal 

are being implemented and subsequently decrease the risk to the local population. This 

highlights the importance of further developing the understanding of seismic safety in Nepal. 

However, it also highlights that they will likely not be implemented if the recommended actions 

are not sympathetic to the local construction techniques. 

This chapter also reviewed some of the literature on the structural modelling of reinforced 

concrete and masonry. Although some more sophisticated modelling techniques may not be 

accessible to developing countries, many of these methods may become more widely available 

with increasing computational power. For reinforced concrete, this literature review covered 

how the models for the material properties had developed over time and presented the material 

models that are subsequently used in this thesis. Various methods of modelling masonry were 

presented, including equivalent frame, continuum macro-modelling, equivalent strut, discrete 

element method and continuous micro-modelling. This literature review showed that the more 

detailed models were typically more accurate at capturing local failure mechanisms, however 

they required a more detailed geometry and a more detailed set of material properties. 

The process of carrying out a seismic risk assessment was then summarised. This reviewed 

probabilistic and deterministic seismic hazard assessment and discussed the advantages and 

disadvantages. These two approaches have been shown to have limitations, with PSHA now 

being the defacto for design codes. Certain Nepalese PSHA studies were summarised, 

including the PSHA maps from NBC-105:1994 (1994) and NBC-105:2020 (2020). This 

literature review showed a wide range of values from various PSHA studies and explained how 

their values could severely affect the final risk assessment. Several methods of finding a 

fragility curve were summarised, including empirical methods, incremental dynamic analysis, 

and cloud analysis. Empirical fragility curves do not typically account for record-to-record 

variability as all the data is generally collected from a single earthquake. This, therefore, 



Seismic risk assessment through non-linear time-history analysis of template buildings in 

Nepal: RC with infills and masonry 

50 

 

highlighted the importance of using analytical and numerical methods to obtain fragility curves. 

Cloud analysis and incremental dynamic analysis also had issues, with incremental dynamic 

analysis having problems inherent in a scaled ground motion set and cloud analysis requiring 

a ground motion selection set which causes limit state exceedance in over 30% of cases. The 

numerical method of combining the hazard and fragility curve to find the seismic risk was 

presented. Finally, code-based target risk levels were summarised.  This underscores the 

importance of carrying out a reliable seismic risk assessment. It is becoming a more popular 

assessment method and is already used in the US nuclear industry (ASCE, 2005).   

This literature review has highlighted many complex issues surrounding a seismic risk 

assessment. Using a template design for a structure allows a single seismic fragility assessment 

to be carried out. The seismic risk assessment can then be carried out at all locations across the 

country, allowing an evaluation of the structure's suitability in a country of varying seismic 

hazard. However, this chapter highlighted that due to the sophisticated analysis methods a high 

computational demand, it is not suitable to carry out a full seismic risk assessment for all 

buildings in developing countries. Using a single template design, a seismic risk assessment 

can become a more viable option for NGOs who want to ensure their structures meet the most 

stringent risk threshold. A seismic risk assessment for a building typology can also inform 

government decisions on the impact of potential investment in seismic resilience and more 

stringent codes and code implementation.  
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Chapter 3: Risk Assessment of Template Schools Using RC 
Modelling 

 

Part of this chapter is based on the following references. 

Cross, T., De Luca, F., De Risi, R., Ranamagar, T. R., Mitchell, T., & Sweetman, A. (2020). 

Mapping the seismic safety of RC" template schools" in Nepal. International Journal of 

Disaster Risk Reduction, 51, 101844.1 

Cross, T., De Luca, F., De Risi, R., Rana, T. R., Mitchell, T., & Sweetman, A. (2019). Pounding 

in Nepalese school buildings. In Society for Earthquake and Civil Engineering Dynamics 

Conference. SECED.1 

 

Objectives of this chapter 

This chapter will seek to use an up-to-date finite element (FE) model of a template structure to 

assess the seismic risk across Nepal. Non-linear time history analysis (NLTHA) will be used 

on the FE model of a two-storey reinforced concrete (RC) building with masonry infills. The 

results of these analyses will be used to perform a cloud analysis and derive the fragility curves 

of the structure for pounding, damage limit state and life safety limit state. The results of this 

fragility analysis are then compared with results from the literature. These fragility curves can 

then be combined with hazard studies from literature to assess the seismic risk to the structure 

across Nepal. The fragility analysis and subsequent risk assessment will be carried out on the 

FE model of the structure with and without modelling the contribution of the masonry infills. 

These results can be compared to assess the importance of modelling the infills. The objectives 

of this chapter are as follows: 

• Develop a non-linear FE model of a template structure using up-to-date modelling 

techniques accounting for the non-linearities in the RC and the masonry infills. Where 

possible local data for material properties are used. 

• Carry out NLTHA using a compatible ground motion set. 

 

1 The first authors contribution included: methodology, data curation, analysis , data visualisation and writing. 

Co-authors reviewed and supervised the work 
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• Explicitly assess the pounding fragility of the structure to evaluate the implications of 

the pounding in the general risk assessment. 

• Assess the limit state fragility of the structure using a cloud analysis on the results from 

the NLTHA. 

•  Use one of Nepal's most up-to-date hazard maps to assess the risk to the structure 

across Nepal for the damage limitation and life safety limit state. 

• Assess the impact of modelling the masonry infills on the final seismic risk to the 

structure. 

3.1 Introduction 

Both non-governmental organisations (NGOs) and intergovernmental organisations play a 

crucial role in the reconstruction of schools after a large earthquake; this was seen in Haiti in 

2010 (World Bank, 2013) and Nepal in 2015 (Unicef, 2018). Structural characteristics of 

schools, such as large rooms with large openings (doors and windows) and a high concentration 

of people, make them especially vulnerable (Gentile et al., 2019a). It is common practice to 

use a "template design", where one design is used at many sites to reduce design time and cost. 

The Nepalese Department of Education set out strict guidelines on the design of schools (Nepal 

Department of Education, 2016). Each school design must be approved by the Nepalese 

Department of Education before construction. The Department of Education is also responsible 

for ensuring all the school buildings follow the Nepalese building code (Jones et al., 2016). 

This process can be costly and time-consuming. Therefore, many NGOs use a template school 

design to avoid repeating this process multiple times. These designs may have minor alterations 

at different sites based on the availability of materials (Pahar Trust, 2019). Applying a single 

design across a country with a non-homogeneous seismic hazard leads to a varying seismic risk 

of the structures. Furthermore, updated probabilistic seismic hazard analysis (PSHA) studies 

have peak ground acceleration (PGA) values reflecting the updated knowledge on the seismic 

sources. These more recent studies have given PGA values significantly higher than pre-

Gorkha values. This study uses the results of recent PSHA studies in combination with the 

results of NLTHA to assess the seismic risk of a template school across Nepal and, therefore, 

to evaluate the variability of the "implicit risk" in the template school practice all around the 

country. The implicit risk is the unavoidable seismic risk that a building will exceed a given 

limit state (Building Seismic Safety Council, 1988). In this context, implicit risk directly 

quantifies the risk of a structure designed according to code standards assessed explicitly 
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through direct integration of hazard and fragility for different limit states (e.g., Iervolino et al., 

2018). 

Regional-scale seismic safety assessments are carried out on critical infrastructure such as 

schools. It allows local governments to address seismic safety issues using methods specific to 

their infrastructure and seismic hazard (Grimaz et al., 2016). Regional-scale seismic risk 

assessment has previously been applied to RC schools with masonry infills in Italy as part of a 

seismic loss assessment for the Italian school building stock (O'Reilly et al., 2019, Perrone et 

al., 2020a). 

PSHA is the methodological approach underpinning the seismic hazard in most modern design 

codes, such as Eurocode 8 (EN 1998-1, 2004) and the Unified Building Code (UBC-97, 1997). 

PSHA studies can be limited by the availability of data for the tectonic faults in an area, fault 

modelling techniques, and ground motion prediction equations (GMPEs) available. Many 

PSHA studies have been carried out on Nepal with widely varying results. PGA values for 

Kathmandu with a 475-year return period varied from 0.35g-0.55g for PSHA studies carried 

out before the Gorkha 2015 earthquake (Chaulagain et al. 2015a, Ram and Wang, 2013). More 

recent studies, benefitting from the additional evidence provided by the 2015 earthquake, have 

put the PGA for Kathmandu over 0.65g when considering a 475-year return period (Stevens et 

al., 2018, Pokhrel et al., 2019). For more details, refer to Section 2.6.1.1. These high levels of 

variation in PSHA results will significantly impact the risk of template schools. 

Pahar Trust is a charity based in the UK and founded in 1991 by Tom Langridge MBE and 

Chandra Bahadur Gurung. Their work is split into construction work and educational 

improvements. The construction work involves constructing four to six reinforced concrete 

(RC) schools per year, and the educational improvements involve teacher training and resource 

improvements (Pahar Trust, 2020). Pahar Trust has provided the design of a template school 

for this study. It is a six-classroom school, set across two storeys and made of RC with masonry 

infills. The structure has a seismic gap to reduce the torsional effects caused by the off-centre 

staircase. 

A seismic fragility assessment will be used to assess this template school which will then be 

combined with the hazard curves across Nepal to determine the variation of seismic risk across 

the country. A fragility curve relates a measure of ground shaking (i.e. Intensity Measure, IM) 

to the probability of exceeding some level of response or damage state. The exceedance of limit 
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states is defined in terms of interstorey drift (ISD) however, this does not consider pounding. 

A fragility curve can be derived explicitly for the occurrence of pounding where information 

of the neighbouring buildings is available (Tubaldi et al., 2012). Fragility curves can be 

obtained empirically, using historical data, or numerically by performing structural analysis on 

the building (Choi et al., 2004). Further details on methods of fragility assessment can be found 

in Section 2.6.2. Cloud analysis is a method to obtain a fragility curve by using linear regression 

in log-space with the results of non-linear time history analysis (NLTHA) with a range of 

ground motions (e.g., Jalayer et al., 2014). A critical demand parameter or capacity limit is set 

based on the limit state, and a cumulative probability function is obtained. Integration is then 

used with the hazard curves provided by Stevens et al. (2018) to evaluate the mean annual 

frequency (MAF) of exceeding various limit states. 

This chapter addresses the suitability of template schools across a region of varying seismic 

hazard and assesses the influence on risk assessment associated with the explicit consideration 

of masonry infill contribution in the structural model. The fragility of the structure due to 

pounding is compared to the fragility of the structure due to the exceedance of a threshold ISD 

level. A comparison of the efficiency of different intensity measures is carried out for the 

considered structures considering as IM the peak ground acceleration (PGA) and the average 

spectral acceleration (AvgSA) (Kohrangi et al., 2017a, De Luca et al., 2019). 

Finite element models are developed to obtain a fragility curve for the template school 

experiencing pounding or exceeding damage limitation or life safety limit state. These fragility 

curves can be used to assess how the structure will most likely respond to a given ground 

motion. A hazard curve is used to identify what level of intensity of an earthquake is expected 

in a given time period. The information from the hazard curve and fragility curves can then be 

combined to calculate what the risk is for the structure. This risk is measured in terms of the 

probability of the structure exceeding a specific limit state in a given time. These risk levels 

can finally be compared to reference levels from design codes to assess whether these template 

schools have an acceptable level of seismic risk. 

3.2 Seismic Hazard and Ground Motion Selection 

Seismic hazard selection is essential for seismic risk assessment, as described in Section 2.6.1. 

The seismic hazard can also play an important role in ground motion selection for the NLTHA 

as design codes typically recommend selecting a ground motion suite similar to design ground 

motions at the site (EN 1998-3, 2005). As discussed in Section 2.6.2.2, fragility analysis 
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methods such as cloud analysis also have requirements for ground motion selection (i.e., a 

certain proportion of the analyses exceed a DCR of 1). These requirements often conflict. 

3.2.1 PSHA 

To calculate risk in this study, a seismic hazard map is required for Nepal. Several PSHA 

studies have been carried out for Nepal with varying results (Chaulagain et al., 2015a, Ram 

and Wang, 2013, Stevens et al., 2018, Pokhrel et al., 2019). Further details can be found in 

Section 2.6.1.1. For this study, the PSHA study carried out by Stevens et al. (2018) is used for 

risk assessment, as it was carried out using an up-to-date characterisation of the Main 

Himalayan Thrust (MHT) as a single thrust based on the evidence from the 2015 earthquake 

(Elliott et al., 2016, Stevens et al., 2018). Stevens et al. (2018) carry out the PSHA using a 

series of fault and area sources, and the Gutenberg-Richter relationship is used to find the 

maximum moment. Openquake is then used to carry out the PSHA and find the PGA at 2% 

and 10% probability of exceedance in 50 years, these results are shown in Figure 3.1. 

 

 
(a) 

 
(b) 
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Figure 3. 1: Maps generated using data from Stevens et al. (2018) (a) PSHA study for 2% probability of 

exceedance in 50 years (2475-year return period). (b) PSHA study for 10% probability of exceedance (475-

year return period) in 50 years. 

 

 

Stevens et al. provide hazard maps for the 2% and 10% probability of exceedance in 50 years. 

These maps are shown in Figure 3.1. Stevens et al. (2018) also provided the complete hazard 

curves for five locations shown in Figure 3.2: Bharatpur, Janakptur, Kathmandu, Pokhara and 

Rara Lake, as indicated in the maps in Figure 3.1. 

 

Figure 3. 2: Hazard curves for five locations across Nepal as provided in Stevens et al. (2018) 

 

For full integration of risk at all locations, the full hazard curve is needed at each geographic 

point, for further details on risk integration, refer to Section 2.7.3. Data from Figure 3.1 

provides only two points for the curve at each geographic point; thus, a curve must be fitted 

based on those two known points. For brevity, Stevens et al. (2018) provide the full hazard 

curve for five locations across Nepal, as shown in Figure 3.2. These curves and the two PGA 

values given at each location can be used to interpolate a full hazard curve for each location. 

Interpolation is often used in areas where data is scarce. At first, linear regression in log-space 

was used with the two known points (see Figure 3.3a). The error was calculated by evaluating 

the difference in the area beneath the hazard curves provided by Stevens et al. (2018) and the 

fitted line. The error between the linear approximations and the five known curves (Figure 3.2) 

was evaluated, leading to a mean error of 31.2%. This is not considered an acceptable level of 

error, and a second-order approximation was used, as proposed by Vamvatsikos (2014). Three 

initial conditions are required to allow a unique solution of a 2nd order polynomial. For each 

geographic location provided by Stevens et al. (2018), two points on the hazard curve are 
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provided, and for the third point, an earthquake with a PGA of 0.01 g or over has a 100% 

probability of occurrence in 50 years is assumed. This assumption can be seen in Figure 3.3a 

and holds true for all hazard curves provided, as shown in Figure 3.2. The second-order 

approximation in log-space can be seen in Equation 3.1. 

𝐻(𝑠) = 𝑘0𝑒𝑥𝑝(−𝑘2𝑙𝑛
2(𝑠) − 𝑘1𝑙𝑛(𝑠)) (3.1) 

k0, k1 and k2 are coefficients that can be found to have unique values for a second-order 

polynomial that passes through three known points. When this method is used to approximate 

the hazard curve, it results in a probability greater than 1 for low PGA events (Figure 3.3a). 

Given the first quadratic fit, the third point, which was previously assumed to be a 100% 

probability of a 0.01 g event in 50 years, is moved to a greater PGA value whereby the quadratic 

has a maximum at 1. The result can be seen in Figure 3.3b. Figure 3.3b shows that this results 

in a drop at smaller PGA values. This is avoided by setting the probability to a constant level 

of 1 before the peak. This final method of approximation can be seen in Figure 3.3c. This is 

shown to be an accurate approximation with a mean error of 4.1%. This method of 

approximating the hazard curve can then be applied to all geographic points using the two input 

values. Applying this fitting method to the data provided by Stevens et al. (2018) allows a 

unique hazard curve to be found at each geographical location across Nepal. This will therefore 

allow the risk integration in Section 3.6 to be carried out across Nepal. 

(a) 

 

 



Seismic risk assessment through non-linear time-history analysis of template buildings in 

Nepal: RC with infills and masonry 

58 

 

(b) 

 

 

(c) 

 

 

Figure 3. 3: Approximation of hazard curve. (a) Linear approximation and second-order 

approximation using the third known point as 100% probability of a 0.01 g event in 50 years (b) 

Second-order approximation with the third point set so the maximum is equal to 1. (c) All PGA values 

lower than the third known point are set equal to 1. 

 

3.2.2 Ground motion selection 

This study will assess the fragility of pounding and exceeding limit states independently. As it 

is preferable to exceed a demand capacity ratio of one when carrying out cloud analysis (Jalayer 

et al. 2017), the ground motion selection is a function of the demand capacity ratio, hence it is 

necessary to carry out two independent ground motion selections.  

3.2.2.1 Limit State Ground Motion Selection 

A ground motion record selection is required to perform a nonlinear dynamic analysis of the 

template school structure for the fragility assessment of exceeding limit states. This analysis is 

carried out with two ground motion sets. The first ground motion set is the far-field ground 

motion set suggested by FEMA P695 (2009). This ground motion set contains 22 pairs of 

horizontal motions and is available from the PEER NGA West 2 (2014) ground motion 
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database. Ground motion set 1 (GM 1) is referred to as the "far-field" ground motion set by 

FEMA P695 and is used for collapse assessment. All these ground motions have a fault rupture 

distance greater than 10 km and have magnitudes that range from 6.5 Mw to 7.6 Mw. The 

ground motion catalogue can be found in Table 3.1, and the 5% elastic response spectrum is 

shown in Figure 3.4a. 

Table 3. 1: Main characteristics of FEMA P695 far-field earthquakes 

Earthquake Year 
Epicentre 

Distance (km) 
PGA (g) Magnitude Duration (s) 

Northridge 1994 13.3 0.52 6.7 29.99 

Northridge 1994 26.5 0.48 6.7 19.99 

Duzce, Turkey 1999 41.3 0.82 7.1 55.90 

Hector Mine 1999 26.5 0.34 7.1 45.31 

Imperial Valley 1979 33.7 0.35 6.5 99.92 

Imperial Valley 1979 29.4 0.38 6.5 39.035 

Kobe, Japan 1995 8.7 0.51 6.9 40.96 

Kobe, Japan 1995 46 0.24 6.9 40.96 

Kocaeli, Turkey 1999 98.2 0.36 7.5 27.085 

Kocaeli, Turkey 1999 53.7 0.22 7.5 30.00 

Landers 1992 86 0.24 7.3 44.00 

Landers 1992 82.1 0.42 7.3 27.965 

Loma Prieta 1989 9.8 0.53 6.9 39.955 

Loma Prieta 1989 31.4 0.56 6.9 39.945 

Manjil, Iran 1990 40.4 0.51 7.4 53.52 

Superstition Hills 1987 35.8 0.36 6.5 40.00 

Superstition Hills 1987 11.2 0.45 6.5 22.30 

Cape Mendocino 1992 22.7 0.55 7.0 36.00 

Chi-Chi, Taiwan 1999 32 0.44 7.6 90.00 

Chi-Chi, Taiwan 1999 77.5 0.51 7.6 90.00 

San Fernando 1971 39.5 0.21 6.6 28.00 

Friuli, Italy 1976 20.2 0.35 6.5 36.345 

 

Indian standards (IS 1893 Part 1, 2002) do not specify a ground motion selection method but 

state that NLTHA "shall be based on an appropriate ground motion and shall be performed 

using accepted principles of dynamics". Many other seismic codes use a ground motion 

selection method for NLTHA based on seismic hazard at the site of the structure (ASCE 7 10, 

2010, FEMA P-58-1, 2018). As the template school is implemented across an area of varying 

seismic hazard, it is not possible to apply these methods for this analysis. FEMA P695 presents 
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22 far-field ground motion sets and 28 near-field ground motion sets. These ground motions 

are independent of the site and are considered efficient for assessing record-to-record 

variability. The far-field ground motion set was used as these are the ground motions 

recommended by FEMA P695 (2009) for collapse assessment. FEMA P695 (2009) states that 

near-fault motions should not be used for collapse assessment due to “unresolved issues 

concerning the characterization of near-fault hazard and ground motion effects”. These ground 

motion effects include forward directivity, fling-step, basin, surface wave, and soft soil effects 

(Chen et al., 2019). 

The second ground motion set was formed of five pairs of horizontal recordings from the 

Gorkha 2015 earthquake. Four of these recordings were made available by the Faculty of 

Engineering, Hokkaido University, Japan (Rupakhety et al. 2017), with the final one being 

made available by USGS (2016). The Gorkha 2015 earthquake, which had a moment 

magnitude of 7.8 Mw, had an epicentre 80 km west-northwest of the Centre of Kathmandu and 

destroyed 6000-8200 schools (Giordano et al., 2020). Figure 3.4b shows that all the ground 

motions except for KTP have amplification in the high period range. This is due to the 

sediments and the topography of the Kathmandu Valley (Asimaki et al., 2017; Gilder et al., 

2020). The KTP station does not experience this amplification as it is positioned on a rock 

outcrop near the basin's western edge. This amplification resulted in relatively low damage in 

low-rise structures and high levels of non-structural damage to tall buildings (Brando et al., 

2017). The ground motion catalogue for GM 2 can be found in Table 3.2. 

Table 3. 2: Main Characteristics of the five ground motion recordings from Kathmandu Valley of the Gorkha 

2015 earthquake. 

 Orientation Latitude Longitude Location 

KATNP 000, 090 27.71307 85.3161 Kanti Path 

KTP 230, 320 27.68182 85.27261 Kirtipur Municipality Office 

THM 090, 180 27.68072 85.3772 
University Grant Commission Office, 

Bhaktapur 

TVU 000, 090 27.68145 85.28821 Central Department of Geology 

PTN 090, 360 27.68082 85.31897 Engineering College, Pulchowk 

 

Two ground motion sets are used as ground motion set 1 offers exposure to a wide range of 

far-field ground motions with a moment magnitude ranging from 6.5 to 7.6 and a PGA ranging 

from 0.21 g to 0.82 g. The Gorkha ground motion set allows us to highlight how the Gorkha 

earthquake may have affected these school buildings in 2015, and this can further be used as a 

point of comparison with other local schools. 
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It can be seen from Figure 3.4 that the response spectra have different shapes and different 

intensities (i.e. GM 1 is significantly higher with respect to GM 2). In particular, the variation 

in PGA is greater for GM 1 (COV = 0.42) compared to GM 2 (COV = 0.25). These differences 

between the two ground motion sets are expected as GM1 accounts for the inter-event 

variability that is not accounted for in GM2 (i.e., all ground motion records from the same 

event). 

  
(a) (b) 

Figure 3. 4: 5% damped elastic response spectrum for (a) "far-field" ground motion set by FEMA P695 (b) 

Gorkha 2015 ground motions 

Parts of Kathmandu could potentially experience earthquakes up to Mw 9.2 (Stevens and 

Avouac, 2016), which is higher than either of the ground motion sets. Jalayer et al. (2017) set 

out several criteria for ground motion selection to meet for the fragility curves to be considered 

reliable. It is shown in Section 3.5.2 that these criteria are met, and hence the fragility curve 

can be reliable at extreme IM measures. 

3.2.2.2 Pounding Ground Motion Selection 

The pounding fragility assessment was carried out with a different ground motion selection 

which contained three ground motion sets. The first group of ground motions (pounding ground 

motion set 1) is the same as GM2 in the limit state ground motion selection and is detailed in 

Table 3.2. This contains five available recordings of the 2015 Gorkha earthquake (Rupakhety 

et al., 2017). The elastic response spectrum of these motions is shown in Figure 3.4b, where it 

can be seen there is significant amplification in the spectral acceleration in the large period 

range (1s-6s). This is due to basin effects caused by the loose fluvio-lacustrine deposits and 
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source effects of the Gorkha earthquake (Rajaure et al., 2016). KTP is not affected by basin 

effects as it is situated on a rock outcrop near the western basin edge. 

The second ground motion set (pounding ground motion set 2) is selected from the NGA-west 

2 database. It is compatible with Eurocode 8 type 1 spectral shape for soil class C (predominant 

in the Kathmandu valley) anchored at 0.38g (see Figure 3.5a). Importance class iii is used. The 

PGA value of 0.38g is used as it is the 10% in 50 years exceedance value for PSHA studies 

carried out before the Gorkha earthquake (e.g., Chaulagain et al., 2015), in the following 

referred to as “pre-Gorkha” PSHA. 11 couples of ground motions are used, no scaling is used, 

and none of the motions are pulse-like motions. The spectrum matching was done following 

Eurocode 8 (EN 1998-3, 2005), whereby between 0.2T1 and 2.0T1, the arithmetic mean of the 

5% damped elastic response spectrum is at no point lower than 90% of the design spectrum. 

The main characteristics of this ground motion set can be seen in Table 3.3. 

The third ground motion set (pounding ground motion set 3, in the following referred to as 

“post-Gorkha”) uses the same ground motions as the previous set but multiplied by an 

additional scaling factor to increase the PGA in line with post-Gorkha PSHA studies. A scaling 

factor of 1.579 is used, resulting in a PGA of 0.60g. which is the value obtained from a post-

Gorkha PSHA (Stevens et al., 2018), see Figure 3.5b. The scale factor for the ground motions 

should not exceed specific maximum values to avoid bias in the results; this limit varies from 

2 to 4 (Bommer and Acevedo, 2004). 

  
(a) (b) 

Figure 3. 5: 5% damped elastic response spectrum for (a) EC 8 compliant (pre Gorkha PSHA) motions (b) 

EC 8 compliant (post-Gorkha PSHA) motions. 
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Table 3. 3: Main Characteristics of the spectra compatible ground motion set (pounding ground motion set 2) 

Earthquake Station Orientation Year Vs30 (m/s) Rjb (km) MW 

Chi-Chi, 

Taiwan 
TCU084 000, 090 1999 665.2 0 7.6 

Christchurch, 

New Zealand 

Hulverstone Drive 

Pumping Station 
266, 356 2011 206 4.32 6.2 

Chuetsu-oki, 

Japan 
Nagaoka 000, 090 2007 514.3 3.97 6.8 

Gazli, USSR Karakyr 000, 090 1976 259.59 3.92 6.8 

Loma, Prieta LGPC 000, 090 1989 594.83 0 6.9 

Mammoth 

Lakes 01 
Long Valley Dam 000, 090 1980 537.16 12.56 6.1 

Manjil, Iran Abbar 000, 090 1990 723.95 12.55 7.4 

Parkfield-02, 

CA 

Parkfield - Fault 

Zone 14 
000, 360 2004 246.07 8.45 6.0 

St Elias, 

Alaska 
Icy Bay 090, 180 1979 306.37 26.46 7.5 

Tottori, Japan TTRH02 000, 090 2000 310.21 0.83 6.6 

Westmorland 
Westmorland Fire 

Station 
090, 180 1981 193.67 6.18 5.9 

 

3.3 Structural modelling 

Pahar Trust provided the design of a template school, a two-storey building with six 

classrooms. The total height of the building is 5.8 m, and the dimensions in plan are 4.9 m and 

20.3 m, see Figure 3.6. The template school is a reinforced concrete frame with masonry infill, 

one of the structural typologies commonly used for schools in Nepal (De Luca et al., 2019). 

The design included the beam-column layout, shown in Figure 3.6c, and the layout of the steel 

reinforcements, shown in Figure 3.7. The steel class for the rebar was specified as FE500, and 

the concrete was defined as being M20. M20 concrete is defined by the Indian standard (IS456-

2000, 2000) as concrete with a 15 cm x 15 cm x 15 cm cube strength with a characteristic value 

of (fck) of 20 MPa. FE500 steel has a yield stress of 500 MPa and a Young’s modulus of 210 

GPa, as set out by the India standards (IS 1786, 2008). M20 concrete has a characteristic 

strength of 20 MPa and a Young’s modulus of 22.3 GPa, as set out by Indian standards (IS456-

2000, 2000). The masonry infill was specified as "fired brick masonry" with a mortar of a 

cement-sand ratio of 1:6. Due to the nature of construction practices in Nepal, the materials 
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and the modelling techniques used have inherent uncertainties that could significantly affect 

the final risk assessment. These can be reduced with a high level of onsite quality control. 

These uncertainties are not accounted for in this study, focusing instead on the variability of 

risk caused by the hazard. It can be noted that the quality of construction practices in projects 

carried out by NGOs is typically higher with respect to the general population. This is often 

due to the presence of a qualified engineer onsite. The structure has a 102 mm (4 inch) seismic 

gap, as shown in Figure 3.6c between gridlines 3a and 3b, to avoid torsion caused by the off-

centre staircase. The beam and column section properties can be seen in Figure 3.7. As there is 

no structural interaction across the seismic gap, as shown by the probabilistic assessment of 

pounding in Cross et al. (2019), the building was split into two separate finite element (FE) 

models. 

  
(a) (b) 

 
(c) 

Figure 3. 6 Pahar Trust template RC with infill school: (a) 3D architectural rendering; (b) example of a 

realised project; (c) beam and column layout of the template school (units in mm) (Pahar Trust, 2020). 
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Figure 3. 7 Beam and column section properties of Pahar Trust template school (Pahar Trust, 2019) 

A non-linear finite element model in OpenSees was developed based on the structural drawings 

provided. In particular, two models were developed. The first model only accounted for the RC 

beams and columns and did not consider the structural contribution of the masonry infills. This 

approach is consistent with the design practice adopted by the Nepalese National building code 

(NBC 201, 1994). Infills should be considered according to Eurocode 8; however they are 

sometimes not considered in design practice. This model will hereafter be referred to as the 

"bare model". The second model will explicitly consider the masonry infills' structural 

contribution using a triple strut model, as described in Section 2.5.2.3. This model will hereafter 

be referred to as the "infilled model”. 

3.3.1 Element Classification 

A preliminary ductility classification is carried out to ensure that maximum shear resulting 

from flexural behaviour (Vflex) does not exceed the element's shear capacity (Vshear). Such 

assessment is carried out by classifying the elements by employing the shear capacity model 

proposed by the Eurocode 8 part 3 (EN 1998-3, 2005). As implemented by De Luca and 

Verderame (2013), the approximate classification assumed here classifies elements as ductile 

elements, limited ductility elements, or brittle elements. The maximum shear resulting from 

flexural behaviour can be calculated using Equation 3.2. Such classification is a preliminary 

assessment of the seismic performance of the RC elements in the structure. The equation for 

Vflex relies on the following 3 assumptions. In the instance where assumptions a and b are not 

met (typically a beam), the check must be carried out for positive and negative bending. 

a) the total longitudinal reinforcement is made of tension and compression reinforcement 

b) there is the same steel area in tension and compression 

c) both the tension and compression reinforcing steel have yielded 

𝑉𝑓𝑙𝑒𝑥 =
1

𝐿𝑣
[
𝑁ℎ

2
(1 − 𝑣) + 𝑓𝑦𝐴𝑠(𝑑 − 𝑑′)] (3.2) 
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In Equation 3.2, N denotes the axial load applied to the element based on seismic gravity loads, 

Lv is the shear length, h represents the height of the section, ν symbolises the normalised axial 

force, and fy is the yield strength of steel. As is the cross-sectional area of longitudinal steel 

reinforcement, d is the effective depth, and d' is the depth to the compression reinforcement. 

The normalised axial force, ν (also known as the axial load ratio) is the ratio of the applied 

axial load to the axial load capacity defined as the product of the design concrete strength and 

the cross-sectional area. The shear capacity is calculated using Equation 3.3 from Eurocode 8 

part 3, where µΔ
pl denotes the ratio of the plastic part of the cord rotation, γel is a safety factor 

set to 1.15 for primary seismic elements, and x is the compression zone depth. Ac is column 

cross-sectional area, fc is concrete compression strength, ρtot is total longitudinal reinforcement 

ratio, and Vw is the contribution of transverse reinforcement to shear resistance, given by 

Equation 3.4. For Vshear,min, µ
Δ

pl is assumed to take a value of 0, meaning there is no plastic 

rotation, and for Vshear,max, it is assumed to take the max value of 5 as imposed by Eurocode 8. 

𝑉𝑠ℎ𝑒𝑎𝑟 =
1

𝛶𝑒𝑙
[
ℎ − 𝑥

2𝐿𝑣
𝑚𝑖𝑛(𝑁, 55𝐴𝑐𝑓𝑐) + (1 − 0.05𝑚𝑖𝑛(5, µ𝑝𝑙

𝛥 ))

× [0.16max(0.5,100𝜌𝑡𝑜𝑡) (1 − 0.16𝑚𝑖𝑛 (5,
𝐿𝑣
ℎ
))√𝑓𝑐𝐴𝑐 + 𝑉𝑤]] 

 

(3.3) 

𝑉𝑤 = (1 − 0.05𝑚𝑖𝑛(5; 𝜇𝛥𝑝𝑙)) ⋅ (𝜌𝑤𝑓𝑦𝑤𝑏 ⋅ 𝑧) (3.4) 

For each element Vflex, Vshear,min and Vshear,max are calculated, and the criteria set out in Table 3.4 

were used to classify the ductility of the element. Each element must also be classified for the 

negative flexure demand if the reinforcement in the section is asymmetric (i.e., typical case for 

beams). 

Table 3. 4: Classification of RC element behaviour 

The element classification performed on the school building led to an expected ductile 

behaviour for all elements, which then influenced the modelling approach implemented for 

beams and columns. 

In addition, the shear capacity of the columns is also checked under the Nepalese Standard 

(NBC 110, 1994), which uses the shear capacity model from the Indian Standard (IS 456, 

Criteria Classification 

Vshear,max> Vflex< Vshear,min Ductile 

Vshear,max >  Vflex≥ Vshear,min Limited Ductility 

Vshear,max ≤  Vflex> Vshear,min Brittle 
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1978). The shear capacity of the column is calculated using Equation 3.5, where τ'c is the shear 

strength given by the Indian Standard (IS 456, 1978) developed by Taylor (1972) as a function 

of the concrete grade and the percentage longitudinal reinforcement. The fy denotes the yield 

strength of the steel, Asv denotes the total cross-sectional area of shear steel, d represents the 

effective depth, and sv is the spacing of the shear reinforcement. Using the Indian Standard, the 

peak shear demand over capacity ratio is 0.74 in the analysis in this chapter, showing that the 

column will not experience shear failure. 

𝑉𝑢 = 𝜏𝑐
′𝑏𝑑 +

0.87𝑓𝑦𝐴𝑠𝑣𝑑

𝑠𝑣
 (3.5) 

3.3.2 Bare Model 

A fibre model was created of the RC frame of the structure. This was implemented in OpenSees 

using the "Hinge Radau" function (Scott et al. 2006), which uses two-point Gauss-Radau 

integration over the hinge length. The fibre section is implemented over the hinge length as 

detailed in Section 2.5 to reduce computational time. The length of the plastic hinge (Lpl) is 

calculated following Eurocode 8 part 3 (EN 1998-3, 2005), where Lν is the shear length 

assumed as the half-length of the element (see Lombardi, 2019). 

Pahar Trust specifies the grade of steel rebar as "FE500". This is implemented into the fibre 

model using the constitutive nonlinear hysteretic steel model developed by Menegotto and 

Pinto (1973) and extended by Filippou et al. (1983). For FE500 steel, a yield strength of 500 

MPa is used, and Young's modulus of 210 GPa is used in accordance with Indian standards (IS 

1786, 2008). 

The strength class of concrete is specified by Pahar trust as being M20. This is the lowest 

permissible strength class of concrete for reinforced concrete by the Indian standard (IS456-

2000, 2000). This concrete has a characteristic 28-day crushing strength of 20 MPa and a target 

(mean) strength of 30 MPa. M20 concrete has a cement:sand:aggregate ratio of 1:1.5:3 and has 

an elastic modulus of 22.3 GPa (IS456-2000, 2000). Other studies within Nepal have assumed 

the same concrete properties (Chaulagain et al., 2015b). 

The Kent-Scott-Park (Scott et al., 1982) model is used for the hysteretic response of the 

concrete in the FE model. See more details in Section 2.4.3.1. The additional strength of the 

concrete due to the confinement was found using the Kent and Park model (1971) that was 

modified (Park et al., 1982). This alters the unconfined compressive strength by a factor K, as 
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shown in Equation 3.6, where f’c is the peak strength in the unconfined concrete and f’’c is the 

strength of the confined concrete. 

𝑓′′
𝑐
= 𝐾𝑓′

𝑐
 (3.6) 

The factor K is calculated using Equation 3.7, where ρs is the ratio of the volume of the 

confining steel to the volume of the concrete core and fyh is the yield stress of the confining 

steel. 

𝐾 = 1 +
ρ𝑠𝑓𝑦ℎ

𝑓′
𝑐

 (3.7) 

This results in a unique confined concrete compressive strength for each section as the ratio of 

confining steel varies in each section. 

3.3.3 Infilled Model 

The masonry infills are implemented using a triple strut model in the finite element (FE) model. 

Using struts to replicate the effect of the masonry infill was first proposed in the 1960s 

(Polyakov, 1960). In this study, the three-strut model is used as it has been implemented in 

many studies of RC with masonry infill (Perrone et al., 2020b) and has been verified with 

experimental data (Blasi et al., 2018). Since this method was initially proposed, there have been 

several improvements; however, some failure mechanisms exhibited by masonry infills are still 

not accounted for (Stavridis et al., 2010). The triple strut model cannot account for out of plane 

failure mechanisms and does not accurately capture the infill's interaction along the RC frame's 

length (Asteris et al., 2011). More details on various strut models can be found in Section 

2.5.2.3. 

The individual hysteretic properties for each strut are modelled using a piecewise linear load-

displacement behaviour. The shape of this hysteretic response is calculated according to 

Panagiotakos and Fardis (1996) using the overstrength factor for solid bricks (i.e., 1.55) 

calibrated by Blasi et al. (2018). This method is commonly used in literature and verified using 

experimental data (e.g., Noh et al., 2017, Blasi et al., 2018) 

To implement this model three material properties are required for the masonry wall, these are 

the Young modulus of the masonry infill (Einf), cracking shear strength of masonry infill (τcr) 

and the shear modulus of the masonry infill (Gw). Both Einf and τcr are taken from the 

experimental work carried out by Shahzada et al. (2012). This experimental work carried out a 

diagonal compression test on a masonry specimen typical of Pakistan, where the construction 

techniques are similar to those in Nepal (Varum et al., 2016). This masonry specimen was 
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formed of burnt clay bricks and mortar with a cement-to-sand ratio of 1:6. This is the same 

type of brick and sand-to-cement ratio as specified by Pahar Trust. The Einf value is taken to be 

1,227 MPa, and the τcr value is assumed to be 0.05 MPa. The shear modulus of the masonry 

(Gw) can be taken as 40% of the elastic modulus according to Eurocode 6 (EN 1996-1-1 2005). 

The final material property required is the Youngs modulus of the concrete (Ec); this is taken 

to be 22.3 GPa, as outlined in Section 3.3.2. These material properties are summarised in Table 

3.5. 

Table 3. 5 Material properties for the model of masonry infill 

 

The hysteretic response of the struts is also a function of the geometry of the wall, which varies 

across the structure. The three dimensions of the infill are tw, Lw and hw, which are the thickness, 

length and height of the infill wall, respectively. Using these dimensions, the diagonal length 

of the wall (dw) can be calculated. The angle of the diagonal dimension of the panel (θ), shown 

in Figure 3.8, is also required. The final geometric parameter is the moment of inertia of the 

RC column (Ic). 

Table 3. 6: Equations used to model the hysteretic response of the triple strut model in accordance with 

Panagiotakos and Fardis (1996) and Blasi et al. (2018) 

The peak shear strength (fmax) is taken as 1.55fcr, as shown in Table 3.6, as is specified for solid 

clay bricks in Blasi et al. (2018). The residual shear strength (fres) of the struts is taken as 0.1fmax 

Property Symbol Value Reference 

Young modulus of masonry infill Einf 1,227 MPa (Shahzada et al, 2012) 

Cracking strength of masonry 𝜏𝑐𝑟  0.05 MPa (Shahzada et al., 2012) 

Shear modulus of masonry Gw 491 MPa (EN 1996-1-1 2005) 

Young modulus of concrete Ec 22.3 GPa (IS456-2000, 2000) 

Parameter Symbol Equation 

Cracking force  fcr 𝑓𝑐𝑟 = 𝜏𝑐𝑟𝐿𝑤𝑡𝑤 

Peak shear strength fmax 𝑓𝑚𝑎𝑥 = 1.55𝑓𝑐𝑟 

Residual shear strength fres 𝑓𝑟𝑒𝑠 = 0.1𝑓𝑚𝑎𝑥 

Relative panel-to-frame stiffness 𝜆 𝜆 = √
𝐸𝑖𝑛𝑓𝑡𝑤 sin(2𝛳)

4𝐸𝑐𝐼𝑐ℎ𝑤

4

 

Width of the equivalent truss 

section 
bw 𝑏𝑤 = 𝑑𝑤0.175𝜆ℎ𝑤

−0.4
 

Initial stiffness of strut K1 𝐾1 =
𝐺𝑤𝑡𝑤𝐿𝑤
ℎ𝑤

 

Post cracking stiffness K2 𝐾2 =
𝐸𝑖𝑛𝑓𝑡𝑤𝑏𝑤

𝑑𝑤
 

Softening stiffness K3 𝐾3 = −0.01𝐾1 
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based on the experimental results of Panagiotakos and Fardis (1996). The softening stiffness is 

taken as -0.02K1 based on the results of experimental work (Crisafulli, 1997). 

The total strength and stiffness are distributed between the three struts. The central strut has 

50% of the total strength and stiffness, and the offset struts have 25% of the total strength and 

stiffness, as suggested by Chrysostomou (1991), shown in Figure 3.8b. More recent modelling 

techniques use a single strut while using superposition of vertical and horizontal forces on the 

RC frame to represent the internal shear forces caused by the masonry infill (Gentile et al., 

2019b). The offset distance of the non-central struts (Zc and Zb) is calculated using the equation 

provided by Al-Chaar (2002) and shown in Figure 3.8a, where θ is the inclination angle of the 

strut and Cod and Cd are the stiffness distribution coefficients for the off-centre and central strut 

respectively. 

The struts are implemented into OpenSees with the truss elements and the uniaxial pinching4 

material. The material is set to have a near-zero tensile stiffness resulting in a compression-

only material. It is shown by Blasi et al. (2018) that the pinching4 material has a very similar 

response to the hysteretic model laid out by Panagiotakos and Fardis (1996). The hysteretic 

behaviour of pinching4 is defined by three parameters α, β, and γ. These values were taken 

from the calibration in Blasi et al. (2018) as α =0.15, β =0.1, and γ =0.8, which were the most 

representative values based on comparing experimental results of RC infilled frames. 

An opening factor (λopening) is applied to the width of the strut to reduce the stiffness accounting 

for the openings in the infill panel. Using the structural drawings provided by Pahar trust 

(2019), the infill wall opening percentage (αw) is 25%. The empirical equation given in 

Equation 3.8 was first proposed by Al-Chaar et al. (2002) and further verified as the most 

accurate equation available in literature using experimental data. Equation 3.8 is only 

applicable where the infill wall opening percentage is less than 60%. The opening factor is 

calculated for the Pahar trust template school as 0.638, so it applies to this case. 

𝜆𝑜𝑝𝑒𝑛𝑖𝑛𝑔 = 1 − 1.6𝛼𝑤 + 0.6𝛼𝑤
2 (3.8) 
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(a) (b) 

Figure 3. 8: (a) Visual representation of triple strut model. (b) Backbone curve of individual struts. 

The triple strut model is implemented in each bay, as shown in Figure 3.9. Due to each bay 

having a different geometry and the RC sections, the final model has a different strut response 

in each bay.  

  

(a) (b) 

Figure 3. 9: Visual representation of the finite element model for the (a) infilled model (b) bare model 

3.3.4 Modal Properties 

A modal analysis was performed on the four structural models. For the modal analysis, the 

school can be considered as two structures as the sections of the structure at either side of the 

seismic gap have no structural interaction. They will subsequently be referred to as structure 1 

and structure 2, where structure 1 has the staircase. The modal analysis assumes the stiffness 

of each material is equal to the initial stiffness (i.e., uncracked). However, as both our material 

models for concrete and steel exhibit degradation, the modal properties of the structure will 

change throughout the nonlinear time history analysis. Table 3.7 shows the first six periods for 

each structure for both the infilled and bare models. The stairs are modelled as a single inclined 

beam following the modelling approach suggested by Lombardi et al. (2019). The modal 

participation masses can be found in Table 3.8 to Table 3.11 for the first six modes of each of 

the four structures, and the mode shapes for the first two modes can be seen in Figure 3.10. It 
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can be seen from Figure 3.10 that for both the infilled model without the staircase and the bare 

model without the staircase, the first two mode shapes are translational in the x and y directions, 

with the modal participation factors above 90% in the respective direction. The third mode 

shape is rotational about the z-axis with a modal participation above 90% for both the infilled 

and bare models. The mode shapes are not as distinct in the structures with the off-centre 

staircase as the offset centre of stiffness causes a higher torsional component in the first modes. 

This can be seen in the participation masses in Table 3.9 and 3.11 and Figure 3.10. As is 

expected, due to the additional stiffness caused by the masonry infills, the infilled structure has 

a significantly lower period for the first vibrational modes. 

 

  
(a) (b) 

  
(c) (d) 

Figure 3. 10: Mode shapes of (a) without stairs, bare model (b) with stairs, bare model (c) without stairs, 

infilled model (d) with stairs, infilled model 

Table 3. 7: Modal properties of the bare and infilled structures at either side of the seismic gap; structure 1 is 

the model with the staircase (w-s), and structure 2 is the model without the staircase. 

 Bare Infilled 

 
Structure 1  

(w-s) 

Structure 2 

 

Structure 1  

(w-s) 

Structure 2 

 

Mode 1 (s) 0.329 0.352 0.082 0.092 

Mode 2 (s) 0.321 0.329 0.066 0.066 

Mode 3 (s) 0.189 0.307 0.058 0.064 

Mode 4 (s) 0.099 0.103 0.029 0.033 

Mode 5 (s) 0.097 0.100 0.024 0.024 
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Table 3. 8: Modal participation masses of the bare structure with no staircase 

Mode MX [%] MY [%] 

1 0.000 90.951 

2 92.402 0.000 

3 0.000 0.463 

4 0.000 8.499 

5 7.598 0.000 

6 0.000 0.087 

 

Table 3. 9: Modal participation masses of the bare structure with an off-centre staircase 

Mode MX [%] MY [%] 

1 60.622 16.067 

2 31.484 30.076 

3 0.007 38.892 

4 7.853 0.002 

5 0.033 0.352 

6 0.001 14.611 

 

Table 3. 10: Modal participation masses of the infilled structure with no staircase 

Mode MX [%] MY [%] 

1 0.000 92.624 

2 93.631 0.005 

3 0.373 0.569 

4 0.000 6.740 

5 5.413 0.007 

6 0.582 0.055 

 

Table 3. 11: Modal participation masses of the infilled structure with an off-centre staircase 

Mode MX [%] MY [%] 

1 0.501 81.080 

2 92.223 0.068 

3 1.346 14.049 

4 0.015 4.603 

5 5.172 0.006 

6 0.742 0.196 

3.3.5 Pushover Analysis 

A static pushover (SPO) analysis is carried out for both the structures in the x-direction and the 

y-direction. The SPO is carried out in accordance with the Eurocode 8 (EN 1998-1, 2004) 

lateral load pattern, where the load at each floor is proportional to the product of the mass and 

height of that storey. The pushover curves in the x-direction of the building with and without 

infills are shown in Figure 3.11. It can be seen that the degradation of the masonry infills causes 

a rapid loss of lateral strength at 0.04% drift before the infills reach a residual capacity at 0.13% 

drift. 

Mode 6 (s) 0.042 0.093 0.022 0.023 
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(a) (b) 

Figure 3. 11: Static Pushover Analysis results (a) Infilled Structure (b) Bare Structure 

3.4 Fragility Assessment for Pounding 

An evaluation of the bare model's vulnerability to pounding is carried out to assess the influence 

on the structure's overall fragility. Pounding is defined as collisions between adjacent buildings 

during an earthquake and has been identified as one of the leading causes of structural damage 

(Karayannis and Favvata, 2004). Despite modern codes requiring adequate separating distance 

between adjacent buildings, structural pounding occurs for four main reasons: (i) sometimes 

the suggested separation does not account for modern construction techniques that allow large 

displacements due to an inelastic response; (ii) high cost of land in densely populated cities; 

(iii) errors in selection and interpretation of seismic hazard and (iv) structures designed 

following outdated codes where minimum separation gap had not been provided (Favvata, 

2017). 

Structural pounding occurs in two main types: slab-to-slab and slab-to-column. Slab-to-column 

is considered significantly more severe as the shear load to the column can cause localized 

failure, leading to progressive global collapse (Skrekas et al. 2014). The Pahar Trust template 

school should only be susceptible to slab-to-slab pounding as the floor slabs are at the same 

level. Four main factors affecting the pounding of two structures are; (i) the separation distance; 

(ii) the height of the structures; (iii) the period of the structure (higher period pounding more 

likely), and (iv) different periods for adjacent buildings (this causes out of phase vibrations) 

(Lin and Weng, 2001). 
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The pounding assessment will be carried out using NLTHA with the pounding ground motion 

sets outlined in Section 3.2.2.2. These ground motions are different from those used for the 

seismic risk assessment for limit states in Section 3.5. This is due to the selected ground motion 

sets such that failure occurs in some of the analyses.  

3.4.1 Non-Linear Time History Analysis for the Assessment of Pounding 

Non-linear time history is carried out with each of the 27 pairs of ground motions. Each set 

was run twice, swapping the two components along the two principal directions of the 

buildings. This approach is implemented in the European (EN 1998-1., 2004) and US (FEMA 

P-1050., 2015) design codes. For further details on code-based ground motion selection, refer 

to De Luca et al. (2019). The two recorded ground motions were applied along the principle 

directions of the structure (i.e. the x and y direction). This gives a total of 54 analyses. Figure 

3.12 shows the displacement of the top of building 1 for the ground motion giving the largest 

displacement in each set. For the Gorkha ground motion set, this was the KTP recording, and 

for the spectrum compatible sets, the Tottori recording is shown. It can be seen that the post-

Gorkha ground motion results in a significantly larger displacement due to the non-linear 

response of the structure, and it shows a significant residual displacement with respect to the 

maximum response obtained with the pre-Gorkha set. The Gorkha record does not show any 

residual displacement. 

 
Figure 3. 12 The displacement of the top of the structure in response to pre-Gorkha, post-Gorkha and 

Gorkha earthquakes. 

Pounding occurs when the displacement between point A and point D or point B and point C, 

as depicted in Figure 3.6c, is less than zero. Although this is a slight conservative 

approximation, extreme torsion values could allow the x-coordinate of the adjacent nodes to 

overlap while pounding may not occur. Due to the Pahar Trust school's regular arrangement, 
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extreme torsion is not applicable to this study. It should also be noted that pounding could occur 

at the midpoint of the beam, this type of interaction is not considered. For each ground motion, 

the closest distance relevant for pounding is recorded and plotted in Figure 3.14. This is 

calculated as shown in Figure 3.13 using Equation 3.9. Displacement in the x-direction (see 

Figure 3.6c) is always positive. P is the distance between the two structures (i.e., 102 mm in 

the case of the Pahar Trust school). 

max(d1 − d2) > P (3.9) 

 

Case 1 Case 2 Case 3 Case 4 

   
 

 
Figure 3. 13: Four possible displacement scenarios for pounding. 

 
Figure 3. 14: Minimum distance between adjacent structures 

 

From Figure 3.14, it can be seen that with the Gorkha ground motion set that no pounding 

occurred, and the closest point to pounding was 81 mm, which occurred during the KTP ground 

motion recording. It can be seen in Figure 3.4b that KTP has the largest spectral acceleration 

at the first period of the structure as it is situated on a rock. We can conclude that the site effects 

in the Kathmandu basin caused Pahar schools to be less likely to exhibit pounding in the 2015 

earthquake. 
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The pre-Gorkha PSHA ground motion set is significantly closer to pounding, with the Tottori 

ground motion being 12 mm from pounding, however no pounding occurs. The closest point 

to pounding is during the Tottori ground motion. This ground motion has a PGA that is 

significantly higher than the mean, however it is not the highest in the ground motion set. This 

is due to the building being more out of phase in the Tottori analysis. 

The post-Gorkha PSHA ground motion set experiences pounding in 3/22 of the ground 

motions. It can be seen that the pounding goes up by more than a factor of 1.58 as the ground 

motion is scaled by. This is due to the non-linear response of the structure. Pounding occurs 

within one standard deviation of the mean, indicating that a typical ground motions selection 

compatible with Eurocode 8 spectra and using a post-Gorkha PSHA will exhibit pounding. 

Reconnaissance reports from Gorkha 2015 (Shakya et al., 2016) showed a limited amount of 

pounding between large RC buildings. 

3.4.2 Pounding Fragility Analysis 

For pounding, a specific fragility curve can be obtained using the linear regression approach 

for cloud analysis (Jalayer et al., 2015). For more details on the cloud analysis, refer to Section 

2.6.2.2. The robust fragility method uses the Bayesian probability framework to take into 

account both the uncertainties in the modelling and the record-to-record variability. The robust 

fragility method results in an efficient approach to consider the inherent uncertainties with 

respect to the probability distribution parameters. Further details can be found in Jalayer et al. 

(2015) and Jalayer et al. (2017). 

An intensity measure of PGA is used to allow the fragility curves to be compared to those from 

the limit state risk assessment. The linear regression is shown in Figure 3.15a, and the resulting 

fragility curve is shown in Figure 3.15b. The fragility curve in Figure 3.15b gives the 

cumulative probability function for the occurrence of damage to the buildings because of 

pounding recorded at the top storey of the school. It can be observed that the designed seismic 

gap of 102 mm provides a safe solution against pounding with a 50% probability of occurrence 

for a PGA value of 2.77 g. Further analyses are needed to validate this result as the use of the 

scaling of the same records for pre-Gorkha, and post-Gorkha suites can introduce bias in the 

fragility estimation through cloud analysis (Jalayer et al., 2015). The bias is usually caused by 

the scaling of the ground motion set leading to a different shape of the elastic response spectra. 

This discrepancy in the shape of the elastic response spectra leads to a different structural 

response. Baker (2007) found that scaling is acceptable when ε is kept consistent between the 
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scaled ground motion and the target spectra. ε is defined as the number of standard deviations 

between the observed spectral value and the median prediction from an attenuation function. 

  
(a) (b) 

Figure 3. 15: (a) Linear regression of pounding against the spectral acceleration. (b) Fragility curve for 

pounding. 

3.5 Limit State Fragility Assessment 

3.5.1 Non-linear time history analysis 

Non-linear time history analysis is carried out using the model outlined in Section 3.3 and the 

ground motion selection outlined in Section 3.2.2.1. Rayleigh damping is implemented using 

a critical damping ratio of 2% (Dolšek et al., 2001) and the first and third fundamental periods 

to evaluate the mass proportional damping coefficient and stiffness proportional damping 

coefficient (Chopra, 2007). Further details on this can be found in Section 2.4.2. P-Delta 

Coordinate Transformation is used to account for second-order effects caused by the lateral 

loads. Additional information on this can be found in Section 2.4.1. 

Figure 3.16 shows the shear demand for the 1994 Northridge earthquake and a column's shear 

capacity with section C1 (shown in Figure 3.7) according to the Indian standard and Eurocode 

using Equations 3.3 and 3.5, respectively, from Section 3.3.1. As the Eurocode 8 Part 3 (EN 

1998-3, 2005) calculation is a function of the length of the member, the shear check is carried 

out for the squat and slender column as defined by the infill structural modelling. The squat 

column is the column from the floor to the off-centre strut, and the slender column is the column 

from the lower to the upper off-centre strut, as shown in Figure 3.8. Northridge 1994 earthquake 

(RSN 953) is used as it has the highest peak shear demand of all the ground motions, and 

section C1 is used as it has the lowest amount of shear reinforcement. This further shows that 

the shear capacity is not exceeded. 
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(a) (b) 

Figure 3. 16: Shear demand for Northridge 1994 earthquake (RSN 953) from GM 1 with a shear capacity of 

section C1 according to the Indian Standard (IS 456, 1978) and Eurocode 8 Part 3 (EN 1998-3, 2005) (a) 

Slender column (b) Squat column. Shear demand (in red) shown for structure 1 infilled model. 

3.5.2 Fragility analysis 

A fragility curve is defined as the relationship between the conditional probability of a structure 

exceeding a specific limit state and a seismic load intensity. This study considers two limit 

states: damage limitation (DL) and life safety (LS). Damage limitation is defined as a level of 

damage that does not limit the use of the building, and the subsequent repair cost would not be 

disproportionately high. Life safety limit state is defined as a level of damage such that there 

is no immediate risk to the lives of the occupants.  

The intensity measure (IM) is used to quantify the ground shaking related to seismic events. In 

literature, commonly used IMs are PGA and spectral acceleration at the first mode (Sa(T1)) 

(Tothong and Luco, 2007). An efficient IM is one that, when unchanged, gives low levels of 

variability in the given demand capacity ratio (DCR) (i.e., a low standard deviation in log 

space). The demand capacity ratio (DCR) is defined as a ratio of an engineering demand 

parameter (EDP), such as interstorey drift or chord rotation, to the critical demand parameter, 

such as a code specified interstorey drift limit. The dispersion can be calculated using Equation 

3.10, where a and b are two constants found in the linear regression for that specific fragility 

function (Bayat et al. 2015), Y is the DCR, and N is the number of samples. 

 𝛽𝑌|𝐼𝑀 ≅ √
∑(𝑙𝑛(𝑌𝑖) − 𝑙𝑛(𝑏 𝑙𝑛(𝐼𝑀) + 𝑙𝑛(𝑎)))2

𝑁 − 2
 

(3.10) 
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A sufficient intensity measure results in the fragility function being unaffected by other ground 

motion properties such as magnitude. The more sufficient an IM is, the more results in the DCR 

are mainly independent of the ground motion selection (e.g., Ebrahimian et al., 2014). 

Shome et al. (1998) demonstrated that the 5% damped Sa(T1) is a more efficient IM than the 

PGA of the ground motion. More recently, it has been shown that AvgSA is a more efficient 

IM than Sa(T1) (Bayat et al., 2015, Kohrangi et al., 2017b). AvgSA is the geometric mean of the 

spectral acceleration values between periods c1T1 and cnT1, where c1 and cn are lower and upper 

bound factors. Previous work has shown that 0.2T1 and 3.0T1 are appropriate choices for the 

upper and lower bound with a logarithmic spacing between, as this has demonstrated strong 

sufficiency and efficiency (Eads et al., 2015). 

 𝑆𝑎𝑎𝑣𝑔(𝑐1𝑇1, …, 𝑐𝑛𝑇1) = (∏𝑆𝑎(𝑐𝑖𝑇1))

𝑁

𝑖=1

1
𝑁

 
(3.11) 

This study uses a modified version of AvgSA where the upper limit equals 3.0T1,bare where 

T1,bare is the first period of the bare structure. The Lower limit will be set to 0.2T1,infilled, where 

T1,infilled, is the infilled structure's first period. This intensity measure which accounts for the 

dynamic response of all structures (bare and infilled, with and without stairs), is referred to as 

AvgSAmod. This allows the suitable comparison of the fragility curves of both structures as they 

will have a common IM. The upper limit is 1.056s, and the lower limit is 0.0164s. 

The two sets of records discussed in Section 3.2.2.1 are used to perform a cloud analysis. Their 

suitability as seismic input for cloud analysis is checked according to the general criteria set 

out in Jalayer et al. (2017) and provided in the following: 

1. The record selection should have a large dispersion of Sa (or the relative intensity 

measure) to reduce the standard error level in the regression slope. 

2. At least 30% of the nonlinear time history analyses should cause the demand capacity 

ratio (DCR) to exceed 1. 

3. No more than 10% of the ground motion selection should be from the same event. 

The ground motion selection presented in Section 3.2.2.1 is compliant with the first of the 

criteria set out by Jalayer et al. (2017). The first of the Jalayer criteria is satisfied as AvgSAmod 

ranges from 0.14 g to 0.94 g with a standard deviation of 0.216 g. The second of the Jalayer 

criteria is also satisfied with the bare model having 78% of records yielding a DCR greater than 

1. The infilled model has 40% of records giving a DCR greater than 1. The third Jalayer 

criterion is satisfied for GM1; however, it is not met for GM2 as all recordings are from the 
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Gorkha 2015 earthquake. If the two sets are considered together, still the condition is not met 

as 18% of the records are from the Gorkha earthquake. The linear regression is also completed 

without the Gorkha ground motions, as shown in Figure 3.17, to assess whether using a single 

event for five of the recordings dramatically influences the results. It can be seen that the linear 

regression results are very closely aligned. 

Cloud analysis uses a linear regression-based probabilistic model with the results of nonlinear 

dynamic analysis to find a cumulative probability function for the occurrence of exceeding a 

critical demand parameter (CDP). A suitable critical demand parameter is first established for 

each limit state. In the analysis of RC structures without masonry infill, a CDP of 0.5% 

interstorey drift ratio (IDR) for DL is used as set out in Eurocode 8 for buildings that have 

brittle non‐structural elements (EN 1998-1, 2004). The DL criteria for the infilled model is 

defined as the IDR when all infills have exceeded peak load. This typically occurs between 

0.1% and 0.2% (Ricci et al., 2016). The peak load of each infill varies as it is a function of the 

material properties and geometry of that specific masonry infill. During the static pushover 

(SPO) analysis, the peak base shear occurred with a peak IDR of  0.19%, this is used as the 

damage limitation criteria for the infilled model. The life safety limit state is 2% for both the 

infilled and bare models (ASCE/SEI 41-17, 2017). The demand capacity ratio (DCR) is defined 

as the ratio of the peak demand to the structures at either side of the seismic gap, in the dynamic 

analysis results, to the CDP. 

This study assesses the fragility using the cloud method. This involves using linear regression 

in the logarithmic space of the IM against the DCR. This gives the statistical constants a and b 

shown in Equation 3.12, where Y is the DCR. This can then be combined with the standard 

deviation given in Equation 3.13 to find the fragility curve using Equation 3.14 (Jalayer et al., 

2014). 

 
𝐸[log(𝑌) |𝐼𝑀] = log η𝑌|𝐼𝑀 = log 𝑎 + 𝑏 log 𝐼𝑀 

 
(3.12) 

 σlog(𝑌)|𝐼𝑀 = 𝛽𝑌|𝐼𝑀 =
√∑ (log 𝑌𝑖 − log η𝑌|𝐼𝑀𝑖

)
2𝑁

𝑖=1

𝑁 − 2
 

 

(3.13) 

 

𝑃(𝑌 > 1|𝐼𝑀) = 𝑃(log 𝑌 > 0|𝐼𝑀) = 1 − Φ(
− log η𝑌|𝐼𝑀

σlog(𝑌)|𝐼𝑀
)

= Φ(
log η𝑌|𝐼𝑀

σlog(𝑌)|𝐼𝑀
) 

(3.14) 
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The cloud analysis was carried out using both ground motion sets (presented in Section 3.2.2.1) 

with the bare and infilled models. The AvgSAmod was used as an IM to compare the two 

structural models. Figure 3.17 shows the linear regression (LR) in logarithmic space for the 

two models while also showing the level of dispersion by showing the plus and minus one 

logarithmic standard deviation (calculated according to Equation 3.13). Figure 3.17 also shows 

the linear regression for the FEMA P695 (FEMA) ground motion set independent of the linear 

regression on all ground motions (Total). This is done to assess the effect of using five ground 

motions from one earthquake. It shows that the results are not significantly affected by the 

Gorkha ground motion set, where five recordings are from one earthquake. The linear 

regression is carried out independently for each limit state, with Figures 3.17a and 3.17c 

showing the linear regression for the damage limit state and Figures 3.17b and 3.17d showing 

the linear regression for the life safety limit state. 

Figure 3.18 shows the robust fragility curves and the plus and minus one standard deviation 

curves, according to Jalayer et al. (2014), for both the bare and the infilled model. The infilled 

structure has a lower probability of exceeding LS or DL at any level of AvgSAmod. The median 

(η) and logarithmic standard deviation (β) parameters of the four fragilities presented in Figure 

3.18 are summarised in Table 3.12. 

  
(a) (b) 
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(c) (d) 

Figure 3. 17: Linear regression in logarithmic space for DCR at DL and LS vs AvgSAmod a) bare model, DL 

state b) bare model, LS c) infilled model, DL d) infilled model, LS 

 

 
Figure 3. 18: Fragility curves for the DL and LS for both the infilled and the bare model using an intensity 

measure of AvgSAmod 

Due to the PSHA study described in Section 3.2.1, providing the expected PGA values across 

Nepal, a fragility analysis must be carried out using PGA data. Although using PGA as an 

intensity measure has been shown to have lower sufficiency and efficiency than AvgSA (Eads 

et al. 2015), it allows the integration of the PSHA study and the fragility assessment. The 

DCR remains unchanged. Figure 3.19 shows the linear regression, with Figure 3.20 showing 

the fragility curves. Figure 3.17 and Figure 3.19 show that AvgSA,mod is more efficient with 

the β value being 17% lower for the cloud analysis where AvgSA,mod is used relative to PGA. 

The η and β parameters of the four fragilities presented in Figure 3.20 are also summarised in 

Table 3.12. Table 3.12 shows that the infilled building has significantly higher η values, as 
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expected, due to the additional strength. For PGA, at the DL limit state, the infills increase 

the η value by 41.9%, and for the LS limit state, the η value increases by 43.6%. 

  
(a) (b) 

  
(c) (d) 

Figure 3. 19: Linear regression in logarithmic space for the DL and LS vs the peak ground acceleration a) 

bare model, DL b) bare model, LS c) infilled model, DL d) infilled model, LS 
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Figure 3. 20: Fragility curves for the DL and LS for both the infilled and the bare model using an intensity 

measure of PGA 

 
Table 3. 12: Parameters of the fragility curves presented in Figure 3.18 and Figure 3.20 

 

3.5.3 Damage Distribution 

Using the fragility curves derived previously, and the PGA values at each location provided by 

Stevens et al. (2018), the damage distribution of the template school at each location across 

Nepal can be found. The damage distribution is defined as the relative probability of the 

structure exceeding a given limit state given a specific level of ground shaking, in this case, 

PGA. Figure 3.21a shows that the bare model exceeds LS for the 2% in 50 years earthquake, 

with over 99% probability, in Rara Lake, Pokhara, Bharatpur and Kathmandu, with Janakpur 

having a 40% probability of exceeding DL and 60% probability of exceeding LS. This 

demonstrates how the varying seismic hazard results in the template school having a variable 

level of seismic risk. Figure 3.21b shows that for the 10% earthquake in 50 years, the bare 

model at Rara Lake, Pokhara, Bharatpur and Kathmandu exceeds LS or DL, with Janakpur 

having a 30% probability of experiencing no damage. 

The damage distribution for the infilled model of the template school can be seen in Figure 

3.22. Specifically, Figure 3.22a shows that for the 2% in 50 years earthquake (2475 year return 

period), Rara Lake, Pokhara, Bharatpur and Kathmandu are expected to exceed LS, and 

Janakpur is expected to either exceed DL with an 11% chance of exceeding LS. Figure 3.22b 

shows that for the 10% earthquake in 50 years (475 year return period), Rara Lake, Pokhara, 

Bharatpur and Kathmandu most likely exceed DL and Janakpur has an 82% probability of 

experiencing no damage. 

IM Model Limit State η [g] β 

AvgSA,mod 

Bare 
DL 0.263 0.228 

LS 0.743 0.226 

Infilled 
DL 0.371 0.188 

LS 1.067 0.193 

PGA 

Bare 
DL 0.178 0.249 

LS 0.465 0.250 

Infilled 
DL 0.245 0.205 

LS 0.644 0.211 
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Seismic fragility curves can be used with consequence functions to derive the damage ratio 

under different seismic actions. Consequence functions express the repair to replacement ratio 

of each limit state. This vulnerability assessment method is carried out for the case of Nepalese 

in Giordano et al. (2021), where the HAZUS-FEMA (2015) consequence functions are used. 

The vulnerability assessment lies outside the scope of this study.  

 

 
(a) 

 
(b) 

Figure 3. 21: Damage distribution of bare model of the template schools at five locations across Nepal (a) 

for the 2% probability in 50 years (2475 year return) earthquake (b) for the 10% probability in 50 years 

(475-year return) earthquake 
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(a) 

 
(b) 

Figure 3. 22: Damage distribution of infilled model of the template schools at five locations across Nepal (a) 

for the 2% probability in 50 years (2475 year return) earthquake (b) for the 10% probability in 50-year (475-

year return) earthquake 

3.6 Risk Assessment 

3.6.1 Combining Limit State and Pounding Fragility Curves 

Using the fragility curves for pounding and the fragility curve for the exceedance of limit states, 

we can combine the curves to find the probability of exceeding life safety or pounding at a 

given level of PGA. Equation 3.15 shows how the probability of exceeding LS or pounding 

(P(LS ∪ Pounding| PGA)) is calculated using the pounding fragility (P(Pounding| PGA)) and 

LS fragility (P(LS| PGA)). The probability of exceeding LS or pounding is calculated 

numerically at each PGA step, using Equation 3.15.  In the probability of exceeding LS or 

pounding, the DCR exceeds one when either pounding occurs or the structure exceeds the life 

safety limit state. Figure 3.23 quantitively shows that the risk due to pounding is insignificant 

relative to the risk of the structure exceeding life safety limit state. It can be seen in Figure 3.23 
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that the pounding fragility curve is never limiting the structural behaviour with respect to the 

fragility curve for exceeding LS limit state. Therefore, it is not necessary to consider pounding 

while carrying out the seismic risk assessment for this structure.  

 
Figure 3. 23: Comparison of the fragility curves for exceeding Life Safety, pounding and the combined 

fragility curve. 

 

𝑃(𝐿𝑆 ∪ 𝑃𝑜𝑢𝑛𝑑𝑖𝑛𝑔|𝑃𝐺𝐴)
= 𝑃(𝐿𝑆|𝑃𝐺𝐴) + 𝑃(𝑃𝑜𝑢𝑛𝑑𝑖𝑛𝑔|𝑃𝐺𝐴) − 𝑃(𝐿𝑆 ∩ 𝑃𝑜𝑢𝑛𝑑𝑖𝑛𝑔|𝑃𝐺𝐴) 

(3.15) 

 

3.6.2 Risk assessment 

Using the hazard curve at each point across Nepal and the fragility curves for each limit state, 

the annual probability of exceeding each limit state can be found using Equation 3.16. PLS is 

the annual probability of exceeding a given limit state, H(s) is the hazard curve, and Pls/s is the 

fragility curve. Numerical integration can be carried out by discretising the hazard curve into 

equal parts assumed to be piecewise linear. This is shown in Equation 3.17, where PF/Scgi is the 

probability of exceeding the given limit state at the mid-point of si and si+1. The integration 

results are presented in the maps shown in Figure 3.24 to Figure 3.27. Further details on seismic 

risk assessment can be found in Section 2.6.3. 

 𝑃𝐿𝑆 = ∫ 𝑃𝑙𝑠/𝑠 (
𝑑𝐻(𝑠)

𝑑𝑠
)

∞

0

𝑑𝑠 (3.16) 

 𝑃𝐿𝑆 =∑[𝐻(𝑠𝑖) − 𝐻(𝑠𝑖+1)]

𝑛

𝑖=1

𝑃𝑙𝑠/𝑆𝑐𝑔𝑖 (3.17) 
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Figure 3. 24: Annual probability of exceeding DL for the bare model 

 
Figure 3. 25: Annual probability of exceeding LS for the bare model 

Figure 3.24 shows that the annual probability of exceeding DL is in the range of 0.010 to 0.025 

for most of Nepal. As this structure is a school, it would be considered to have an importance 

class III according to Eurocode 8. According to Eurocode standards, for buildings of 

importance class III for DL, the annual probability of exceedance should be lower than 0.030 

(Pinto et al. 2014), as shown in Table 3.13. The annual probability of exceeding DL is lower 

than this for all locations across Nepal. Figure 3.24 also indicates that the risk level to the 

template school varies significantly based on its location. If the template school were located 

on the northern border, it would have an annual probability of exceeding DL of 0.003, which 

is almost ten times lower than for Bharatpur, where the annual probability of exceeding DL is 
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0.025. For this comparison, LS limit state is assumed to be equivalent to SLS as LS is described 

as being the “post-earthquake damage state in which a structure has damaged components but 

retains a margin of safety against the onset of partial or total collapse” (ASCE/SEI 41-17, 

2017) and SLS is defined as “loss of use of non-structural systems and a residual capacity to 

resist horizontal actions” (Pinto et al., 2014).  Figure 3.25 shows that the annual probability of 

the bare model exceeding LS ranges from 0 to 0.0050 across Nepal. This exceeds the threshold 

for LS, which is set to 0.0032 (Pinto et al., 2014). 

 
Figure 3. 26: Annual probability of exceeding DL for the bare model 

 
Figure 3. 27: Annual probability of exceeding LS for the bare model 

Figure 3.26 shows that the annual probability of the infilled model exceeding DL ranges from 

0 to 0.018. This is below the maximum allowable level of 0.03 (Pinto et al., 2014). It can be 

seen the annual probability of exceeding DL is significantly lower for the infilled model 

relative to the bare model. This is due to the structural contribution of the infills and the change 
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of the DL threshold recommended in structural engineering practice. Figure 3.27 shows that 

the annual probability of the infilled model exceeding LS ranges from 0 to 0.0025, which is 

below the threshold of 0.0032 (Pinto et al. 2014). This emphasises how the structural 

contribution of infills pushes the risk below the critical thresholds set up according to European 

standards and can make the difference between a school being compliant or non-compliant 

according to risk-based requirements of codes. This observation has implications for the 

realisation of masonry infills that, especially in high-hazard areas of the country, need to be 

constructed with reasonable care and a high level of quality control on mortar and bricks. 

Table 3. 13: Maximum annual probability of exceedance of DL and LS for the two models and corresponding 

thresholds (Pinto et al. 2014). 

Limit State Bare Infilled Threshold 

Damage Limitation 0.025 0.018 0.030 

Life Safety 0.0050 0.0025 0.0032 

3.7 Literature Benchmarking 

The fragility curves from Section 3.6.1 can be compared to other fragility curves in Literature. 

Giordano et al. (2021) used an empirical approach to derive a series of fragility curves for 

Nepalese schools. These fragilities were carried out for different building materials and 

building types. The fragility curve most comparable to our structure was referred to as “RC 

Frame”. However, it is stated that this includes structures with unreinforced masonry infills. 

Table 3.14 shows the fragility parameters from Giordano et al. (2021) for DS2, DS3 and DS4. 

Giordano et al. (2021) present their findings in terms of damage states according to the 

European Macroseismic Scale (Grünthal et al., 1998), where ds2 represents “moderate 

damage”, ds3 represents “substantial to heavy damage”, and ds4 represents “very heavy 

damage” It also shows the fragility parameters for the DL and LS limit states for this study's 

bare and infilled model. The fragility curves can be seen in Figure 3.28. In Table 3.14 and 

Figure 3.28, DS2 has been equated to DL as they represent the point where there is a minor 

amount of damage to the structure. Life safety has been equated to DS4 as both represent a 

significant level of damage but pre-collapse. 

Table 3. 14: Comparison of the fragility parameters for the infilled structures in Giordano et al. (2021) and the 

bare and infilled Pahar Trust structure. 

  DS2 DS3 DS4 DS5 

Giordano et al. 

(2020) 

η (g) 0.19 0.27 0.77 1.13 

β 1.08 1.04 0.88 0.84 

η (g) 0.178 N/A 0.465 N/A 
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Bare model 

(this study) 
β 0.249 N/A 0.250 N/A 

Infilled model 

(this study) 

η (g) 0.245 N/A 0.644 N/A 

β 0.204 N/A 0.211 N/A 

 

 
Figure 3. 28 Comparison of the Fragility curves from Giordano et al. (2021) and the bare and infilled model 

from this chapter. 

It can be seen from Figure 3.28 that Giordano et al. (2021) has a significantly higher β value 

for all fragility curves. This is expected from empirical fragility curves due to them being 

derived from many different buildings. These buildings could vary in height, area, material 

properties, age and quality control. In contrast, the variability in our numerical model is due to 

the record-to-record variability. Although all the structures in Giordano et al. (2021) are 

exposed to the same earthquake, it should be noted that due to them being across Nepal, they 

will have varying ground motion based on distance from the epicentre and site conditions. For 

DS2/DL, the empirical fragility from Giordano et al. (2021) has a η value between the bare and 

the infilled model from this study. For DS4/LS, the η value from Giordano et al. (2021) exceeds 

those from this numerical study; however, with a difference of 16%, this is within the 

variability expected in fragility analysis. When comparing the η value from Giordano et al. 

(2021) to the infilled structure from this study, we can see that it is significantly lower in 

Giordano et al. (2021). This is likely due to a combination of factors, including Giordano et al. 

(2021) looking at existing buildings and the high level of quality control on the Pahar Trust 

structure. 
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3.8 Conclusions 

This study developed a nonlinear finite element model of a template school in Nepal and carried 

out a non-linear time history analysis. The focus of this study was to assess how a template 

school design affected the seismic risk to schools in Nepal. Fragility analyses were carried out 

for the exceedance of limit states and the occurrence of pounding. This chapter did not assess 

other potential risks to the structures, including construction quality, landslides and 

liquefaction as cascading hazards for structures induced by earthquakes.  

A numerical fragility curve for the probability of the structure incurring pounding was carried 

out. This fragility analysis was carried out on a bare model of the school where the structural 

contribution of the infills was not considered. The bare model is significantly less stiff and, 

therefore, more likely to exhibit pounding. The resultant fragility curve showed that the 

structure had a 50% probability of pounding at a PGA level of 2.77 g. 

The fragility analysis for code-based limit states was carried out for an FE model without 

masonry infill and a model with masonry infill. The results showed that an earthquake with an 

AvgSAmod of 0.6 g would give a 50% probability of exceeding DL and that an earthquake with 

an AvgSAmod of 1.1 g would give a 50% probability of exceeding LS for the bare model. The 

infilled model had a 50% probability of exceeding DL for an earthquake with an AvgSAmod of 

0.37 g and had a 50% chance of exceeding LS with an earthquake with an AvgSAmod of 1.07 g. 

The results of the cloud analysis also demonstrated that none of the Gorkha 2015 ground 

motion recordings caused the template school to exceed LS or DL. 

The cloud analysis was then carried out with an intensity measure of PGA. This allowed the 

fragility curves to be combined with the pounding hazard curve and then integrated with the 

hazard curves. Hazard curves were interpolated from data provided by Stevens et al. (2018) 

and were then integrated with the fragility curves to find an annual probability of exceeding 

each limit state. The bare structure has a maximum annual probability of exceeding DL of 

0.025 and a maximum annual probability of exceeding LS of 0.0050. The infilled structure had 

a maximum annual probability of exceeding DL of 0.018 and a maximum annual probability 

of exceeding LS of 0.0025. Except for the bare model for LS, all of these annual probabilities 

of exceedance values are lower than the threshold values set out according to European 

regulations (Pinto et al., 2014). This is a very encouraging result for a template school as it 

complies with risk thresholds levels for school buildings in Europe, setting a very high standard 

in terms of accepted societal risk. 
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This chapter shows that using a single design for a structure across an area of varying seismic 

hazard results in a highly varied seismic risk. It was demonstrated that the varying hazard 

resulted in the template school having a significantly higher level of risk around Pokhara and 

Kathmandu than along the northern border. The risk threshold for a school building was 

exceeded for the bare model. However, this was not the case with the infilled model. This 

showed that accounting for the structural contribution of infills can be very important to have 

an accurate picture of the implicit risk of a structure across a large area. On the other hand, this 

also emphasizes how quality controls on template schools have to include non-structural 

elements (i.e., mortar and bricks) to ensure that the additional seismic performance they can 

provide are effectively guaranteed. The properties of infills have been assumed from regional 

South-Asian studies to be realistic and avoid overestimations. One critical aspect is the cement 

to sand ratio that needs specific control during the construction to ensure that the infill’s 

structural contribution can be relied upon in an earthquake. Further action to limit losses during 

the life of the school template could be to have implemented a gap between the non-structural 

infills and the reinforced concrete elements. This would decrease the damage from more minor 

earthquakes, increase the drift capacity for damage limitation and reduce potential repair costs. 

.
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Chapter 4: RC Masonry Infills in Nepal: Calibration of the Spectral 
Method FAST  

 

Part of this chapter is based on the following reference:  

Cross T, De Luca F, Woods GED, Giordano N, Pokhrel RM and De Risi R, (2021) FAST 

NEPAL: Regionally Calibrated Spectral Method for Reinforced Concrete With Masonry 

Infills. Front. Built Environ. 7:689921. doi: 10.3389/fbuil.2021.6899211 

  

Objectives of this chapter 

Following the numerical finite element (FE) approach to deriving fragility curves in Nepal in 

the previous chapter, this chapter will derive fragility curves using the FAST method for RC 

buildings with infills. The FAST method is a vulnerability assessment method for RC frames 

with masonry infills, applicable in data-scarce environments. It does not require detailed 

structural designs of the building. It also has the advantage of using various parameters that 

can be calibrated based on knowledge of local practices and materials. The objectives of this 

chapter are as follows: 

• To modify the FAST method for the Nepalese context. This will involve updating the 

masonry's shear cracking stress (τcr) using Nepalese tests on local masonry. It will also 

include updating the inter-storey drift ratio (IDR) thresholds that define the limits of 

the EMS-98 scale (Grünthal, G., 1998). 

• Applying the Nepal FAST methodology to the Pahar Trust school building, discussed 

in depth in the previous chapter. The results can then be compared with the last chapter's 

numerical fragilities as a point of validation for the Nepalese adapted version of the 

FAST method 

• Finally, the Nepal FAST Method will be applied to a building database from 

Kathmandu to derive generalised fragility curves. Based on the FAST method results, 

 

1  The first authors contribution included: methodology, data curation, analysis , data visualisation and writing. 

Co-authors reviewed and supervised the work. Parts of the initial investigation and writing were carried out at 

part of Woods (2018) masters thesis. 
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the expected damage under the Gorkha 2015 earthquake will be compared to the 

observed damage data for the same building catalogue. 

4.1 Introduction 

The FAST method (De Luca et al., 2014; De Luca et al., 2015) is a rapid method for assessing 

the vulnerability of reinforced concrete (RC) infilled buildings on a large scale, up to heavy 

damage state (i.e., damage state 3) according to the EMS-98 scale (Grünthal et al., 1998). It 

was applied to Italian and Spanish earthquake damage data from the recent events occurring in 

L'Aquila 2009 (Italy), Lorca 2011 (Spain), Emilia 2012 (Italy), and Central Italy 2016 (De 

Luca et al., 2014, 2015, Manfredi et al., 2014; De Luca et al., 2017) and compared with damage 

data and improved against refined structural assessment approaches (e.g., Scala et al., 2020). 

In this study, the FAST method is adapted for the case of Nepalese RC buildings with infills 

by accounting for the Nepalese building codes (NBC-105 1994; NBC-105 2020), local 

construction practice, and materials for RC infilled buildings (e.g., Gautam and Chaulagain 

2016; Gautam et al. 2015; Brando et al. 2017). 

The first stage in the FAST method is to establish the approximate capacity curve (CC) for a 

building or a building class. The capacity curve represents the inelastic behaviour of a structure 

in terms of spectral displacement and spectral acceleration. The FAST method makes the 

conservative assumption that each building's damage mechanism will be a soft-storey plastic 

collapse of the ground floor, with the stiff, infilled walls failing first and the RC frame 

undergoing plastic failure later. The CC is calculated considering the contribution of the two 

materials in parallel. It is necessary to know the RC's design base shear and the cracking shear 

strength of the masonry infills (τcr). 

The masonry infill is made from brittle bricks, which, at low PGAs, make the structures very 

stiff, but this stiffness will begin to degrade due to brittle failure once their cracking shear stress 

is reached. Once the maximum shear stress of the RC frame is obtained, the FAST method 

assumes the masonry infills have obtained their residual strength, as shown in Figure 4.1a. 

These stages correspond to Damage States (DS) One to Three of EMS-98 (Grünthal et al., 

1998), with the point that the peak shear stress is reached corresponding to DS1, the 

degradation of infills corresponding to DS2 and the total collapse of the walls corresponding 

to DS3 (see De Luca et al. 2014 and De Luca et al. 2015 for further details). The capacity curve 

can be represented in the spectral acceleration (Sa(T)) versus spectral displacement (Sd(T)) 

plane. Incremental dynamic analysis (IDA) is an analysis method to estimate the performance 
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of a structure under seismic loading (Vamvatsikos & Cornell, 2002). Other methods have since 

been developed, such as the double impulse pushover (DIP) (Akehashi & Takewaki, 2019). 

Having determined the CC curve, it is possible to evaluate the approximate IDA Curve (IDA 

or IN2) as the CC and the IDA curve are related by a strength reduction factor–ductility–period 

(R-μ-T) relationship (see Figure 4.2). The R-μ-T (Dolšek & Fajfar 2004) relationship is a well-

established method of finding the IDA from the SPO (also known as SPO2IDA). It is based on 

a series of equations to relate the constant reduction factor (R) and the mean ductility factor. 

These equations can be found in Dolšek & Fajfar (2004) and use the corner period between the 

constant acceleration and constant velocity in the elastic spectrum (Tc) and the corner period 

between the constant velocity and constant displacement part of the elastic spectrum (TR). 

The attainment of damage thresholds at the first storey can be computed as a function of the 

Inter-storey Drift Ratio (IDR) for the infills based on experimental results for the kind of infills. 

The next step is to convert the IDR into Sd(T) by assuming an approximation of the structure's 

deformed shape, depending on the number of storeys present in the building. This is important 

because one of the most critical assumptions in the FAST method is that failure of walls occurs 

at the ground floor. The final stage in the FAST method converts the Sa of the structure, which 

corresponds to each damage state, into PGA. This allows for comparison with the PGA for the 

site established from a shake map of the specific location. This can be done using a smooth 

spectrum (e.g. a code spectrum) or a recorded spectrum. 

4.1.1 Capacity curve 

As previously mentioned, the capacity curve is formed of the contribution of the RC frame and 

the masonry infill working in parallel. Figure 4.1a demonstrates the stress-strain of the RC-

infilled frame and the individual contribution of each of the materials. Figure 4.1b shows how 

this pushover curve is approximated for the FAST methodology. 
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(a) (b) 

Figure 4. 1: (a) Pushover curve for a masonry-infilled RC frame. (b) Capacity curve idealisation for the 

FAST methodology 

 

It can be seen from Figure 4.1b that the idealised capacity curve follows an initial stiffness 

similar to that of the pushover. μs is the available ductility up to the degradation of the infills. 

The lateral resistance of the infills then decreases to their residual strength. It should be noted 

in Figure 4.1a that α is the RC frame's contribution to the lateral resistance at the peak lateral 

load relative to RC's maximum contribution. Figure 4.2a shows the linear idealisation from 

Figure 4.1b in spectral acceleration-displacement space. In this figure, Cs,max, Cs,min, μs and ω 

are indicated. These four parameters are required for deriving the CC, and the equation for each 

of them is shown in Equation 4.1 to Equation 4.4. Figure 4.2b shows the capacity curve and 

the IDA curve together and the various damage states.  

  

(a) (b) 

Figure 4. 2: (a) Quadrilinear idealised capacity curve in spectral acceleration-displacement space 12 (b) 

Capacity curve (red), approximate IDA curve (blue) and damage thresholds for DS1 (green circle), DS2 

(yellow circle) and DS3 (orange circle) represented in the Sd(T) - Sa(T) plane used in the FAST method. 

𝐶𝑠,𝑚𝑎𝑥 = 𝛼 · 𝐶𝑠,𝑑𝑒𝑠𝑖𝑔𝑛 +
1.3 · 𝜏𝑐𝑟 . 𝜌𝑤
𝑁 · 𝑚 · 𝜆

 (4.1) 
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𝐶𝑠,𝑚𝑖𝑛 = 𝐶𝑠,𝑑𝑒𝑠𝑖𝑔𝑛 +
𝛽 · 1.3 · 𝜏𝑐𝑟 . 𝜌𝑤
𝑁 · 𝑚 · 𝜆

 (4.2) 

𝐶𝑠,𝑑𝑒𝑠𝑖𝑔𝑛 = 𝑆𝑎,𝑑(𝑇) · 𝑅𝛼 · 𝑅𝜔 (4.3) 

𝑇 = 𝜅 ⋅ 𝑇0 (4.4) 

 

Cs,max (Equation 4.1) is the inelastic acceleration of the equivalent single degree of freedom 

(SDOF) system at which the maximum strength is obtained (De Luca et al., 2014). Cs, min 

(Equation 4.2) is the inelastic acceleration of the equivalent SDOF system at the attainment of 

the RC structure's plastic collapse mechanism (all the infills of the storey involved in the 

mechanism have attained their residual strength). T is the equivalent period computed from the 

elastic period T0 of the infilled building given in Equation 4.4, where κ is the amplification 

coefficient linking the initial period and the equivalent elastic period. The amplification 

coefficient is assumed to be 1.4 based on detailed analytical data (Verderame et al., 2012, 

Verderame et al., 2013; Manfredi et al., 2013). In Equations 4.1 and 4.2, N is the number of 

storeys, m is the average mass of each storey normalised by the building area (assumed equal 

to 0.8 t/m2), λ is a coefficient for the evaluation of the first mode participation mass with respect 

to the total mass of the multiple degrees of freedom (MDOF) model according to Eurocode 8. 

ρw is the ratio between the infill area (Aw) evaluated along one of the building's principal 

directions and the building area Ab. The α coefficient accounts for the RC element’s strength 

contribution at the attainment of the infill peak strength. The β coefficient accounts for the 

infill’s residual strength contribution after attaining the bare RC structure’s peak lateral 

resistance (see De Luca et al., 2014; De Luca et al., 2015). Cs,design is the peak design spectrum 

value for the design spectrum that the structure was most likely designed to. 

Equation 4.2 and Equation 4.3 assume that the maximum shear stress of the infills (τmax) is 

1.3τcr, as found in Fardis (1997). Recent research (Blasi et al. 2018) has found the relationship 

to be 1.44τcr for hollow bricks and 1.55τcr for solid bricks based on analytical and experimental 

results. 

T0 is the initial period of the structure based on the initial stiffness. This can be found using 

finite element analysis, as shown in Section 3.3.4. Where a finite element is unavailable or not 
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possible, an approximation of the initial period can be made using Equations 4.5 to 4.7 (Ricci 

et el., 2011). In these equations, N is the number of storeys, H is the structure's height, and Ainf 

is the ratio of infill area to building area in plan in percent. 

𝑇0 = 0.049𝑁 (4.5) 

𝑇0 = 0.016𝐻 (4.6) 

𝑇0 = 0.023
𝐻

√𝐴𝑖𝑛𝑓
 (4.7) 

 

Equations 4.5 to 4.7 can be applied to the Pahar Trust template school detailed in Chapter 3. 

The number of storeys (N) equals 2, the height (H) is 6.55 m, and the Ainf is 5%. Equation 4.5 

gives an initial period of 0.098s, Equation 4.6 gives an initial period of 0.105s, and Equation 

4.7 gives an initial period of 0.067s. The finite element model gave a period of 0.092s. In this 

case, all of the approximations are relatively accurate, with Equation 4.5 overestimating the 

initial period by 6.5%, Equation 4.6 overestimating the period by 14.1% and Equation 4.7 

underestimating by 27%. 

4.2 FAST Nepal 

4.2.1 Design Spectra 

The first of the Nepalese codes covering RC buildings is "Nepal Building Code (NBC) 

201:1994: the Mandatory Rules of Thumb for RC buildings" (NBC-201, 1994), which provides 

guidance for all stages, from the preliminary investigation to the design of the structures and 

the procurement of materials. This guide is aimed at owner-builders and is designed to offer 

easy-to-follow advice for safer construction. Examples of the prescriptions given in NBC 201 

(1994) are: to ensure that there are at least two load-bearing walls in each direction for the 

building, establish standards for the quality of cement used, adequately anchor rebars and 

provide straightforward advice for assessing the soil capacity. In terms of materials, "all cement 

used shall be Ordinary Portland cement conforming to NS:049-2041, with a cement-sand mix 

of 1:6 and 1:4 and small quantities of freshly hydrated lime to give plasticity. All bricks used 

shall be burnt red clay bricks with a size of 240 x 115 x 57 mm with a crushing strength not 

less than 3.5 N/mm2. All walls should have a thickness of at least one half of a brick, but not 
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more than one brick. All mild steel bars should have a strength of 250 N/mm2" (NBC-201, 

1994). 

The second code for RC buildings is "NBC 105:1994, Seismic design of Buildings in Nepal" 

(NBC-105, 1994), which is a standard of good practice that acts to supplement IS 4326 (IS 

4326, 1976). This code establishes that the "Seismic Coefficient Method" may be used for any 

building under 40 m in height which does not have an irregular configuration, abrupt changes 

in lateral resistance with height or unusual size or importance. It also establishes the general 

principles for ductile design to dissipate energy from the building. It states that the structural 

system must have identifiable load paths to the ground, be symmetrical and have uniform storey 

stiffness and connection of the foundations (NBC-105, 1994). 

Furthermore, NBC 105 (1994) establishes the spectrum for design. The design horizontal 

seismic force coefficient (Cd(Ti)) shall be calculated using the formula shown in Equation 4.8, 

where C(Ti) is the ordinate of the basic response spectrum for a translational period (Ti) for 

each of the soil types described in Table 4.1. In Equation 4.8, Z is the seismic zoning factor 

(1.0 for Kathmandu), I is the importance factor for the building (1.0 for residential buildings), 

and K is the structural performance factor representing the importance of the component to the 

building's structural integrity. 

 𝐶𝑑(𝑇𝑖) = 𝐶(𝑇𝑖) ∙ 𝑍 ∙ 𝐼 ∙ K (4.8) 

Table 4. 1: Soil classification for NBC 105 (1994), Tci is the corner period for each ground type 

Type I Type II Type III 

Rock or Stiff soil, sites with bedrock but 

less than 20m very stiff cohesive material 

(>100 kPa) or cohesionless material with 

standard penetration test values > 30 

Site unsuitable for Type I 

or type III 

Ground with a depth of soil 

greater than those recommended 

in NBC 105 

Tc1=0.4 Tc2=0.5 Tc3=1.0 

The spectral shape for NBC 105 (1994) shown in Figure 4.3a is defined based on the soil type. 

Three soil type categories are defined: Type I represents the stiffer (i.e. rock) soil, and Type II 

and III are progressively softer according to the description provided in Table 4.1. Each soil’s 

class is characterised by a corner period (Tci) which affects the spectral shape. Equation 4.9 

provides the expression for the design spectra presented in Figure 4.3a. 
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 C(𝑇𝑖) = {

0.08,𝑇(𝑠) < 𝑇𝑐𝑖
0.08 ⋅ 𝑇𝑐𝑖
𝑇(𝑠)

,𝑇(𝑠) ≥ 𝑇𝑐𝑖
 (4.9) 

  

(a) (b) 

Figure 4. 3: (a) A comparison of the ULS design spectra for an RC Moment resisting frame in Kathmandu for 

the old Nepalese design code (NBC 105, 1994) and the updated Nepalese design code (NBC 105, 2020). 07 

(b) A comparison of the SLS design spectra, for an RC Moment resisting frame in Kathmandu, for the 

updated Nepalese design code (NBC 105, 2020) and Eurocode 8 with a behaviour factor equal to 4.95  (EN 

1998-1, 2004) . 

In 2010, the Nepal Department of Urban Development and Building Construction (UNDP, 

2010) released a series of recommendations for improving the earthquake resilience of 

buildings by enhancing construction practices in addition to design and material advice. This 

advice includes size and depth of foundations (1500 mm, set on original soil), positioning 

and size of concrete reinforcing bars for beams and columns (minimum overlap distance, 

locations, examples of beam/column joints reinforcements, standard hooks for stirrups and 

a mesh design for concrete slabs). The recommendations also suggested other best design 

practice rules referring to international seismic design standards. 

In 2020, the Nepal National Building Code for seismic design was updated. This revision 

includes updated conditions for using the "Seismic Coefficient Method" (now referred to as 

the "equivalent static method"). It also has updated soil type classification criteria, as shown 

in Tables 4.2 and 4.3. Many improvements are implemented in NBC 105 (2020) compared 

to NBC 105 (1994). These improvements include the provision of the elastic time history, 

non-linear time history analysis and non-linear static analysis. Elastic time history analysis 

and non-linear methods are recommended to verify the performance of existing or retrofitted 

structures or to verify that the specific response parameters are within the limits of 

acceptability assumed during design.  NBC 105 (2020) also gives significantly more detailed 

provisions for the reinforcement design, including requirements for longitudinal 

reinforcement, transverse reinforcement, dimension limits and joint details. NBC 105 (2020) 
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updates the design spectrum (Cd) to be used to identify the horizontal base shear coefficient 

(design coefficient) (Cd(T1)). Figure 4.3a compares the design spectrum for the old Nepalese 

design code (NBC 105, 1994) and the updated design code (NBC 105, 2020). Figure 4.3b 

shows how the design spectra for the updated Nepalese design code (NBC 105, 2020) 

compares to Eurocode 8 (EN 1998-1, 2004). 

Table 4. 2: Soil classification criteria for NBC 105 (2020) 

Soil Type Description 

Soil Type A 

- 

Stiff or Hard Soil Sites 

Sites with bedrock, including weathered rock with an unconfined 

compressive strength greater than 500 kPa, overlain by less than 20 m of: 

I. Very stiff cohesive material with an unconfined compressive strength 

greater than 100 kPa, or 

II. Very dense cohesionless material with N > 30, where N is the standard 

penetration test (SPT) value. 

Soil Type B 

- 

Medium Soil Sites 

Sites where the depth of soil does not exceed those stipulated in Table 4.3. 

Soil Type C 

- 

Soft Soil Sites 

Sites where the depth of soil of a particular type exceeds those stipulated in 

Table 4.3. 

Soil Type D 

- 

Very Soft Soil Sites 

Soil site which comprises of: 

I. More than 10 m depth of cohesive soil with undrained shear strength less 

than 12.5 kPa 

II. More than 10 m depth of cohesionless soil with SPT N-values less than 4 
 

Table 4. 3: Minimum depth criteria for the classification of Type B and Type C soils from NBC 105 (2020) 

Cohesive Soils 

 
Representative Undrained 

Shear Strength (kPa) 

Minimum Depth of Soil 

(m) 

Soft 12.5 - 25 20 

Firm 25 - 50 25 

Stiff 50 - 100 40 

Very Stiff 100 - 200 60 

Cohesionless Soils 

 
Representative SPT values 

(N) 

Minimum Depth of Soil 

(m) 

Loose 4 - 10 40 

Medium Dense 10 - 30 45 

Dense 30 - 50 55 

Very Dense > 50 60 

Gravels > 30 100 
 

As previously mentioned, Cs,design is the peak design spectrum value for the design spectrum 

most likely used in the relevant area. In the case of Nepal, we can assume that structures are 

designed to NBC 105 (1994) if constructed before 2020 and NBC 105 (2020) if built after 

2020. 
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4.2.2 Ductility Assessment 

μs is defined as the available ductility up to the degradation of the infills relative to the 

displacement at Vmax. μs is found to be 2.5 (Manfredi et al., 2012) for Mediterranean masonry 

buildings, typically formed of hollow clay bricks. This may not be representative of the 

available ductility in Nepalese RC with infill structures as they are formed of solid clay bricks. 

To find a more accurate ductility value for hollow clay bricks, we can apply a piecewise linear 

fit to the analytical static pushover (SPO) analysis in Chaulagain (2016a).  In Chaulagain 

(2016a), several pushover analyses are carried out on various RC buildings with infills formed 

of solid clay bricks with cement mortar; these are summarised in Table 4.4. There were five 

building versions with varying reinforcement depending on what code the reinforcement was 

designed to. The first building was designed to current construction practices (CCP). CCP is 

specified as "buildings are not properly designed, and their construction is not supervised by 

engineers". The structures with the irregular top level are not included in the available ductility 

assessment. Linear interpolation of the initial stiffness is applied using the equal-area (equal-

energy) method, where the area under the curve and the linear-interpolation are equal at the 

maximum base shear. This is the method used by Eurocode 8 and has a relatively limited error 

between the curve and piecewise-linear fit (see De Luca et al., 2013). The elastic segment 

continues to the maximum shear resistance, Vmax. The horizontal section of the piecewise 

idealisation continues to the maximum point of the pushover curve, as shown in Figure 4.4. 

The static pushover curves are given for buildings NRCB1, NRCB3, NRCB4 and NRCB5. Due 

to the irregular top level in NRCB3 and NRCB4, we will not include these in assessing the 

available ductility. The obtained μs values for engineered and non-engineered buildings are 

2.01 and 3.33, with an average (2.67) close to the original 2.5 value assumed in previous 

versions of the FAST method. Such values can be used for engineered and non-engineered 

building classes, as identified by their year of construction. 

Table 4. 4: Summary of building characteristics from Chaulagain (2016b) 

Name X bays Y bays Storeys Comments Engineered/Non-engineered 

NRCB1 2 2 3 Regular Non-engineered construction 

NRCB2 3 2 3 Regular Non-engineered construction 

NRCB3 3 3 3 Irregular at top level Engineered RC-MRF 

NRCB4 3 3 3 Irregular at top level Engineered RC-MRF 

NRCB5 3 2 3 Regular Engineered construction 
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(a) (b) 

Figure 4. 4: The piecewise approximation of the SPO curves from Chaulagain (2016b) to allow 

calculation of μs. (a) NRCB1 (b) NRCB5 

4.2.3 Damage States 

To carry out the FAST method, it is required to establish the interstorey drift level at which a 

specific damage state is exceeded. Cardone and Perrone (2015) use experimental data from the 

pushover of masonry-infilled RC frames to establish the IDR to exceed a given damage state. 

The interstorey drift ratio required to exceed DS1 is referred to as IDR1 etc. To compare inter-

storey drift ratio (IDR) and EMS-98 (Grünthal et al., 1998) damage states, data must be 

collected and a probability distribution formed for each damage state. The data for IDR1, IDR2 

and IDR3 was gathered from Cardone and Perrone (2015), with the number of tests equalling 

14, 12 and 15, respectively. Cardone and Perrone (2015) present data for solid and hollow 

bricks, however, only the values for the solid bricks are used as this is what is typically 

implemented in Nepal. Additional datasets of infills have been recently made available in 

literature, such as Blasi et al. (2021), but they do not have data for all three damage states 

required here. The data from Cardone and Perrone (2015) was fitted with three different 

distributions (Figure 4.5), Normal, Log-Normal and Generalised Extreme Value (GEV). In 

Table 4.5, the fitted parameters for the distribution are presented. Since the GEV distribution 

is a three-parametric distribution and the Normal and Log-Normal are two-parametric, an 

information criterion accounting for this difference must be used to identify the most efficient 

distribution for the data considered. The Akaike Information Criteria has the advantage of 

considering the number of parameters in the distribution, compared to chi-squared or 

Kolmogorov Smirnov. The Akaike Information Criteria in its basic version (AIC) (Equation 

4.10) is improved (AICC) to account for a limited data sample and to avoid overfitting 

(Equation 4.11). The improved version is used to rank the different fits investigated (Akaike, 

1974). In Equations 4.10 and Equation 4.11, k is the number of parameters in the model, L is 



Seismic risk assessment through non-linear time-history analysis of template buildings in 

Nepal: RC with infills and masonry 

106 

 

the maximum likelihood from the fit, and n is the number of samples. AICC is suggested for 

cases where the sample size is fewer than 50 (Cavanaugh, 1997). The Akaike Information 

Criteria has the advantage of considering the number of parameters in the distribution, 

compared to chi-squared or Kolmogorov Smirnov. 

𝐴𝐼𝐶 = 2𝑘 − 2 𝑙𝑛(𝐿) (4.10) 

𝐴𝐼𝐶𝐶 = 𝐴𝐼𝐶 +
2𝑘2 + 2𝑘

𝑛 − 𝑘 − 1
 (4.11) 

 

   

(a) (b) (c) 

   

(d) (e) (f) 

Figure 4. 5 Plot data gathered for IDR thresholds for solid clay bricks for the Damage States one to three (a), 

(b), (c), and AICC  values for fits (d), (e), (f), respectively. 

The AICC value is compared for each fit, with the lowest value denoting the most efficient for 

that data set. The AICC found that the Log-Normal Distribution best represents the Global Data 

for all the variables considered (IDR1, IDR2, IDR3). This distribution is commonly used for 

variable distributions used in earthquake engineering for fragility analysis (e.g., Porter et al., 

2007; De Luca et al., 2015). 

Table 4. 5: Parameters of fitted distribution for the IDR for EMS-98 (Grünthal et al., 1998) damage states one 

to three (IDR1, IDR2, IDR3) 

Distribution Normal LogNormal GEV 

Variables µ σ log µ log σ k µ σ 

IDR1 0.2090 0.1173 -1.7158 0.5832 0.1215 0.0809 0.1519 

IDR2 0.4385 0.2115 -0.9299 0.4789 0.4554 0.1193 0.3114 

IDR3 1.0533 0.3410 0.0100 0.2906 0.2563 0.1950 0.8834 
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In particular, the median results can be compared with those calibrated in De Luca et al. (2015) 

for hollow clay brick infills (i.e., IDR1 = 0.1%, IDR2 = 0.4%, and IDR3 = 0.8%). The median 

value obtained for IDR2 in Table 4.5 (i.e. IDR2 = exp(-0.9299) = 0.39%) is very similar to the 

value obtained in the calibration for hollow clay bricks (De Luca et al., 2015). For the case of 

IDR1 and IDR3, the difference is more significant (i.e. IDR1 = exp(-1.7158) = 0.18%, IDR3 = 

exp(0.010) = 1.0%) with the values for solid clay bricks being larger. The logarithmic standard 

deviations obtained for IDR1, IDR2 and IDR3 are lower with respect to the value suggested 

by Colangelo (2012) (i.e., 0.60, 0.67, 0.47) for hollow clay brick infills. Colangelo’s values are 

used in previous applications of FAST method (see De Luca et al., 2015). 

4.2.4 Cracking shear strength 

Regionalised data for the shear cracking strength is required to improve the FAST methodology 

for the Nepalese context. An established catalogue using global tests is collated, and its 

distribution is then updated using Nepalese data. The global data was gathered from the MADA 

masonry database (Augenti et al. 2012) and had a total size of 48 tests (Meli 1973, Abrams 

1992, Zarri 1992, Riddington and Jukes 1994, Zhuge et al., 1996, Andreaus and Moroder 1991, 

Yi et al., 2004, Valluzzi et al., 2002 and Caliò 2011). The same fitting procedure is applied as 

in Section 4.2.3. The fitted distributions can be seen in Figure 4.6. This data is subsequently 

referred to as τglobal. Data from 24 shear tests on solid brick infill made with cement mortar was 

gathered from the EPSRC SAFER project database and provided by one of the project partners 

(NSET, 2017). The fitted distributions for this data can be seen in Figure 4.7. This data is 

subsequently referred to as τNepal. The AICc values are also shown for each of the fitted 

distributions, and it can be seen that the most efficient fit for both τglobal and τNepal is Log-

Normal. 
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(a) (b) 

Figure 4. 6: (a) Distribution of τglobal data from Mada database and (b) AICC value of the investigated fits. 

 

 

 

 

(a) (b) 

Figure 4. 7: (a) Distribution of Nepalese Shear Stress (τNepal) and (b) AICC comparison of the distributions. 

Since the Nepalese and Global data are both Log-Normal, it is possible to use a closed-form 

solution for Bayesian updating of the global data (prior data) using the Nepalese tests as 

additional information (likelihood). The global data set (i.e., τglobal) is updated using Equations 

4.12, 4.13 and 4.14 (Ang and Tang, 1984; Benjamin & Cornell, 1970), where µlog(G) and 

σlog(G) are the mean and standard deviation of the logarithm of τglobal (i.e., the prior global 

data). µlog(N) and σlog(N) are the mean and standard deviation of the logarithm of τNepal, nG is 

the number of data points for the global dataset, and nN is the number of the new Nepalese data. 

The results of Equations 4.12 and 4.14 are the posterior log-normal distribution parameters for 

τcr  (i.e., τUpdated in Table 4.6). 

µ𝑙𝑜𝑔(𝐵) =
µ𝑙𝑜𝑔(𝐺)𝑛𝐺 + µ𝑙𝑜𝑔(𝑁)𝑛𝑁

𝑛𝐺 + 𝑛𝑁
 (4.12) 

𝑠′′ = √
((𝑛𝐺 − 1)𝜎𝑙𝑜𝑔(𝐺) + 𝑛𝐺µ𝑙𝑜𝑔(𝐺)

2) + ((𝑛𝑁 − 1)𝜎𝑙𝑜𝑔(𝑁) + 𝑛𝑁µ𝑙𝑜𝑔(𝑁)
2) − (𝑛𝐺 + 𝑛𝑁)µ𝑙𝑜𝑔(𝐵)

𝑛𝐺 + 𝑛𝑁 − 1
 (4.13) 

𝜎 log(𝐵) = 𝑠′′ ∙ √
𝑛𝐺 + 𝑛𝑁 −1

2
∙
Γ (𝑛𝐺 + 𝑛𝑁 −3

2
)

Γ (𝑛𝐺 + 𝑛𝑁 −2
2

)

 (4.14) 

Table 4. 6: Distribution parameters for shear cracking 

Distribution log µ log σ 

Tau Global (τGlobal) -0.8797 0.8283 
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Tau Nepal (τNepal) -1.0292 0.7695 

Tau Updated (τUpdated) -0.9295 0.8959 

 

The results of the Bayesian updating of the Log-Normal distribution for τcr are shown in Figure 

4.8. The distribution for the Nepalese Bricks is very similar to that of the Global data set. This 

is probably because of the common use of cement mortar and can indicate a reasonably good 

practice for mixing the mortar. It is worth noting that these tests do not necessarily represent 

the standard practice. For example, reconnaissance reports have shown different standards in 

the quality of mortars of infill walls in the same buildings (e.g., Build Change Org, 2015). The 

Bayesian updating positively affects the standard deviation relative to the Global data set. 

 

Figure 4. 8: Comparison of Nepalese Shear data to Global Shear data and Updated data 

The capacity curve equations (Equations 4.1 and Equation 4.2) presented by De Luca et al. 

(2015) has been modified for solid clay bricks, whereby the τmax=1.55τcr instead of τmax=1.3τcr, 

as is used for hollow clay bricks (Blasi et al., 2018). 

 

4.2.5 Relative contribution of the RC Frame 

The RC frame’s relative contribution to the lateral resistance at the peak lateral load (α) is 

defined as the lateral resistance of the RC frame at the peak resistance of the building compared 

to the residual lateral resistance of the frame. This is indicated in Figure 4.1. A value of 0.5 is 

used in De Luca et al. (2014).  The relative contribution of the RC frame at peak lateral load 

will be affected by many factors, including infill material, the thickness of infill, RC design of 
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the frame and the number and size of openings. As the FAST method is applied using a limited 

number of structural properties, 0.5 is used as an approximation.  A more recent analytical 

assessment of RC buildings with masonry infills shows that the RC frame's relative 

contribution decreases with a higher τcr value. This relationship is given in Equation 4.15 (Scala 

et al., 2020). It is shown by Scala et al. (2020) that this equation has a greater efficiency for τcr 

values between 0.27 MPa and 0.47 MPa. However, it should be noted that at a high τcr value, 

the α value starts to increase again (i.e., the contribution of RC would increase as the infill’s 

strength increases). As this cannot be the case, at τcr values greater than 0.47 MPa, the α is set 

to 0.41, the minimum polynomial point.  

𝛼 = {
2.70𝜏𝑐𝑟

2 − 2.57𝜏𝑐𝑟 + 1.02𝜏𝑐𝑟 ≤ 0.47𝑀𝑃𝑎
0.41𝜏𝑐𝑟 > 0.47𝑀𝑃𝑎

 (4.15) 

 

4.3 Single Building Validation – Pahar Trust School 

The Nepal FAST methodology developed in Section 4.2 is applied to a single RC building with 

masonry infills. The results are compared to numerical work previously carried out in Chapter 

3 to assess the validity of the Nepal FAST methodology. Further details of the structural layout 

and materials can be found in Chapter 3, along with more information on the non-linear model 

of the school and the time history analysis. When the cloud analysis was carried out in Section 

3.4.2, the damage limitation (DL) limit state is defined at the IDR where all infills have 

exceeded their peak shear resistance (Ricci et al., 2016), which is found to be an IDR of 0.19%. 

The life safety (LS) limit state is defined as 2.0 % (ASCE/SEI 41-17, 2017). The α value is 

calculated using the τcr of 0.05 MPa from Chapter 3 using Equation 4.15 to give an α value of 

0.898.  The fragilities can then be integrated with the hazard maps provided by Stevens et al. 

(2018) to find the seismic risk as with the numerical fragilities in Section 3.6.2. 

4.3.1 Assessing fragility. 

The FAST methodology is applied using the approach laid out in Section 4.1 with the updated 

parameters laid out in Section 4.2. The building is assumed to be compliant with NBC 105 

(1994), and therefore the design spectrum shown in Figure 4.3a is used. The available ductility 

μs is assumed to take a value of 3.13 as the building can be considered engineered. The IDR 

for DS1, DS2 and DS3 are assumed to be distributed as laid out in Section 4.2.4. The mean τcr 

value is assumed to be 0.05 MPa as this is the value used in Chapter 3, which is from a 

regionalised material test on 1:6 cement sand mortar as used in the school building. Using this 
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τcr value allows a like-for-like comparison of the fragilities. The coefficient of variation of the 

τcr is assumed to be equal to the value set out in Section 4.2.4. It would be preferable to use a 

standard deviation value from the source of the 0.05 MPa (Shakya et al., 2016), however, no 

standard deviation is provided; therefore the coefficient of variation from Section 4.2.4 is used. 

The RC frame's contribution at the peak lateral load (α) is assumed to correspond to the τcr 

distribution with Equation 4.15. 100 samples were carried out in the Monte Carlo simulation 

to generate the fragility curves, and the mean fragility parameters were calculated for DS1, 

DS2 and DS3. 

It should be noted that the mean IDR for DS1, DS2 and DS3 are 0.18%, 0.39% and 1.01%, 

respectively, and the DL and LS limit state IDR from Chapter 3 are 0.19% and 2.00%, 

respectively. These results can be seen in Table 4.7. It can be noted that the IDR for the DL 

limit state lies between the means for DS1 and DS2, and the IDR for the LS limit state exceeds 

DS3. Figure 4.9 shows the FAST methodology's fragilities and the numerical fragilities from 

Chapter 3. The fragility curves derived from the FAST-NEPAL method are expressed in EMS-

98 DSs (Grünthal, 1998). In contrast, the fragilities in Chapter 3 are expressed in terms of 

Eurocode conventional limit states. Hence, the benchmarking needs to be supported by 

additional comparisons even if this does not harm its preliminary benchmarking value. 

Table 4. 7: IDR for the damage states used in the FAST method (DS1, DS2, DS3) and the limit states used in 

Chapter 3 (DL, LS) 

 DL LS DS1 DS2 DS3 

IDR (%) 0.19 2.00 0.18 0.39 1.01 
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Figure 4. 9: Fragility curves for DS1, DS2 and DS3 using the Nepal FAST methodology and DL and LS limit 

state using a detailed analytical approach in Chapter 3. 

The fragility curves derived with the Nepal FAST method are significantly more conservative 

than the numerical curves. This is to be expected due to the approximate nature of the approach. 

There is a robust matching between DS2 and DL limit state with a η value of 0.248 g and 0.245 

g. DS2 is compared to DL as both represent a low level of damage that does not impede the 

use of the structure. Previous studies have drawn this equivalence (Kallioras et al., 2019). It 

should be noted that both DS2 and DL limit state represents the point at which the masonry 

infills degrade. It can be seen from Figure 4.9 that the Nepal FAST methodology gives a 

slightly larger β value, which is to be expected due to the higher level of variability in the FAST 

method caused by varying parameter values (τcr, IDR1, IDR2, IDR3). The η value of the LS 

limit state (0.644 g) from Chapter 3 substantially exceeds that of the DS3 from this study (0.366 

g). This is due to the previously mentioned conservative nature of the FAST methodology. The 

parameters that form each of the fragility curves in Figure 4.9 are summarised in Table 4.8. 

 

 

Table 4. 8: Fragility parameters for fragility curves from the numerical and FAST approach. 

 DS1 (FAST) DS2 (FAST) DS3 (FAST) 
DL 

(Numerical) 

LS 

(Numerical) 

η (g) 0.091 0.248 0.366 0.245 0.644 

β 0.3211 0.2795 0.1900 0.205 0.211 

4.3.2 Assessing Risk. 

Using the same risk assessment method applied in Section 3.6.2, we can use the fragility curves 

from the FAST method applied to the Pahar Trust School and the hazard maps from Stevens et 

al. (2018) to assess the risk to the schools across Nepal. The hazard curve at each geographical 

point is interpolated from the two data points provided, as outlined in Section 3.2.1. The 

integration is carried out using Equation 3.14. Figure 4.10, Figure 4.11, and Figure 4.12 show 

the annual probability of exceeding DS1, DS2, and DS3, respectively.  
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Figure 4. 10: Annual probability of Pahar Trust school template design exceeding DS1 based on the FAST 

method. 

 

Figure 4. 11: Annual probability of Pahar Trust school template design exceeding DS2 based on the FAST 

method  
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Figure 4. 12: Annual probability of Pahar Trust school template design exceeding DS3 based on the FAST 

method  

It can be seen from Figure 4.10 that the annual probability of exceeding DS1 is 0.12 on parts 

of the southern edge of Nepal, with most of the country having an annual probability of 

exceeding DS1 of over 0.05. Although the FAST methodology has various conservative 

assumptions, this risk assessment for DS1 far exceeds typically acceptable values. Figure 4.11 

and Figure 4.12 show a maximum annual probability of exceedance of 0.02 and 0.01 for DS2 

and DS3. This is far greater than what might be considered acceptable. 

Table 4. 9: Comparison of risk values (mean annual frequency of exceedance) at the five most populated cities 

in Nepal 

 FAST Method Numerical Risk (Chapter 3) 

 DS1 DS2 DS3 DL LS 

Kathmandu 0.0851 0.0143 0.0068 0.0140 0.0022 

Pokhara 0.0730 0.0120 0.0056 0.0117 0.0018 

Lalitpur 0.0477 0.0091 0.0044 0.0029 0.0003 

Biratnagar 0.0187 0.0030 0.0011 0.0034 0.0004 

Birgunj 0.0211 0.0035 0.0014 0.0091 0.0014 

Table 4.9 shows the risk levels from this chapter and Chapter 3 at the 5 most populous cities 

in Nepal. As stated previously, DL sits between DS1 and DS2 in terms of IDR, and LS exceeds 

DS3. In Kathmandu, it can be seen that for DS2, the risk value is 0.0143 compared to the 

numerical risk value from Chapter 3, which gives a value of 0.0140 for DL. This shows a very 

small difference. The DS3 value in this study shows a mean annual frequency of 0.0068 

compared to the LS of Chapter 3, which shows a MAF of 0.0022. This difference can be 

attributed to the conservative nature of the FAST method. Many factors result in the FAST 

method being inherently conservative, including the assumption of a soft-storey plastic 

collapse of the ground floor, with the stiff, infilled walls failing first and the RC frame 

undergoing plastic failure later. Other assumptions include the assumption that after a design 

code is released, all structures are designed and constructed to that code. Nepal has a problem 

with code compliance caused by over 80% of buildings being built by their owner (Dixit, 2004). 

This often results in low levels of quality assurance and code implementation. The FAST 

method has the potential to be improved by collecting more localised data on material 

properties and by quantifying code compliance. 
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4.4 Application of Nepal FAST to Ward-35 building database 

4.4.1 Gorkha 2015 earthquake. 

Details of the 2015 Gorkha earthquake and its effects on Nepal can be found in Section 2.2. 

On April 25th, 2015, a magnitude (MW) 7.8 earthquake struck Nepal at 06:11 UTM in the 

district of Lamjung in the Gandaki administrative zone, 77 km from the capital of Kathmandu 

(population 1.5 million). The earthquake was followed by three aftershocks of MW greater than 

6.0. They were at 06:15 am, and 06:45 am on April 25th, and 07:36 am on April 26th. Another 

significant event of MW 7.3 occurred at 07:05 am on May 12th, 2015, followed by another 

aftershock of MW 6.3 at 07:36 am (Lizundia et al. 2016). Figure 4.10 shows the peak ground 

acceleration (PGA) shake maps for the two main events (i.e., April 25th and May 12th) 

according to USGS (2018). These shake maps are obtained based on a single station recording 

located in the centre of Kathmandu (KATNP), more than 200 km from the event's epicentre. 

They do not provide a very detailed description of the shaking in the city's urban area. 

 

  

(a) (b) 

Figure 4. 13: PGA shake map of the earthquake event occurring on (a) April 25th, 2015 (Mw 7.8) and (b) 

May 12th, 2015 (Mw 7.3) (USGS 2018) and the location of Ward 35 buildings. 

Kathmandu’s metropolitan area is split into 35 administrative wards. This study uses data 

collected from Ward-35 (further details in Section 4.4.2), shown in Figure 4.13. For the primary 

event (Figure 4.13a), the PGA that the buildings experienced varies across Ward 35, with the 

parts of the ward closer to the airport experiencing a lower PGA. However, for the second event 

(Figure 4.13b), the PGA that Ward-35 experienced is similar according to the USGS shake 

map. 
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4.4.2 Building Database for Ward-35 

The damage database of Ward-35 of Kathmandu is a collection of 6869 RC frame buildings 

with masonry infills of fired clay brick (Marhatta et al., 2007). The database was assembled for 

cadastral and census purposes in Ward-35 of Kathmandu (Genesis Ltd, 2016). The damage was 

graded using the EMS-98 (Grünthal, 1998) grading system. See the aggregated damage data in 

Figure 4.14 and the disaggregated data considering the number of stories in Table 4.10. 

 

Figure 4. 14: Distribution of observed damage in Ward-35 Buildings 

 

Table 4. 10: Damage state by building height 

Class Number of Buildings DS0 [#] DS0 [%] DS1 [#] DS1 [%] DS2 [#] DS2 [%] 

RC total 6869 6693 97.43 172 2.434 11 0.147 

1-Storey 456 441 96.71 14 3.070 1 0.219 

2-Storey 1312 1267 96.57 42 3.201 3 0.229 

3-Storey 2951 2874 97.39 73 2.474 4 0.136 

4-Storey 2150 2111 98.19 37 1.721 2 0.093 

>5-Storey 361 354 98.06 6 1.66 1 0.28 

The data was collected by Genesis Ltd (2016) for the Nepalese government months after the 

2015 earthquake and finalised in June 2016. Due to early reconstruction, any significantly 

damaged or collapsed buildings were not included in the database (the database was assembled 

for census purposes and not for post-earthquake damage evaluation). The damage evaluation 

is based on the limited photographic documentation available for each building in the database, 

which is not highly reliable but still a useful preliminary testbed for the Nepal FAST method. 

Ward-35 of Kathmandu did not suffer significant damage, as shown by documentation 

collected in post-earthquake reconnaissance reports (e.g., Goda et al., 2015; Gautam and 

Chaulagain 2016; Build Change Org, 2016, Gautam et al., 2015; Lizundia et al., 2016; Shakya 
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and Kawan 2016). Most of the buildings are of recent construction, with 16% of buildings built 

since 2010 when the new NBC was released with advice on improved construction practices. 

Almost 40% of the buildings in the database were constructed between 1994 and 2010. This 

means they were built after the release of NBC 1994. Only 2.8% of the buildings surveyed 

were built before 1994. However, more than 40% of the buildings could not have their age 

determined (i.e., na), as shown in Figure 4.15a. Genesis collected information on the age of 

construction, the number of storeys (Figure 4.15b) and the presence of roof tanks (Figure 4.15c) 

that can affect the vulnerability of the structure significantly, as seen in many post-earthquake 

reports (e.g., Shakya and Kawan 2016). The ratio in-plan (LX/LY) for each building (i.e., the 

shape factor of the circumscribing rectangular shape around the building footprint) is provided 

in the database and is shown in Figure 4.15d. LX/LY is a fundamental variable used in the 

FAST method (De Luca et al., 2017). 

The buildings range from one storey to eleven storeys, with 70% being three to four storeys. 

This matches well with the number of storeys for which the FAST method was previously 

calibrated (De Luca et al., 2015). Other sources for Nepal, such as Chaulagain et al. (2015), 

report a similar range of heights. This height range is because the owners build most buildings 

for their own family, not multiple resident apartment complexes seen in other countries. 

According to the World Housing Encyclopedia (Marhatta et al., 2007), most buildings in Nepal 

are square or rectangular in plan. This matches the data in Figure 4.15d, with 82% having an 

in-plan ratio of 1-2. Databases such as De Luca et al. (2015) used to calibrate the FAST method 

in the Mediterranean area are predominantly square or rectangular. The Nepalese buildings 

often have large balconies, which may mean that these ratios seem smaller than they are. Only 

130 (1.9%) of the buildings are classified as having "Soft Storeys", but this datum was not used 

since the Genesis database of Ward-35 did not allow a strict structural interpretation of this 

condition. I.e., distinguishing between soft-storey configuration only on the front side of the 

building or full pilotis configuration (e.g., Kappos et al. 2006; Verderame et al. 2011). Of much 

more significant concern is that 94% of the buildings had roof water tanks (Figure 14.5c). These 

tanks cause substantial increases in the building mass on the highest level. They are supported 

using non-designed supports that are typically not earthquake resistant and are unaccounted for 

in the building design stage. As the water tank volume is not quantified, it is impossible to 

account for this in the Nepal FAST methodology. 
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(a) (b) 

 

 

(c) (d) 

Figure 4. 15: Bar charts of (a) age of buildings in the database, (b) number of storeys, (c) the presence of 

roof tanks, (d) in-plan ratios for the buildings as collected from GIS (LX/LY) 

4.4.3 Application of FAST Nepal to Ward-35 of Kathmandu 

The Nepal FAST method is then applied to the building database for Ward-35 of Kathmandu. 

The FAST analysis was performed assuming a distribution of damage states laid out in Section 

4.2.3, an updated τcr distribution in Section 4.2.4, and an updated relative contribution of RC 

(α) as laid out by Section 4.2.5. For the estimation of Cdesign (i.e., the inelastic design 

acceleration coefficient of the bare RC structure), an assumption was made based on the 

building's age of construction (see Figure 4.15a). As the mandatory rule of thumb introduced 

in 2010 (UNDP, 2010) did not affect the design spectrum of the NBC 105 (1994), the Sa,d(T) 

is assumed equal to 0.08 g for all buildings. The value of Rα (the structural redundancy factor) 

and Rω (the over-strength material factor) were taken respectively equal to 1.0 and 1.0 for 

buildings where the age was not available (na in Figure 4.15a) and pre-1994 buildings (no-

code buildings). Rα and Rω were taken respectively equal to 1.0 and 1.45 for 1994-2010 

buildings. This assumption considers the steel overstrength guaranteed by industrial quality 

control (IS 456, 1978; De Luca et al., 2014; Galasso, 2014). After 2010, 1.1 and 1.45 were used 

for Rα and Rω due to the release of the Nepal Department of Urban Development and Building 

Construction (UNDP, 2010) guidelines and a greater degree of code compliance. 1.1 is the Rα  
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used in previous FAST studies (De Luca et al. 2014) and based on Borzi and Elnashai (2000).  

The Monte Carlo simulation was run for 100 iterations for each building, with the variable 

parameters being τcr, α, DS1, DS2, and DS3. The Monte Carlo simulation results from each 

building were used to form a fragility curve for each building in the database. 

4.4.4 Comparison with Damage Data 

The FAST analysis was performed for each of the structures, with the mean value of the 100 

iterations being taken to define the required PGA to exceed a specific damage state for each 

particular building. The damage state for each of the structures in response to the April 2015 

Gorkha Earthquake can then be computed and is shown in Table 4.11 and Figure 4.16. These 

values can then be directly compared to the observed damage states shown in Table 4.10. It 

can be noted that the buildings that have exceeded DS3 have not been separated from those 

that exceeded DS2. This is because the Ward-35 database does not separate buildings that have 

exceeded DS2 and DS3. Therefore, to directly compare results, DS2 and DS3 have been 

considered together. As expected, the Nepal FAST methodology tends to overestimate the level 

of damage in the buildings. This is particularly evident in structures of four storeys or more. 

This is due to some of the conservative assumptions made in the Nepal FAST methodology. 

However, the method still accurately captures the dominance of DS0. 

Table 4. 11: Damage state by building height for the Ward-35 buildings using the FAST method 

Class Number of Buildings DS0 [#] DS0 [%] DS1 [#] DS1 [%] DS2 [#] DS2 [%] 

RC total 6869 3919 57.05 2585 37.63 364 5.30 

1-Storey 456 455 99.78 1 0.22 0 0 

2-Storey 1312 1281 97.63 26 1.98 5 0.38 

3-Storey 2951 1736 58.86 1186 40.21 27 0.91 

4-Storey 1789 445 24.87 1259 70.37 85 4.75 

>5-Storey 361 1 0.27 113 31.30 247 68.4 

 

   

(a) (b) (c) 
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(d) (e) (f) 

Figure 4. 16:  Distribution of damage for (a) total data set, (b) 1-storey Buildings, (c) 2-storey Buildings, 

(d) 3-storey Buildings and (e) 4-storey Buildings, (f) 5+ storey Buildings obtained from the deterministic 

version of the FAST method. 

Comparing Table 4.10 and Table 4.11 for the >5-storeys class (i.e., 5-storeys or higher), FAST 

predicts that the number of buildings in DS1 is 113 and in DS2 is 247. This is greater than the 

actual numbers of 6 for DS1 and 1 for DS2. For 4-storey structures, the FAST method predicted 

655 buildings for DS1 and 38 for DS2. This was an overestimate as the database had 31 

buildings exceeding DS1 and 1 exceeding DS2. The FAST method tends to underestimate 

damage for a lower number of storeys as compared to the values for the 1-storey and 2-storey 

classes. This underestimation is because FAST cannot account for the differences in 

compliance with codes and good practices for a single-storey building compared to a multiple 

storey building. The latter trend has some counterparts in Mediterranean practice. It explains 

the general phenomenon that analytical approaches underestimate one-storey buildings' 

vulnerability and overestimate multiple-storey buildings (e.g., De Luca et al., 2017). 

4.4.5 Fragility Curves FAST-Nepal 

Fragility curves were obtained through Monte Carlo simulation with τupdated, IDR1, IDR2, 

IDR3, and α varying for each iteration of each building of the dataset. The Monte Carlo 

simulation ran 100 iterations for each building, and then the fragilities were obtained for DS1, 

DS2, and DS3. For each damage state, the mean (μ) and the mean plus and minus one standard 

deviation (σ) were obtained, as shown in Figure 4.17. In Figure 4.17d, the mean fragilities for 

the 3 damage states are represented together. The fragilities are compared with the PGA values 

for the May 12th (0.16 g) and April 25th (0.28 and 0.32g) Gorkha earthquakes (see Figure 

4.13). The value of 0.28g for the April 25th earthquake is represented in Figure 4.17d. The 

results obtained account implicitly for the predominant design approach observed in Ward-35, 

and they reflect the differences in design as assumed in Section 4.4.2. 
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(a) (b) 

  

(c) (d) 

Figure 4. 17: Fragility curves for (a) DS1, (b) DS2, (c) DS3 associated with the buildings in the database 

presented in Section 4.4.2 and (d) the comparison of the mean of the class for all the three DSs compared 

with the maximum PGA as obtained from the shake maps in Figure 4.13 

Recent PSHA studies carried out by Stevens et al. (2018) have shown Ward-35 to have a 475-

year return period earthquake (10% probability in 50 years) of 0.64 g. This would lead to a 

45% probability of exceeding DS3, a 60% probability of exceeding DS2, and an 80% 

probability of exceeding DS1. Due to the conservative nature of some of the assumptions of 

the FAST methodology, this can be considered a worst-case scenario. Still, it far exceeds the 

probability of exceedance thresholds set out in European regulations (Pinto et al., 2014). Such 

PSHA studies and the consequences suggested by these fragilities, if these events were to be 

realised, can bring into question the validity of having a design anchorage PGA value for 

Kathmandu of 0.35g (NBC 105, 2020). 
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4.5 Comparison of Ward-35 

The fragility curves from the FAST methodology on Ward-35 can now be compared to other 

fragility curves. Figure 4.18 compares the fragility curves from the numerical assessment in 

Chapter 3 and the FAST results on Ward-35. It can be seen that the Ward-35 data has a 

significantly larger β value. This uncertainty in the FAST results can be attributed to the FAST 

method being applied to 100 varying iterations of 6869 buildings, and the results are then 

averaged. In contrast, the Pahar Trust analysis uses a detailed finite element model applied to 

various ground motions. It should also be noted that the two models do not use the same shear 

cracking (τcr) strength of masonry. The Pahar Trust model uses a significantly lower value. 

This results in the η value for the fragility curves of the Pahar Trust structure being lower than 

if the two studies had used the same τcr value. 

 

Figure 4. 18: Fragility curves for DS1, DS2 and DS3 using the Nepal FAST methodology on Ward-35 and 

DL and LS limit state using a detailed analytical approach in Chapter 3.  

Giordano et al. (2021) presents fragility curves for Nepalese schools formed of RC frames with 

masonry infills. These fragility curves are derived from empirical data collected by the World 

Bank (2020) SIDA (Structural Integrity and Damage Assessment) project. This dataset 

contained the damage data of 17,595 schools after the Gorkha 2015 earthquake. Figure 4.19 

compares the Giordano et al. (2021) fragility curves and the fragility curves from Section 4.4. 

It can be seen that both of the sets of fragility curves have a relatively high β value. This is 

likely because both fragility curves have been derived from a varying building catalogue. We 

can see that the fragility curves from Giordano et al. (2021) indicate a higher probability of 

exceeding DS2 and DS3 at all PGA values (i.e. more fragile). There are a number of reasons 

the Giordano et al. (2020) results may show higher levels of fragility. As the Giordano results 

are based on buildings all over Nepal, there may not be as code-conforming buildings as Ward-

35. Furthermore, many of the buildings in Ward-35 are relatively new, with 56% of buildings 
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being built since 1994. This means they are more likely to have been designed to a more modern 

code.  

 

Figure 4. 19: Fragility curves for DS1, DS2 and DS3 using the Nepal FAST method on Ward-35 and DS2 

and DS3 from Giordano et al. (2021)  

Chaulagain et al. (2016a) carried out a non-linear analysis on a finite element model of a 

building. Further details of this study can be found in Section 4.2.2. In Figure 4.20a, the fragility 

curves of these non-engineered structures are compared to the pre-94 fragilities from the FAST 

analysis in Section 4.4.5. The assumption can be made that as NBC 105 (1994) was not released 

until 1994, the buildings built before this were not code compliant. Figure 4.20a shows that the 

FAST-Nepal method closely matches DS3 and extensive damage in Chaulagain et al. (2016a). 

It can be seen that the FAST method predicts the buildings to be significantly less likely to 

exceed moderate damage (i.e. DS2) compared to Chaulagain et al. (2016a). Chaulagain et al. 

(2016a) also provide the fragility curve for the collapse limit state. As expected, this limit state 

requires a significantly higher PGA to exceed DS3 from the FAST-Nepal method.  

Figure 4.20b shows the comparison of the FAST-Nepal results from buildings constructed 

between 1994 and 2010 and Chaulagain et al. (2016a) NBC structure. The NBC building is 

specified as one designed according to NBC 105 (1994). It can be seen that relative to the 

Chaulagain et al. (2016a) results, FAST-Nepal underestimates the fragility for the moderate 

damage limit state (i.e. DS2) and overestimates the fragility for the extensive damage limit 

state (i.e. DS3).  

Finally, the comparison is made for the post-2010 case, as shown in Figure 4.20c. Chaulagain 

et al. (2016a) specify the final category of building to be NBC+, which relates to the building 

being designed to NBC 105 (1994) and UNDP (2010). This is the same assumption specified 

in Section 4.4.3 for the post-2010 buildings. It can also be seen that FAST-Nepal 
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underestimates the fragility for the moderate damage limit state (i.e., DS2) and overestimates 

the fragility for the extensive damage limit state (i.e. DS3), as was the case with the 1994 to 

2010 case. 

   

(a) (b) (c) 

Figure 4. 20: Fragility curves for DS1, DS2 and DS3 using the Nepal FAST methodology on Ward-35 and 

moderate, extensive, and collapse from Chaulagain et al. (2016a) for (a) Pre-94 structures, (b) 94-10 

structures, (c) Post-10 structures 

 

4.6 Conclusions 

The spectral-based FAST method is modified for the regional case of Nepal. A comparison is 

then carried out using numerical fragilities from Chapter 3. Damage data relating to reinforced 

concrete infilled buildings in Ward-35 of Kathmandu was used as a testbed to make a first 

validation of the method.  Damage data from Ward-35 is not the best possible benchmark for 

the Nepal version of FAST. The data collection was not carried out immediately after the event 

as it was carried out for census purposes. Hence, further benchmark literature comparisons 

were carried out. However, the database still provides a preliminary insight into the 

methodology's accuracy for its application in Nepal. 

The FAST method has previously been calibrated for European seismic events using direct 

damage comparison with field data in the cases of Lorca 2011 (De Luca et al., 2014), Emilia 

2012 (Manfredi et al. 2014) and Central Italy 2016 (De Luca et al., 2017) earthquakes and in 

terms of fragility curves for the case of L'Aquila 2009 earthquake (De Luca et al., 2015). 

Compared to other spectral-based analytical approaches for vulnerability estimation, it has the 

main advantage of using several parameters calibrated from experimental data to account for 

the buildings' regional characteristics. The analysis can be performed quickly, avoiding any 

finite element modelling of the structure or building class. 
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In this study, the FAST methodology was modified for the Nepalese case using localised data 

of the shear cracking strength (τcr) and updating the prior log-normal distribution to get an 

updated distribution for τcr. The IDR for DS1, DS2 and DS3 were updated based on Cardone 

and Perrone's (2015) data. The available ductility (μs) was updated using analytical pushover 

analyses on Nepalese RC with masonry infill buildings from Chaulagain (2016b), with the 

assigned μs value varying based on the age of the building (and therefore likelihood of it being 

considered as engineered). Finally, the RC frame's relative contribution to the lateral resistance 

at the peak lateral load (α) was updated using recent work on the relationship between τcr and 

α (Scala et al., 2020). 

The Nepalese version of the FAST method was applied to a 2-storey RC with infill building 

from Chapter 3. The modified parameters listed above were used except for τcr, where the value 

from Chapter 3 was used to allow a like-for-like comparison. The results showed a strong level 

of matching (0.248 g and 0.245 g) between the damage-limitation limit state and DS2, which 

both represent the point at which the masonry infills degrade. At the life-safety limit state, it 

was shown that the FAST methodology was considerably more conservative than the numerical 

fragilities. This can be expected due to the conservative assumptions made throughout the 

FAST method. 

The Nepalese version of the FAST methodology was then applied to the building database for 

Ward-35 of Kathmandu. Although the FAST method accurately captured the dominance of 

DS0, it still overestimated the level of damage relative to the observed level from the database. 

This could be due to the FAST methodology's conservative nature but could also be due to the 

data being collected by Genesis Ltd (2016) for the Nepalese government months after the 2015 

earthquake for census purposes. Some of the more heavily damaged buildings could have been 

repaired by that point. The FAST method overestimated the level of damage for one and two-

storey structures. This is a common occurrence for analytical approaches (De Luca et al., 2017) 

and can be attributed to smaller buildings being less likely to be code conforming. 

Finally, the fragility curves derived using the FAST method on the Ward-35 building database 

were compared to fragility curves from literature. The first comparison was against empirical 

fragility curves from Giordana et al. (2020). These fragility curves were derived from damage 

data on over 17,000 RC with infill schools from across Nepal. The results showed that the 

fragility curves from the FAST method found the buildings to be more robust relative to the 

empirical fragilities. There are several possible reasons for this, including the age and, 
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therefore, the construction quality of the buildings in Ward-35. The ward-35 fragilities were 

then compared to numerical fragilities from  Chaulagain et al. (2016a). The fragilities were 

split up based on which code they were designed to. The ward-35 buildings were therefore split 

up dependent on which code they were likely designed to, based on the age of construction. 

The FAST method underestimated the fragility relative to the numerical fragility. This is likely 

due to conservative assumptions, such as when a building is designed to a code, it is designed 

to the lowest permissible capacity. 

The FAST method is an established vulnerability evaluation method used for the rapid 

assessment of building stock to assess RC buildings' vulnerability with masonry infills. After 

modifying some of the parameters to make it more suitable for the Nepalese context, it was 

validified with analytical fragilities and collected damage data. These comparisons showed that 

the methodology was generally conservative relative to the collected and analytical data but 

was generally more accurate a capturing low-level damage. The findings of this study imply 

that the building stock in Ward-35 of Kathmandu would experience significant structural 

damage in the event of a large earthquake.
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Chapter 5: Numerical-experimental validation of modelling strategy 
of irregular stone masonry 

 

Part of this chapter is based on the following reference:  

Cross T, De Luca F, De Risi R, Camata G, and Petraca M, (2022) Micro-modelling of stone 

masonry template buildings as a strategy for seismic risk assessment in developing countries. 

Currently under Review1 

  

This chapter aims to validate the application of masonry micro-modelling for the case of 

irregular stone masonry with mud mortar. Irregular stone masonry with mud-mortar is the most 

frequently used construction technique, with 43% of Nepalese buildings being formed of mud-

bonded masonry, as shown in Figure 2.1.  This is achieved by first considering previous studies 

which have applied this method to regular brick masonry with cement mortar. A continuous 

micro-model of a set of regular brick masonry piers will be used to verify that the micro-model 

has a shear response similar to previous studies (Magenes et al., 2020). The material properties 

of the brick unit will then be updated for the case of stone using properties from CNR-DT 

212/2013 (2014). The shear capacity of these piers will then be compared to those calculated 

using a code-based approach (CNR-DT 212/2013., 2014). A comparison of irregular masonry 

pier capacities will then be carried out using a micro-model, analytical code-based model and 

experimental results from Senaldi et al. (2018). This will be carried out on a squat and slender 

pier. A comparison of the effect of a regularisation process will be carried out for the case of 

irregular stone masonry to assess the effect of irregular geometry on the shear capacity. The 

objectives of this chapter are as follows: 

• Review current uses of continuous micro-modelling to model the capacity of masonry 

piers and structures. 

• Develop a continuous micro-model of a regular masonry pier and ensure the shear 

response matches previous studies (Magenes et al., 2020). 

 

1 The first authors contribution included: methodology, data curation, analysis , data visualisation and writing. 

Co-authors reviewed and supervised the work 
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• Update models from current literature for the case of stone blocks with cement mortar 

and validate these using a code-based analytical assessment method (CNR-DT 

212/2013., 2014) 

• Validate masonry micro-modelling for the case of stone irregular masonry with cement 

mortar. This is validated by comparing the masonry micro-model with analytical 

models (CNR-DT 212/2013., 2014) and using experimental work from Senaldi et al. 

(2018). 

• Investigate the effect of using an equivalent regular masonry approximation to evaluate 

the importance of replicating the irregular geometry for an irregular masonry wall. This 

will be done by comparing the shear capacity of the two numerical models and the 

experimental results. 

5.1 Background of masonry modelling 

Due to the non-linear response of masonry and high levels of residual damage, modelling 

masonry can be a highly complex process. The use of performance-based design has 

significantly increased the demand for accurate masonry models for use in static pushover 

analysis and non-linear dynamic analysis. The heterogeneous nature of masonry results in 

extensive material properties being required for both the mortar and the unit to model the 

masonry accurately. Furthermore, information about the arrangement of these materials is 

necessary to model the masonry accurately.  

Modelling techniques for masonry can be largely separated into three categories. These are 

detailed micro-modelling, simplified micro-modelling and macro-modelling (Angelillo et al., 

2014). Micro-modelling considers the geometry and material properties of the units and the 

mortar and uses constitutive laws to assess the response of the masonry. This is the most 

computationally demanding modelling technique but gives the most accurate results when 

correctly applied. Micro-modelling can be further separated into detailed and simplified micro-

models where detailed micro-models consider the mortar brick interface explicitly. This is 

shown in Figure 5.1. Macro-modelling considers masonry as a homogeneous material, where 

the material properties can be found from experimental tests on wallettes of that masonry 

typology. 
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Figure 5. 1: Modelling techniques for masonry walls (a) detailed micro-modelling (b) simplified micro-model 

(c) macro-model (Cross et al., 2021) (Inspired by Figure from Lourenço, (1996)) 

Simplified micro-modelling, also called meso-modelling, was first developed by Page (1978), 

who proposed a finite element (FE) model where elastic brick elements were separated by 

linkage elements that simulated the mortar joints. These linkage elements were assumed to 

have a very high compressive strength with non-linear deformation characteristics, low tensile 

strength and shear strength dependent on the bond strength and the amount of compression. 

The material properties for this model could be obtained through a uniaxial test on the brick 

and a masonry panel. This model was further improved by Lotfi and Shing (1994) to simulate 

the initiation and propagation of interface fractures (cracks). This was achieved through a 

dilatant interface constitutive model. Snyman and Martin (1992) first proposed a dilatant 

interface model to model discontinuities leading to interface fractures. This model also 

accounts for histories of opening, closing and sliding of the fractures. Micro-modells can be 

split up into continuous micro-models and mesoscale masonry models. Mesoscale models 

typically represent the stone or brick as an elastic material, and the non-linearity is concentrated 

in boundary elements between the brick elements (Macorini et al., 2013). Continuous micro-

models have now been developed such that both the mortar and the brick follow and 

tension/compression damage model. Further details on how this is implemented can be found 

in Section 2.6.3.2. This damage model requires input parameters shown in Table 5.1. These 

material properties can be found by carrying out material tests on the constituent parts of 

masonry. The material tests for mortar and brick/stone are typically less extensive and require 

less heavy machinery relative to material tests of masonry wallettes. Further details on the 

material tests can be found in Section 2.4.1. 

Table 5. 1 Parameters required for tension/compression damage model for masonry constituents 

Material Property Symbol 

Young’s modulus E 
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Tensile strength ft 

Tensile fracture energy Gt 

Compressive elastic limit fc0 

Compressive peak strength fcp 

Compressive residual strength fcr 

Compressive strain at peak strength ep 

Compressive fracture energy Gc 

 

Since the development of this tension/compression damage model (Petracca et al., 2017), it has 

been applied numerous times in literature (Abdulla et al., 2017; Siano et al., 2018). It has 

typically been used for regular brick masonry, and therefore a series of comparisons must be 

carried out to validate it for irregular stone. These comparisons will be carried out using 

experimental results (Senaldi et al., 2018) and code-based analytical capacities (CNR-DT 

212/2013., 2014).  

5.2 Comparison of the Analytical and Numerical Capacity of a Regular Brick and Stone 

Masonry Pier 

5.2.1 Regular Brick Masonry Pier 

An initial comparison of a standard brick masonry pier with cement mortar is carried out. These 

specific piers have been modelled in literature with several different modelling approaches 

using various software (Magenes et al., 2020). The three piers all act as a cantilever with no 

constraints at the top. The horizontal and vertical load is applied to the top as a line load. Table 

5.2 shows the geometry of these piers. The comparison is carried out for brick masonry with 

cement mortar, despite the fact it has been carried out previously, to verify that the finite 

element model responds similarly to previous studies.  

Table 5. 2. The geometry of three piers used for initial validation of masonry micro-modelling with regular 

brick masonry 

 Specimen 1 (Square) 
Specimen 2 

(Slender) 
Specimen 6 (Squat) 

Height (m) 2.5 2.5 2.5 

Length (m) 2.5 1.25 5 

Depth (m) 0.5 0.5 0.5 
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The masonry micro-model is implemented using STKO. STKO (Scientific Toolkit for 

Opensees) is a GUI for opensees which generates input files for opensees allowing the creation 

of complex geometries, making it particularly suitable for masonry structures.  STKO also 

implements paralisation technologies to allow large opensees models to be implemented over 

multiple processors, dramatically decreasing runtime. STKO also improves the model's 

efficiency using a bespoke recorder, allowing improved methods to inspect results before 

simulations are completed. An initial comparison is carried out on a two-dimensional (2D) vs 

three-dimensional (3D) model to confirm that a 3D model is not required for this initial 

validation. The response of the 3D model is identical to the 2D model, so a 2D model is used 

for this section to save on computational demand. The masonry pier is fixed in both rotation 

and displacement at the bottom. The top level has an equal degree of freedom for all degrees 

to replicate typical experimental setups. As there is no fixed restraint at the top level, the shear 

height is taken as the height of the pier for the analytical approach.  Both the brick and mortar 

are implemented to the finite element (FE) model using the quad element and DamageTC3D 

(Petracca et al., 2017), further details on this material can be found in Section 2.4.3.2. The 

material properties used are given in Table 5.3, taken from (Magenes et al., 2020). An 

implicit/explicit (also referred to as implex) integration scheme is used for the non-linear 

constitutive model (Oliver et al., 2008). The implicit/explicit integration method has been 

shown to significantly reduce the run time for the continuous micro-modelling of masonry 

(Petracca et al., 2021). Unlike the discrete element method (DEM), continuous micro-

modelling does not provide a provision for element detachment, such as frictional effects once 

detachment has occurred. Interface elements are not used in continuous micro-modelling but 

have been implemented in the discrete element method, which account for frictional sliding 

(Lemos, 2007). 

Table 5. 3 Material properties used for the first stage of micro-modelling validation. Taken from (Magenes et 

al., 2020) 

 Brick Mortar 

Young’s Modulus (GPa) 5 0.35 

Poisson’s Ratio 0.15 0.15 

Tensile strength (MPa) 1.00 0.085 

Tensile fracture energy 

(N/mm) 
0.08 0.015 
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Compressive elastic limit 

(MPa) 
0.8 0.8 

Peak compressive strength 

(MPa) 
2.67 2.67 

Residual compressive 

strength (MPa) 
0.1 0.1 

Strain at peak strength 0.01 0.03 

Compressive fracture energy 

(N/mm) 
0.6 10 

 

The initial check is carried out to ensure that the single brick masonry pier has a capacity similar 

to the shear capacity calculated from a code-based approach. The flexural capacity of the pier 

is calculated using the analytical code-based method given in CNR-DT 212/2013. (2014) and 

shown in Equation 5.1. Vpf is the flexural shear capacity, calculated from the ultimate moment 

capacity (Mpf) and the shear height (h’). As this pier has no constraints at the top, the shear 

height is taken to be equal to the height of the pier. Mpf can be calculated in Equation 5.2, where 

l and t are the pier's length and thickness, respectively, σ0 is the average normal compressive 

stress given by Equation 5.3 where N is the vertical load, and fm is the average compressive 

strength of the masonry.  This analytical approach is carried out with normal vertical stress 

values ranging from 0% to 100% of the compressive strength for each pier detailed in Table 

5.2. In Equation 5.2 the 0.85 is a stress block approximation first derived for an RC beam in 

flexure (Whitney, 1937) and is applied to masonry piers in structural codes such as CNR-DT 

212/2013. (2014) and section 7.8.2.2.1 in NTC-2018 (MIT, 2018). 

𝑉𝑝𝑓 =
𝑀𝑝𝑓

ℎ′
 (5.1) 

𝑀𝑝𝑓 = 0.5𝑙
2𝑡𝜎𝑜 (1 −

𝜎𝑜
0.85𝑓𝑚

) (5.2) 

𝜎𝑜 =
𝑁

𝑙𝑡
 (5.3) 

 

The ultimate shear capacity is calculated using Equation 5.4 from CNR-DT 212/2013. (2014) 

for the case of  “irregular masonry or when, even in the presence of regular texture, the blocks 
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are weaker than the mortar”. In Equation 5.4, ft is the tensile strength of the mortar and τ0 is 

the shear strength under no compressive load. b is given by Equation 5.5. 

𝑉𝑡 = 𝑙𝑡
1.5𝜏0
𝑏

√1 +
𝜎0
1.5𝜏0

= 𝑙𝑡
𝑓𝑡
𝑏
√1 +

𝜎0
𝑓𝑡

 (5.4) 

𝑏 =
ℎ

𝑙
 (5.5) 

For the case of the regular brick masonry piers detailed in Table 5.2, the shear height is equal 

to the height of the pier. The compressive strength of the masonry is taken from CNR-DT 

212/2013. (2014). 

These formulations are used to find the shear capacity relative to the vertical load and are shown 

in Figures 5.2b, 5.2d, and 5.2f for the square, slender and squat piers, respectively. These 

figures show the analytical flexural capacity with and without the stress block approximation 

implemented by the codes.  A pushover is then carried out on the three numerical models with 

a range of vertical loads. These pushover curves can be seen in Figures 5.2a, 5.2c, and 5.2e.  

The peak shear capacities from the numerical models are plotted in Figures 5.2b, 5.2d, and 

5.2f. It can be seen from the pushover curves that the greater the vertical load, the lower the 

displacement at failure. It also shows that the greater the vertical load, the lower the initial 

stiffness. The square pier shown in Figure 5.2b has a robust matching between the numerical 

and analytical capacities. The numerical results sit between the VFlex with the stress block 

approximation and the Vflex without the stress block approximation. The numerical model of 

the slender pier (specimen 2) (Figure 5.2d) also has a substantial degree of matching with the 

analytical model. The squat pier (specimen #6) (Figure 5.2f) successfully shows that due to the 

shear failure mechanism being activated, the capacity is significantly below the analytical Vflex, 

however, it does not entirely reduce to the level of the analytical shear capacity (Vshear). 
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(a) (b) 

  

(c) (d) 

 

 

(e) (f) 

Figure 5. 2: (a) SPO of square pier with varying vertical compression ratios. (b) Numerical and analytical 

capacities for square pier. (c) SPO of slender pier with varying vertical compression ratios. (d) Numerical 

and analytical capacities for slender pier. (e) SPO of squat pier with varying vertical compression ratios. (f) 

Numerical and analytical capacities for squat pier. 

The material damage can indicate the cracking pattern and hence can be used to identify the 

failure mechanism. Further information on the material damage parameter can be found in 

Section 2.4.3.2.  Figure 5.3a shows that damage profiles for the square wall with a vertical 

stress equal to 10% of the compressive strength. It can be seen the failure mechanism is flexural 

for the specimen, with the vertical load equal to 10% of the compressive strength. This is 

indicated by tensile cracking at the bottom left corner of the pier and compressive crushing at 

the right corner of the pier, and the rest of the pier acting as a rigid body. Figure 5.3b shows 

the damage pattern for the same panel with the vertical stress equal to 60% of the compressive 

strength. It can be seen the pier undergoes significantly more diagonal shear cracks. This failure 

mechanism is typically a property of the geometry, loading and boundary conditions, with more 

squat piers more likely to exhibit diagonal shear cracking failure. A fixed condition at the top 

level will reduce the pier's shear height and make a diagonal shear failure mechanism more 

likely. In a situation where both shear and flexural failure occur simultaneously, this is called 
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hybrid failure. Figure 5.3c shows specimen #2 (slender) with a vertical stress equal to 10% of 

the compressive strength. It can be seen that this is a nearly purely flexural failure with minimal 

diagonal shear cracking. Figure 5.3d shows specimen 2 with a vertical stress equal to 38% of 

the compressive strength. It shows the failure mechanism is still flexural, but a small about of 

shear cracking has started in the compressive corner of the pier. Figure 5.3e shows a hybrid 

failure mechanism with roughly equal amounts of diagonal shear cracking and flexural shear 

cracking, however, in Figure 5.3f, when the vertical stress is increased to 38% of the 

compressive strength, diagonal shear cracks dominate the failure mechanism. 

 

  

(a) (b) 

  

(c) (d) 
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(e) (f) 

Figure 5. 3: Damage patterns for (a) Specimen #1 with a vertical stress of 10% of the compressive strength, 

(b) Specimen #1 with a vertical stress of 60% of the compressive strength, (c) Specimen #2 with a vertical 

load of 10% of the compressive strength, (d) Specimen #2 with a vertical load of 38% of the compressive 

strength, (e) Specimen #6 with a vertical load of 10% of the compressive strength. (f) Specimen #6 with a 

vertical stress equal to 38% of the compressive strength 

 

This validation of the brick masonry pier ensures the FE model responds similarly to previous 

studies (Magenes et al., 2020). This validation of the implementation is carried out using the 

results from  Magenes et al. (2020), who also used STKO and got results the same as the model 

presented in this study. It also ensures that the numerical model correctly captures the piers 

shear capacity and identifies the failure mechanism accurately.  

5.2.2 Regular Stone Masonry Pier 

The material properties of the brick are modified using stone parameters from CNR-DT 

212/2013. (2014). The same verification is carried out. This allows the verification that a 

regular stone wall with cement mortar has a similar capacity when assessed using the 

continuous micro-model and a code-based analytical approach. The stone properties were taken 

for the “squared stone masonry” from CNR-DT 212/2013. (2014). This gave a compressive 

strength of masonry of 700 N/mm2 and shear strength of 0.105 N/mm2. Therefore, the ft will 

be 0.1575  N/mm2 using Equation 5.6 from CNR-DT 212/2013. (2014). The same SPO analysis 

was completed using the material properties shown in Table 5.4 for the piers detailed in Table 

5.2. 

𝑓𝑡 = 1.5𝜏0 (5.6) 

Table 5. 4 Material properties used for validation of micro-modelling of regular stone masonry with cement 

mortar 

 Stone Mortar 

Young’s Modulus (GPa) 15 0.35 

Poisson’s Ratio 0.15 0.15 
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Tensile strength (MPa) 3.00 0.1575 

Tensile fracture energy (N/mm) 0.08 0.015 

Compressive elastic limit (MPa) 0.8 0.8 

Peak compressive strength (MPa) 7.00 7.00 

Residual compressive strength (MPa) 0.1 0.1 

Strain at peak strength 0.01 0.03 

Compressive fracture energy (N/mm) 1.8 10 

 

Figures 5.4a, 5.4c and 5.4e show the pushover response for the three piers detailed in Table 

5.2. Figures 5.4b, 5.4d and 5.4f show how the peak shear capacities compare to those calculated 

using CNR-DT 212/2013. (2014). As with the regular brick masonry, there is a close matching 

in the shear capacity of the pier with a varied vertical load. When the failure mechanism is 

dominated by a flexural failure, according to the analytical calculation, the numerical capacity 

typically lies between the Vflex line and the Vflex with stress block approximation line, as shown 

in Figure 5.4. Although the reduction in capacity caused by the Vshear line is captured, the 

numerical model does not fully capture the shear failure, and the failure mechanism shows a 

hybrid failure mechanism. 

 

 

(a) (b) 
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(c) (d) 

 

 

(e) (f) 

Figure 5. 4:  (a) SPO of stone square pier with varying vertical compression ratios. (b) Numerical and 

analytical capacities for stone square pier. (c) SPO of slender stone pier with varying vertical compression 

ratios. (d) Numerical and analytical capacities for slender stone pier. (e) SPO of squat stone pier with 

varying vertical compression ratios. (f) Numerical and analytical capacities for squat stone pier. 

 

 

 

 

(a) (b) 
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(c) (d) 

 

 

(e) (f) 

Figure 5. 5: Damage patterns for (a) Specimen 1 with a vertical compression ratio (VCR) of 10%, (b) 

Specimen 1 with a VCR of 60%, (c) Specimen 2 with a VCR of 10%, (d) Specimen 2 with a VCR of 40% of 

the compressive strength, (e) Specimen 6 with a VCR of 10%, (f) Specimen 6 with a VCR of 40% 

The cracking pattern can be observed using the material damage as with the brick piers. It can 

be seen in Figure 5.5a that, as with the brick masonry wall, at low levels of vertical 

compression, the failure mechanism is almost purely flexural. Figure 5.5b shows that when the 

vertical compression is increased to 40% of the compressive strength, the failure mechanism 

is a shear flexural hybrid, as indicated by the diagonal shear cracks and the tensile cracking in 

the bottom left corner. Figure 5.5c shows that the slender pier exhibits a predominantly flexural 

failure under low vertical load and a hybrid failure when the vertical compression ratio 

increases to 40%, as shown in Figure 5.5d. Finally, it can be seen in Figures 5.5e and 5.5f that 

the squat wall shows diagonal shear cracks at both 10% and 40%, as expected based on the 

analytical approach. 
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This section has reproduced the numerical SPO results for a regular masonry wall from 

Magenes et al. (2020). This showed the continuous micro-model has a shear response that 

corresponded to previous studies. The material properties were modified to correspond to 

values given by CNR-DT 212/2013. (2014). The analytical capacity was found using the 

equations provided by CNR-DT 212/2013. (2014). This showed the continuous micro-

modelling of a regular stone masonry wall accurately captured the peak shear resistance of the 

piers. The damage patterns were then used to show that the micro-model correctly identified 

the failure mechanism of the piers.  

5.3 Comparison of the Numerical, Analytical and Experimental Capacity of an Irregular 

Stone Masonry Pier 

5.3.1 Experimental Campaign  

Experimental tests on masonry piers are used to validate this modelling technique. A similar 

approach was carried out by Malomo et al. (2019), where the pushover response and failure 

mechanism were compared to experimental results for a squat and slender pier. The 

experimental campaign used for this study was carried out by Senaldi et al. (2018) at the 

University of Pavia, to investigate the seismic risk to natural stone buildings in Basel, 

Switzerland. A series of four pseudo-static cyclic pushover tests were carried out on irregular 

stone masonry piers. Two of the piers were squat, and two were slender. Key details of the 

piers are given in Table 5.5. Two hydraulic actuators were used to induce a vertical load. 

Details of the vertical load for each of the piers are shown in Table 5.5. Once the required 

vertical load had been achieved, a fixed rotation was maintained using hybrid control of the 

vertical actuators, whereby they would maintain a constant combined axial load, and the two 

actuators would have a displacement that was equal to each other (hence fixed rotation). With 

a fixed vertical load, a cyclic pseudo-static horizontal load is applied with the pattern shown in 

Figure 5.6. These cyclic displacements are applied until completion or until the specimen fails. 

The peak displacement in each of the four piers is shown in Table 5.5. The four piers were 

formed of irregular stone masonry with cement mortar. A 10 mm layer of hydraulic lime plaster 

followed by 5 mm of non-hydraulic lime plaster was applied to one side of the wall to allow 

the cracking pattern to be clearly observed. 
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Table 5. 5: Geometry, loading and peak displacement of experimental tests carried out by Senaldi et al. (2018) 

 CT01 CT02 CS01 CS02 

 Squat Squat Slender Slender 

Dimensions 

(mm) 

Length 1150 1150 600 600 

Height 1450 1450 1800 1800 

Depth 300 300 300 300 

Vertical loading 

σ/fc=0.3 

fc=1.3 N/mm2 

σ=0.39 N/mm2 

UDL = 117 

N/mm 

σ/fc=0.2 

fc=1.3 N/mm2 

σ=0.26 N/mm2 

UDL = 78 N/mm 

σ/fc=0.3 

fc=1.3 N/mm2 

σ=0.39 N/mm2 

UDL = 117 

N/mm 

σ/fc=0.45 

fc=1.3 N/mm2 

σ=0.585 N/mm2 

UDL = 175.5 

N/mm 

Peak displacement 

 

θmax=1.75% 

25.4 mm 

θmax=3% 

43.5 mm 

θmax=5% 

90 mm 

θmax=3% 

54 mm 

 

(a) (b) 

Figure 5. 6 Lateral displacement applied to the (a) Squat piers (CT01 and CT02) (b) Slender piers (CS01 and 

CS02),(adapted from Senaldi et al. (2018)) 
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(a) (b) 

 

 

(c) (d) 
Figure 5. 7 (a) Experimental setup of irregular stone masonry squat pier (Senaldi et al., 2018) (b) 

Continuous micro-model of squat pier (c) Experimental setup of irregular stone masonry slender pier 

(Senaldi et al., 2018) (b) Continuous micro-model of slender pier 

The key material properties required for the analytical calculation of the shear capacity of a 

masonry pier are the compressive strength of mortar (fm) and the tensile strength of mortar (ft). 

These values are obtained from a series of 44 tests on mortar prisms (Guerrini et al., 2017) 

taken as part of the same experimental campaign as the pushover of the piers. 

Each mortar sample was split into three prisms, each measuring 160 mm x 40 mm x 40 mm. A 

three-point flexural bending test was carried out on each of the samples. The supports were 

positioned 120mm apart, and the load was applied at the mid-point. The tensile strength of the 

mortar was then found using Equation 5.7, where Fmax,i is the peak vertical load of the ith 
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sample, and Wi is the elastic section modulus of the ith sample. The average of the three prisms 

from each mortar sample are taken. The results of the 44 mortar samples are shown in Figure 

5.8a. The mean value is 0.6, with a coefficient of variation of 23%. It should be noted that this 

tensile strength is significantly higher than what is typically found in mortar. CNR-DT 

212/2013. (2014) gives tensile mortar values ranging from 0.039 MPa to 0.525 MPa. It should 

be noted that these values are mean values however CNR-DT 212/2013. (2014) does provide 

a standard deviation. For the assessment of capacity, the mean value is used however, a 

characteristic value is typically used for design purposes. 

  

(a) (b) 

Figure 5. 8 Results of (a) tension and (b) compression tests of mortar prisms (recreated using data from 

Guerrini et al., 2017) 

𝑓𝑚𝑡 =
1

3
∑  

3

𝑖=1

𝐹𝑚𝑎𝑥,𝑖ℓ

4𝑊𝑖
 (5.7) 

The compression tests are carried out on the remaining mortar stubs from the flexural tests. 264 

mortar prisms are tested, each with a 40 mm x 40 mm cross-sectional area. Each of the 44 

mortar specimens has 6 sub-samples, and they are tested under compression with the peak 

vertical resistance being recorded. The average of the six sub-samples is used as the 

compressive strength of that sample. The results of the compression tests are shown in Figure 

5.8b, where the average is 1.75 N/mm2, and the coefficient of variation is 28%. This 

compressive strength lies inside the expected values from literature which range from 1.4 MPa 

to 7 MPa (CNR-DT 212/2013., 2014). 

The two irregular masonry piers from Senaldi et al. (2018) are developed into detailed masonry 

micro-models as outlined for the regular masonry in Section 5.2. Note that all stones must be 

converted to an appropriate equivalent quadrilateral, and the dimensions must be rounded to 

the nearest 10 mm to allow a constant mesh of 10 mm x 10 mm. A fixed rotation condition is 



Seismic risk assessment through non-linear time-history analysis of template buildings in 

Nepal: RC with infills and masonry 

144 

 

applied to the top level of the pier to replicate the condition applied to the experimental work. 

The pushover is carried out with a vertical stress ranging from 0.13 MPa to 0.65 MPa. Although 

a cyclic analysis is carried out in the experimental work, a SPO is carried out on the numerical 

model to find the peak strength for comparison with the analytical approach. Once the vertical 

loading has been applied, a constant vertical load is maintained. 

The analytical code-based approach in Section 5.2 is applied to these piers where the fm value 

is 1.75 MPa, ft is 0.6 MPa, and t is 300 mm. The analytical capacities are shown in Figure 5.9a 

and Figure 5.9b for the squat and slender pier. It should be noted that the Vshear is not shown on 

the figure as the values are significantly higher than the flexural values and, therefore not 

relevant for this comparison. The analytical capacity is shown with and without the stress block 

approximation. Further details on this can be found in Section 5.2. 

 

 

(a) (b) 

Figure 5. 9: The shear capacities of the experimental, numerical and analytical model for the (a) 

slender (CS01 and CS02) and (b) squat piers (CT01 and CT02) 

It can be seen in Figure 5.9 that there is a strong level of matching between the numerical, 

analytical and experimental shear capacities. The numerical model over estimates the shear 

capacity relative to the analytic at low vertical loads. The analytical assumes no tensile strength 

in the mortar, whereas the numerical model assumes a tensile strength of 0.6 MPa. It can be 

seen that for the slender pier, the numerical model strongly agrees with the analytical model 

however the experimental lies slightly higher. The experimental has a shear capacity that is 

3.1% higher than the numerical at a vertical load of 0.39 MPa (CS01). The experimental shear 

capacity is 11.6% higher than the numerical at a vertical load of 0.58 MPa (CS02). The 

comparisons are shown in Table 5.6. For the slender piers (CT), there is a very close matching 

between the experimental and numerical. For the slender pier with a vertical load of 0.26 MPa 

(CT02) the experimental is 2.7% higher than the numerical. For the slender pier with a vertical 
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load of 0.39 MPa (CT01) the experimental is 5.7% lower than the numerical. It should be noted 

that the close matching the micro-modelling and the analytical approach brings into question 

the necessity of micro-modelling. The analytical expression does not have the provision for a 

flexible roof structure and the interaction between masonry walls and RC bands. These details 

are explained further in Sections 6.2.3 and 6.2.4. 

Table 5. 6 Analytical, numerical and experimental shear capacities of masonry piers detailed in Senaldi et al. 

(2018) 

 

Analytical shear 

capacity (CNR-DT 

212/2013., 2014) (kN) 

Numerical shear 

capacity (kN) 

Experimental (Senaldi et 

al., 2018) shear capacity 

(kN) 

CT01 (Squat) 82.9 86.5 89 

CT02 (Squat) 60.8 68.7 65 

CS01 (Slender) 18.2 18.4 19 

CS02 (Slender) 23.3 23.8 27 

In the experimental campaign conducted by Senaldi et al. (2018), a 10 mm layer of hydraulic 

lime plaster was overlaid with 5 mm of non-hydraulic lime plaster. This allowed the 

observation of the cracking pattern, as shown in Figures 5.9a and 5.9c. Figure 5 shows the 

numerical and experimental cracking pattern for CT01 and CS01 specimens in Senaldi et al.'s 

campaign. CT01 is chosen for comparison as this is the only experimental specimen to display 

diagonal shear cracking. It can be seen from Figure 5.10 that the numerical model accurately 

captures the diagonal shear cracks. The experimental specimen shows diagonal cracks in both 

directions due to the cyclic load applied. Figures 5.10c and 5.10d show the experimental and 

numerical cracking for CS01. The numerical model of CS01 accurately captures the flexural 

failure mechanism of the slender column. Based on the correct identification of the shear 

capacity and failure mechanism for these four irregular stone masonry piers, the continuous 

element micro-modelling has been validified against Senaldi et al.'s experimental results for 

the case of irregular stone masonry. CS02 and CT02 both indicated hybrid failure mechanisms 

where slight diagonal shear cracks are evident, but the failure mechanism is dominated by a 

flexural failure mechanism. 
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(a) (b) 

  

(c) (d) 

Figure 5. 10: Cracking pattern for (a) CT01 (experimental) (b) CT01 (numerical) (c) CS01 

(experimental) (d) CS01 (numerical) (experimental figures have been obtained from Senaldi et al. 

(2018)) 

This section has used analytical and experimental results to validate the continuous micro-

modelling for the case of irregular stone masonry. Experimental work carried out by Senaldi 

et al. (2018) was used as a benchmark case. A numerical model was created using the 

approximate dimensions of the experimental piers. An SPO analysis was carried out on the 

slender and squat pier for a range of vertical loads. The analytical shear capacity was calculated 

using CNR-DT 212/2013. (2014). The numerical and analytical models used material 
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properties from Guerrini et al. (2017), who carried out material testing as part of the same 

experimental campaign as Senaldi et al. (2018). The results showed good matching between 

the analytical and numerical results however, the numerical shear capacity values at low 

compressive strength were higher in the numerical approach as the analytical approach does 

not consider the tensile strength of mortar. The experimental peak shear values closely matched 

the numerical results, with the shear capacity for CS02 being 11% higher than the numerical 

value. This is likely due to the natural variability in masonry, and this level of discrepancy is 

considered acceptable in a material with such a great variation. 

The cyclic pushover is carried out for the irregular continuous micro-model to allow a visual 

comparison with the experimental cyclic response. As the raw data is not provided by Senaldi 

et al. (2018) it is not possible to overlay the data. Figure 5.11a shows the experimental cyclic 

pushover of CS01 with the envelope indicated in red and Figure 5.11b shows the numerical 

cyclic pushover with the envelope shown in red. It can be seen that there is a close matching 

between the two envelopes however the experimental setup indicated a significantly higher 

level of plasticity with respect to the numerical model. It should be noted that the cyclic 

pushover is not taken to 5% for the numerical model due to convergence issued however it can 

be seen that the drift exceeds 1% drift which is typically beyond code-based drift capacity for 

masonry piers (CNR-DT 212/2013., 2014). 

  

(a) (b) 

Figure 5. 11 Comparison of the cyclic response of the slender pier (a) experimental results from Senaldi et al. 

(2018) (b) result from irregular continuous micro-model 

5.4 Equivalent Regular Masonry Wall 

The final part of the masonry modelling technique validation ensures that there is no significant 

difference in response between a regular and irregular masonry pier. Measuring every stone in 
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a building is not feasible, so an approximation must be made. A regularisation process is 

applied to the irregular masonry to create an equivalent regular masonry which has: 

1. Similar mortar to stone ratio 

2. Similar average size stone  

3. Similar average mortar thickness 

The regularisation method was applied by taking measurements from a diagram of the irregular 

masonry pier. These dimensions were then used to find the average mortar thickness, average 

stone size and stone-to-mortar ratio.  There is the potential to automate the laborious task using 

image processing technology, as demonstrated by Ibrahim et al. (2020). 

A micro-model of the two piers from Senaldi et al. (2018) is approximated using the three 

criteria above to evaluate the effect of using an equivalent regular wall. A summary of the three 

regularisation criteria is given in Table 5.7. It can be seen that the difference between regular 

and irregular are kept below 10% for all three of the requirements. Figure 5.12 shows the 

difference in the geometry between the regular and irregular masonry walls. 

Table 5. 7 Summary of geometric characteristics of the irregular and equivalent regular masonry walls. 

 Irregular wall Regular wall Difference 

Mortar thickness 19.1 mm 17 mm 5% 

Stone size 12003 mm2 11833 mm2 3% 

Stone to mortar ratio 3.00 2.83 7% 

 

  

(a) (b) 
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(c) (d) 

Figure 5. 12 Differences in the masonry layout for the regular and irregular piers. (a) Squat 

Irregular (b) Squat Regular (c) Slender Irregular (d) Slender Regular 
 

The material properties are kept constant between the regular and irregular piers. Figure 5.12 

shows the pushover curves, and it can be seen that there is little difference. Figure 5.12 also 

shows the experimental curves from Senaldi et al. (2018). It can be seen that they typically 

have a closely matching peak shear strength. The initial stiffness is very similar for CT01 (squat 

pier with a high vertical loading). The peak shear resistance for the irregular pier is 3.9% higher 

than the regular pier. It can be seen in the irregular pier that there is a significant redistribution 

of stresses which does not occur in the regular pier.  The irregular geometry can lead to a 

scenario where there is a more direct or less direct (dependant on the geometry) path for crack 

propagation. This can have an effect on stress redistribution. The tension/compression damage 

model applied to this model replicates the crack propagation using the tension and compression 

damage scalar indicated in Equation 2.33. This has been shown to capture the crack 

propagation for masonry accurately. The pushover for CT02 (squat pier with a low vertical 

loading) can be seen in Figure 5.12b. The equivalent regular model matches the initial stiffness. 

However, the equivalent regular model has a peak response that is 10.7% higher than the 

irregular model. For both slender piers (CS01 and CS02), the regular model has a slightly 
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higher elastic stiffness and a slightly higher peak shear capacity. The peak shear capacity for 

the regular model is 9.2% and 9.8% higher for CS01 and CS02, respectively. 

The experimental curves show a relatively close matching level considering the inherent 

variability of masonry structures. It can be seen that in CT02, the peak response is relatively 

closely matched between the experimental and the numerical curves. The numerical model of 

CT01 does not accurately capture the loss of strength in the experimental model. The 

experimental model experienced a gradual loss of strength in contrast to the numerical model, 

which experienced a sudden loss in strength followed by a gradually increasing shear strength. 

CT02 and CS01 show exceptionally good matching throughout the pushover curve. CS02 

generally shows good matching however the numerical results have lower initial stiffness. 

Overall it can be seen that the regularisation process does not have a significant effect on the 

pushover response of an irregular masonry pier. The elastic stiffness remained unchanged for 

the squat pier and slightly reduced for the slender pier. In the squat pier, the peak shear 

resistance is slightly lower than in the regular model. This may be expected as the squat pier is 

more likely to exhibit diagonal shea cracks. The regular model provides a more direct crack 

path for the diagonal shear cracks in comparison to the irregular model. The slender piers 

failure mechanism is a flexural failure where the layer of mortar at the top and bottom fails (as 

shown in Figure 5.10). This failure mechanism is less affected by the irregularity of the stones 

as long as there is a layer of mortar at the bottom layer. 

  

(a) (b) 



Chapter 5: Numerical-experimental validation of modelling strategy of irregular stone 

masonry 

 

151 

 

 

 

(c) (d) 

Figure 5. 13: Pushover of the regular and irregular masonry piers for (a) CT01 (b) CT02 (c) CS01 (d) CS02  

5.5 Conclusions 

This chapter aimed to validate the use of continuous micro-modelling for the case of irregular 

stone masonry with mud mortar using a combination of code-based analytical and experimental 

results. The initial stage of this verification was to ensure the continuous micro-modelling of 

brick masonry provided the same shear capacity as previous studies (Magenes et al., 2020). 

The material properties of the block were then updated using properties of stone masonry from 

CNR-DT 212/2013. (2014) to form a regular stone pier with cement mortar. The shear capacity 

of the numerical model was compared to the code-based analytical capacities calculated using 

CNR-DT 212/2013. (2014). The results showed that the numerical model accurately modelled 

the shear capacity when the failure mechanism was flexural. When the failure mechanism was 

shear, the numerical model overestimated the pier's lateral capacity, however it was 

significantly reduced relative to the flexural failure capacity. Using the material damage, we 

could observe the cracking pattern, which meant we could identify the failure mechanism. The 

numerical model correctly identified each piers' failure mechanism at a range of vertical 

compression ratios. 

The next validation stage was to create a continuous micro-model of an irregular stone masonry 

pier and verify the capacity relative to code-based analytical and experimental capacity. 

Experimental work carried out by Senaldi et al. (2018) was used as a point of comparison. The 

geometry from Senaldi et al. (2018) was roughly turned into a series of quadrilaterals for the 

micro-model. The material properties used for the analytical and numerical model were taken 

from a series of material tests carried out by Guerrini et al. (2017) as part of the same 

experimental campaign as Senaldi et al. (2018). The code-based analytical approach from 

CNR-DT 212/2013. (2014) was used to find the pier's shear capacity. The results showed a 
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strong level of matching between the analytical, numerical and experimental. The material 

damage was then used to identify the cracking pattern. These were compared to the observed 

cracking patterns in the experimental campaign, and it could be seen there was a strong level 

of matching between the two. 

Finally, a comparison was carried out on the necessity of accurately modelling the irregular 

geometry. A set of criteria were laid out for an equivalent regular wall. A continuous micro-

model of an equivalent regular wall was developed, and the pushover response was compared 

to the irregular. The results of this showed a similar peak response and similar elastic modulus.  

These verification steps have shown that using continuous micro-modelling for the case of 

irregular stone masonry accurately captures the pushover response, and it is not necessary to 

model all the irregularities in the wall, and instead, an equivalent regular geometry can be 

used.  
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Chapter 6: Seismic Risk Assessment for Masonry Health Centre 

 

Part of this chapter is based on the following reference:  

Cross T, De Luca F, De Risi R, Camata G, and Petraca M, (2022) Micro-modelling of stone 

masonry template buildings as a strategy for seismic risk assessment in developing countries. 

Currently under Review 1 

 

Objectives of this chapter 

This chapter carries out a seismic risk assessment for a template health centre formed of 

unreinforced masonry with mud mortar. Continuous micro-modelling will be used to model 

the health centre, and a static pushover (SPO) analysis will be used to obtain the pushover 

curve. This pushover curve will then be used to derive an equivalent single degree of freedom 

(SDOF) system. Non-linear time history analysis will then be used for both the multiple degree 

of freedom (MDOF) and SDOF models. Using the results of these analyses, fragility curves 

will be obtained. These fragility curves will then be integrated with seismic hazard curves from 

Stevens et al. (2018) to find the mean annual frequency of exceeding a given limit state. Finally, 

the mean annual frequency values will be compared to values from literature and codes as a 

reference point. 

The main objective of this chapter is to use the latest modelling methods to quantify the seismic 

risk to a template health centre. Pahar Trust provides the health centre design, and as it is a 

template structure, it could be recreated across Nepal. This research should quantify the seismic 

risk of using this design and inform Pahar Trust of the more appropriate locations to locate the 

health centre. By making a more informed decision on the use of this health centre, Pahar Trust 

will be making an active contribution to ensuring that Nepal’s infrastructure is more resilient 

to future earthquakes. The main objectives of this chapter are as follows: 

 

1 The first authors contribution included: methodology, data curation, analysis , data visualisation and writing. 

Co-authors reviewed and supervised the work 
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• Develop a detailed continuous micro-model of Pahar trust masonry health centre, using 

the modelling approach detailed in Chapter 5, accounting for the masonry, RC bands, 

and timber roof. 

• Use the SPO analysis to derive an equivalent SDOF model of the building. 

• Carry out NLTHA using 74 different ground motions. Incremental dynamic analysis is 

carried out on the SDOF model, and a cloud analysis is carried out on the MDOF model.  

• Compare the fragility curves from the cloud analysis on the MDOF system and the IDA 

on the SDOF to draw conclusions on the necessity of using the MDOF given the 

increased computational demand.  

• Benchmark the fragility curves against six different sets of fragility curves from 

literature.  

• Integrate the fragility curve with hazard curves from Stevens et al. (2018) to find the 

seismic risk to the structure at all points across Nepal. These risk values are then 

compared to benchmark values from codes and literature.  

6.1 Introduction 

Unreinforced stone masonry with mud mortar is one of Nepal's most common building 

materials due to its relative abundance of materials and ease of construction. This typically 

consists of locally-sourced boulders, rubble stone or semi-dressed stone and the mortar is 

commonly formed of mud. This building typology does not usually perform well seismically, 

as demonstrated by the fact most damaged and collapsed buildings after the 2015 Gorkha 

earthquake were formed of stone masonry with mud mortar (Bothara et al. 2016). In Nepal, 

more recently, in rural contexts, a nominal amount of reinforcement is added to stone masonry 

in horizontal reinforced concrete (RC) bands, as shown in Figure 6.1 (Schildkamp et al., 2021). 

Further details on these reinforced concrete bands can be found in Section 2.2. 
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Figure 6. 1: Irregular Nepalese stone mud masonry health centre with horizontal RC bands (Pahar Trust, 

2020) 

In Nepalese stone masonry, the stone is typically locally sourced, and the mortar is generally 

formed of locally sourced mud which adds additional uncertainty to the material properties. 

Regionally sourced experimental data is not very common. When available for Nepalese 

masonry (e.g., Adhikari & D'Ayala, 2019), they are typically for masonry assemblage instead 

of the individual masonry constituents (stone and mortar) and they refer to bricks rather than 

stone (e.g. Parajuli et al., 2020). 

Masonry is a notoriously complex material to model accurately due to its high concentration 

of irregularities and imperfections and highly non-linear deformation response. An irregular 

formation of masonry adds further geometric uncertainties to masonry modelling. A high 

variation in masonry workmanship further adds to the uncertainty (Giamundo et al., 2014). 

Pahar Trust is a non-governmental organisation (NGO) founded in the UK whose stated 

objective is to improve education, health, and sanitation for remote communities in Nepal. One 

of their methods of achieving this is constructing schools and health centres. Many NGOs use 

a template structure approach whereby a single design is replicated multiple times to reduce 

the project design costs. Furthermore, certain structures, such as schools, must conform to 

specific government guidelines (Nepal Department of Education, 2016). This approval process 

can be costly and time-consuming; hence a template design is used to avoid repeating the 

process for each project. Pahar Trust has provided a template design for a single-storey stone 

mud masonry building. This structure has nominal reinforcement in horizontal RC bands and 

a single reinforcing bar in each corner, further details on the nominal reinforcing requirements 

are set out in Section 2.2. This is shown in Figure 6.1. 

Previous studies have derived equivalent single degree of freedom (SDOF) models from 

detailed multiple degree of freedom (MDOF) numerical models. These SDOF models are used 

for cloud or incremental dynamic analysis (IDA) to derive fragility curves. The SDOF 

methodology significantly reduces the computational demand of the analysis; however, it relies 

on the assumption that the MDOF response is dominated by a global mode of deformation 

(Graziotti et al., 2016). The SDOF approach will not explicitly consider local failures that could 

occur due to dynamic loads in an NLTHA of an MDOF model. This paper will compare the 
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fragility results of an SDOF model and an MDOF model to quantify the effect of the SDOF 

idealisation. 

The continuous micro-modelling technique used in Cannizzaro et al. (2021), Petracca et al. 

(2017) and validated in Chapter 5 is used in this study to perform a series of non-linear time-

history analyses (NLTHA) on one of the Pahar Trust masonry template structures. The 

modelling technique was verified for irregular stone masonry in Chapter 5. A numerical model 

will then be developed for Pahar Trust's template health centre in stone masonry. 74 NLTHA 

will then be carried out to perform a cloud analysis and derive fragility curves. The fragility 

curve of a structure is the relationship between a ground motion intensity measure (PGA or 

Sa(T1)) and the probability of exceeding a given limit state (damage limit state or limit state for 

the prevention of collapse). Further details on fragility curves and different methods of deriving 

them can be found in Section 2.5.2. The fragility curves from this detailed micro-modelling 

approach will then be compared to those derived using an established SDOF idealisation 

approach. These fragilities will then be benchmarked against other fragility curves for Nepalese 

stone masonry structures from literature. Finally, the MDOF and SDOF fragility curves are 

integrated with the seismic hazard map of Nepal to quantify the seismic risk to the structure 

across an area of varying seismic hazard. 

6.2 Modelling Pahar Trust Health Centre 

Pahar Trust is a UK based charity that aims to improve education, health and sanitation in 

disadvantaged communities in Nepal. As part of this work, they carry out the construction of 

schools and health centres. Pahar Trust has provided the design of a single-story irregular 

masonry health centre. The design they provided is a template design that may be replicated 

across Nepal with only minor modifications based on site conditions and locally available 

materials. The building is made of locally available stone and mud mortar and is 2.74 m tall 

(not including the roof). The roof is made from a series of timber trusses. The structure uses a 

series of three reinforced concrete (RC) bands at the sill, lintel and roof level. This is common 

practice in many rural buildings in Nepal (Schildkamp et al., 2019). The layout is shown in 

Figure 6.2a, where it can be seen that there is a six-inch seismic gap. The pounding assessment 

in Section 3.3 show that a two-storey RC building with masonry infills was not susceptible to 

pounding across a six-inch seismic gap. The pounding would occur if the interstorey drift ratio 

(IDR) exceeded 5.5% (6 inches drift over 2.74 m height) or both structures experienced 2.8% 

IDR and were out of phase. The masonry would undergo complete collapse before 2.8% IDR; 

therefore, pounding is not considered in this study. As it is assumed there is no structural 
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interaction between the two structures on each side of the seismic gap, this study will only 

consider the structure to the left of the seismic gap, as indicated in green in Figure 6.2a. Figure 

6.2b shows one of Pahar Trust's completed health centres in Gumlek, 33 miles south-east of 

Pokhara. 

 
(a) 

 
(b) 

Figure 6. 2:  (a) Room plan of Pahar Trust template health centre. The building highlighted in green is used 

for this study (b) Photograph of Gumlek Health Centre (Pahar Trust, 2020) 

6.2.1 Mud Mortar Properties 

As the validation in Chapter 5 was carried out using irregular stone masonry with cement 

mortar, appropriate mud mortar properties must be selected using literature. A wide range of 

compressive and tensile strength values of mud mortar are available in literature. A selection 

are shown in Table 6.1. Many studies only present a tensile or compressive strength. In these 
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cases, an assumption is made that the compressive strength is a factor of 35 greater than the 

tensile strength, as shown in Equation 6.2, an asterisk indicates these in Table 6.1. Where the 

reference has provided the shear strength Equation 6.1 from CNR-DT 212/2013. (2014) is used 

to find the tensile strength. This value is a typical relationship between compressive and tensile 

from values in CNR-DT 212/2013. (2014). It should be noted that the compressive strength 

ranges from 0.036 MPa to 1.8 MPa, and the tensile strength ranges from 0.001 MPa to 0.048 

MPa. This high variability level will likely be due to a combination of varying testing 

procedures, sample preparation, mortar component (i.e. different types of mud), and testing 

rigour. 

𝑓𝑡 = 1.5𝜏0 (6.1) 

𝑓𝑚 = 35𝑓𝑡 (6.2) 

Table 6. 1: Tensile and compressive strength values for mud mortar from literature. *indicated Equation 6.1 

has been used to calculate that value. 

Tensile strength (MPa) Compressive strength (MPa) Reference 

0.027* 0.96 Build change (2019) 

0.0029* 0.1 Sonda et al. (2019) 

0.02 2.4 Adhikari & D’Ayala (2019) 

0.001 0.036* Kuinkel et al. (2019) 

0.0053 0.83* Parajuli & Kiyono (2015) 

0.04* 1.4 Mishra, (2018) 

0.014* 0.5 NBC-110:1994. (1994)  

(Note: Lime mortar) 

0.048 1.8 World Bank (2019) 

 

In Table 6.1, the Nepalese building code (NBC-110:1994., 1994) gives a compressive value of 

0.5. This compressive strength value is indicated as a “Minimum Compressive Strength at 28 

days”, whereas a mean value is required for the numerical model. For the numerical model of 

the Pahar trust health centre, the values from Build change (2019) are used due to a high level 

of reporting on how the samples were created and tested furthermore, the values sit in the 

middle of the range with respect to the values shown in Table 6.1. 

These material property values are based on a series of five vertical compression tests by Build 

change (2019) on mud mortar cubes. The mud was taken from Dhulikhel near Kathmandu 

University, the sample was taken from 1.00 m below the ground. The samples were dried and 
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passed through a 2 mm sieve. The mud was then mixed with water with a water-mud ratio of 

0.31, this was on the advice of a local mason. The mortar was then formed into a series of 70.6 

mm cubes. These were then tested in a vertical compression rig. During the test, the area of the 

sample reduced by 6%, this final area was used to calculate the compressive strength. Table 

6.2 shows the results of the 5 tests, giving a mean compressive strength of 0.96 MPa and using 

Equation 6.2, a tensile strength of 0.027. 

Table 6. 2: Results of vertical compression tests on mud-mortar from Build change (2019) 

Sample Name 
Sample Weight 

(g) 

Vertical Load 

(kg) 

Compressive 

Strength 

(MPa) 

Distribution 

parameters 

(MPa) 

S1 505 450 0.97 

Mean=0.96 

 

C.o.V=0.29 

S2 500 330 0.71 

S3 460 500 1.08 

S4 460 620 1.34 

S5 470 310 0.67 

 

The elastic modulus of mud mortar is also required and could significantly impact the limit 

state displacement, although will not greatly affect the masonry strength capacity. Table 6.3 

summarises the elastic modulus for mud mortar from three previous studies.  

Table 6. 3 Elastic modulus values for mud mortar from literature 

Elastic modulus (MPa) Reference Comments 

33 (Parajuli, 2012) 11 samples 

207 (Pun, 2015) 
16 samples 

CoV=5.1% 

1170 (Mishra, 2018) 3 Samples 

 

6.2.2 Implementing the Masonry Walls 

The masonry walls were implemented into the FE model using the damage model (Petracca et 

al., 2016) outlined in Section 2.6.3.2.  A section of the masonry wall can be seen in Figure 6.3a. 

The material properties used in the FE model of the Pahar trust health centre are given in Table 

6.4. The tensile and compressive strength from Section 6.2.1 was used. Other material 

properties were found using upper and lower limits based on findings from literature (Drougkas 
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et al., 2016; Gil et al., 2016; Sambu Potty, 2013; Thirumalini et al., 2011; Rhee et al., 2019; 

Costigan et al., 2015; Molina et al., 2017; Oliveira et al., 2006; Petracca et al., 2017) and then 

an optimisation process was used such that the response shape matched that of the experimental 

campaign in Section 5.3.1. The final material properties are shown in Table 6.4. It should be 

noted that the non-linear properties of stone have little effect on the structure's response as it is 

highly unlikely the stone will exceed the elastic limit. Both the mortar and the stone continuum 

use ASDShellQ4 shell element, which uses the AGQ6-I formulation for the membrane 

properties (Chen et al., 2004) and the MITC4 formulation (Dvorkin et al., 1984) for the shear-

deformable bending part. The out-of-plane performance of the shell element has been validated 

experimentally for the case of masonry, where it was observed to have a close level of matching 

with out-of-plane SPO experimental walls for a masonry pier (Petracca et al., 2017). The 

masonry walls are assumed to be fixed in displacement and rotation at the ground level. Due 

to the Pahar trust health centre not having a rigid diaphragm a distributed mass is used across 

the face of the wall. The load of the masonry is taken as 22.00 kN/m3 as recommended by the 

Indian Standard (IS875-2010., 2010). A wall thickness of 350 mm is used to find a distributed 

mass of 784 kg/m2. Further details on the loading of the structure can be seen in Table 6.6. 

Table 6. 4: Material properties used for stone and mortar in masonry micro-model 

Material Property Symbol Stone Mortar 

Youngs Modulus E 15.5 GPa 55 MPa 

Tensile strength ft 10.97 MPa 0.0267 MPa 

Tensile Fracture energy Gt 0.366 N/mm 0.2 N/mm 

Compressive elastic limit fc0 35.5 MPa 0.3 MPa 

Compressive peak strength fcp 98.7 MPa 0.96 MPa 

Compressive residual Strength fcr 27.3 MPa 0.1 MPa 

Compressive strain at peak strength ep 0.015 0.03 

Compressive fracture energy Gc 120 N/mm 10 N/mm 

 

6.2.3 Reinforced Concrete Bands 

A series of three RC bands are integrated into the wall at the sill, lintel and roof level (i.e. the 

top of the wall). The RC band at sill level is 76 mm deep and has two 10 mm longitudinal 

reinforcing bars and an 8 mm u-hook shear link at 152 mm intervals. This is shown in Figure 

6.3b. The lintel and roof level RC bands are 152 mm deep, have four 10 mm longitudinal 

reinforcing bars, and 8 mm shear links at 152 mm intervals. The concrete used is assumed to 

be M20 (IS456-2000, 2000), as has been used in previous projects by Pahar Trust (refer to 

Section 3.2.2). The Indian standard (IS456-2000, 2000) states that M20 has a characteristic 

compressive strength of 20 MPa, a mean strength of 30 MPa and Young's modulus of 22.3 
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GPa. The reinforcing steel is assumed to be FE500 (IS 1786, 2008) with a yield strength of 500 

MPa and Young's modulus of 210 MPa. 

The RC bands are implemented into the FE model using a fibre section on a force-based beam-

column element (Taucer et al., 1991) using the Gauss-Lobatto integration method (Scott et al., 

2006). Further details on the modelling of reinforced concrete can be found in Section 2.3.4. 

The mean value for concrete strength was used, and the corresponding tensile strength of 3.8 

MPa was found using Equation 6.6 from IS456-2000 (2000). An equal degree-of-freedom 

condition was applied along the length of the beam-column element with the shell element 

above and below. 

 

 
(b) 

 
(a) (c) 

Figure 6. 3: (a) Section of the masonry wall with RC bands and roof connection (b) Detail of RC band at sill 

level (c) Detail of connection of timber roof and wall. 

6.2.4 Timber Roof 

The timber roof structure is implemented into the FE model using an elastic beam-column 

section. The timber is assumed to be Sal (Shorea Robusta) (NBC-112:1994., 1994) which has 

an elastic modulus (E) of 12.5 MPa. This model does not use a rigid diaphragm assumption  

that is often used for FE models. The timber member connections are conservatively assumed 

to be pinned. Previous studies have shown a lack of a rigid diaphragm can cause a significant 
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increase in the periods of the initial vibration modes (Langroudi et al., 2011). Furthermore, a 

rigid diaphragm ensures a global failure of the structure, which may not be the case for a single 

storey unreinforced masonry structure. The timber roof is shown in Figure 6.4, taken from 

STKO (Petracca, 2017b), the GUI used for pre-processing the finite element model. 

 

Figure 6. 4: Finite element model of Pahar Trust Health Centre taken from STKO  (Petracca, 2017b) 

6.2.5 Damping 

Rayleigh damping is used with a damping ratio of 1.5%. Literature studies, shown in Table 6.5, 

have shown, using experimental data, that masonry requires a significantly lower level of 

damping relative to reinforced concrete, which will commonly use 2% (Dolšek & Fajfar, 2001). 

Vanin et al. (2020) and Lemos (2019) complete studies on stone masonry and use Rayleigh 

damping with a damping factor from 1%-2%. 

 

Table 6. 5: Literature summary of damping ratios for masonry structures 

Suggested damping 

ratio 
Masonry typology Modelling typology Reference 

1% Stone, lime mortar 
Equivalent frame 

method 

(Vanin et al., 

2020) 

2% Stone, mortar 
Discrete element 

method 
(Lemos, 2019) 
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2% 
Clay Brick and lime 

mortar 
Macro-modelling 

(Graziotti et al. 

2003) 

6.2.6 Loading 

Accurate structure loading is essential for both the gravity loading and for calculating the 

dynamic loading on the structure. Where possible, the Nepalese building codes are used for 

loading. If the Nepalese building codes are not available, the Indian standard is used. A 

summary of the model loading is shown in Table 6.6. If a range of weights is given in the codes, 

the upper end of the range is taken conservatively. The vast majority (79.5%) of the structure's 

mass is due to the masonry walls. These masonry walls are 350 mm deep and are covered in 

plaster. The plaster is assumed to be non-structural and 25 mm deep. It should be noted that 

the lintel and top-level RC bands are 0.6% reinforcement, therefore a density of 24.2 kN/m3 is 

used for the density IS875-2010. (2010). The timber used is assumed to be Sal (Shorea 

Robusta). Sal is a hardwood commonly used for construction in Nepal. It has an elastic modulus 

of (E) of 12.5 MPa and a density of 865 kg/m3 (NBC-112:1994., 1994). The structure has a 

total mass of 117.4 tonnes and a total weight of 1152 kN. The values in Table 6.6 are applied 

to the finite element model as a series of area and line loads. The gravity analysis is carried out, 

and the sum of the vertical reactions at the end of the gravity analysis is equal to the structure's 

weight. This check is carried out to validate that the loads are applied correctly. 

Table 6. 6: Material properties and total weights for the Pahar trust health centre design. 

Material Units Value Area/Length Total Reference 

Stone mud 

masonry 
kN/m3 22.00 

Area of wall = 119.057 m2 

Depth of wall = 0.35 m 

Volume of wall = 41.67 m3 

916 

kN 

IS875-

2010. 

(2010) 

Plaster kN/m3 17.25 

Area of wall = 119.057 m2 

Depth of wall = 0.025 m 

Volume of wall = 2.98 m3 

51.3 

kN 

IS875-

2010. 

(2010) 

RC Bands 

(Lintel and 

Top Band) 

kN/m3 24.2 

Length = 110.57 m 

Width = 0.350 m 

Height = 0.152 m 

142.5 

kN 

IS875-

2010. 

(2010) 

RC Bands 

(Sill Band) 
kN/m3 24.2 

Length = 48.84 m 

Width = 0.350 m 

Height = 0.076 m 

31.4 

kN 

IS875-

2010. 

(2010) 
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Vertical strut 

(Timber) 
kN/m3 8.48 

Length = 9.60 m 

Width = 0.076 m 

Height = 0.076 m 

0.47 

kN 

NBC-

112:1994. 

(1994). 

Wooden Post kN/m3 8.48 

Length = 8.748 m 

Width = 0.101 m 

Height = 0.101 m 

0.76 

kN 

NBC-

112:1994. 

(1994). 

Inclined Strut kN/m3 8.48 

Length = 15.19 m 

Width = 0.101 m 

Height = 0.076 m 

0.99 

kN 

NBC-

112:1994. 

(1994). 

Rafter kN/m3 8.48 

Length = 30.4 m 

Width = 0.127 m 

Height = 0.101 m 

3.28 

kN 

NBC-

112:1994. 

(1994). 

Main Tie kN/m3 8.48 

Length = 18.16 m 

Width = 0.076 m 

Height = 0.127 m 

1.49 

kN 

NBC-

112:1994. 

(1994). 

Purlin kN/m3 8.48 

Length = 86.64 m 

Width = 0.076 m 

Height = 0.076 m 

4.24 

kN 

NBC-

112:1994. 

(1994). 

 

6.3 Demand Capacity Ratio 

A fragility curve is a cumulative distribution function that describes the probability of a 

structure exceeding a given capacity limit given a ground motion of a given intensity. Further 

details on fragility curves and how to derive them can be found in Section 2.5.2. The demand 

and capacity is given in terms of some given engineering demand parameters (EDP). There are 

many different EDPs used for fragility analysis, and they come under two broad categories, 

direct or processed. Direct EDPs can be calculated directly from the analysis results, such as 

displacement, interstorey drift, or chord rotation. Processed EDPs characterise the performance 

in terms of damage or structural performance. Examples of processed EDPs are damage index 

or damage spectra. 

6.3.1 Engineering Demand Parameters (EDP) 

The performance of an unreinforced masonry structure is evaluated, assuming that the local 

and global failure mechanisms are independent (CNR-DT 212/2013., 2014). The performance 

is assessed by first identifying the geometry of the piers and spandrels. The performance 
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indicators are then assessed using a multi-level damage approach. The three damage criteria 

are: exceedance of threshold levels of drift in piers and spandrels, inter-storey drift in individual 

walls and response on a global level relative to the capacity curve (i.e. a fraction of the max 

resistance on the pushover curve). In this study, the criteria laid out by CNR-DT 212/2013 

(2014) will be used to identify the damage limit state (SLD) and the limit state for the 

prevention of collapse (SLC). 

The Pahar trust health centre is to be assessed to damage limit state (SLD) and the limit state 

for the prevention of collapse (SLC) from the Italian Code for existing structures (CNR-DT 

212/2013, 2014). It should be noted that these are not the same as damage limitation (DL) and 

near collapse (NC) from Eurocode 8 Part 3 (EN 1998-3., 2005). The return period for the 

seismic action used in each limit state is detailed in Table 6.7. 

Table 6. 7: Return periods for seismic actions for limit states in the Italian code for existing structures (CNR-DT 

212/2013, 2014) and Eurocode 8 Part 3 (EN 1998-3., 2005) 

Italian Code Limit state 

(CNR-DT 212/2013, 

2014) 

Return 

period 

(years) 

Eurocode 8 part 3 Limit state (EN 

1998-3., 2005) 

Return Period 

(years) 

Damage Limit State 

(SLD) 
50 Damage Limitation (DL) 225 

Severe damage limit 

state (SLS) 
475 Significant Damage (SD) 475 

Limit State for the 

Prevention of Collapse 

(SLC) 

975 Near Collapse (NC) 2,475 

 

Assessing EDP first requires the micro-model to be divided into piers and spandrels. This has 

been subject to many approaches, as the equivalent frame method (EFM) relies on an accurate 

system of dividing the wall into piers and spandrels. Four different methods can be used to 

divide a façade into piers and spandrels. The first method is AVG, where the line defining the 

boundary of the pier travels from the corner of the opening to the corner of the façade or corner 

of the next opening. This can be seen in Figure 6.5a. The MIN criterion uses the minimum 

height of the masonry wall between two openings. This can be seen in Figure 6.5b. The LIM 

criterion is broadly the same as the AVG criterion. However, the inclination of the borderline 

of the pier is limited to 30o, as shown in Figure 6.5c. The final criterion is the LIN criterion 

which assumes a rigid lintel, and therefore, the boundary to the edge of the wall follows the 

same criterion as MIN. However, the same criterion as LIM is used between the openings, as 

shown in Figure 6.5d. Morandini et al. (2019) compared the effectiveness of the AVG criterion, 
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MIN criterion, and LIM criterion. They found that the AVG and LIM criteria produced a lower 

value for the maximum base shear. The MIN criterion resulted in a higher initial elastic stiffness 

and energy dissipation. Morandini et al. (2019) did not find that any criteria were more effective 

than another. The results were too sensitive to other parameters such as loading and masonry 

texture. 

  

(a) (b) 

  

(c) (d) 

Figure 6. 5 Different pier spandrel discretisation methods. (a) AVG (b) MIN (c) LIM (d) LIN (recreated 

based on a figure from Morandini et al., 2019) 

Malomo et al. (2019) carried out a study comparing the results of each of the four discretisation 

criteria with a discrete element method (DEM). The DEM is first validified against 

experimental work on two masonry piers, as with this study. One of which is slender and one 

of which is squat. After the experimental validation, eight irregular facades were created using 

the DEM and the EFM. For each layout, an EFM model was created with each criterion. The 

results showed that the MIN criterion was the most effective discretisation method to predict 

peak shear resistance. For this reason, we will use the MIN criterion as the discretisation 

method while assessing the EDP. 

6.3.2 Damage Limit state (SLD) 

Damage limit state (SLD) is defined as the level of damage in which the cost of damage is 

disproportionately high relative to the cost of the structure (EN 1998-1, 2004). In the Italian 

code for existing structures (CNR-DT 212/2013, 2014) damage limit state is referred to as 

“stato limite di danno” therefore the initialism of SLD is used to maintain consistency between 

this thesis and the Italian code. The damage limit state variable (YSLD) is defined by Equation 

6.3, where YSLD,S is the limit state variable at the structural element level (piers and spandrel), 

YSLD,M is the maximum interstorey drift in any wall or diaphragm. YSLD,G is the maximum ratio 



 

 

167 

 

of a control point's displacement to that control point's displacement at peak resistance on the 

pushover curve. 

𝑌𝑆𝐿𝐷 = 𝑚𝑎𝑥𝑌(𝑌𝑆𝐿𝐷,𝑆; 𝑌𝑆𝐿𝐷,𝑀; 𝑌𝑆𝐿𝐷,𝐺) (6.3) 

YSLD,S in Equation 6.3 is found using Equation 6.4, where ΣSLD,F is the percentage of spandrels 

in the building that have exceeded a threshold damage level. ΣSLD,F is given in Equation 6.5, 

where NF is the number of spandrels, H is the Heaviside function, Dj is the drift of the given 

spandrel, and Cj is the capacity of the given spandrel. If the demand of the spandrel (Dj) exceeds 

the capacity (Cj) the Heaviside function is equal to one, other it is equal to zero. The drift 

capacity of the spandrel (Cj) is given as 0.8%-1.2% in Table 3.3 in CNR-DT 212/2013 (2014). 

For this study, 0.8% is used due to the notoriously brittle response of mud mortar. 𝜏𝑆𝐿𝐷 is 

defined as a maximum accumulated permissible damage for the damage limit state (SLD). 

CNR-DT 212/2013 (2014) suggests a 𝜏𝑆𝐿𝐷 value of 3%. 

𝑌𝑆𝐿𝐷,𝑆 =
1

𝜏𝑆𝐿𝐷
max(Σ𝑆𝐿𝐷,𝐹, Σ𝑆𝐿𝐷,𝑀) (6.4) 

Σ𝑆𝐿𝐷,𝐹 =
1

𝑁𝑓
∑𝐻(

𝐷𝑗

𝐶𝑗
− 1)

𝑓

 (6.5) 

Σ𝑆𝐿𝐷,𝑀 =

∑ 𝐴𝑗𝐻 (
𝐷𝑗
𝐶𝑗
− 1)𝑚

∑ 𝐴𝑗𝑚
 

(6.6) 

The cumulative damage to piers, ΣSLD,M, is the percentage, weighted by the area of piers, that 

exceeds the capacity Cj, as shown in Equation 6.6. Aj is the area on plan of the relevant pier, H 

is the Heaviside function, Dj is the demand of the relative pier, and Cj is the capacity of the 

given pier at SLD. The drift capacity of the pier is 0.4%-0.8% if the failure is caused by bending 

and 0.25%-0.4% if the damage is caused by shear for SLD, as shown in Table 3.2 in CNR-DT 

212/2013 (2014). The damage pattern from the SPO showed the dominant failure mechanism 

to be shear. Hence 0.25% is used for the shear capacity of the piers. 

YSLD,G is the maximum ratio of the displacement of a control point relative to the displacement 

of the point at peak resistance in the static pushover analysis. Due to this structure not having 

a rigid diaphragm, this check will be carried out at all nodes at the structure's roofline (top of 

the masonry wall). The displacement at peak shear resistance is evaluated for each point in the 

x and y-direction. 
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6.3.3 Limit state for the prevention of collapse (SLC) 

The limit state for the prevention of collapse variable YSLC is calculated using Equation 6.7, 

where YSLC,S, YSLC,M and YSLC,G are the same limit state variables as for the damage limit state. 

𝑌𝑆𝐿𝐶 = 𝑚𝑎𝑥𝑌(𝑌𝑆𝐿𝐶,𝑆; 𝑌𝑆𝐿𝐶,𝑀, 𝑌𝑆𝐿𝐶,𝐺) (6.7) 

YSLC,S  is given by Equation 6.8, where τSLC is the maximum allowable damage for the Limit 

state for the prevention of collapse (SLC). A recommended value of 3% has been used 

previously (CNR-DT 212/2013., 2014). In Equation 6.8 ΣSLC,M is the percentage weighted by 

the area of piers that exceed SLC capacity, as per Table 3.2 in CNR-DT 212/2013 (2014). 

𝑌𝑆𝐿𝐶,𝑆 =
1

𝜏𝑆𝐿𝐶
Σ𝑆𝐿𝐶,𝑀 (6.8) 

YSLC,M is the limit state variable associated with the macro-elements and is defined using the 

same equation as the damage limit state (SLD) except θSLC,M is the drift threshold for SLC. This 

is given as 0.6% in Section 3.4.4 of CNR-DT 212/2013 (2014). YSLC,G is the limit state variable 

for the global displacement. This corresponds to the displacement of a control node when the 

overall shear resistance has been reduced by 60%. 

6.4 Single Degree of Freedom 

An established single degree of freedom (SDOF) approach is used to assess the fragility of the 

Pahar Trust Health Centre. This approach uses the response from a static pushover (SPO) to 

define the response of the SDOF model. The SPO curve is idealised using a multi-linear 

approximation. Due to the low computational demand of the SDOF model, an incremental 

dynamic analysis (IDA) can be used to derive fragility curves. Although the SDOF model 

significantly reduces the computational runtime of the analysis, it has several drawbacks with 

respect to the MDOF model. The SDOF cannot explicitly model the local failure mechanisms. 

Furthermore, the SDOF cannot model the interaction between the bi-direction displacement in 

the MDOF model. The SDOF model also cannot model the torsional effects, whereas this is 

accounted for implicitly in the MDOF model. This study seeks to quantify the effects of these 

assumptions on the final fragility curves of the two modelling approaches. 

6.4.1 Static Pushover Analysis 

A static pushover (SPO) analysis was independently carried out in the x and y-direction 

(longitudinal and transversal directions as indicated in Figure 6.6b). As there is no rigid 

diaphragm, the lateral load is applied in a pattern proportional to the masses. Due to the flexible 

roof structure, the choice of control node for the pushover will affect the final pushover curve. 

The point at the roof level of greatest displacement was used as a control node to avoid 
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structural instability. The material damage is made out of the tensile damage index (d+) and the 

compressive damage index (d-). These damage indexes range from 0 (completely intact 

material) to 1 (completely damaged material). Further details on how they affect the stress 

tensor can be found in Section 2.4.3.2. The material damage can be used to identify the cracking 

pattern in masonry. The material damage at the peak base shear can be seen in Figure 6.6 and 

6.7 for the pushover in the x and y-direction, respectively. The diagonal cracks imply a shear 

failure in the in-plane walls. The engineering demand parameters (EDPs) are calculated 

throughout the SPO to identify the point of the pushover curve where the capacity is first 

exceeded. That point of the pushover curve is then used on the SDOF model as the 

displacement capacity. The SPO is carried out independently in the x and y direction. This 

ensures that the capacity thresholds are based on a uni-directional loading allowing it to be 

compatible with the SDOF model. 

 

(a) 
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(b) 

Figure 6. 6: Material tensile damage (d-) where 0 indicates the material is undamaged, and 1 indicates 

complete failure of the material (cracking pattern) for the static pushover in the x direction  (a)  View in the 

X-Z plane. (b) 3D view 

 

(a) 

 

(b) 

Figure 6. 7: Material tensile damage (d-) where 0 indicates the material is undamaged, and 1 indicates 

complete failure of the material (cracking pattern) for the static pushover in the y direction  (a)  View in the 

X-Z plane. (b) 3D view 

6.4.2 Single-degree of Freedom (SDOF) Idealisation 

A quadrilinear and bilinear idealisation of the pushover curve are investigated. The quadrilinear 

idealisation is based on De Luca et al. (2013). The initial linear section is based on the secant 

stiffness of the pushover curve at 5% to 10% of the yield or peak base shear. The stiffness of 

the strain hardening section of the curve is such that the segment finishes at the peak strength, 

and the area difference is minimised between the two curves. The strain softening part of the 
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idealisation minimises the area difference in the strain softening section. Finally, a residual 

section is implemented if it improves the area difference criteria. A pinching hysteretic model 

is employed with degrading strength and stiffness. The SDOF is modelled using OpenSees 

using the pinching4 material. Full properties of the SDOF response and hysteretic model can 

be found in Table 6.8.  The quadrilinear idealisation in the x-direction and y-direction can be 

seen in Figure 6.8. The bilinear idealisation is based on an equal-area criterion and an intercept 

of the bilinear idealisation at 70% of the peak shear resistance, as shown in Figure 6.9. 

Table 6. 8 Properties of the Pinching4 uniaxial material (OpenSees, 2012) employed for SDOF approximation 

Property Symbol X-Pushover Y-Pushover 

Values defining force 

points on the positive 

response envelope 

[ePf1, ePf2, 

ePf3, ePf4] 

[788, 1059, 1007, 

1007] kN 

[961, 1292, 890, 

890] kN 

Values defining force 

points on the negative 

response envelope 

[eNf1, eNf2, 

eNf3, eNf4] 

[788, 1059, 1007, 

1007] kN 

[961, 1292, 890, 

890] kN 

Values defining 

deformation points on the 

positive response 

envelope 

[ePd1, ePd2, 

ePd3, ePd4] 

[0.817, 2.281, 

4.558, 10.040] mm 

[0.773, 2.477, 

6.394, 10.262] mm 

Values defining 

deformation points on the 

negative response 

envelope 

[eNd1, eNd2, 

eNd3, eNd4] 

[0.817, 2.281, 

4.558, 10.040] mm 

[0.773, 2.477, 

6.394, 10.262] mm 

Ratio of the deformation 

at reloading to the 

maximum historic 

deformation in the 

positive and negative 

direction 

rDispP/rDispN 0.5 0.5 

Ratio of the force at 

reloading to force to the 

maximum historic 

deformation in the 

positive and negative 

direction 

fForceP/fForceN 0.25 0.25 

Ratio of strength 

developed upon 

unloading from negative 

load to the maximum 

strength developed under 

monotonic loading 

uForceP/ 

uForceN 
0.05 0.05 
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As can be seen in Figures 6.8 and 6.9, although the bilinear is adequate for the case of the 

pushover in the x-direction where there is a low level of strength degradation, in the y-direction 

it can be seen there is a high level of strength degradation that is not captured by the bilinear 

approximation. For this reason, the quadrilinear approximation is used for the IDA. This 

quadrilinear idealisation is implemented in the SDOF model using the pinching4 model in 

OpenSees. A 1.5% damping ratio is used, as set out in Section 6.2.5, to be consistent with the 

MDOF model. 

  
(a) (b) 

Figure 6. 8. Quadralinear approximations of MDOF pushover curve for SDOF model.  Idealisation is based 

on De Luca et al. (2013) (a) x-direction (b) y-direction 

  
(a) (b) 

Figure 6. 9 Bilinear approximations of MDOF pushover curve for SDOF model.  Idealisation is based on 

equal area and an intercept at 0.7Vmax (a) x-direction (b) y-direction 

6.4.3 Ground Motion Selection 

The NLTHA was carried out using three ground motion suites. The first ground motion suite 

(GM1) is the far-field ground motions from FEMA P695 (2009). This consists of 22 pairs of 

horizontal ground motions and is available on the PEER NGA West 2 (2014) ground motion 

database. They are referred to as far-field as the rupture distance is greater than 10 km. The 

Fourier transform can be seen in Figure 6.10a, and details of the ground motions can be found 

in Table 3.9. The spectral acceleration of GM1 can be seen in Figure 6.11a. These ground 

motions were also used in Chapter 3 to assess the RC infilled Pahar trust school.  
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The second ground motion suite (GM2) is a code compatible ground motion suite. It should be 

noted that code-compliant ground motion selection criteria are typically site-specific and use 

an anchorage PGA value. This is not appropriate for a template design because the same design 

is applied over an area of varying seismic hazard. This ground motion selection will be based 

on the application of EN 1998-3 (2005) to a health centre in Kathmandu. Eurocode 8 type 1 

spectral shape for soil class C is used (the most common soil type in Kathmandu valley). 

Chaulagain et al. (2015) suggest a value of 0.38 g for a 475 year return period earthquake. This 

value is used for the anchorage PGA. However, it should be noted that subsequent probabilistic 

seismic hazard analysis (PSHA) studies have given significantly higher values (e.g. 0.60 g from 

Stevens et al. (2018)). Further details on PSHA studies can be found in Section 2.5.1. EN 1998-

3 (2005) states that the arithmetic mean of the 5% dampened elastic response spectrum should 

at no point be lower than 90% of the design spectrum. The code compatible ground motion 

suite is formed of 10 pairs of horizontal recordings from the PEER NGA West 2 (2014) ground 

motion database. The ground motions are listed in Table 3.3, and the Fourier transform is 

shown in Figure 6.10b. This ground motion selection was used in Chapter 3 for the assessment 

of pounding. The spectral acceleration of GM2 can be seen in Figure 6.11b. It can be seen that 

the PGA is significantly higher for GM2, with a mean value of 0.786 g compared to 0.421 g 

for GM1.  

The third ground motion suite is formed of five pairs of horizontal recordings from the Gorkha 

2015 earthquake. Four of the ground motion pair are provided by the Faculty of Engineering, 

Hokkaido University, Japan (Rupakhety et al., 2017). The final Gorkha ground motion is 

provided by USGS (2016). The Gorkha earthquake was the largest recorded Nepalese 

earthquake, with a moment magnitude of 7.8 Mw. A summary of the recordings can be found 

in Table 3.10, the Fourier transform is shown in Figure 6.10c, and the spectral acceleration is 

shown in Figure 6.11c. Although it can be seen that the PGA is significantly lower for GM3,  

the spectral acceleration at high periods is significantly increased due to the amplification 

caused by soft soils in Kathmandu Valley. 
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           (a) (b) (c) 

Figure 6. 10 . Fourier Transform of (a) GM1 (FEMA P695 Far Field) (b) GM2 (Code compatible) (c) GM3 

(Gorkha 2015 recordings) 

 
           (a) (b) (c) 

Figure 6. 11: Fourier Transform of (a) GM1 (FEMA P695 Far Field) (b) GM2 (Code compatible) (c) GM3 

(Gorkha 2015 recordings) 

6.4.4 IDA Results 

The incremental dynamic analysis (IDA) is carried out for each ground motion in Section 6.4.3 

from 0.0 g to 1.5 g with 100 increments. The results of the IDA can be seen in Figures 6.12a 

and 6.12b. The robust fragility tool (Jalayer et al., 2015) was used to derive the fragility curves 

from the IDA curves. These results can be seen in Figures 6.12c and 6.12d, and the cumulative 

distribution function (CDF) parameters are shown in Table 6.9.   
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(a) (b) 

  
(c) (d) 

Figure 6. 12:  Results of IDA on SDOF quadrilinear idealisation of the masonry structure. (a) IDA in x-

direction, (b) IDA in y-direction (c) fragility curve in x-direction (d) fragility curve in y-direction 

 

Table 6. 9: Fragility parameters for IDA results of equivalent SDOF model where η is the median and β is the 

logarithmic standard deviation of the lognormal fragility curves 

Direction Limit State η (g) β 

x 

Damage Limit State 

(SLD) 
0.603 0.414 

limit state for the 

prevention of collapse 

(SLC) 

0.727 0.385 

y 

Damage Limit State 

(SLD) 
0.712 0.393 

limit state for the 

prevention of collapse 

(SLC) 

0.812 0.368 

 

From Table 6.9, significantly higher η values are observed in the y-direction with respect to 

the x-direction. This is due to a difference in the failure mechanism caused by the irregularity 

in the structure, leading to a significantly lower peak shear resistance in the x-direction. The 

fragility curves in the x-direction will be used as this is the critical case. 

6.5 Multiple Degree of Freedom Analysis 

A non-linear time history analysis (NLTHA) is carried out on the full multiple degree of 

freedom (MDOF) model for each ground motion pair, set out in Section 6.4.3. The motions are 

swapped for each horizontal direction for each ground motion pair, as implemented in the 

European (EN 1998-1., 2004) and US (FEMA P-1050., 2015), leading to 74 analyses. The 

engineering demand parameters outlined in Section 6.3 are applied for each analysis to find a 

peak demand capacity ratio (DCR). Due to the brittle nature of stone masonry with mud mortar, 

the larger earthquakes led to dynamic instability. 
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6.5.1 Cloud Analysis 

Cloud analysis makes use of the results of NLTHA in terms of intensity measure (IM) of the 

earthquake (i.e. PGA, Sa) and the peak demand capacity ratio (DCR) of the FE model to find a 

fragility curve. A simple cloud analysis is obtained by carrying out linear regression of the IM 

and DCR in log space to obtain a and b. This gives the median DCR given IM (ηDCR∣Sa) as 

shown in Equation 6.9. The logarithmic standard deviation of the DCR given an IM value 

(βDCR∣Sa) is given by Equation 6.10, where DCRi and sa,i are the DCR and IM from each analysis 

in the NLTHA. Finally, the fragility function is obtained using a cumulative lognormal 

distribution function shown in Equation 6.11. 

ln 𝜂𝐷𝐶𝑅∣𝑆𝑎(𝑆𝑎) = ln 𝑎 + 𝑏 ⋅ ln(𝑆𝑎) (6.9) 

𝛽𝐷𝐶R∣𝑆𝑎 = √∑ 

𝑁

𝑖=1

(ln 𝐷𝐶𝑅𝑖 − ln(𝑎 ⋅ 𝑆𝑎,𝑖
𝑏))

2

/(𝑁 − 2) (6.10) 

𝑃(𝐷𝐶R > 1 ∣ 𝑆𝑎) = Φ(
ln 𝜂𝐷𝐶R∣𝑆𝑎
𝛽𝐷𝐶R∣𝑆𝑎

) = Φ(
ln 𝑎 ⋅ 𝑆𝑎

𝑏

𝛽𝐷𝐶𝑅∣𝑆𝑎
) (6.11) 

The brittle nature of stone mud masonry caused some of the analyses to collapse, also referred 

to as dynamic instability. Jalayer et al. (2017) developed a modified version of the cloud 

analysis which can be used to find fragility curves when some of the analyses undergo dynamic 

instability. The formulation of the fragility curve is given in Equation 6.12. In Equation 6.12, 

the term P(DCRLS>1|Sa,NoC) is the probability of the limit state being exceeded, given that the 

analysis did not collapse. This is found by carrying out a conventional cloud analysis on the 

results that did not collapse (NoC), as shown in Equation 6.13. The probability of collapse at a 

given intensity measure (P(C|Sa)) is required. This is obtained using logistic regression, as 

shown in Equation 6.14. The term P(DCRLS>1|Sa,C) is the probability of a limit state being 

exceeded, given that the building collapsed. This can be assumed to be equal to one. 

Figure 6.13a shows the linear regression in log space of the analysis results that did not 

collapse. Figure 6.13b shows the fragility curves from the analysis results that did not collapse. 

Figure 6.13c shows the collapsed (C) and non-collapsed analysis (NoC) logistic regression in 

Equation 6.14. Finally, Figure 6.13d illustrates the final fragility analysis as calculated using 

Equation 6.12. 
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𝑃(𝐷𝐶𝑅𝐿𝑆 > 1 ∣ 𝑆𝑎)

= 𝑃(𝐷𝐶𝑅𝐿𝑆 > 1 ∣ 𝑆𝑎, 𝑁𝑜𝐶) ⋅ (1 − 𝑃(𝐶 ∣ 𝑆𝑎))

+ 𝑃(𝐷𝐶𝑅𝐿𝑆 > 1 ∣ 𝑆𝑎, 𝐶) ⋅ 𝑃(𝐶 ∣ 𝑆𝑎) 

(6.12) 

𝑃(𝐷𝐶𝑅𝐿𝑆 > 1 ∣ 𝑆𝑎, 𝑁𝑜𝐶) = Φ(
ln 𝜂𝐷𝐶𝑅𝐿𝑆∣𝑆𝑎,𝑁𝑜𝐶

𝛽𝐷𝐶𝑅𝐿𝑆∣𝑆𝑎,𝑁𝑜𝐶
) = Φ(

ln 𝑎 ⋅ 𝑆𝑎
𝑏

𝛽𝐷𝐶𝑅𝐿𝑆∣𝑆𝑎,𝑁𝑜𝐶
) (6.13) 

𝑃(𝐶 ∣ 𝑆𝑎) =
1

1 + 𝑒−(𝛼0+𝛼1⋅ln 𝑆𝑎)
 (6.14) 

 

 

  
(a) (b) 

  
(c) (d) 

Figure 6. 13 (a) Linear regression of NLTHA results, (b) Classic cloud analysis carried out on NoC results, 

(c) Logistic regression of dynamic instability against PGA, (d) Final fragility curve of all NLTHA results 
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Table 6.10 shows the fragility parameters of the MDOF fragility curves. The Jalayer et al. 

(2017) formulation does not return a lognormal fragility function. Therefore, a lognormal 

cumulative distribution function is fitted using a η of the median value and the β is derived 

using Equation 6.15, where 84th and 16th are the 84th and 16th percentile values, respectively. 

𝛽 =
log(84𝑡ℎ) − log(16𝑡ℎ)

2
 (6.15) 

 

Table 6. 10: Fragility parameters for IDA results of equivalent SDOF model. 

Limit State η (g) β 

Damage Limit State (SLD) 0.622 0.191 

Limit State for the Prevention of Collapse (SLC) 0.647 0.173 

 

Comparing the values in Table 6.9 and Table 6.10 for SLD, the η is 3% higher for the MDOF 

model. For the limit state for the prevention of collapse (SLC), the SDOF model has a η value 

that is 12% higher than the MDOF model. These differences are likely due to the detailed micro 

model accounting for a variety of different failure mechanisms and dynamic responses. These 

differences are relatively small, and the SDOF model's computational time was several orders 

of magnitude lower than the MDOF model. On the other hand, the overestimation of collapse 

capacity by 12% in the SDOF model emphasises the importance of local failure mechanisms 

in the stone masonry with mud mortar structure, making the micro-modelling approach worth 

pursuing for template structures (i.e., one structural model for the risk assessment of a large 

region). 

6.6 Computational Run Time 

The main advantage of the SDOF model compared to the MDOF model is the significantly 

reduced computational demand. A sample analysis was carried out using an 11th Gen Intel 

Core i7-11850H and carrying out the NLTHA for the unscaled KTP recording from the Gorkha 

earthquake. The SDOF model has a run time of 0.418s compared to the MDOF model which 

has a run time of 89,865s (24 hrs 57 min 45 sec). The SDOF model was composed of one 

element between two nodes. One node is fixed and the other is free in one direction. In contrast 

the MDOF is formed of 39,786 connected by a series of 111,276 elements. All nodes except 

the ground nodes are unrestrained. This drastic difference in run time confirms that carrying 

out an IDA on the MDOF model is not feasible. 

6.7 Literature Comparison 

The fragility curves derived in Sections 6.4.4 and 6.5.1, respectively, can be compared to values 

from literature. It should be noted there are several factors that can affect the fragility curve, 
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such as the assessment method (analytical vs numerical vs empirical), the material/material 

properties of the structure and the height of the building. Other factors such as layout, mass 

and assessment method (i.e. cloud vs IDA) will cause minor variations in fragility values. Table 

6.11 shows the parameters for a series of Nepalese masonry fragility curves from literature and 

the fragility parameters from this study. It can be seen that there is a high level of variability in 

the η (median) values for each of the damage states. For example, for DS2,  Guragain (2015) 

gives a η value of 0.08 g, and Martins & Silva (2020) provide a η value of 0.53 g. It can be 

seen that this study shows the buildings to have a low level of fragility (i.e. high η values) 

relative to many studies in literature. There are three main reasons for this: material properties, 

building height, code conformity and fragility assessment method. 

The studies shown in Table 6.12 use the European macroseismic scale (EMS-98) (Grünthal, 

1998), therefore, it is necessary to draw an equivalence between EMS-98 damage states and 

CNR-DT 212/2013. (2014) limit states. The CNR limit states are defined in Section 2.1.1 of 

CNR-DT 212/2013. (2014). SLD is assumed to be parallel to DS2, with both of them being 

defined as a low level of damage, and the building remains usable. SLC is assumed parallel to 

DS4, with both of them being defined as heavy damage to structural components. These 

parallels are shown in Table 6.11. 

 

Table 6. 11: Comparison of EMS-98 (Grünthal, G., 1998) damage states and CNR-DT 212/2013. (2014) limit 

states 

Description 
EMS-98 (Grünthal, 

G., 1998) 
CNR-DT 212/2013. (2014) 

Light damage DS1  

Moderate/extensive damage DS2 Damage limit state (SLD) 

Near collapse DS3 Severe damage limit state (SLS) 

Collapse DS4 
Limit state for the prevention of 

collapse (SLC) 

 

The first point of comparison is with the World Bank (2019), which conducted a fragility 

assessment on a single storey Nepalese building made from dressed stone with mud mortar. A 

comparison of the fragility curves for the SDOF approximation, the MDOF and the fragility 

curves from the World Bank (2019) are shown in Figure 6.14.  The World Bank (2019) uses 
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the limit states provided by ASCE 41–06. (2007), where damage limit state (SLD) can be 

equated to immediate occupancy (IO), and the limit state for the prevention of collapse  (SLC) 

can be equated to collapse prevention (CP). It can be seen from the pushover curves in Figure 

6.14b that this study results in a building that is not only significantly stiffer but also reaches 

collapse at a significantly lower drift value. The structure in this study reaches collapse at a 

roof drift level of 0.30%. This limit state point was assessed using the multiscale approach in 

CNR-DT 212/2013. (2014), which assesses global performance, element level performance 

and strength degradation. Further details of this approach can be found in Section 6.3. The 

Pahar trust health centre exceeded SLD and SLC in the SPO due to excessive drift in a pier. At 

the point of exceeding SLC, the peak global drift was 0.3% in this study, and The World Bank 

(2019) has a roof drift of 1.86%. In comparison, Morandi et al. (2018) assessed the ultimate 

drift ratio for various masonry typologies using experimental data. They found an average 

ultimate drift of 0.30% and a standard deviation of 0.12% for shear failure. The difference in 

initial stiffness can be accounted for in material properties with The World Bank (2019) using 

an elastic modulus of 240 MPa. In this study, we have used an elastic modulus value of 15,500 

MPa and 55 MPa for the stone and mortar respectively, for the reasons outlined in Section 6.2. 

As shown in Figure 6.14a, the Pahar trust health centre has a significantly higher η value 

relative to The World Bank (2019) at SLD due to the higher capacity and higher stiffness 

values. The fragility curves for SLC are closely aligned between this study and The World 

Bank (2019), with a η of 0.727 g and 0.72 g, respectively. 

  

(a) (b) 

Figure 6. 14  Comparison of the (a) Fragility and (b) pushover curves of single-storey stone mud masonry 

structures from The World Bank (2019) and this study. 

Guragain (2015) also derived numerical fragilities for Nepalese masonry structures. Guragain 

(2015) created an applied element method (AEM) for a single-storey stone mud masonry 

structure. A tensile strength of mortar of 0.078 MPa was used, and a Young's modulus of mortar 
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of 0.04 MPa. These values were based on a diagonal shear compression test by Sakurai (2011). 

The resultant fragilities from this study are shown in Figure 6.15. It can be seen that compared 

to the fragilities from this study, the η values is significantly lower. There are several potential 

reasons for this. Guragain (2015) carries out the analysis for 6 different structures and then 

combines the results, some of these structures are two-storey. None of the structures in 

Guragain (2015) have a reinforcing band, this would result in the structure being more likely 

to collapse due to a local failure. 

 

Figure 6. 15 Fragility curve for a single storey stone mud masonry Nepalese building from Guragain (2015) 

and this study.  

Several studies have derived analytical fragilities for masonry structures. Giordano et al. (2021) 

derived the fragility curves for stone-mud, brick-mud and brick cement Nepalese masonry 

buildings. The analysis is carried out for single and multiple story buildings. A Monte Carlo 

simulation is carried out with varying several parameters. An analytical capacity curve is 

formulated, and the demand is found using the capacity spectrum method (CSM). It can be 

seen from Figure 6.16 that the fragility curves for single storey stone-mud masonry buildings 

from Giordano et al. (2021) have significantly lower η values. This study also uses the elastic 

modulus from The World Bank (2019) of 240 MPa. Analytical fragilities are typically lower 

than detailed numerical models as the analytical approximation of capacity has a conservative 

nature. An example of this is applying a “Section thickness reduction factor” for the thickness 

of the wall. This reduction factor has a linear distribution between 0.3 and 0.7; hence an average 

reduction factor of 0.5 is used. 
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Figure 6. 16: Fragility curve for a single storey stone mud masonry Nepalese building from Giordano et al. 

(2021) and this study.  

Several empirical fragility studies have been carried out, using historical damage data from 

Nepal to derive fragility curves for a specific building typology. Empirical fragility curves 

typically have significantly higher β values relative to analytical and numerical fragilities due 

to variability in building height, area material properties etc. Details for the derivation of 

empirical fragility curves can be found in Section 2.5.2.1. Analytical fragilities can be derived, 

accounting for these uncertainties using the FAST method (De Luca et al., 2014; De Luca et 

al., 2015). Giordano et al. (2020) derived a series of empirical fragilities for different building 

typologies using damage data from 17,595 school buildings after the Gorkha 2015 earthquake. 

Giordano et al. (2020) derived fragility curves for “Unreinforced masonry bearing wall, low-

rise” structures. These empirical fragility curves are compared to the fragilities from this study 

in Figure 6.17a. It can be seen that these fragility curves have significantly lower η values 

relative to this study. It should be noted that Giordano et al. (2020) consider the buildings to be 

“pre-code”, which is not the case with Pahar Trust health centre. As a result, the buildings from 

Giordano et al. (2020) are significantly more fragile. 

Gautam et al. (2018) derive empirical fragility curves for unreinforced stone masonry with mud 

or cement mortar. These fragilities are derived from damage data from Nepalese earthquakes 

in 1934, 1980, 1988, 2011, and 2015. Using damage data from multiple earthquakes adds 

record-to-record variation to the fragility curves. As building techniques have developed since 

1934, these earlier records may not represent the quality of structure in Nepal today. Figure 

6.17b compares the fragility curves from this study and Gautam et al. (2018). It can be seen 

that the η values for Gautam et al. (2018) are significantly lower than from our study, likely 

due to the Pahar trust health centre being a modern single-storey structure designed to modern 
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codes. The empirical fragility curves from Gautam et al. (2018) are from buildings that may be 

over 100 years old and therefore have been designed to a lower level and also degraded over 

time. 

  

(a) (b) 

Figure 6. 17 Comparison of the fragilities from this study and the empirical fragilities from (a) Giordano et 

al. (2020) (b) Gautam et al. (2018) 

Martins et al. (2020) use a method of assessing the fragility most similar to the one in this 

study, where non-linear time history analysis (NLTHA) is carried out on a single degree of 

freedom (SDOF) oscillator. A separate pushover curve was specified for each building type. In 

Martins et al. (2020), for the single storey unreinforced masonry building, a height of 2.8m is 

assumed, a yield drift of 0.14% and an ultimate drift of 0.6%. In comparison, our model has a 

height of 2.74 m, a yield drift of 0.172% and an ultimate drift of 0.497. Building height and 

drift ratios are similar between this study and Martins et al. (2020). The pushover and limit 

drifts can be seen in Figure 6.18a. The yielding period is calculated using Equation 6.16, where 

H is the structure's height. For a structure that is 2.8 m tall, this would give a period of 0.15s, 

which is significantly higher than the Pahar Trust health centre period. Equation 6.17a is used 

to find the spectral displacement (Sd), where δroof is the roof displacement, and Γ is the first 

mode participation factor. Equation 6.17b is then used to find the spectral acceleration (Sa). For 

unreinforced masonry, Martins et al. (2020) assume δroof equal to 0.14% drift for yield and a 

Γ value of 1.4. The resultant pushover and limits can be seen in Figure 6.18a, in Sa-Sd space, 

and the fragility curves can be compared to the Pahar Trust health centre in Figure 6.18b. It 

should be noted that Martins & Silva (2020) present their fragility findings with an intensity 

measure of spectral acceleration at 0.3 seconds (Sa(0.3)). To allow a like for like comparison 

with this study and other literature values, this is converted to PGA using a scaling relationship 

based on the ground motion prediction equation (GMPE) proposed by Boore et al. (2014). The 
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spectral acceleration value is multiplied by a scaling factor given by Equation 6.18, where 

𝑃𝐺�̂�𝐺𝑀𝑃𝐸  is the average PGA value obtained in the GMPE and 𝑆𝑎(0.3)̂
𝐺𝑀𝑃𝐸

 is the average 

spectral acceleration value at 0.3 seconds. The GMPE used in Equation 6.18 assumes normal 

faulting, a Vs30 value of 300 m/s, a magnitude range of Mw 5 to Mw 8 and a distance range 

of 1 km to 30 km (Novelli et al., 2021). For the case of 0.3 seconds, a scaling factor of 1.9965 

is used. 

 

  

(a) (b) 

Figure 6. 18 (a) pushover curve of single-storey unreinforced masonry structure from Martins et al. (2020). 

(b) comparison of fragility curves from Martins et al. (2020) and this study.  

It can be seen from Figure 6.18b that there is a significantly higher level of dispersion (β) in 

the Martins et al. (2020) fragility relative to the ones from this study. This is primarily due to 

the Martins et al. (2020) fragility curves being for a range of one-storey unreinforced masonry 

structures. In contrast, the fragility curves from this study are for a specific structural design. 

The η value at SLD limit state is 0.603 g for the SDOF model in our study compared to 0.53 g 

for DS2 from Martins et al. (2020). This small difference is likely due to the difference in initial 

stiffness and therefore initial period. While there is no direct relationship between the initial 

period and SLC or SLD in Eurocode 8 Part 1 4.3.1(7) (EN 1998-1., 2004), once cracking has 

occurred, the elastic flexural and shear stiffness can be taken as one half of the initial stiffness. 

The masonry micro-model used in this study has a damage model laid out in Section 2.6.3.2, 

𝑇𝑦 = 0.062𝐻0.9 (6.16) 

𝑆𝑑 =
𝛿roof 

Γ
 (6.17a) 𝑆𝑎 = 𝑆𝑑 (

2𝜋

𝑇
)
2

 (6.17b) 

𝑃𝐺𝐴(𝑔) = 𝑆𝑎(0.3)
𝑃𝐺�̂�𝐺𝑀𝑃𝐸

𝑆𝑎(0.3)̂
𝐺𝑀𝑃𝐸

 (6.18) 
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which inherently reduces the structure's stiffness once cracking has occurred. The η value for 

SLC limit state for the SDOF model in this study is 0.727 g compared to 0.94 g in Martins et 

al. (2020). This significant difference could be due to the difference in the period. 

Overall, relative to fragility curves from literature, the curves from this study have a higher η 

value, particularly for the SLD limit state. The η value for SLD is higher in this study than in 

any of the benchmark studies, and for the SLC limit state, the SDOF model is higher than three 

of the five benchmark studies. The higher η value is likely due to the Pahar trust health centre 

having a modern code-compliant seismic design. Furthermore, as it is a new structure, it has 

not undergone any degradation. It can also be seen that this study has a lower β than many of 

the literature studies. This is likely due to the fragility curve being for a specific design as 

opposed to a type of building, therefore, all the variation is caused by record-to-record 

variability. In contrast, many literature studies vary in building characteristics such as height, 

mass, etc. 

Table 6. 12 Summary of the η values (median) for the fragility curves for stone masonry buildings in Nepal 

Reference Approach Material 
DS1 

(g) 

DS2/ 

SLD (g) 

DS3 (g) 
DS4/S

LC (g) 

Giordano et al,. (2021) Analytical Rubble stone mud masonry 0.047 0.12 0.16 0.18 

Gautam et al,. (2018) Empirical 
Stone masonry (mortar is 

mud or cement) 
0.29 0.32 0.39 N/A 

Giordano et al,. (2020) Empirical Unreinforced masonry 0.021 0.15 0.22 0.81 

Guragain,. (2015) Numerical Brick with mud 0.033 0.080 0.157 0.200 

Martins & Silva (2020) 

Analytical/ 

Numerical 

Unreinforced masonry 0.27 0.53 0.75 0.94 

World Bank (2019) Numerical 
Dressed stone in mud 

masonry 
0.15 0.23 0.32 0.72 

SDOF (This Study) Numerical 
Dressed stone in mud 

masonry 
N/A 0.603 N/A 0.727 

MDOF (This Study) Numerical 
Dressed stone in mud 

masonry 
N/A 0.622 N/A 0.647 
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6.8 Seismic Risk Assessment 

The seismic hazard map used for this risk assessment is provided by Stevens et al. (2018). The 

hazard map provides two points on the hazard curve, and the rest of the curve is obtained using 

a second-order approximation detailed in Section 3.4. Using the hazard curve at each 

geographic point and the fragility curves derived in Sections 6.4.4 and 6.5.1, the annual 

probability of exceeding the damage limit state and the limit state for the prevention of collapse 

can be found across Nepal. Equation 6.19 shows the integration of the fragility and hazard 

curves where PLS  is the annual probability of exceeding a given limit state, Pls/s is the fragility 

curve, and H(s) is the hazard curve. This integral can be solved numerically using Equation 

6.20, where H(Si) is the hazard at a given PGA and Pls/scgi fragility at the midpoint of i and i+1. 

This numerical integration is carried out using the fragility curves for the damage limit state 

and the limit state for the prevention of collapse, for the SDOF and MDOF model and the 

hazard curves at each geographic point. The results can be seen in Figures 6.19 and 6.20. 

 𝑃𝐿𝑆 = ∫ 𝑃𝑙𝑠/𝑠 (
𝑑𝐻(𝑠)

𝑑𝑠
)

∞

0

𝑑𝑠 (6.19) 

   

 𝑃𝐿𝑆 =∑[𝐻(𝑠𝑖) − 𝐻(𝑠𝑖+1)]

𝑛

𝑖=1

𝑃𝑙𝑠/𝑆𝑐𝑔𝑖 (6.20) 

   

 
(a) 
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(b) 

Figure 6. 19:  Annual probability of the SDOF idealisation of the building exceeding (a) Damage limit state 

(b) Limit state for the prevention of collapse 

Pinto et al. (2014) presented a series of target risk values for structures of different importance 

classes and different limit states. For the Pahar Trust health centre, we can assume an 

importance class iii as the consequences can be considered in line with schools and assembly 

halls but not as severe as a hospital. Pinto et al. (2014) risk values are for the assessment of 

existing Italian structures, and therefore as Italy is a developed country, there is a low level of 

acceptable socio-economic risk. 

Figure 6.19 shows the mean annual frequency of exceeding SLD and SLC across Nepal. The 

five most populated cities in Nepal Kathmandu, Pokhara, Lalitpur, Biratnagar and Birgunj 

(Government of Nepal, 2012), are also indicated on the risk maps in Figure 6.19. These cities 

and the corresponding mean annual frequency for exceeding each limit state are shown in Table 

6.13. The average risk values across Nepal and the threshold values from Pinto et al. (2014) 

are also shown in Table 6.13. Table 6.13 indicates that the SDOF model does not exceed the 

threshold risk value for SLD in any of the largest cities. Table 6.13 shows that the SDOF 

exceeds SLC threshold risk values in Kathmandu and Pokhara. 

The results for the MDOF model are shown in Figure 6.20 and Table 6.13. It can be seen that, 

as with the SDOF system, the thresholds are never exceeded for the SLD limit state. For the 

SLC limit state, the MDOF exceeds the threshold risk values in Kathmandu only. It can be seen 

that for both Birgunj and Biratnagar, the risk values are significantly below the threshold value, 

this emphasises the effect that the varying seismic hazard has on the risk values across Nepal. 
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There are several reasons why the threshold risk values could have been exceeded for the SLC 

limit state in some regions of Nepal. The threshold risk values presented by Pinto et al. (2014) 

are for existing Italian structures. This may not be appropriate for Nepalese structures as the 

risk values in Pinto et al. (2014) are based on socio-economic consequences, which may not be 

consistent between Nepal and Italy. 

It should also be noted that this study was carried out with a seismic hazard Map from Stevens 

et al. (2018), which has significantly higher PGA values relative to the value presented in the 

Nepalese Building Code, even in its most recent version released in 2020 (NBC-105:1994, 

1994; NBC-105:2020, 2020). Using Kathmandu as a point of comparison, for the 475 year 

return period earthquake, Stevens et al. (2018) give a PGA of 0.61 g, in contrast for the 500 

year return period NBC-105:1994 (1994) provides a PGA value of 0.36 g, and NBC-105:2020 

(2020) gives a 475 year return period PGA value of 0.35 g. It can be seen from Table 2.3 that 

there have been many PSHA studies on Nepal with varying PGA values for a 475-year 

earthquake in Kathmandu. The value of 0.36 g is significantly lower than all studies shown in 

Table 2.3. This is likely because if a PGA value as high as 0.61 g was implemented into the 

Nepalese building codes, the criteria for the design of structures could be considered 

unobtainable and, therefore would bush down code compliance. Therefore, by using the PSHA 

study by Stevens et al. (2018), the seismic risk values are significantly higher than they would 

have been if other PSHA studies were used. 

As noted in Section 6.2, this design is a template design, and it has been implemented in 

Gumlek, a village 33 miles southeast of Pokhara. The seismic risk values for the building in 

Gumlek can be seen in Table 6.13. The Gumlek health centre does not exceed the threshold 

risk values from Pinto et al. (2014). This implies that the seismic risk to the Gumlek health 

centre is lower than what is accepted in Italy for class iii structures, however it also implies that 

this building could not be replicated at all points across Nepal with an equal level of safety. 

Table 6. 13 Mean annual frequency for cities 

 SDOF SLD SDOF SLC MDOF SLD MDOF SLC 

Kathmandu 0.0032 0.0021 0.0022 0.0019 

Pokhara 0.0026 0.0017 0.0018 0.0015 

Lalitpur 0.0021 0.0014 0.0015 0.0013 

Biratnagar 0.0005 0.0003 0.0003 0.0002 

Birgunj 0.0006 0.0003 0.0004 0.0003 

Average across 

Nepal 
0.0016 0.0010 0.0011 0.0009 

Gumlek 0.0021 0.0013 0.0015 0.0012 
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Target Italian risk 

value for Class iii 

(Pinto et al., 

2014) 

0.03 0.0015 0.03 0.0015 

 

 
(a) 

 
(b) 

Figure 6. 20. Annual probability of the MDOF idealisation of the building exceeding (a) Damage limit state 

(b) Limit state for the prevention of collapse 

 

6.9 Conclusions 

This chapter used continuous micro-modelling to carry out a seismic risk assessment for an 

unreinforced template health centre across Nepal. The masonry modelling technique was 

validified for the case of irregular masonry in Chapter 5. This masonry modelling technique 

was then applied to a template health centre design provided by Pahar Trust (2020). A static 
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pushover (SPO) was carried out to find the lateral response. The SPO curve was then used to 

form an SDOF model. An IDA was carried out on the SDOF, and the results were used to find 

fragility curves. These fragility curves were compared with literature values. A series of 74 

NLTHA was then carried out on the full MDOF model, and a modified version of the cloud 

analysis was used to derive the fragility curves accounting for non-convergence cases. These 

fragility curves were also compared to literature values. Finally, a complete seismic risk 

assessment was carried out across Nepal for both the MDOF and SDOF models. 

A continuous masonry micro-model was created for the Pahar Trust template health centre, 

and a non-linear static analysis was performed. A bilinear and a quadrilinear idealisation as to 

evaluate the most suitable approach. The quadralinear was used to create an equivalent SDOF 

model of the building. An IDA was carried out on the equivalent SDOF to find fragility curves 

for the damage limit state and the limit state for the prevention of collapse. The η value for 

SLD was 0.603 g and for SLC was 0.727 g. These values were compared to a series of values 

from literature where the SLD value was relatively high compared to literature values. The 

SLC value was found to be greater than three of the literature values and smaller than two of 

the literature values. 

A non-linear time history analysis was carried out on the full MDOF model. The ground 

motions used were formed of FEMA P695 (FEMA P695, 2009), a compatible spectrum set, 

and Gorkha 2015 recordings. A modified version of the cloud analysis (Jalayer et al., 2017) 

that allowed for collapsed cases was used from the non-linear time history analysis results to 

derive the fragility curves. These fragility curves were benchmarked against literature values. 

As with the SDOF model, the η was relatively high for the damage limit state and was mid-

ranking for the limit state for the prevention of collapse. 

This study has demonstrated that a high-fidelity micro-model can capture local failure 

mechanisms, making it a suitable option for masonry template structures and assessing regional 

risk. This kind of modelling can account for mortar and stone properties independently. This 

is an advantage in developing countries where the possibility of carrying out experimental 

campaigns on masonry wallettes is relatively limited, and simple tests on stone and mortar can 

be more easily conducted. 

The fragility curves obtained for the damage limit state and the limit state for the prevention of 

collapse through the 3D non-linear micro-model of the structure are relatively close to each 

other. This shows the inherent brittle nature of the stone with mud mortar structural typology 
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even in the presence of horizontal reinforced concrete bands, which typically improves the 

local ductility of the piers. 

From a risk evaluation point of view, the Pahar Trust design of the health centre shows 

acceptable risk values in line with thresholds from developed countries, even in areas with very 

high seismicity in Nepal. This indicates that the template design approach for single storey 

structures with simple seismic detailing (e.g., horizontal reinforced concrete bands) can be a 

convenient option for non-Governmental organisations even when operating in countries with 

highly variable seismicity. 
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Chapter 7: Conclusions and Further Work 

7.1 Conclusions 

This thesis has used state of the art modelling techniques to assess the seismic risk to Nepalese 

buildings. Nepal has a large seismic hazard due to its proximity to the Indian and Eurasian plate 

boundary. Due to economic restraints, Nepalese infrastructure has a high level of seismic 

vulnerability. In recent years substantial efforts have been made to reduce the seismic risk. 

Nepal first released seismic design codes in 1994 (NBC 105, 1994) and has subsequently made 

them a legal requirement in all cities across the country. This thesis sought to quantify the 

seismic risk to a template reinforced concrete structure and an unreinforced masonry structure. 

It also aimed to develop an established risk assessment method (the FAST method) for the 

Nepalese context and use it to evaluate the risk to RC structures in an area of Kathmandu. 

This thesis derived fragility curves for various structures and structural typologies. These 

fragility curves were integrated directly with the seismic hazard to assess the seismic risk. 

Although seismic hazard is not the focus of this research, it has a significant effect on the final 

risk values. In Nepal, PSHA studies have resulted in varying results for the seismic hazard. 

NBC 105 (1994) presented a seismic hazard map with Kathmandu having a 500-year return 

PGA of 0.36 g. Although this value is considered low, other pre-Gorkha PSHA studies gave 

Kathmandu a 475-year return earthquake ranging from 0.38 g to 0.525 g (Parajuli et al., 2010; 

Thapa and Guoxin, 2013; Chaulagain et al., 2015). After the Gorkha 2015 earthquake, PSHA 

studies have used the data from Gorkha and have found a 475-year return earthquake with a 

PGA of 0.55 g to 0.75 g ( Pokhrel et al., 2019; Stevens et al., 2018; Rahman and Bai., 2018; 

Subedi and Parajuli, 2016). These PSHA values are significantly higher with respect to NBC 

105 (2020) hazard map, which gives a 475-year return earthquake in Kathmandu of 0.35 g. It 

is assumed that this low PGA value is to make the design level set in the Nepalese design codes 

obtainable and therefore increase code compliance. 

After reviewing the relevant literature for this thesis in Chapter 2, a seismic risk assessment 

was carried out for a template masonry infilled RC school design provided by Pahar Trust. 

Pahar Trust is a Bristol-based charity that uses template design to construct schools and health 

centres across Nepal efficiently. A template design is where a single design is used in multiple 

locations with only minor variations based on site conditions and locally available materials. 

The design of a Pahar Trust school was used to develop a finite element model. The seismic 

risk was assessed with and without considering the structural contributions of the masonry 
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infills. Non-linear time history analysis (NLTHA) was used to carry out a cloud analysis to 

derive the fragility curves at different limit states. These fragility curves were compared to 

empirical fragility curves from literature. The fragility curves from this study had similar 

median values to those derived based on damage data from Gorkha 2015. The fragility curves 

were then integrated with the seismic hazard to find the seismic risk. These risk values were 

then compared against benchmark values from literature. This study showed that a template 

structure could be used across Nepal if adequately designed. This study also showed the 

necessity of considering the structural contribution of the masonry infills, with the bare model 

resulting in risk values that exceeded threshold values set out in literature.  

The implications of Chapter 3 are that when adequately designed, a template design of a 

masonry infilled RC frame structure can be used across an area of varying seismic hazard. This 

study should give Pahar Trust the confidence to maintain this strategy for the design of schools. 

As the seismic risk values in parts of Nepal were significantly lower than the benchmark values, 

this could imply that the building is over-designed in certain scenarios.  Due to the fact that the 

bare model exceeded the benchmark risk threshold value, this highlights the importance of 

explicitly considering the structural contribution of the infills.  

In Chapter 4 the FAST method was updated for the Nepalese context. The FAST method is a 

spectral based, rapid assessment method for the seismic vulnerability of masonry infilled RC 

frame structures. This method had previously been calibrated for Mediterranean masonry 

infills. Chapter 4 aimed to update the FAST method using local material properties and 

interstorey drift ratios. The Nepal Fast method was then applied to the structure used in Chapter 

3, and the fragility curves were compared. The fragility curves showed a relatively close degree 

of matching. The Nepal FAST method was then applied to a catalogue of 6869 RC infilled 

buildings from Ward-35 of Kathmandu. The damage data obtained from the Nepal FAST 

method with the Gorkha ground motion was compared to the observed damage after the Gorkha 

earthquake. These results showed that the Nepal FAST method was conservative and resulted 

in damage values that were significantly higher than what was observed.  

The Nepal FAST method developed in Chapter 4 has the potential to be implemented by local 

authorities within Kathmandu and other urban environments in Nepal to allow a more informed 

decision on where seismic investment should be used. Although the Nepal FAST was shown 

to overestimate the damage, it can still be used to assess the comparative risk of specific areas 

relative to other regions. By using a small number of characteristics of the buildings to 
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determine the risk, the local government can carry out a low-cost seismic risk assessment of 

target areas before allocating funds for seismic investment. The FAST method can also be used 

to investigate the effect on the risk of making minor alterations to the design codes, such as the 

aspect ratio in plan etc. 

In Chapter 5, a validation of continuous micro-modelling for the case of irregular stone 

masonry was carried out. Continuous micro-modelling is a detailed finite element method of 

modelling masonry. It has previously been shown to accurately capture the shear capacity of a 

regular brick masonry pier. A numerical model of a regular stone pier was used to ensure that 

the shear capacity matched code based analytical values from CNR-DT 212/2013. (2014). The 

second stage of the validation involved creating a numerical model of two irregular masonry 

piers from an experimental campaign carried out by Senaldi et al. (2018). The shear capacity 

of the numerical model was compared to the experimental work at a variety of vertical 

compression ratios. The comparison was also carried out for the code-based approach. All these 

results showed a strong level of matching. The final step of the masonry modelling validation 

was comparing an irregular masonry pier and an equivalent regular pier. A set of three criteria 

were set out to create an equivalent regular pier. This is an essential part of creating a 

continuous micro model of an irregular masonry structure as it is impossible to obtain every 

stone's dimension in the structure. The pushover response of the irregular and regular piers had 

a strong level of matching. 

Chapter 5 successfully validated the use of continuous micro-modelling for irregular stone 

masonry. This validation verifies that this modelling technique is diverse in its application and 

can successfully capture the capacity and failure mechanism of a laterally loaded masonry pier 

at a range of vertical compression ratios. This validation gives the confidence in Chapter 6 to 

use continuous micro-modelling to assess the seismic risk to an unreinforced stone masonry 

building.  

In Chapter 6, a detailed masonry micro-model was formed based on the design of a URM health 

centre in Nepal provided by Pahar Trust. A static pushover (SPO) was carried out, and the 

resultant pushover curve was used to form an equivalent SDOF system. This SDOF system 

was used as a point of comparison to assess the necessity of carrying out the full NLTHA of a 

detailed MDOF model. An IDA was carried out on the SDOF model, and the results were used 

to obtain a fragility function. A cloud analysis was then carried out on the detailed MDOF to 

obtain fragility curves. The MDOF and SDOF fragility curves were then compared to values 

from literature. It was found that the fragility analysis from this chapter gave results that were 
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typically slightly higher than other values in the literature, indicating the Pahar Trust health 

centre was more resistant to earthquakes relative to other equivalent structures. Finally, a 

seismic risk assessment was carried out with hazard data from Stevens et al. (2018) to find the 

varying risk across Nepal. 

The results from Chapter 6 showed that due to the seismic design, in the form of nominally 

reinforced seismic bands, the fragility curves for Pahar Trust health centre were significantly 

higher (indicating a more seismically resilient structure) than the values in literature. This can 

give Pahar Trust confidence in its design. The risk values indicated that the structure exceeded 

the European level for acceptable risk in some small areas across Nepal. This highlights the 

importance of considering the seismic hazard when using a template design approach. 

The key findings in this thesis are as follows: 

• Considering the structural contribution of masonry infills is critical in obtaining 

accurate risk values for RC structures with masonry buildings. It can be the difference 

between being within benchmark acceptable risk values or not. 

• A seismic risk assessment on a template RC structure with masonry infills showed that 

a properly designed code-compliant design could be implemented at any location across 

Nepal, and the seismic risk value was below acceptable European levels. 

• The Nepal FAST method can be used to make a rapid vulnerability assessment of RC 

structures with masonry infills. Compared to observed data from Gorkha, the Nepal 

FAST method was shown to capture the dominance of DS1 accurately, however it did 

overestimate the likelihood of DS2 and DS3. 

• Continuous masonry micro-modelling can be used in the case of irregular stone 

masonry, and it has been validated using experimental and analytical results. 

• An equivalent regular pier can be used to assess the pushover capacity of an irregular 

masonry pier. 

• Although not capturing local failure mechanisms, an SDOF approximation of a URM 

building gives a broadly similar risk values to the MDOF model. 

• A template design of a URM health centre with mud mortar can be implemented across 

Nepal however, when a seismic risk assessment is carried out with the latest PSHA 

studies (Stevens et al., 2018), the risk values can exceed European threshold levels in 

some locations. 
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I believe this work should give Pahar Trust and other NGOs the confidence to continue to apply 

the template school model across areas with a varying level of seismic hazard. This work 

highlights the necessity for NGOs to ensure a high level of quality assurance is implemented 

on-site and that local codes are adhered to. This work should also allow people to use masonry 

micro-modelling for the case of irregular mud stone masonry where it is applicable and 

necessary. 

7.2 Limitations and Further Work 

Although this work covered many aspects of the seismic risk assessment of template RC and 

URM structures in Nepal, there are still many aspects which could be the subject of further 

research. 

Chapters 3, 4 and 6 presented fragility curves for buildings or building types. Further work 

could be carried out relating these fragility curves to expected repair costs. Consequence 

functions are used to relate the fragility curves to the damage ratio. Previous studies (Giordano 

et al., 2021) have used generic consequence functions (HAZUS-FEMA, 2015) to estimate the 

cost of various earthquake scenarios. A bespoke set of consequence functions for the context 

of Nepal would require local information about the repair costs of different damage states. 

These functions would allow the fragility functions from Chapters 3 and 6 to be used to predict 

the expected loss for Pahar Trust after an earthquake. 

The Nepal FAST method has the potential for further work to evaluate the reasons for its 

conservative nature. This further work could involve investigating the level of code compliance 

across Nepal. Some studies (Dixit, 2004) claim there is a low level of code compliance, 

although these have not been quantified and, therefore, cannot be built into the Nepal FAST 

method. The τcr value could be found experimentally on Nepalese masonry as opposed to using 

a collection of tests on hollow clay bricks. 

Further validation could be carried out using an equivalent regular wall in place of an irregular 

wall. As previously discussed, it is not feasible to accurately measure every stone in an irregular 

masonry structure therefore set of three criteria were used to create an equivalent regular wall. 

In Chapter 5, this was validated using a set of experimental results. Further work could be 

carried out on the concept of an equivalent regular wall, including experimental work on 

irregular vs equivalent regular.  

Further work could be carried out on the suitability of different modelling conditions. For 

example, linear geometric non-linearities were used in this study to save a computational run 
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time. An initial test of the pushover results was compared, and it could be seen that the SPO 

curve was very closely matched for linear and corotational geometric non-linearities. A 

complete comparison of the effect of the geometric nonlinearities could be carried out for the 

case of NLTHA. Work could also be carried out on the feasibility and advantages of using 3D 

finite elements in the model and how this could affect the mortar layer cracking.  

One of the main limitations of this work was the lack of reliable data on the constituents of 

Nepalese masonry. This was highlighted in Section 6.2.1, where literature values of the 

compressive strength of mud mortar ranged from 1.8 MPa to 0.036 MPa. This level of variation 

brings into question which values can be considered reliable. A full experimental campaign 

could not only provide a reliable mean value of material properties but could also provide a 

distribution to allow an investigation into how a varying mortar strength affects the global 

strength of the structure.  
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