Journal of Constructional Steel Research 66 (2010) 611-621

Contents lists available at ScienceDirect JOURNAL OF
CONSTRUCTIONAL
STEEL RESEARCH

Journal of Constructional Steel Research

journal homepage: www.elsevier.com/locate/jcsr

Review

Plastic design of CB-frames with reduced section solution for bracing members

Maria Teresa Giugliano, Alessandra Longo *, Rosario Montuori, Vincenzo Piluso

Department of Civil Engineering, University of Salerno, via Ponte Don Melillo, Fisciano, 84084, Italy

ARTICLE INFO ABSTRACT

Article history: The seismic behaviour of concentrically braced frames (CBFs) designed according to the current European

Received 27 June 2008 provisions is unsatisfactory due to the premature out-of-plane buckling of columns. For this reason, a

Accepted 11 January 2010 new design methodology, based on a rigorous application of “capacity design” criteria has been recently
proposed. In addition, aiming at a reduction of the plastic out of plane deformations of gusset plates due

Keywords: to brace buckling and at the prevention of sudden impact load affecting connections at the end of the

Concentrically braced frames

. : straightening phase, Eurocode 8 requires the limitation of the brace slenderness. This limitation leads to
Design methodologies

Diagonal members the oversizing of diagonals and, consequently, of beams and columns. Therefore, to avoid this problem a
Reduced section solution new design strategy for bracing members is suggested: the Reduced Section Solution (RSS). It allows the
Dynamic analyses calibration of the diagonal yielding resistance, leaving the brace slenderness practically unchanged.

The results of dynamic inelastic analyses carried out with reference to braced frames designed
according to the proposed procedure, both with and without RSS, are compared with those obtained
with reference to the same structural schemes designed according to Eurocode 8. The obtained results
show that the proposed design approaches are able to assure a significant improvement of the seismic

performance.

© 2010 Elsevier Ltd. All rights reserved.

Contents
1. Introduction 611
2. Eurocode 8 design criteria 612
3. Reduced Section Solution (RSS) ........ . 613
4,  The proposed design MEthOAOIOZY ........cccuiieieiirieeieereceeee et e et e s re st sae e s e s s e e e besse e be e sansssnsans . 615
5. Design example and results of seismic analysis ...... 616
6. Conclusions and future developments 621
References 621
1. Introduction Concentrically braced frames (CBFs) are very frequently used as

seismic-resistant schemes. They are characterised by considerable

During last decades, the analysis of the dynamic behaviour of ~lateral stiffness, which easily allows one to fulfil the serviceability
steel structures has assumed a more and more important role in requirements. On the other hand, some problems arise with refer-
engineering research. The increasing interest is due to the numer- ence to their capacity ofassurmg areliable dissipative response un-
ous advantages offered by these structures in terms of low weight, ~ der extreme earthquake conditions. These drawbacks are mainly
resistance and ductility. Structural ductility, in particular, is an im- due to the inelastic behaviour of br.acmg members, which is af-
portant property in seismic design, because it allows one to reduce fected by local and/or global buckling phenomena. As a conse-

the design horizontal forces, as recognised by the actual code pro- quence, CBFs cannot rely on stablg glissipation mechanisms and
visions [1,2] and as pointed out by modern design philosophy of this adversely affects the overall dissipation capacity of the struc-

Performance Based Seismic Design (PBSD) [3-5]. Nevertheless, in ture. In addition, CBFs designed according to current European pro-

order to assure a considerable structural ductility, the use of a duc- visions are affected by “soft-storey problems. In fact, aiming at
. . . . the safeguard of brace-to-column connections, Eurocode 8 [1] pro-
tile material, such as steel, is not sufficient but the development of

. . vides a limitation to the normalised slenderness of bracing mem-

a collapse mechanism of global type is also necessary. bers which, unfortunately, leads to their oversizing, especially at

the upper storeys. As a result, a concentration of seismic input en-

ergy is obtained at the storey where the diagonal with the min-

* Corresponding author. Tel.: +39 089963411; fax: +39 089964108. imum overstrength is located, leading to the development of a
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For this reason, a new design methodology based on a rig-
orous application of the “capacity-design” philosophy is herein
proposed [6,7]. It consists of designing dissipative members (i.e.
diagonals) on the basis of internal actions arising under the seismic
load combination, whereas non-dissipative elements (i.e. beams
and columns) are designed by computing the axial forces that brac-
ing members, yielded and strain hardened, are able to transmit
considering the development of a global mechanism. The proposed
methodology leads to a significant improvement of the seismic
behaviour, because it completely avoids local failure mechanisms
[6,7]. Nevertheless, because of slenderness limitations, Eurocode
8 provisions do not allow one to obtain a uniform involvement of
the bracing members in energy dissipation. Therefore, aimed at the
yielding of all storey’s bracing members, a new strategy for brace
design, namely the “Reduced Section Solution” (RSS), has been pro-
posed [8]. The idea is similar to the use of “dog-bones” in moment
resisting frames, because it is based on the reduction of the cross
section area at the ends of the bracing members aiming to calibrate
the axial resistance to a value equal to the internal action occurring
under seismic load combination. As a consequence, the oversizing
of bracing members is avoided, leaving their slenderness substan-
tially unchanged.

In this paper, a comparison between seismic performances
of CBFs designed by means of Eurocode 8 provisions and by
means of the proposed methodology both with and without RSS is
presented. Conversely, a comparison with other innovative bracing
devices, such as buckling restrained braces, is outside the scope
of the present paper and it will be the subject of future works.
In this paper, a preliminary deterministic performance evaluation
is carried out by means of non linear dynamic analyses for an
increasing ground motion intensity (IDA—incremental dynamic
analyse) using PC-ANSR programme [9]. The results coming from
IDA analyses are presented and discussed.

2. Eurocode 8 design criteria

Eurocode 8 [1] rules require the design of dissipative structures
such that yielding and local buckling or other phenomena, due
to hysteretic behaviour, do not affect the overall stability of the
structure. According to the “capacity design” philosophy, plastic
deformations have to be located in dissipative zones to be designed
with sufficient ductility, whereas the yielding of non-dissipative
zones has to be prevented. Therefore, non-dissipative zones are
designed by guaranteeing a sufficient overstrength to remain in
the elastic range after the development of hysteretic cycles in the
dissipative zones.

With reference to concentrically braced frames (CBFs), dissipa-
tive zones are identified by brace diagonal members which dis-
sipate the seismic input energy by means of their axial cyclic
behaviour which is characterised by yielding in tension and buck-
ling in compression. Therefore, according to the described general
rules, these structures are designed so that the yielding of diago-
nals in tension takes place before the failure of connections and
yielding or buckling of columns or beams.

Dissipative elements, i.e. bracing members, have to be designed
considering the internal actions occurring under the seismic load
combination:

Npird = Nprsd (1)

where Np, 54 is usually determined neglecting the resistance of
compressed diagonals, because of their high slenderness, while
Npira is the design axial resistance of bracing elements in tension,
given by:

Npira = Avr - fy/ Vm (2)
where Ay, is the brace cross section area, f, is the yield stress and
¥m is the partial safety factor.

In addition, Eurocode 8 provides the following limitation to the
brace slenderness:

1.3<A <20 (3)

where the non-dimensional slenderness A is the ratio between
the diagonal slenderness A and the elastic limit slenderness
Ay = m,/E/f,. The lower bound assures that, according to code
provisions, diagonal braces can be considered to be active in
tension only, whereas the upper one is imposed to reduce the
plastic out of plane deformations of the gusset plates due to brace
buckling and to prevent a sudden impact load on the connections
at the end of the straightening phase following the post-buckling
behaviour.

In addition, to guarantee the protection of non dissipative parts,
and to allow the development yielding in dissipative zones non
dissipative zones have to be designed by imposing a sufficient
overstrength. Therefore the resistance of connections, Ry, should
satisfy the following limitation:

Ry > 1.10 - yoy - Nyigra (4)

where the factor 1.10 accounts for strain-hardening effects; y,, is
the overstrength factor, accounting for the random variability of
the material’s properties; Ny rq is the design axial resistance of the
connected bracing member. The value of y,, factor ranges from
1.0 to 1.25. Regarding y,, factor, it has to be pointed out that this
paper aims to evaluate the seismic response of structures from a
deterministic point of view, so that a value equal to 1.0 has been
assumed.

The design of beams and columns according to Eurocode 8
requires the fulfilment of the following relationships:

Npra(Msq) > Npsag + 1.1+ Yoy - 2 - Npsae (5)
Nerd = Nesac+ 1.1 Yoy - 82 - Nesak (6)

where Npri(Msq) and N.gq are the design buckling resistance
respectively of the beams and columns, computed according to
Eurocode 3 [10], taking into account the interaction with the
bending moment Mgy occurring in the seismic load combination;
Np.sa.c and N, g4 ¢ are the axial forces in the beams and columns due
to non seismic actions included in the seismic load combination;
N sq.k and N, g4 g are the axial forces in the beams and columns due
to seismic actions; £2 is an overstrength coefficient defined as:

N .
with §; = —2ReL (7)

br.Sd.i
where Nj, sq.; is the design value of the brace axial action and Ny gq.i
is the corresponding design resistance. It can be noted that £2;
expresses, for each bracing member, a measure of its overstrength
with respect to the design axial force.

Aiming to promote the yielding of braces of all the storeys,
Eurocode 8 suggests using a distribution of §2; coefficients, along
the height of the structure, as uniform as possible, but this is
almost impossible to obtain due to the need of satisfying the upper
limit of the slenderness limitation given by Eq. (3). In fact, in the
upper stories the design value Ny, sq; (Which is directly related to
the storey shear value) of the diagonal axial force is rather small;
conversely, due to the above-mentioned slenderness limitation,
the corresponding design resistance N gq; results in being very
high. Therefore, the resulting values of £§2; coefficients at the upper
storeys are always greater than those corresponding to the lower
stories.

In other words, on one hand, the slenderness limitation safe-
guards the brace-to-column connections, but, on the other hand, it
leads to the oversizing of bracing members, especially at the upper
stories. As a consequence, under seismic action, plastic deforma-
tions are concentrated in the storey where the minimum value of
the overstrength factor occurs.

In fact, the right terms of Egs. (5) and (6) represent the axial
forces occurring in the beams and columns, respectively, when
the first diagonal, i.e. the one characterised by the minimum

2 = min 2;
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overstrength factor £2;, is completely yielded and strain-hardened.
Therefore, the described design criteria do not assure the yielding
of all the diagonals and the involvement of all the storeys in the
seismic energy dissipation, because a “soft-storey” mechanism
occurs.

In order to obtain a collapse mechanism of global type, by as-
suring a distribution of the overstrength factors £2; as uniform as
possible, an innovative design approach is herein proposed by in-
troducing the concept of the Reduced Section Solution (RSS) [8],
in the same fashion of “dog-bones”, or the reduced beam section
solution, suggested with reference to moment-resisting frames
[11-13].

3. Reduced Section Solution (RSS)

Code provisions regarding normalised slenderness limitations
lead to the oversizing of bracing members, especially at the upper
storeys, preventing the development of a collapse mechanism of a
global type. Therefore, in order to safeguard the brace connections
still satisfying the slenderness limitation, but without oversizing
bracing members, the Reduced Section Solution (RSS) [8] can be
adopted. The idea is based on a reduction of the brace sections
at the member ends, in order to calibrate their axial resistance
to a value equal to the internal action occurring under the design
seismic load combination, so that there is no overstrength and the
brace slenderness remains substantially unchanged.

In the case of members with a variable section, as depicted in
Fig. 1, the following relationship provides the buckling load [14]:

T2El 1

12 i L 1 win | m@—2Lr)
1+<ﬁ_]) {ZT’ - -sm[f’]}

where L is the diagonal total length, L, is the length of the reduced
section zone, I and I, are the inertia moments of the whole and of
the reduced section, respectively. By means of this equation, two
relationships regarding the influence of the reduced section zone
on the brace slenderness and on the buckling load, respectively,

can be derived [8]:
7 —2L,)
e

1 I 1 2Lr 1
+<E_ ) { L 7
(10)

Ncr,r = (8)

Peq
A

Ncr,r _ 1
Noo a4 (L—1)fal - 2 sin[zes2]]
where A¢; and N, are the overall slenderness and the buckling
load, respectively, of the brace member with a RSS; A and N, are
the slenderness and the buckling load, respectively, of the same
brace member without a RSS. The graphical representations of
Egs. (9) and (10) are depicted in Fig. 2; these curves show that for
L. /Lless than 0.3 areduction of the buckling resistance due to a RSS
is less than 10% and the corresponding amplification of the brace
slenderness is less than 5%.

Regarding design criteria for braces with a RSS, an important
issue to be solved consists of establishing the length of the reduced
section zones. Under this point of view, a lower bound and an upper
bound can be identified [8].

Concerning the lower bound, taking into account that bracing
members have to yield in tension, it can be suggested that the

minimum length of the reduced section zone (L; min) has to satisfy
the limitation commonly adopted for coupon tensile tests [15]:

Lr.min = 5.65 - VA (11)

where A, is the reduced section zone area.
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Fig. 1. Member with variable section.
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Fig. 2. Influence of reduced section on buckling load and brace slenderness.

Regarding the upper bound, i.e. the maximum length of the
reduced section zone, it can be obtained by imposing that, during
the post-buckling behaviour, a yielding of the midspan section
occurs while the yielding of the reduced section zones is prevented.
To this scope, a sinusoidal curve for the deflected shape of the
buckled bracing member is assumed:

. TX
v(x) = fy - sin T (12)
where f; is the brace imperfection, L is the brace length and x is

the generic abscissa of the bracing member. Accounting for the
deflected shape, the second order bending moment is given by:

M(x):N-fO-sinnTx (13)

where N is the axial load. Therefore, the yielding condition of the
reduced section zone can be written as:

7T Ly max

N-fo-sin — M. (N) (14)

whereas the yielding condition of the midspan section is given by:
N -fo = My(N) (15)
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Fig. 3. Design algorithm for bracing members with a RSS.

where M, - (N) and M, (N) are the plastic moments of the reduced
section and of the gross section, respectively, as affected by the
axial force N. By combining Eqs. (14) and (15), the maximum
reduced section zone length is obtained:

M. (N)
Mp(N) -

However, the need to keep as small as possible the influence
of the reduced section zone on the overall slenderness of brace
members suggests the use of the lower bound L, mip.

It is important to underline that, according to the above de-
sign criteria of bracing members with a RSS, under tensile actions
yielding occurs at the brace ends, where the reduced section zones
are located and, in addition, the straightening of the brace, which
previously buckled in compression, is also developed. Conversely,
under compression the behaviour of the RSS bracing members is
equal to the one of traditional braces, because it is governed by the
midspan section. In addition, it can be recognized that the aim of
the RSS bracing members is not an improvement of the energy dis-
sipation capacity, with respect to the traditional braces, because
buckling still occurs and is governed by the midspan section’s be-
haviour, but the aim is the calibration of the yield resistance in ten-
sion aiming to reduce the brace overstrength £2 which, otherwise,
leads to column oversizing.

The design procedure of bracing members with a RSS is shown
in the flow chart depicted in Fig. 3. The first step is the determina-
tion of the design values N 54 ; of the internal actions in the bracing
members under the seismic load combination, by means of struc-
tural analysis. Afterwards the profiles can be chosen from standard
shapes and the reduced sections can be calibrated so that a value
equal to 1.0 can be obtained for the overstrength factor £2; of every
diagonal brace. In particular, as shown in Fig. 3, the reduced flange
length b, and, eventually, the reduced section height h, can be de-
termined for I sections, whereas the angle o can be obtained for
tubes. Successively, the reduced section zone length is determined
by means of Eq. (11) and, if the condition L, ; < L; max; is satis-
fied, the overall brace slenderness A, can be evaluated by means of
Eq. (9). The corresponding normalised slenderness Aeq = Aeq/Ay
must be less than or equal to the code specified limit. If the above
requirement is not satisfied, the brace section has to be increased.
Finally, the buckling design resistance (N gqs) of the bracing
member with a RSS is determined according to Eurocode 3 [10]

- arcsin (16)
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Fig. 4. Theoretical behaviour for a pin-ended brace member.

accounting for the reduced section zone influence by means of the
equivalent slenderness Aeg.

Aiming to investigate the seismic performances of concentri-
cally braced frames with diagonals designed by means of the RSS
strategy, an appropriate modelling of brace cyclic behaviour has to
be carried out. To this end, the Georgescu model can be applied [ 16]
by properly accounting for the influence of the reduced section
zones on the parameters governing the cyclic response of braces.

Regarding the cyclic behaviour of bracing members, it is de-
picted in Fig. 4, with reference to the first cycle, where § and P rep-
resent, respectively, the axial deformation and the axial force. The
first branch O-A corresponds to the elastic response in compres-
sion up to point A where the buckling resistance load is reached.
Regarding point B, it corresponds to the complete development of
the flexural plastic resistance of the midspan section, due to sec-
ond order bending moments arising from lateral deflection. There-
fore, a kinematic mechanism develops. Obviously, the O-A-B curve
is bilinear provided that plastic redistribution at the section level
is neglected. By imposing the yielding condition of the midspan
section, the mechanism equilibrium curve corresponding to the
branch B-C is obtained, until the beginning of unloading (point C).
The branch C-D corresponds to the elastic unloading in compres-
sion. The reloading branch in tension D-E is also characterised by
a linear behaviour with a progressive reduction of the lateral de-
formation, until the bending moment in the midspan section, due
to the residual plastic lateral deformation, reaches again a yield-
ing value (point E). Starting from point E, a new kinematic mech-
anism develops. The branch E-F is governed by the mechanism
equilibrium curve similarly to the B-C branch, obtained by impos-
ing the yielding condition of midspan section. The final point F cor-
responds to the attainment of the yielding force in pure tension.
Due to strain-hardening effects, the branch F-G exhibits increas-
ing behaviour up to the final point G which corresponds to a new
unloading phase. In the following cycles, the same modelling can
be applied, but a significant degradation of the buckling load (P,) is
expected, due to both the Baushinger effect and plastic elongations
accumulated during the previous loading history. For this reason,
in the analyses herein presented, a value equal to 50% of the initial
buckling load has been assumed for the successive cycles.

The bracing member designed by means of RSS is characterised
by the following axial stiffness:

EA 1
Ky = —

L2k (- 1)
with A, and L, representing, respectively, the cross sectional area
and the length of the reduced section zones, while A and L are the
cross section area and the length of the gross section (Fig. 1).

In addition, it must be considered that both the design buckling
resistance and the yielding axial forces have to be properly defined

(17)
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Fig. 5. Comparison between the cyclic response of bracing members with and
without a RSS (HEA220, L = 720 cm, A, = 55.52 cm? and L, = 45.0 cm).

for the members with reduced section zones. While the first
one, as already stated, is computed by means of Eurocode 3 [10]
accounting for the equivalent slenderness A.q, the design axial
resistance in tension is obtained as:

Npl.r =A 'fy/ym- (18)

Therefore, accounting for the above parameters defining the
brace behaviour, the Georgescu model can be applied to describe
the cyclic behaviour of members with a RSS. In Fig. 5 a comparison
between the cyclic behaviour of a bracing member (HEA 220,
length 720 cm) with and without the RSS (cross section area and
length of the reduced section zone, respectively, equal to A, =
55.52 cm? and L, = 45.0 cm) is shown with reference to the
first cycle. It can be observed that the only important difference is
obtained for the yielding axial force in tension, being the remaining
parts of the cyclic response practically unaffected by the reduced
section zones.

It is useful to note that the available ductility of braces with
reduced sections located at their ends is not less than the available
ductility of the same brace member without reduced sections.
In fact, when the completely straightened diagonal is in tension,
only reduced sections are subjected to yielding, while the midspan
section is in the elastic range. Conversely, under compression, if
the design condition of Eq. (16) is satisfied, the reduced sections
remain in elastic range while a plastic hinge develops in the
midspan section of the member. Yielding in tension can occur in
the midspan section provided that the strength degradation of the
midspan section is very significant; this can occur only after several
cycles. In a member without a RSS yielding in tension and yielding
in compression usually develops in the same section (generally
the midspan section) leading to a premature collapse if compared
to the same member with RSS. In addition, both experimental
analyses and FEM simulations [17,18] confirm that the use of a
minimum length for the reduced section zone corresponding to
Eq. (11) assures adequate ductility. In fact, a smaller length of
the reduced section zone can lead to the spreading of the plastic
deformations also in the gross cross section, thus undermining the
available ductility.

4. The proposed design methodology

In order to prevent the development of a soft-storey collapse
mechanism, the non dissipative elements, i.e. the beams and
columns, have to be dimensioned by computing the axial forces
transmitted by the dissipative elements when a collapse mech-
anism of a global type is developed. The proposed methodology
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Fig. 6. Plan configuration and structural scheme of analysed buildings.

[6,7]is based on a rigorous application of the “capacity design” phi-
losophy which requires that dissipative zones have to be designed
to withstand the internal actions coming from the seismic design
horizontal forces. Conversely, the non dissipative zones have to
be designed considering the maximum internal actions that the
dissipative zones, yielded and strain-hardened, are able to trans-
mit. According to this criterion, the diagonals are designed un-
der the internal actions coming from the seismic horizontal forces
(Eq. (1)), by imposing the code limits about normalised slender-
ness; whereas, the design of beams and columns requires the eval-
uation of the distribution of internal actions occurring when the
collapse mechanism of a global type is completely developed. To
this end, the proposed methodology also considers the buckled
bracing member’s contribution by evaluating their post-buckling
behaviour [6,7]. Nevertheless, even though this latter has an im-
portant role in X-braced [6] and V-braced frames [7], the evalua-
tion of the compressed member’s post-buckling behaviour is not
necessary for the analysed structural scheme. In fact, because of
the structural scheme herein analysed (Fig. 6), the maximum ax-
ial forces in the columns are simply obtained when all the upper
diagonals are completely yielded.

In Fig. 7 the deformed configuration of the structure corre-
sponding to the global collapse mechanism is shown. As is possible
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Fig. 7. Structural configuration for a global collapse mechanism.

to observe, the structural scheme is characterised by the continu-
ity of columns; in addition all the beams and the diagonals are end
pinned. The maximum axial forces in the beams and columns are
given by:

Np.sa.ei = Npii - cos o; (19)

n
Nesaei = Y Npii- sina; (20)
=i
where Np; is the design axial resistance of the i-th storey bracing
member and «; is its inclination with respect to the beam.
Therefore, the design of the non dissipative members is carried by
fulfilling the following relationships:

Np.raitMsg;) > Npsai = Npsaei + Npsac.i (21)
Negrai > Nesai = Nesaei + Nesagi (22)

where Nj gq.i(Msq ;) is the in-plane beam design buckling resistance
accounting also for the presence of the design bending moment
due to the vertical loads included in the seismic load combination
and N¢ gq; is the out of plane buckling resistance of the columns;
Npsqei and N.sqg; are the maximum axial forces in the beams
and columns which the diagonals are able to transmit in a global
type collapse mechanism (given by Eqs. (19) and (20)); Ny s4.c.; and
N, sq.c.i are the axial forces in the beams and columns due to gravity
loads acting in a seismic load combination. It has to be underlined
that, regarding the beams, the out of plane buckling is usually
restrained due to the presence of the concrete deck, so that the
Eq.(21)applies to the in-plane check; on the contrary, in the case of
columns, Eq. (22) has to be applied with reference to both in-plane
and out-of-plane buckling.

5. Design example and results of seismic analysis

In order to investigate, from a deterministic point of view,
the seismic performances obtained by adopting different design
approaches, the four storey building depicted in Fig. 6 has been
considered. In the same figure, the structural scheme assumed for
the concentrically braced frames is also depicted. All the beam-to-
column connections are pinned, therefore the seismic actions are
withstood by the concentrically braced frames located along the
perimeter of the structure. The values of the dead and live loads
are, respectively, equal to 4 kN/m? and 2 kN/m?. The steel grade
is $235, so that the value of the yield stress is f, = 235 MPa.

The seismic effects, according to Eurocode 8 provisions, are
determined by using a linear elastic model of the structure and the
lateral force method of analysis, because of the building’s regularity
in elevation. The seismic base shear force F,, for each main
horizontal direction in which the structure is analysed, is given by:

w
Fp = 54(Ty) - — (23)
g

Table 1

Storey horizontal seismic forces.
Storey z; (m) W; (kN) Fi (kN)
1 4 2267.41 199.68
2 8 2267.41 399.37
3 12 2267.41 599.05
4 16 2171.20 764.84

where T; is the fundamental period of vibration of the building in
the considered direction, evaluated as T; = 0.05 - H*/4, being H
the total height of the building in metres; S4(T;) is the ordinate
of design spectrum computed as S;(T;) = S.(T1)/q, being S.(Ty)
the elastic spectral acceleration corresponding to the fundamental
period of vibration of the building and q the behaviour factor, taken
equal to 4.0 for the concentrically braced frames and the buildings
with a regularity in plan and elevation; W is the total seismic
weight of the building.

The seismic horizontal forces along the height of the building
are determined by means of the following relationship:

W,' +Zj

F=F ——
YW g
j

(24)

where F; is the seismic horizontal force at the i-th storey; F; is the
seismic base shear force; W; and Wj are the seismic weights of i-
th storey and the j-th storey, respectively, while z; and z; are the
corresponding heights with respect to the foundation level.

Because of plan’s regularity of the analysed building, according
to code provisions, it is possible to consider two planar models,
one for each main horizontal direction. Therefore, by neglecting
accidental torsional effects, each CBF has to withstand the half
part of the seismic horizontal forces, determined by Eq. (24), for
each storey and for each direction. Table 1 summarises the results
obtained applying the aforesaid procedure by assuming soil type A
(stiff soil conditions) and a high seismicity zone with a peak ground
acceleration equal to 0.35 g.

Starting from the seismic horizontal forces, the design values
of the axial forces (Ns4f ;) are obtained by assuming a structural
scheme with only tension diagonals active, because the compres-
sion ones are assumed to be buckled. While the bracing members
are designed considering these axial actions, regarding non dissi-
pative elements (i.e. columns and beams), two design approaches
have been considered. The first one corresponds to the simple
application of Eurocode 8 [1] provisions, briefly summarised in
Section 2, whereas the second approach corresponds to the design
methodology described in Section 4. In particular, in order to pro-
vide a comparison between the seismic responses obtained using
the described design methodologies, four different buildings (i.e.
four different CBFs) have been analysed:

e building designed according to Eurocode 8 provisions (in the
following briefly named EC8);

e building designed according to the methodology herein pro-
posed (in the following briefly named PROPOSED);

e building designed as the previous point, but by applying the
reduced section solution strategy and imposing an upper limit
to the normalised slenderness of the diagonals equal to 1.6 (in
the following briefly named P-RSS16);

e building designed as the previous point, but imposing an upper
limit to the normalised slenderness of the diagonals equal to 2.0
(in the following briefly named P-RSS20).

The last two cases allow one to investigate the influence of the
upper limit of the braces’ slenderness. In fact, by using a RSS, the
limitation of the braces’ slenderness can be easily obtained without
any problem of oversizing. It is important to underline that the use
of an upper limit equal to 1.6, instead of the code’s suggested value
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Table 2
Standard shapes adopted for CBFs designed according to Eurocode 8 and the proposed methodology.
Storey Braces 2 Ai Nyi.rd (KN) Npr ra (KN) Beams Columns
1 HEA 220 1.16 1.39 1373.68 483.32 HEA 300 HEB 300
EC8 2 HEA 200 1.09 1.54 1149.36 346.56 HEA 300 HEB 260
3 HEA 160 1.01 1.93 828.91 172.82 HEA 280 HEB 200
4 HEA 160 1.80 1.93 828.91 172.82 HEA 260 HEB 140
1 HEA 220 1.16 1.39 1373.68 483.32 HEA 300 HEB 360
e 2 HEA 200 1.09 1.54 1149.36 346.56 HEA 280 HEB 280
P 3 HEA 160 1.01 1.93 828.91 172.82 HEA 260 HEB 220
4 HEA 160 1.80 1.93 828.91 172.82 HEA 260 HEB 180
Table 3
Standard shapes and geometric properties of braces for CBFs designed according to the proposed methodology including a reduced section solution for braces.
Storey Braces 2; Ai brea/b hred/h Leq (cm) Ared (cm?)  Ny; (kN) Npr ra (KN) Beams Columns
1 HEA 220 1.00 1.39 0.82 1.00 45.0 55.52 1186.02 482.76 HEA 280 HEB 320
P-RSS16 2 HEA 200 1.00 154 0.89 1.00 40.0 49.33 1053.88 346.22 HEA 280 HEB 260
3 HEA 200 1.00 154 0.61 1.00 35.0 38.31 818.44 346.13 HEA 260 HEB 200
4 HEA 200 1.00 1.54 0.21 0.94 30.0 21.53 460.00 345.97 HEA 240 HEB 140
1 HEA 220 1.00 1.39 0.82 1.00 45.0 55.52 1186.02 482.73 HEA 280 HEB 320
P-RSS20 2 HEA 200 1.00 1.54 0.89 1.00 40.0 49.33 1053.88 346.20 HEA 280 HEB 260
3 HEA 160 1.00 1.93 0.98 1.00 35.0 38.31 818.44 172.79 HEA 260 HEB 200
4 HEA 160 1.00 1.93 0.40 1.00 30.0 21.53 460.00 172.64 HEA 240 HEB 140

equal to 2.0, leads to a reduction of the out of plane deformations
of the gusset plates and to the limitation of the sudden impact load
occurring at the end of the straightening phase, thus assuring a
more effective protection of the connections.

The results of the design procedures are summarised in Table 2
with reference to CBFs designed with traditional braces and in
Table 3 with reference to CBFs designed by means of the proposed
design methodology including the reduced section solution.

Aiming to compare the seismic performances of the designed
CBFs, non linear dynamic analyses have been carried out by means
of a PC-ANSR computer program [9]. The bracing members are
modelled by using the “non-linear brace element” with pinned
ends; the parameters describing their cyclic behaviour have been
calibrated in order to match the energy dissipation provided by the
Georgescu model [16]. Columns and beams are modelled by using
the “non-linear beam column element”. The structural model is
based on the continuity of columns, while the beams are assumed
to be pin-jointed to the columns.

Each structure has been analysed with reference to five his-
torical ground motions (El Centro 19/05/1940 E-W component,
PGA = 0.226 g; Kobe 16/01/1980 N-S component, PGA = 0.629 g;
Northridge 17/01/1994 N-W component, PGA = 0.842 g; Petrova
15/04/1979 N-S component, PGA = 0.438 g; Tokyo 1956, N-S
component, PGA = 0.075 g). Incremental dynamic analyses (IDA)
have been carried out for evaluating the structural seismic re-
sponse under a ground motion of increasing intensity. The analysis
has been carried out until structural collapse occurs. In particular,
three failure modes have been considered: out of plane buckling of
columns, fracture of diagonal braces and excessive storey damage.
As a consequence, the structural response has been evaluated with
reference to three different parameters, representing three differ-
ent damage situations:

e the maximum normalised column axial force (N, sq/N¢ rq) given
by the ratio between the maximum axial force occurring in the
time history and the out-of-plane buckling resistance, evalu-
ated according to Eurocode 3 provisions [10]. A value equal
to 1.0 identifies the collapse of columns due to out-of-plane
buckling;

e the maximum normalised cyclic ductility demand of the diag-
onals (i/piim) expressed by the ratio between the maximum
cyclic ductility demand and its limit value. The cyclic ductility
is defined as the total inelastic deformation in a cycle, i.e. the

sum of the one in tension and that in compression. The limit
value (/4im) has been computed according to the formulation
proposed by Tremblay [19]:

Miim = 2.4+ 8.3- A (25)

where A is the normalised brace slenderness. A value of 1t/ ftjim
equal to 1.0 identifies the collapse of the bracing members due
to excessive inelastic deformations leading to fracture;

e the maximum interstorey drift ratio (MIDR), which expresses
a measure of storey damage, for both the structural and non-
structural components. A limit value of 2% has been assumed as
suggested by FEMA 273 recommendations [4] for the limit state
of “Collapse Prevention”.

It can be reasonably assumed that structural failure occurs
when one of the structural response parameters reaches its limit
value. It is important to underline that the performed analyses are
deterministic, so that the influence of randomness (such as record-
to-record variability), uncertainty (such as limited knowledge
and modelling of structural system), and also the probabilistic
distribution law of capacity are not considered. A more accurate
evaluation of seismic structural performances, by examining all
these sources of uncertainty, can be carried out by means of a
probabilistic analysis providing the structural reliability in terms
of mean annual frequency of exceeding a given limit state [20,21].

In Fig. 8 the maximum values of the interstorey drift ratio
obtained by IDA analysis, for each designed concentrically braced
frame, are depicted with reference to the El Centro record. In
addition, the values of the peak ground acceleration leading to
collapse (i.e. one of the damage parameters reaches its limit value)
are reported. These values correspond to the out-of-plane buckling
of columns, in the case of CBF designed according to Eurocode 8,
and to the fracture of bracing members in the case of CBFs designed
according to the proposed methodology, with and without the RSS
strategy.

With reference to Fig. 8, it is also useful to note that the
maximum interstorey drift for CBFs designed with the RSS strategy
occurs, with reference to ultimate conditions, for structure P-
RSS20 for a PGA equal to about 0.38 g. Such maximum interstorey
drift is equal to 0.019 corresponding to a brace elongation equal
to 6.32 cm. Considering that the length of the reduced section
zones is equal to 35 cm (Table 3), the corresponding strain demand
is equal to 6.32/(2 x 35) = 0.09. This value is compatible
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Fig. 8. Maximum interstorey drift versus PGA for each CBF with reference to El
Centro record.

with the material’s properties, because Eurocodes [1,10] require an
elongation at failure, on a gauge length equal to the one provided
by Eq. (11), not less that 15%. Therefore, it can be concluded that the
strain levels equal to those corresponding to the brace elongation
demands occurring in the design examples herein presented can be
surely withstood by the common steel grades whose elongation at
failure usually exceeds 20%.

In Fig. 9 the maximum ductility demand /i, of the diagonal
members versus the PGA is depicted for the different designed CBFs
and for each storey with reference to the El Centro record. The
PGA values corresponding to collapse are also pointed out with
a vertical line. As can be observed, the CBFs designed according
to Eurocode 8 provisions and to the proposed methodology
exhibit the most severe plastic engage at the third storey, the
one corresponding to the minimum overstrength factor £2;. In
particular, dealing with the CBF designed according to Eurocode
8 provisions, the value of ©/um at the third storey is less than
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1.0, due to the premature buckling of columns at the third storey.
Conversely, regarding the CBF designed according to the proposed
methodology, the failure is due to the occurrence of fracture of
the diagonal braces at the third storey, so that the corresponding
damage parameter reaches a value equal to 1.0. A major
involvement of the other storeys in the earthquake input energy
dissipation can be obtained using the RSS strategy by means of the
calibration of diagonal brace sections so that all the overstrength
factors, i.e. at each storey, are equal to 1.0. In addition, it can be
observed that, even in the case of the CBFs designed according to
the proposed methodology with the RSS strategy, the governing
failure mode is the fracture of diagonal members independently of
the limit value of the normalised slenderness, leading to i/ jim
values equal to 1.0. In addition, in Figs. 10 and 11 the hysteretic
loops of the bracing members of third storey are depicted with
reference to the El Centro record and with reference to the EC8
and PROPOSED design methodology, respectively. The captions of
the same figures also provide the PGA values corresponding to
the collapse. Regarding the above example figures, they have been
selected considering that, as mentioned above, the third storey is
the one subjected to the most severe plastic engage.

In Fig. 12 the mean values, with respect to the five considered
historical ground motions, of the storey dissipated energy and
of the total dissipated energy are depicted for the four analysed
structures with reference to the mean PGA value leading to
collapse, so that the total dissipated energy assumes the meaning
of the energy dissipation capacity. Therefore, in the same figure,
also the mean value of the PGA leading to collapse is reported. It
can be observed that Eurocode 8 design methodology provides the
worst behaviour both in terms of PGA values leading to collapse
and in terms of energy dissipation capacity. This unsatisfactory
behaviour arises because after yielding of bracing members
corresponding to the minimum value of the overstrength factor
£2; (in this case at the third storey, see Table 2), premature
buckling of the corresponding columns occurs. In addition, due
to the oversizing of upper storey’s bracing members, resulting
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Fig. 9. Maximum non dimensional ductility demand u/uim of diagonal members, versus the PGA for each storey and for the different designed CBFs with reference to the

El Centro record.
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Fig. 10. Brace cyclic response for the El Centro record scaled to PGA = 0.27 g with
reference to the CBF designed according to Eurocode 8.
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Fig. 11. Brace cyclic response for the El Centro record scaled to PGA = 0.47 g with
reference to the CBF designed according to the proposed methodology.

from the normalised slenderness limitation, such storeys exhibit
low inelastic deformations providing a poor contribution to the
energy dissipation (Fig. 12). A considerable increase of energy
dissipation capacity, of about 3.5 times, is reached by means of the
proposed design methodology (Fig. 12) where only the top storey’s
bracing members do not develop a significant plastic behaviour.
The limited contribution of the top storey bracing members is, also

in this case, due to the normalised slenderness limitation, required
by the code, whose application leads to a value §2, significantly
greater than the other storeys (Table 2).

A more uniform involvement of all the storeys to the dissipa-
tion of the earthquake input energy is obtained by means of the
RSS strategy by limiting the normalised slenderness of bracing
members to the code suggested value equal to 2.0 (see P-RSS20 in
Fig. 12). On the contrary, by reducing the normalised slenderness
limitation to 1.6, the energy dissipation capacity increases (see P-
RSS16 in Fig. 12), but a less uniform distribution of the storey’s dis-
sipated energy is obtained in comparison with P-RSS20. This result
can be justified considering that the reduction of the upper bound
of the normalised slenderness leads, on one hand to the improve-
ment of the energy dissipation capacity of bracing members, but,
on the other hand, it gives rise to a reduction of the limit value of
the cyclic ductility (uim) [19], according to Eq. (25).

In Fig. 13 the N¢ s4/N. rq ratio versus the PGA curves is depicted,
for each storey and for each design methodology, with reference to
the El Centro record. It shows that the proposed design methodol-
ogy, with and without the RSS, always leads to a value of the above
ratio of less than 1.0. This is the main goal of the described de-
sign methodology, aiming at the safeguard of non dissipative ele-
ments preventing the premature buckling of columns. Conversely,
the application of Eurocode 8 design provisions does not assure the
prevention of columns buckling, the N, s4/N¢ grq ratio being greater
than 1.0 for low values of the PGA. Finally, the results obtained for
the different earthquake records are summarised in Table 4, where
the PGA values corresponding to the different failure modes are
given. In addition, the governing failure mode is also pointed out.

It is also useful to compare the different design methodologies
from the economic point of view. To this end the variation of
the constructional steel weight has been evaluated. Assuming as
reference the CBF designed according to Eurocode 8 provisions,
two parameters can be introduced [22]:

e i. expresses the CBF's weight influence factor as the ratio be-
tween the total weight of concentrically braced frames (P. cg)
(i.e. the sum of the weight of all the CBFs of the structural sys-
tem) and that of the whole structure including the leaning part
(Ps.gcg), both evaluated for the reference design methodology
(Eurocode 8):

ic = Pcecs/Pskcs- (26)

e AP is the relative variation of the CBF's total weight, designed
according to the j-th design methodology, with respect to
Eurocode 8:
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Fig. 12. Mean value of storey and total dissipated energy with reference to the PGA value leading to collapse.
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Fig. 13. Maximum non dimensional axial force N; sq/N¢ rq in the columns versus PGA for the El Centro record.

PGA values corresponding to the different failure modes for the designed structures.

7

0.8

Record Excessive storey damage (g) Fracture of diagonal braces (g) Out-of-plane buckling (g) Governing failure mode (g)
El Centro 0.45 0.43 0.27 0.27
Kobe 0.67 0.31 0.22 0.22
EC8 Northridge 0.45 0.45 0.27 0.27
Petrova 0.42 0.42 0.14 0.14
Tokyo 0.63 0.68 0.30 0.30
Mean value 0.24
El Centro 0.49 0.47 N.B. 0.47
Kobe 0.72 0.46 N.B. 0.46
Proposed Northridge 0.44 0.46 N.B. 0.44
Petrova 0.43 0.46 N.B. 0.43
Tokyo 0.72 0.83 N.B. 0.72
Mean value 0.50
El Centro N.R. 0.58 N.B. 0.58
Kobe 0.67 0.43 N.B. 043
P-RSS16 Northridge 0.37 0.39 N.B. 0.37
Petrova 0.49 0.51 N.B. 0.49
Tokyo 0.72 0.75 N.B. 0.72
Mean value 0.52
El Centro 043 0.39 N.B. 0.39
Kobe 0.77 0.72 N.B. 0.72
P-RSS20 Northridge 041 0.43 N.B. 041
Petrova 0.34 0.45 N.B. 0.34
Tokyo 0.82 0.90 N.B. 0.82
Mean value 0.54

N.B. = no buckling.
N.R. = drift limit not exceeded.

AP =

Pcj — P kcs

Pc kcs

(27)

where P is the total weight of the CBFs designed according to
the j-th design methodology.

By combining Eqgs. (26) and (27), the following relationship
for the CBF's total weight, with reference to the j-th design

methodology, can be easily derived:

Pc.j = (1 + APc.j) “Pcpcs = (1 + APc.j) : ic « Pspcs. (28)

The whole structural weight corresponding to the j-th design
methodology P;; is obtained by the sum of CBF's total weight P
and the weight of the part of the structure P, resisting vertical
loads only (leaning part). The weight P, is not affected by the
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Table 5
Building weight and percentage variation.
Pcj (kN) Psj (kN) AP (%) AP (%)
EC8 128.76 595.26 - -
Proposed 135.18 610.88 3.35 2.62
P-RSS16 126.61 585.06 —-2.19 —-1.71
P-RSS20 123.18 571.33 —5.13 —4.02

design methodology adopted for the seismic resistant part and is
expressed as:

P, = Pygcg — Pepcg = Psgcs - (1 —ic). (29)

Therefore, the whole weight of the structure designed accord-
ing to the j-th design methodology can be expressed as:

st:ch+Pv: s.ECS'(1+iC'APC.j)~ (30)

As a consequence, the variation of the total structural weight,
with respect to the one resulting from Eurocode 8 provisions, can
be expressed as:

Psj — Psgcs

AP = =i, - AP (31)

P kcs

The results obtained by means of Eqgs. (27), (28), (30) and (31)
are summarised in Table 5 for the analysed structures.

It can be observed that the proposed design methodology,
aiming at the safeguard of non-dissipative elements by means of
a rigorous application of capacity design principles, provides an
increase in structural weight and, as a consequence, in building
cost, compared to the structure designed according to Eurocode
8 provisions. Nevertheless these variations are very small, only
2.6%, and completely justified by a significant improvement of the
structural seismic performance. In addition, the combination of the
proposed design methodology with the reduced section solution
leads to a reduction of the structural weight, and as consequence
of the building cost, also allowing a significant improvement of
the building’s seismic performance. This is due to the possibility
of calibrating the resistance of diagonal braces to obtain the
diagonal’s overstrength factors §2 equal to 1.0 at all the storeys,
so that in this case the proposed design methodology allows to
prevent premature collapse of non dissipative elements without
oversizing them. The obtained reduction of the structural weight
obviously decreases by assuming a lower limit value for the
maximum normalised slenderness of bracing members.

6. Conclusions and future developments

The results of dynamic inelastic analyses of braced frames de-
signed according to different approaches allow one to derive some
preliminary conclusions about the effectiveness of the investigated
design approaches and about the influence of the limitation con-
cerning the normalised slenderness of braces.

The application of Eurocode 8 provisions leads to structures
where failure prematurely occurs due to the columns buckling. The
cause of such unsatisfactory seismic behaviour is the underesti-
mation of the column’s axial load so that yielding of all the diag-
onals cannot be attained. As a consequence, the participation to
the dissipation of the earthquake input energy is assured only with
reference to the storey exhibiting the minimum £2; overstrength
coefficient.

Conversely, the application of the proposed design methodo-
logy provides structures with a good ability to develop plastic
excursions, engaging all the storeys. In addition, the use of the
Reduced Section Solution combined with the proposed design
methodology can lead to a further improvement of the seismic
behaviour. In this case, the use of the RSS allows savings in the
constructional steel’s weight whose magnitude depends on the

limiting value of the non dimensional slenderness of braces. The
greatest saving in the constructional steel’'s weight is obtained
when the code suggested limitation, equal to 2.0, to the brace’s
non dimensional slenderness is adopted. Conversely, a less severe
limitation, such as 1.6, leads to a minor saving in the constructional
steel’s weight and, in addition, the dissipation along the height of
the structure is less uniform. However, also in this case, the seismic
behaviour remains very satisfactory. On the other hand, a more
stringent limitation of the brace’s slenderness guarantees a better
safeguard of connections.

Even though the preliminary performance assessment of the
designed buildings is based on IDA analyses limited to five records,
the obtained results are encouraging about the improvements in
performance, with respect to Eurocode 8 approach, which can be
attained by means of the proposed design procedure both with and
without RSS.

However, it has to be recognised that the seismic response
of structures is highly affected by the frequency content of the
ground’s motion, so that record-to-record variability should be
considered by means of a robust approach. Therefore, the forth-
coming development of the present work could be represented
by the use of a probabilistic approach leading to a seismic perfor-
mance assessment in terms of the mean annual frequency of ex-
ceeding the specified limit states.
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