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Abstract

Bridges often need to conform to strict alignment rules for high speed railway (HSR) lines.
Generally, the bridges are constructed either from prestressed concrete or steel-concrete com-
posite. Prestressed concrete bridges can be constructed by precast methods, which offer
benefits in economies of scale, quality and construction times for long repetitive viaducts.
However, currently precast construction utilises conventional concrete strengths, leading to
thicker, heavier cross sections to resist the load. High performance concrete (HPC), with its
increased strength, can be implemented to reduce the precast segment weights, subsequently
reducing substructure and transportation capacities. However, lighter sections could lead to
decks more prone to vibrations exceeding acceleration limits. Therefore, the implementation
of HPC requires further research, addressed in this thesis, using the most sophisticated and
realistic numerical models of the bridge, vehicle, track, wheel-rail interaction and rail irregu-
larities, identified in literature.

A suitable benchmark bridge is selected and analysed from a database of concrete HSR bridges.
This analysis finds that using track irregularities with wheel-rail contact is mandatory for accu-
rate bridge accelerations, leading to up to 3.75 times larger accelerations than equivalent mov-
ing load models. Furthermore, sectional deformations have been found to be non-negligible,
with beam element bridge models incapable of exhibiting the wide frequency content of the
acceleration response seen in shell elements. A subsequent parametric analysis reduces the geo-
metrical cross sectional dimensions of the precast components, implementing HPC to maintain
the structural capacities.

The applicability of the acceptable parametric analyses are tested on other bridges, deter-
mining more general conclusions for HPC inclusion in HSR bridges. Appropriate reductions
in geometry (web, bottom flange and top flange thicknesses down to 66, 75 and 75% of the
original value respectively), are identified from the response of the bridge and vehicle, by
using HPC up to 96 MPa, contributing to up to 22% lighter precast elements. Appropriate
design guidance is subsequently made for better design of HSR bridges to incorporate HPC
into precast solutions.
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Chapter 1

Introduction

This thesis presents a study into the implementation of high performance concrete (HPC)
into prestressed, precast high speed railway (HSR) bridges. The implementation of these
concretes will enable several benefits over conventional concrete, with impacts greater than
to just the bridge deck design. For example, but not limited to, improvements in bridge deck
transportation and reduced substructure design capacity, as a consequence of the reduction
of the self-weight that may be achieved. As a consequence of that, the dynamic response
may be amplified. Therefore, in order to gain understanding about their dynamic response
under HSR traffic loading, comprehensive and realistic numerical models are required. This
chapter introduces the background to the subject briefly, before presenting the objectives of
this research. Finally, the outline of the content of this thesis is provided at the end of this
chapter.

1.1 Background and Motivation

High speed railways are found in many countries around the world. The development of these
lines has stemmed from the first HSR line to be built in Japan, between Tokyo and Osaka, in
1964 (Smith, 2003). A HSR line is defined by many factors, but the widely accepted definition
is a general minimum line speed exceeding 250 km/h for a new line specifically built for HSR
and 200km/h for existing lines upgraded from slower speeds (Leboeuf, 2018). So called Maglev
(magnetic levitation) trains are not considered as HSR, as they use a wheel-less technology
that spreads the weight over a wider region than the concentrated HSR wheel loads (Li et al.,
2016).

In the United Kingdom (UK), there is currently one dedicated HSR line, known as High
Speed One (HS1), operating at 300 km/h and linking London to the Channel Tunnel and
hence the European HSR network (Bennett, 2007). Further lines have been upgraded to

39
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Operational Planned Operational Planned
Max Max Max Max

Country Length Speed Length Speed Country Length Speed Length Speed
Qatar* - - 180 350 Germany 1571 300 438 300
China 31043 350 8535 350 Italy 896 300 205 300
India - - 508 320 Netherlands 90 300 - -
Indonesia - - 712 300 Norway - - 333 250
Iran - - 3104 250 Poland 224 200 1082 350
Israel - - 85 250 Portugal - - 596 350
Japan 3041 320 596 260 Russia - - 2970 400
Kazakhstan - - 1011 250 Spain 2852 300 1965 300
Malaysia** - - 350 320 Sweden - - 750 320
Saudi Arabia 453 300 - - Switzerland 144 250 15 250
South Korea 887 305 49 300 UK 113 300 550 360
Taiwan-China 354 300 - - EUROPE 9096 320 12721 400
Thailand - - 2878 250 Australia - - 1749 350
Turkey 594 250 6242 300 Brazil - - 511 300
Vietnam - - 1600 350 Canada - - 290 250
ASIA 36372 350 29976 350 Egypt - - 1210 ?
Austria 263 250 352 250 Mexico - - 210 300
Baltic - - 870 240 Morocco 200 320 1114 320
Belgium 209 300 - - South Africa - - 2390 300
Czechia - - 810 350 USA 735 240 2351 350
Denmark - - 60 250 OTHER 935 320 9825 350
France 2734 320 1725 320 WORLD 46403 350 52522 400

Table 1.1: Table of the current and planned lengths [km] and maximum operating speeds
[km/h] of countries around the world currently with or planned to have dedicated HSR lines
as of 2019 (*link to Bahrain; **link to Singapore)

run at 200 km/h and so are also classified as high speed. Particularly applicable to this
thesis, a new HSR line, High Speed Two (HS2), has begun construction between London and
Birmingham (with plans for later phases to extend further north), with planned speeds up
to 360 km/h, which would make it among the fastest HSR lines in the world (Leboeuf, 2018;
Durrant, 2015). In the design of this HS2 line, the use of precast solutions, with modular
and accelerated construction techniques have been explicitly promoted. Similar drivers are
currently guiding the design of HSR lines in other countries.

Globally, China has the highest usage of HSR, both in terms of number of users, with 800
million passengers per year in 2015 (Leboeuf, 2018), as well as in total track length, as seen
in Table 1.1 (UIC, 2019). Globally, as of 2019 there was a HSR network length of 46403 km,
with a further 52522 km planned (UIC, 2019). This shows the global spread of HSR and the
high growth of the industry.

The strict alignment and longitudinal constraints required for HSR lines means that a sig-
nificant proportion of the design will require bridges and tunnels to traverse the existing
landscape. For example, in Taiwan, 73% of a HSR line was constructed using prestressed con-
crete viaducts (Tai et al., 2010a). When constructing viaducts of many spans, repetitive design
leads well to the manufacture of precast spans, helping to achieve benefits from economies of
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Figure 1.1: Train dynamic motions

scale, speed of construction, site safety and quality. The implementation of precast construc-
tion is already used for HSR bridges. However, the construction of these bridges tends to use
conventional concrete strengths, leading to bulky solutions with high mass. These large and
heavy elements need to be transported from the precast plant to the construction site and
lifted in place to their final location. Through the use of high performance concrete (HPC) the
cross section can be designed with thinner elements, reducing the span mass, and improving
the prospects of precast construction. Nevertheless, these lighter structures would be more
prone to vibrations under the HSR traffic loading, due to the lower mass in Newton’s Second
Law, which therefore requires further study.

Precedent for using HPC precast solutions in bridges comes from highway bridges, where
many existing bridges are constructed with this material. However, HSR bridges are exposed
to a very different type of loading in comparison. The ratio between traffic and permanent
loads are larger in HSR bridges than in road bridges. In addition, train vehicles will enter a
bridge at higher velocities, at fixed lateral locations (where the rail is located), and will have
fixed distances between axles. In comparison, vehicles on highway bridges will enter at lower
speeds, with lower loads per wheel, with a larger spatial variation in the transverse direction
within the lanes and a random pattern of axle distances due to the variety of vehicles and
distances between them. This makes HSR bridges more susceptible to resonance problems,
which generally results in stockier, stiffer and heavier cross sections. In addition, in HSR
bridges there are strict requirements for the vibrations of the bridge to guarantee the train
safety minimising the probability of derailment.

A high speed train vehicle normally consists of three main body types as seen in Figure 1.1:
the carriages, bogies and wheelsets. Firstly, the carriage is the largest body and the passengers
are seated within it. The bogie, which is sometimes excluded, is found between the carriage
and wheelsets. The bogie holds two wheelsets and houses mechanisms to provide braking and
traction forces, whilst also helping to steer the train around curves. Finally, the wheelsets
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sit on the rails and through rotation provide a forward motion to the train. Connecting
the bodies there are layers of suspension, comprising springs and dampers, which improve
passenger comfort and help to steer the vehicle. These suspension layers are defined as the
primary suspension, which is found between the wheelset and the bogie, helping to steer the
train, and the secondary suspension, which is found between the bogie and the carriages,
mainly functioning for the passenger comfort.

Trains are required to have very high comfort levels for passengers in comparison with a
road vehicle. Definition of the motions of the train is important in the study of the vehicle
dynamics. A set of three perpendicular axes (u, v, w), can be used to define the six degrees
of freedom (DOF) of the vehicle motion, with three displacements (forth and back, lateral
swing and floating) and three rotations (rolling, pitching and yawing). Axis u is defined in
the direction of travel, v perpendicular to u and horizontal, and w perpendicular to u and v.
This can be seen in Figure 1.1.

The modelling of the vehicle is one of five important considerations for the development of a
HSR dynamic bridge model. The other four are the dynamic bridge model, the interaction
between the wheels of the train and the rails, the irregularities found deviating the rails
from a perfect profile and alignment, and a method to obtain the numerical solution (Zhang
et al., 2008; Antolin et al., 2012). Nowadays, numerical models developed by researchers
and powerful structural analysis packages can enable modelling of the whole train and all its
suspension systems in conjunction with the track and the bridge structure in a very accurate
and detailed manner. Through these models, the implementation of HPC, allowing lighter
precast decks in HSR bridges, can be investigated. The idea is to make the precast elements
as light as possible (by implementing HPC), without penalising their dynamic behaviour and
hence not making them too prone to vibrations.

1.2 Research Objectives

This thesis is focused on the study of the dynamic structural response of high-speed railway
bridges, with lighter HPC precast decks. The implementation of HPC could lead to lighter
sections, which are easier to transport and to set out in place on site, but which may be more
prone to vibrations. Whilst the study of HSR bridges is well documented, the level of detail
required in modelling each component varies significantly between literature. Deciding on the
modelling processes is a substantial part of the problem to be solved, before a study on the
use of HPC in the bridge can be initiated. Hence, the main objectives of the research are:

• To perform an extensive literature review, compiling the main design characteristics of
HSR bridges using precast concrete solutions, the material properties of HPC, the main
characteristics of the high speed trains, the properties of the track and irregularities
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and finally the interaction between the wheels of the train and the rails, as well as the
existing theories and methodologies to model all these elements.

• To develop a sophisticated dynamic finite element (FE) model, including the whole train,
train tracks and the wheel-rail interaction, to analyse the structural response of these
bridges under the dynamic loading scenarios, with an assessment of the sensitivity of
the key input modelling parameters.

• To investigate the structural dynamic behaviour of a benchmark bridge, followed by per-
forming parametric analyses through implementing HPC into this bridge to maintain
existing structural capacities, whilst reducing its weight through changes to the geo-
metrical bridge properties such as the web and flange thickness, continuity, and bridge
depth.

• To evaluate and compare the structural behaviour of different bridge cross sections, and
apply similar parametric analysis to these bridges to incorporate HPC.

• To gain understanding about the structural behaviour of these bridges and to provide
appropriate design recommendations.

Furthermore, the findings of this thesis are to be disseminated into papers to be published in
scientific journals.

1.3 Thesis Outline

There are seven chapters in this thesis. Excluding this chapter, the outline of the remaining
thesis is described as follows.

The literature review is presented in Chapter 2. This includes a detailed analysis and compila-
tion of models previously used for bridges, train vehicles, track structure, track irregularities,
wheel-rail interaction, the properties of HPC and some specific design criteria for HSR bridges.
Within this chapter there is also a study of existing HSR bridges constructed using concrete,
particularly precast elements, showing a comparison of the characteristics of each solution,
enabling an appropriate benchmark case to be later chosen.

Chapter 3 focuses on the general methodology used in this thesis. This includes the selection
of a benchmark case bridge to focus the analysis on. The chapter will follow on to identify
how the track, train, irregularities and wheel-rail interaction are modelled.

Based on the methodology presented, Chapter 4 initiates the analysis of the benchmark bridge.
The model is analysed considering the sensitivity of modelling parameters, and seeks to clar-
ify contradicting sources from literature. The bridge model is analysed to determine optimal
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computational efficiency and response accuracy. Different loading models are compared, to
determine their appropriateness, based on the dynamic responses and the computational re-
quirements. The analysis also considers the range of properties found in literature for the
track and vehicle to study the effects of varying the stiffness of components, on the bridge and
vehicle dynamics.

Chapter 5 considers the parametric analysis of the benchmark case bridge cross section iden-
tified in Chapter 3. The bridge is analysed using the best modelling approach determined in
Chapter 4, to firstly establish an initial dynamic performance, for a range of vehicle velocities,
for both a single span and a three spanned case. After establishing the initial cases, both
the one span and three spanned bridge cases are subjected to detailed parametric analysis
focusing on changing the geometrical properties of the precast elements, whilst increasing
the strength. Through introducing HPC, to maintain the structural capacity of the bridge,
suitable parameters for lighter precast decks are identified.

Chapter 6 studies three existing bridges, with precast decks, of different cross sections to
incorporate the parametric changes identified by Chapter 5 into other bridge types. This
requires identification of the initial dynamic performance of each benchmark bridge before
implementation of HPC into the precast decks to create lighter cross sections are considered
and investigated. The conclusions made in Chapter 5 are then determined whether they are
appropriate for these other bridge types as well.

Finally, Chapter 7 concludes the work of this thesis, identifying and summarising the findings
of the preceding chapters. It also identifies avenues for further study and recommendations
for the updating of codes.



Chapter 2

State-of-the-Art

This chapter evaluates the current literature, to establish what studies need to be carried out
for the solving of the problems of this thesis. It will also investigate the current state of the
art of HSR bridges. Included are previous studies on the bridge, vehicle, track, wheel-rail
interaction and material models.

2.1 Railway Bridges

Bridges are an important part of many HSR lines, due to strict geometrical requirements for
the vertical and lateral alignment. In some cases the line can consist primarily of bridges. For
example, in Taiwan, 251 km of a total line length of 345 km used bridges, 73% of which are
precast full span box girders (Tai et al., 2010a).

In comparison with a highway bridge, the traffic loading is much heavier and sudden, although
less continuous over the time, leading to stockier span to depth ratios in HSR bridges. The
repeating distance of axles on a train can also lead to resonance problems in a bridge (see
Section 2.7.5.1). Railway bridges are often flatter, as they must conform to stricter vertical
curvature control than highway bridges.

2.1.1 Materials

Current HSR bridges generally use either composite (steel and concrete) or prestressed con-
crete for construction materials. Longer spans tend to use composite construction, very short
spans use reinforced concrete and the rest prestressed concrete (Hseih and Wu, 2014). Direct
comparison of the performance between the materials is difficult for a comparable bridge, but
generally the dynamic response (measured using accelerations and Dynamic Amplification

45
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Factors (DAF)) of a concrete bridge is better than a comparable composite bridge. This is
due to the larger mass which makes it less prone to suffer significant vibrations. However, an
important factor is the running speed of the vehicle compared to the critical speed (defined as
the speed at which resonant vibration may occur (Frýba, 2001)), the latter tends to be higher
in concrete bridges. It is seen in Kim et al. (2011), that the running speed of the vehicles
achieved today can still match the critical speed within prestressed concrete bridges. Study
of composite bridges is beyond the scope of this thesis.

2.1.2 Construction Methods

The main construction methods for concrete bridges can be split into two categories: in-situ
construction and prefabricated construction. In-situ construction, consists of construction at
the location of the final position of the structure, whereas prefabricated construction tends
to include casting the concrete in a different location and transporting elements to site. For
in-situ construction, methods include full-span casting, balanced cantilever and incremental
launching methods. Prefabricated construction typically uses either full span placement or
segmental methods (explained further in Section 2.1.2.1).

In-situ methods are the more traditional and are more financially viable for small scale pro-
duction. These methods are more time intensive, require more site space to cast and construct
and often require a larger workforce. However, it does allow more design flexibility between
bridges. This thesis focuses on precast construction which is detailed further in the next
section.

2.1.2.1 Precast Bridge Construction

In cases where standardisation of bridges is possible, cast in-situ methods become less eco-
nomical, such that for a sufficient number of spans, prefabricated methods become achievable
by reducing the construction costs through economies of scale. These savings must cover the
initial set-up costs of a precasting factory for it to be financially viable. Many cross sections
are of existing standard sizes. Changing of the shape of the cross sections can be achieved via
placing of inserts into existing moulds to reduce the geometry of the existing sections.

Precasting of concrete reduces on-site construction times, with the structure sufficiently cured
by the time it is placed in position, so further construction processes such as post-tensioning
and placing of further spans can continue. It also can be constructed in a wider range of
weather conditions, leading to smaller possible construction delays. Precasting methods can
reduce the disruption of bridges constructed in proximity to other infrastructure due to its
speed and reduced falsework requirements. The process can be controlled better than in-situ
methods, which can lead to higher quality, better riding comfort levels, lower maintenance costs



CHAPTER 2. STATE-OF-THE-ART 47

Full Span
Precast Segment

Lifting Gantry

Span delivery

Figure 2.1: Figure showing the full span erection of a precast box girder

and more influence on the prestressing loads. Generally, the durability of the construction can
be increased, although the joints between precast elements need to be carefully designed due to
small tolerances and durability issues. This is particularly the case for segmental construction
where epoxy resins and post-tensioning are used to join segments. Disadvantages of precast
construction include a lack of design flexibility and a requirement for heavy lifting equipment,
which for some cases may lead to the critical load design to be for construction rather than
during the railway vehicle loading (Morgan Girgis and Tadros, 2007; Rosignoli, 2014a; Hseih
and Wu, 2014).

As previously mentioned, there are two methods commonly used in precasting bridges. Firstly,
segmental construction involves splitting the span into multiple segments (typically a few
metres long) that are easy to transport, before post-tensioning together in-situ, a process
commonly used in France (Combault, 2013). However, this method is not included within
the scope of this thesis, due to the complex interactions of the joints between segments. The
alternative, full span construction, uses one segment that is the full length of the span and
placed into position. This can either consist of a single segment that is the whole bridge
cross section or use longitudinal elements (precast beams) that are later topped by a slab on
site. There are many challenges with using forms of full span precasting (as seen in Figure
2.1 (Rosignoli, 2014b)). As bridge sections are very heavy, they require dedicated machines
such as span launcher or portal carriers to carry the precast element and place them into
position (Rosignoli, 2014b). To support the structure during transportation, the beams are
often pre-tensioned.

When using precast beams, transverse diaphragms are frequently used at support sections.
The precast beams support a slab which the track is placed on. Generally this slab is added as
either fully cast-in-place, or partially cast in-situ (partial depth slab), which uses thin precast
panels placed over the beams as permanent formwork and topped with a cast-in-place slab
(FHWA, 2005). Less commonly, the slab is constructed with precast panels that are the full
depth of the slab, utilising grout filled shear pockets to connect the mechanical shear connectors
of the precast beam to the slab. According to Morgan Girgis and Tadros (2007), using full
depth panels may increase the life of the bridge as the slab can be prestressed, use high
performance concrete and have the benefits in quality that comes with use of prefabricated
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cross section name key

Box girder a

Dual U-Beam b

Straight sided box girder c

Triple webbed box girder d

Voided slab e

Table 2.1: Different types of cross section used in the bridge database and Figure 2.2

elements. This method has not been found to have been used in HSR bridge design, but
examples have been found in highway bridges.

2.1.3 Cross sections

A database of published HSR bridges from around the world has been compiled by the author
(see Appendix A). The bridges are split into categories based on characteristics such as
construction method and cross section type, with the properties then compared. The cross
sectional categories are described in Table 2.1, with the comparison of properties made in
Figure 2.2. It can be clearly seen that there is an upper span length of around 45 m for the
precast bridges due to construction constraints (mainly transportation). Continuous bridges
are found to be more common in the database than simply supported, single span cases.
When focusing on the span to depth ratios shown in Figure 2.2a, precast solutions are found
to be stockier than the cast in-situ solutions. Precast solutions tend to have slenderness ratios
between 1/11 and 1/14, whereas cast in-situ solutions range between 1/14 and 1/16.

The thickness of the webs in general is between 1/5 and 1/9 of the depth, with some exceptions
when there are more than two webs per cross section (Figure 2.2b). The majority of web
thicknesses are between 0.4 and 0.6 m. It is also apparent that the precast solutions are
thinner than cast in-situ, which could be due to the shorter spans associated with the precast
methods.

The use of the dual U-beams shows considerably smaller bottom flange widths (Figure 2.2c),
and the thicknesses of the bottom flange not directly correlated to its width. The widths of
the bottom flange tend to be greater than 5m. The thickness of the bottom flange also shows
very little correlation to the span length (Figure 2.2d), with most of the thicknesses between
0.3 and 0.4 m.

Precast HSR beam bridges will generally conform to approximate span to depth ratios. Ac-
cording to Montagut (2010) spans of up to 30 to 35 m can be achieved in simply supported
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Figure 2.2: Different comparisons of bridges from the bridge database (Appendix A). The
shape of the data point refers to the cross section in Table 2.1. Solid markers refer to continuous
bridges and hollow are simply supported. Grey colours represent precast construction and
black is cast in situ.
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bridges, with depth to span ratios between 1/10 and 1/12. Through post-tensioning for con-
tinuity, up to 40 m spans can be achieved, with more slender profiles such that the depth to
span ratio reaches between 1/14 and 1/15.

Precast beams have many different forms and shapes, and include U-beam, I-beam, T-beam
and Y-beam. The typical span ranges of these prospective solutions are shown in Figure 2.3
(FIB, 2004; Pacadar, 2015), which consider any vehicle loading type, not just railway bridges.
Therefore, the maximum spans are likely to be smaller for railway bridges as they tend to
be less slender. The use of U-beams is the most popular type of precast beam used in HSR
bridges, due to its torsional resistance and attractive design (Gray et al., 2003). Section
depths typically vary from 0.8 to 2.6 m, and at least one U-beam should be used per track
supported. For the same span, I-beam bridges require greater depths, larger number of beams
and transverse diaphragms at supports, hence the more frequent use of U-beams. However,
U-beams are heavier, with a higher initial cost due to higher capacity lifting equipment and a
less standardised design (Tierra Armada, 2012; Gray et al., 2003). All of these bridges require
completion through topping with a slab.

0 20 40 60 80

Span range [m]

Monobox boxgirder

I beam

Inverted T

U beam

Y beam

Double T

Figure 2.3: Potential precast bridge span lengths comparison

From Figure 2.2, it appears the majority of published HSR solutions use a box girder, matching
the claims of Hseih and Wu (2014). When precast these commonly use the full span method,
where the whole cross section is precast. Common variations of the box girders are shown in
Figure 2.4. The spans can be up to 45m long, often limited by transport methods. However,
through post tensioning to make continuous, several longitudinal precast beams of the full
box girder cross section can be joined to reach spans of up to 90 m, which has previously
been achieved in highway bridges (FIB, 2004). According to Montagut (2010), the use of box
girder bridges can lead to depth to span ratios of generally 1/12 to 1/14, but occasionally up
to 1/17. A haunched profile close to the support sections can half the depth in the middle of
the span, which has been demonstrated in Spain (Llombart Jaques et al., 2014b). However,
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(a) Standard box girder (b) Double celled box girder (c) Straight sided Box girder

Figure 2.4: Box girder solutions

this value is based on cast-in-place solutions and examples of precast construction indicated
stockier solutions (Tai et al., 2010b).

The majority of solutions use the standard solution shown in Figure 2.4a. For wide decks or
if the bridge requires a higher level of stiffness and shear strength, a double cell box girder
can be used (Figure 2.4b). This may take the form of two precast U-beams placed adjacently,
transversely joined by prestressing bars and topped by a slab (Montaner Fraguet et al., 2014),
or by the full cross section being precast (Miotti et al., 2003). Alternatively, a single cell box
girder could be used with inclined struts linking the cantilevered slab flanges back to the box,
reducing the transverse bending and providing additional stiffness (Marí and Montaner, 2000).

Although the previous cross sections are most popular, other sections are possible. Trough
bridges, with an example in Figure 2.5, allows the train to run in the base of a wide U shape
beam without an additional slab being constructed. This method reduces noise pollution
without a need for sound barriers (Rosignoli, 2014b), and also reducing the running height of
the train. It has had some limited use in HSR, particularly for the Modena viaducts in Italy,
with further rail use in Belgium (Staquet et al., 2004).

Figure 2.5: Sketch of shape of U shaped Trough bridge, with ballasted track shown inside

2.1.4 Longitudinal Continuity and Articulation

The longitudinal scheme of a bridge can be classified as simply supported, continuous or
integral. Continuous bridges are constructed without joints between intermediate spans. They
can also be materialised by a combination of post-tensioned bars and a cast in-situ joint (with
high strength concrete or epoxy) to connect the precast bridge beams together (FIB, 2004).
Continuous railway bridges offer lower vibration response and therefore a better dynamic
performance than simply supported bridges (Goicolea-Ruigómez, 2008).
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Integral bridges are constructed without expansion joints between intermediate spans or be-
tween the end spans and the abutments. Bearings are also eliminated in this type of bridge.
However, evidence of the use of this method for HSR with a precast solution has not been
found.

The continuity of the rail over joints is often ignored for the dynamic analysis due to the
relatively low rail stiffness compared to the bridge (Majka and Hartnett, 2009). However, rail-
structure interaction is studied for longitudinal actions such as braking, acceleration, thermal
expansion and long-term bridge deformations (creep and shrinkage). These actions introduce
stresses into the rail, so to avoid rail expansion joints on the bridge, the distance from a
fixed support to a bridge expansion joint is limited to 90 m for concrete bridges (60 m for
steel-concrete composite bridges) (Calgaro et al., 2010b).

Through vehicle braking and accelerating, large horizontal forces are required to be transported
from the deck into the foundations. The horizontal load can be transferred through a stocky
pier, an abutment or V shaped piers, all of which need to be stiff enough to transfer the
horizontal load.

When piers are slender they may need modelling for the dynamic effects of the bridge. This
is normally the case for tall viaducts. The flexibility of the pier can lead to larger lateral
displacements of the bridge (Antolín et al., 2010; Antolin et al., 2012). Where piers have
previously been modelled, the model of the bridge deck and piers tend to use simple beam
element models (Antolín et al., 2010; Antolin et al., 2012). Alternatively, the stiffness of the
piers, abutments, bearings and foundations are represented by springs attached to the support
conditions for beam element models of simply supported bridges, when modelled by Simões
et al. (2008), Reis et al. (2008), Cuadrado et al. (2008) and Ramondenc et al. (2008). In a
shell element bridge deck model, Moliner et al. (2012) incorporates the bearings by applying
vertical stiffness to the shell elements in the support regions. It was found that the vertical
accelerations decreased with a decreasing connection stiffness, but it was found that the effects
of the bearing model is negligible. However, modelling of pier stiffness has not yet been made
when studying a bridge using three dimensional shell elements in current literature. This may
be as some literature consider piers to be stiff enough to neglect modelling (Au et al., 2002;
Dinh et al., 2009; Zhang et al., 2010; Antolín et al., 2013).

As abutments consist of different material to the bridge deck, so they can have different
stiffnesses. This can create a change of running profile for the track such as that described by
Hess (2008). However, the transition is not found to be modelled in literature.
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2.1.5 Bridge Modelling

The modelling of the bridge structure itself depends largely on the focus of the investigation.
For design studies or research focusing on the vehicle dynamics, it often is the case that the
bridge is modelled by simple beam elements, ranging from two dimensional Euler-Bernoulli
(Gabaldon et al., 2008), and Timoshenko methods (Lou et al., 2012) to three dimensional beam
element models (Montens and Huyard, 2008). The beam is characterised by the bridge cross-
sectional properties, such as the area, second moment of areas, torsional rigidity and centroids.
It offers an approximate solution to the bridge response without a lot of computational cost.

In order to capture the cross-sectional deck deformations, we can use shell elements (Delgado
et al., 2009). These elements, used by Song et al. (2003) among many others, are often
preferred over the solid elements, used by Kwasniewski et al. (2006) and Xia et al. (2003), as
they have the ability to model the bridge more accurately for the same computational time.
Theoretically, solid elements could be used, but the usage is limited with current computing
capacity, as once these models are appropriately calibrated through the sensitivity analysis, an
extremely large number of elements is required, so the computational time becomes unrealistic
for complex dynamic modelling. Modelling with shell elements requires significantly fewer
elements for accurate analysis, leading to smaller computational time for comparable results.
In addition, the more realistic representation gained from using 3D solid elements, rather than
shells, has very little implication for the dynamic analysis problems raised during the design
of these bridges.

2.1.6 Conclusions related to Bridges in Literature

From this study of literature, precast HSR bridges utilise a wide variety of bridge types and
construction methods. The type of bridge used in this thesis is presented in the methodology,
however to model the bridge, literature suggests the following:

• The use of shell elements for the most computationally efficient and accurate solution

• The use of beam elements to model simple cases of the bridge, or when using more
complicated vehicle models

• Ignoring the flexibility of the piers if they are stocky

• Ignoring the stiffness of the bearings in the model

• That continuous bridges will give rise to smaller accelerations
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Vmax
Train Country Type [km/h]

Thalys France, Belgium, Germany A 320
AVE S100 Spain A 300
Eurostar France, Belgium, UK A 300
ICE2 Germany C 280
ICE3 Germany C 330
ETR-500 Italy C 300
Virgin UK C 200
TALGO 350 Spain R 300
TGV Duplex France A 320
700T Taiwan, China C 300
N700 Japan C 300

Table 2.2: Table of trains, country of operation, layout type and maximum operating velocity.
A=Articulated, C=Conventional, R=Regular

(a) Articulated (b) Conventional

(c) Regular

Figure 2.6: The three types of train layout

2.2 Train-Vehicle Models

There are many different types of train vehicle, each with different wheel-axle spacings, com-
ponent masses and suspension stiffnesses. Table 2.2 shows a selection of different high speed
rolling stock and the maximum speed each operates at from around the world (Goicolea and
Gabaldón, 2008). The vehicles can be broadly placed into three categories, based on the wheel
layout. Articulated vehicles have bogies shared between carriages, with each bogie having two
wheelsets. Contrastingly, conventional vehicles do not share bogies, so instead have two bogies
per carriage and two wheelsets per bogie. Finally, regular trains do not feature bogies, with
wheelsets directly connected to the carriages. These trains can be seen in Figure 2.6.

Vehicles have previously been modelled in a variety of different ways to suit the desired out-
come. Some models are very simple, just a set of moving loads, whereas others can model the
whole train system, from the wheelset up to the flexibility of the carriages themselves.
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2.2.1 Point Load Methods

The simplest method of modelling is through a set of moving point loads, as seen in Figure
2.7a. Analytical models of moving point loads on beams have been achieved from Timoshenko
(1922), Smith (1988) and Frýba (2001). The model of Frýba allows determination of the
bridge acceleration, deflection and bending moment from moving point loads. Compared to
real data, the calculated numerical values were on average 10% higher.

Yang et al. (2004a), stated that although the moving load model is widely used in literature,
it ignores the interaction between the bridge and the moving vehicle and hence is only suitable
for situations where the vehicle mass is small compared to the mass of the bridge, and with
the vehicle response an undesired output. Further, Martin (2008) finds this type of modelling
unsuitable for bridges with spans less than 40m as it neglects mass interaction. This is similar
to BS EN 1991-2:2003 (2010), which suggests that in bridges with spans less than 30 m, the
interaction of the mass of the bridge with the vehicle mass is important.

2.2.2 Moving Mass Models

In order to incorporate the effects of the vehicular mass, some models incorporate a moving
mass model, as seen in Figure 2.7b. This is useful for situations where vehicle mass is large
in proportion with the bridge mass for which differences between moving load and moving
mass models can raise by up to 80% (Akin and Mofid, 1989) (although the moving mass to
bridge mass ratio here is much larger than realistically found for railway bridges). The lack of
a vehicle in this model, means the vehicle motion cannot be determined, which is according
to Yang et al. (2004a), important for HSR in the presence of track irregularities.

2.2.3 Sprung Mass Model

A sprung mass model, as seen in Figure 2.7c, incorporates a mass suspended by either a spring
or a spring and damper, which moves along the bridge with the velocity of the train. It allows
incorporation of the mass effects (Delgado et al., 2008; Goicolea and Gabaldón, 2008), and
also some simple vehicle dynamics. Models include a mass hung from a spring (Yang et al.,
2004a), an unsprung mass attached to a sprung mass and multiple layers of sprung mass
(quarter or half bogie models). The wheelset mass is unsprung, with the carriage mass either
incorporated by an additional sprung layer, combined with the bogie mass or as a moving load
on top of the wheelset mass (Vale and Calçada, 2014).

Yang et al. (2004a) compared different values of vehicle suspension stiffness and damping using
a sprung mass model. It was concluded higher damping led to higher vertical acceleration of
the sprung mass and the bridge had a reduced response. Variation of the suspension stiffness
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Figure 2.7: Some of the vehicle model types found in literature

of the sprung mass was found to have a negligible impact on the bridge response, but was
important for the dynamics of the sprung mass (Yang et al., 2004a). A drawback of the sprung
mass model is that the vehicle motion does not include pitching motion which is important
especially in the presence of rail track irregularities (Yang et al., 2004a).

2.2.4 Two dimensional Vehicle Model

When modelling in two dimensions (Yang et al., 2004a; Lou, 2005), the sprung mass model
can be modified to connect the components of the vehicle, with a rigid beam connecting the
bogie sprung masses, such that they are linked like a real carriage (as seen in Figure 2.7d).
This incorporates the pitching motion, important in the determination of the vehicle response.
Similar findings of the sensitivity to suspension stiffness and damping for this vehicle model
as were found by Yang et al. (2004a) as in Section 2.2.3. The impact of this model compared
with sprung mass models is negligible for bridge response, but it was found that the vehicle
accelerations were increased (Lou, 2005, 2007).

2.2.4.1 Consideration of Flexible Bodies

The idea of a flexible body is shown in Figure 2.7e. Chen et al. (2015) considered the linking
rigid bodies of the carriage and bogies to be flexible. Good correlation of the dynamic vehicle
response with experimental data was found (Zhai and Sun, 1994), but the vehicle was not run
across a bridge, so the impact on bridge dynamics was not determined. This research appears
to be more concerned with vehicle response.
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2.2.5 Complete Vehicle Models

The two dimensional models expressed previously have limitations. Forces are only available
in one plane, with lateral actions ignored. Yang et al. (2004a), Xu et al. (2004) and Zhang
et al. (2008) are among many to extend the train vehicles to three dimensions. Some of the
common assumptions of the models made in these sources are:

1. Car bodies and bogies have five DOFs each, with the movement in the longitudinal
direction restrained by the velocity of the train which runs at a constant speed.

2. Each vehicle consists of a rigid carriage body, two rigid bogies and generally four rigid
wheelsets, each component joined by viscoelastic elements (with linear properties).

3. The connection between a bogie and its wheelsets (the primary suspension system)
consist of both vertical, longitudinal and lateral springs and dampers, which are placed
at both sides of the bogie.

4. The second suspension system acts between the car body and the bogies.

In general the carriages are modelled independently in literature, except for certain articulated
trains (Zhang et al., 2008). The mass and the inertial moments of the bodies are lumped at
their respective centres of mass (Kwark et al., 2004; Majka and Hartnett, 2008; Dinh et al.,
2009; Ju, 2012). Some sources allow deformations of the bodies, for example the wheelset
in Dinh et al. (2009), but the significance of this on the bridge or vehicle response is not
disclosed and it is rarely used in literature. Due to the constant velocity modelling, the
horizontal acceleration and braking forces are usually studied in combination with vertical
loads in a static analysis (BS EN 1991-2:2003, 2010).

According to Zhang et al. (2008) the main difference between models is the number of degrees
of freedom (DOF) allocated to each of the wheelsets. For example, in Xu et al. (2004) and
Yang et al. (2004a), three DOF are allocated for each wheelset, restraining the yaw, pitching
and longitudinal DOF, resulting in 27 DOF for each vehicle (carriage: 1 × 5, bogies: 2 × 5,
wheelsets: 4×3). Alternatively, both Dinh et al. (2009) and Antolín et al. (2010, 2013) allocate
4 DOF to the wheelsets, with rotations around the main axle (pitching) and longitudinal DOF
suppressed, resulting in a vehicle model with 31 DOF in total (carriage: 1× 5, bogies: 2× 5,
wheelsets: 4 × 4). A diagrammatic model of the vehicle from Antolín et al. (2013) is shown
in Figure 2.8.

Due to the sharing of bogies in articulated trains there is interconnection between carriages.
This invalidates assumption of independence of carriages (Song et al., 2003; Xia et al., 2003;
Kwark et al., 2004; Lee and Kim, 2010). In this case, additional visco-elastic elements exist
between carriages. Examples of regular train layout full vehicle models used in literature were
not found.
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Figure 2.8: An example of a three dimensional vehicle model

2.2.5.1 Use of Full Vehicle Models in Literature

In some cases the full vehicle model is used in conjunction with a simple beam bridge model
(Antolín et al., 2010, 2013). In these sources, no comparison was made between the model
and experimental or other method results was made, so it is not possible to conclude whether
this level of detail was appropriate, either for the vehicle or bridge response.

Alternatively, the full vehicle model is sometimes used with beam or frame elements in a
three dimensional lattice (Kwark et al., 2004; Lee and Kim, 2010). Kwark et al. validates
the three dimensional vehicle model with experimental methods on the actual bridges under
construction, concluding that the three dimensional model with interaction between vehicle
and bridge appeared to be necessary for the bridge response. However, Lee and Kim finds that
the full vehicle model is not necessary for all carriages, employing a hybrid model of moving
point loads and full vehicle models for different carriages, achieving a 25% computational
saving, although this underestimates the displacement dynamic amplification factor by up to
3%. Lee and Kim (2010) found that although the full train was 20 carriages long, the 16
carriage model offered satisfactory representation.

By including the three dimensional model, there is the ability to be able to test the derailment
safety of the train, using a series of vertical to lateral force ratios, whereas this is not possible
in two dimensional analyses (Yang et al., 2004a) (See Section 2.7.2 for more information on
derailment).
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2.2.6 Vehicle Modelling Parameters

A wide selection of data found in literature in describing the vehicle properties has been
established in Appendix C. It can be seen in this Appendix that there are some common
properties between vehicles. For example, the vertical primary stiffness of a carriage tends to
be lower than the lateral and longitudinal stiffnesses. However, the database also shows a lack
of consistency between vehicles. Despite, the large amount of data, only a few vehicles have
all data provided, including dimensions. Hence, the choice for modelling the real vehicle in
this thesis is limited.

2.2.7 Eurocode Dynamic Load Models

As explained in Section 2.2, there are many different vehicles. In order to satisfy the loading
that all variations of these trains cause, load models are generated to encompass the possible
load profiles. European lines have to conform to the Technical Specifications for Interoper-
ability (TSI) standards (Commission Regulation (EU), 2014), which ensure that the design of
train lines is adequate for any of the types of trains in operation in the European Union (EU).

For BS EN 1991-2:2003 (2010), two High Speed Load Models (HSLM) have been developed,
HSLM A and HSLM B, covering European train load dynamic signatures. The criteria to
determine which HSLM to use is expressed in BS EN 1991-2:2003 (2010). A graph comparing
the dynamic signature of some real trains with HSLM A has been compiled by the author and
is shown in Figure 2.9. This compares the wavelength against the force component associated
with that wavelength. These wavelength can be converted into a frequency by using the vehicle
velocity, which allows comparison of the loading frequencies with the modal frequencies of the
bridge, identifying the regions of concern for resonant behaviour. This means that although
the wavelength of 15 m has a low level of associated force, it does not necessarily mean a
bridge of this length will be okay, due to the variation in speed of the vehicles.

Gabaldón et al. (2008) compared the vertical bridge accelerations numerically generated for
different real trains with the universal trains provided by HSLM A, for a 22.5 m spanned,
precast double box girder bridge. For the real train, Virgin, at 220 km/h the accelerations
generated exceed the envelope of accelerations caused by the HSLM A trains, but this was
not a determinate factor for design. However, Gabaldón et al. (2008) notes that the envelope
capabilities of the universal trains have not been proven for statically indeterminate structures,
which could lead to, in another case, a critical peak in accelerations and then an inadequate
design.
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Figure 2.9: Comparison of the dynamic signatures of the high speed trains, Eurostar (ar-
ticulated), Virgin (conventional) and ICE2 (conventional), with the dynamic envelope of the
HSLM-A models (inspired by Goicolea et al. (2006))

2.2.8 Conclusions related to Vehicles in Literature

From the literature, it is suggested that a moving point load model is inappropriate for spans
less than 30 m, due to mass interaction. The use of flexible bodies is the most advanced,
but is utilised in situations focusing on vehicle response. For obtaining and studying the
vehicle response the vehicle should be included in the model. The implementation of the
whole train within the model has rarely occurred in conjunction with a detailed model of the
bridge (through a shell element model), as it is mostly modelled with beam elements. Different
vehicles have been found to induce different responses with load models utilised to cover the
loading of the variety of different train types.

2.3 Track Model

The track is an important subsystem of the global vehicle-track-bridge system. By track we
refer to all of the components between the vehicle and the bridge. This includes the rail,
rail pads, fasteners, sleepers and either ballast (for ballasted track which in some literature
includes further layers of subballast and subgrade, separate to the ballast layer), or a slab (for
slab track). There are multiple ways to define these layers according to literature, depending
on what the level of detail and aim of the study is. There are also differences that will
arise between the modelling of ballasted track and a slab-track (nonballasted track), although
according to Dinh et al. (2009), the former is more widely implemented in reality.

The track life cycle is a maximum of around 50 years, compared to bridge design lives typically
in excess of 100 years (BS EN 1991-2:2003, 2010). Therefore, this has to be considered in the
design, for example, by including a separation layer between the waterproofed bridge structure
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Figure 2.10: Ballast usage in different countries around the world, compiled by the author
with data taken from Fagan (2016), Alamaa (2016), Miura et al. (1998), Nurmikolu (2012),
Kufver and Gåsemyr (1999) and Aripov et al. (2016)

and the track system. This removes the composite action between the two components and
enables replacement of the track structure.

2.3.1 Ballasted Track vs Slab-Track

Traditionally railway track has included a ballasted bed, but recent trends have been towards
a slab track (Fagan, 2016). Some of the benefits of ballasted over slab track are: lower initial
costs, a more flexible structural system, good noise absorption, speed of construction, improved
water drainage and wider load distribution. On the contrary, slab track has the following
advantages over ballasted track: smaller long term track movement, higher resistance to lateral
movements, a lower train running height, a lower lifetime cost due to reduced maintenance
costs (particularly important on HSR bridges), smaller weight, increased passenger comfort
for a given maintenance level and higher capacity to resist axle loads (Esveld, 1997; Fédération
internationale du béton. Task Group 6.5., 2006; Bastin, 2006; Bezin et al., 2010). In addition,
the lack of ballast removes the long-term mass gain from material in the voids and removes
the potential for dislodged ballast material from causing damage to the wheels and rails.

Many countries with HSR, use a combination of slab-track and ballasted track, with different
segments of the lines utilising different tracks (Fagan, 2016). The predominant track usage in
countries with HSR and published data, is shown in Figure 2.10. Often due to the high initial
costs and small construction tolerances with some ballastless methods, the wider use of this
system has been inhibited (Esveld, 1997). In addition, it is a relatively young system, such
that the real long term cost-benefits are not fully known yet.
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2.3.2 Embankment to Bridge Track Transition

An important consideration in the design of a track is in the location of the transition between
the bridge and the embankment. In this area the bridge can be stiffer than the surrounding
ground (Esveld, 1997). This can cause changes in the vertical alignment of the track from the
bridge to abutment, potentially causing large dynamic forces, particularly a problem for the
vehicle behaviour (Esveld, 1997). In addition, the train crossing the bridge causes rotation at
the deck ends. This rotation can cause problems for the track (Fumey et al., 2002). Additional
structural transitional components may be added to the bridge to span the joint, smoothing
the discontinuity between the abutment and the bridge (Fumey et al., 2002; SSF Ingenieure,
2016).

2.3.3 Modelling the Track

Modelling of the track has been found to be important to the vehicular dynamic response in
particular, with Yang et al. (2004a) finding the vehicle particularly sensitive to ballast stiffness
changes when travelling at low speeds. Despite this, other authors (Xia et al., 2003; Antolín
et al., 2013) ignore all of the track components, assuming that the track and the bridge deck
deflect and accelerate together. This method is the least computationally expensive, using the
fewest number of elements, but neglects the load distribution and elastic effects of the track.

Modelling of the rail is sometimes used when modelling in two dimensions when studying
the longitudinal stresses introduced to the rail and substructure from horizontal actions and
temperature changes. This uses longitudinal elastic linear and non-linear springs between the
rail beam and the bridge beam (Ramondenc et al., 2008; BS EN 1991-2:2003, 2010). When
studying vertical loading, a series of vertical springs may support the rail beam (Winkler
foundation model). However, these models require additional parameters to represent the
longitudinal track stiffness (Zhaohua and Cook, 1983; Song et al., 2003).

A four layer track model is required to represent the rail, rail pad, sleeper and ballast in
greater detail (Wu and Thompson, 2002; Kargarnovin et al., 2005). The rail pad and ballast
can be modelled by viscoelastic elements. It was found in Kargarnovin et al. (2005), that a
linear approach was accurate enough to describe track impacts on the vehicle comfort levels.
The sleepers are modelled as a lumped mass in these models. Longitudinal and lateral springs
between the ballast can be incorporated (Wen et al., 2009), as seen in Figure 2.11. This allows
transfer of longitudinal and lateral loads to the bridge.

The values used for some of the parameters in these track models are shown in Table B.1
of Appendix B. It is seen in this table that the values used for different parameters vary
significantly between different sources, particularly the railpad stiffness. This is partly down
to different stiffness of railpads being used for different types of track.
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Figure 2.11: Side view of the full track model, adapted from Wen et al. (2009)

Slab tracks are less commonly found to be modelled in literature. De Man (2002) and Proença
et al. (2011), models in two dimensions a beam for the rail, connected to a discrete slab
below, of 6.5m long (which is also modelled by a beam), connected to the bridge underneath.
Viscoelastic elements are used between the elements of the rail and slab, to model the railpads,
and between the slab and the bridge to represent a waterproof membrane layer. However, these
are the only sources found to use this method. Dinh et al. (2009) uses a slab track model,
but ignores elastic effects of the track system. Very few other researchers have been found to
model ballastless tracks.

2.3.4 Conclusions related to the Track in Literature

Track models are different for ballasted and slab track. Slab track appears to be where
industry is moving towards. Ballasted track is more commonly modelled in literature, with
models limited for slab track. Significant variation in complexity of models in literature occurs,
but studied literature finds this has the greatest effect on the vehicle and not bridge dynamics.
Therefore, it is useful to see the impact of the track properties and a comparison of the two
tracks on the bridge.

2.4 Wheel-Rail Interaction

According to Yang et al. (2004a), it is the definition of the contact between the wheel and
the rail, that allows the coupling of the bridge and vehicle models. The degree of complexity
of the Wheel-Rail Interaction (WRI) models varies among literature. For moving point load
models, the interaction does not need to be modelled. Therefore, the models expressed in this
section refer to the three dimensional vehicle models.

At the simplest level the wheels of the vehicle are set on a perfectly guided predefined path
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(Song et al., 2003; Xia et al., 2003). Alternatively, a linear model (Xu et al., 2004; Yang
et al., 2004a), can allow a relative velocity and displacement between the wheel and rail, but
linearise the wheel and rail profiles. A more complex model considers the real profiles of the
wheel and rail, which is a much more realistic way to describe the contact problem and this
also allows contact between the wheel flange and the rail, which keeps the wheelset between
the rails (Nguyen et al., 2009; Antolín et al., 2010; Antolin et al., 2012).

In general, for the consideration of the force transfer between the wheels and the track, there
are two types of force that are modelled. The normal force acts perpendicular to the contact
point and the tangential force acts in the surface plane of the contact. The order of solving
the wheel rail interaction problem is performed by solving in order the: 1) contact position,
2) contact area, 3) normal force and 4) tangential forces (Antolin et al., 2012).

2.4.1 Contact Position

Before finding the contact area, the position of the contact needs to be defined. This enables
the properties of the contact area to be calculated. This position may be found by the point
at which the two bodies come into contact, or by the largest penetration between the two
bodies (neglecting the deformation of the bodies). It is possible for multiple points of contact
to occur simultaneously as found in Piotrowski and Chollet (2005). Methods used to find the
point of contact can vary from searching at discrete points and interpolating between points,
to using equations to solve the contact (Shabana et al., 2005).

2.4.2 Contact Area

There are two different approaches for solving the contact area. The first is to assume that the
contact is an elliptical area, and the second is assuming that the contact area is non-elliptical
(Antolín, 2013).

In general a contact area between two identical spherical deformable bodies would be circular.
Due to the changing curvatures of the profile of the wheel and rail, non-elliptical contact areas
are found. However, the area is often assumed to be an ellipse or series of ellipses (Piotrowski
and Chollet, 2005). Formulations to calculate the shape and size of the contact patch have
been given in multiple papers (Antolín et al., 2012; Shabana et al., 2004). This depends on
the normal load, the Poisson’s ratios and the Young’s moduli of both materials in contact, and
uses Hertz’s Contact theory (as explained in detail in Section 2.4.3.1) (Antolín et al., 2012).

Consideration of a non-elliptical contact area is less commonly used in literature. To model
this, the area may be approximated as multiple elliptical contact regions (Pascal and Sauvage,
1993; Piotrowski and Chollet, 2005), or the actual area split into strips (Ayasse and Chollet,
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2005). Multiple points of contact may occur as a result of the assumptions in Hertz theory
(Hertz, 1882), that the curvature is constant and bodies non-conforming, which in reality the
contact between rails and wheels can invalidate. For non-conforming contact, the shapes of the
contacting bodies are different, such that a point of contact can be determined. In contrast,
an example of conforming contact would be a sphere inside a spherical socket, where contact
would occur everywhere simultaneously, whereas non-conforming contact would be a cube in
the same socket, such that contact only occurs in discrete locations. Alternatively, a method
of semi-Hertzian contact could be employed. In this case, Hertz theory only applies in the
direction of travel and not in the transverse direction. It again can solve cases where curvature
is not constant, and the method has been solved for in both Ayasse and Chollet (2005) and
Quost et al. (2006)

2.4.3 Normal Force

After finding the contact between the wheel and rail, the next step to solving the WRI is
to solve the normal contact. The normal force is split into methods that consider an elastic
contact, normally using elliptical Hertz contact, and those that use a simpler rigid contact.

2.4.3.1 Elastic Normal Contact

The use of elastic theory for the determination of the contact requires iteration to solve the
equations (Xia et al., 2012). The majority of elastic solutions use Hertz theory. There are
certain assumptions of the theory outlined by Hertz, and translated to be expressed in English
by Antolín et al. (2012) (Hertz, 1882). These are:

1. The surface of both interacting bodies can be approximated by a quadratic function
near to the patch of contact

2. The contact patch is dimensionally small in comparison to the radius of curvature of
both of the bodies at the point of contact

3. Only one contact patch is considered for each interaction of the wheel and rail

4. The surfaces at contact are continuous and that the shapes of the two contacting bodies
are non-conforming

5. The two bodies only have small deformations and these remain elastic

6. At positions far from the contact patch boundaries, the stresses (normal and tangential)
are zero

7. The mechanical properties of the materials constituting two bodies are identical, which
allows independent study of the tangential and normal contacts.
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The contact force between the two bodies is determined from the apparent penetration between
the two bodies. The normal force is then found to be a force perpendicular to the surface
of contact between the two bodies. Although this penetration does not really exist, it is a
representation of the local deformation of the bodies on contact. This is normally used in a
non-linear Hertzian contact equation (Shabana et al., 2004; Antolín et al., 2012; Xia et al.,
2012), expressed as:

Fne = KHδ
3/2 (2.1)

where Fne is the normal force [kN ], KH the non-linear Hertzian contact stiffness [kN/mm3/2]
and δ the representative penetration between the two bodies [mm].

Alternatively, the expression can be linearised (Antolín et al., 2012) as in Equation 2.2, instead
relying on a stiffness, Ks [kN/mm]. This is predetermined as in Equation 2.3, from the non-
linear Hertzian stiffness, KH , using the penetration calculated under a static self weight load
δs [mm] such that the equation then becomes:

Fne = Ksδ (2.2)

Ks = KHδ
1/2
s (2.3)

Separation between the rail and the wheel can occur when the normal contact force becomes
zero (Sun and Dhanasekar, 2002; Kargarnovin et al., 2005; Dinh et al., 2009; Nguyen et al.,
2014). The definition of the parameter KH , for the Hertzian contact stiffness, is not uniformly
defined across the different literature. Kargarnovin et al. (2005) predefines the value of KH as
a constant based on specific track and rail conditions. However, Sun and Dhanasekar (2002),
Nguyen et al. (2014), Antolín (2013), Shabana et al. (2007) and Antolín et al. (2012) all define
it by a relationship between the wheel and rail, assuming that the material of the contacting
wheel and rail are identical.

Variations used by Shabana et al. (2004), Shabana et al. (2005) and Torstensson and Nielsen
(2011) couple the spring with a nonlinear damper, allowing contact damping. This additional
damping force represents the resistance to the rate of penetration of the two bodies.

However, Nielsen and Oscarsson (2004) and Zhu et al. (2007, 2009) argue that the nonlin-
ear Hertzian normal force model is inaccurate, proposing the Adaptive Wheel Rail Contact
Model. Despite better accuracy claims, this method is not widely used in literature and is not
compared in terms of computational requirements.

2.4.3.2 Rigid Normal Contact

The rigid contact (or constraint) approach, is more simplistic and it does not allow for the
derailment (Xia et al., 2012; Shabana et al., 2004). It takes as input the displacements of
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Source Contact type Normal contact Tangential contact
Li et al. (2005) Rigid - -
Majka and Hartnett (2008) Rigid - -
Zhang et al. (2008) Rigid - -
Liu et al. (2009a) Rigid - -
Song et al. (2003) Rigid - -
Lou (2005) Rigid - -
Yang and Wu (2001) Rigid - -
Vale and Calçada (2014) Linear-2D Linear Hertz n/a
Kargarnovin et al. (2005) Non-linear-2D Non-linear Hertz n/a
Dinh et al. (2009) Linearised Non-linear Hertz Linear theory
Antolin et al. (2012) Non-linear Non-linear Hertz FASTSIM
Goicolea and Antolín (2011) Non-linear Non-linear Hertz USETAB
Antolín et al. (2013) Non-linear Non-linear Hertz USETAB

Table 2.3: Selection of Wheel-Rail Contact models being used in literature for bridges

the bridge and the rail, including the displacements due to irregularities and the hunting
motion. From this equation based approach to the positioning of the wheels, the forces can be
determined by a set of lagrangian multipliers (Zaazaa et al., 2009). The formulation is widely
used for bridges in literature due to its simplicity, as shown by Table 2.3.

According to Xia et al. (2012), this method has been widely verified by many in literature.
Due to the inability to naturally develop hunting motion with this method, hunting motion
is a prescribed displacement (Antolín et al., 2012). The number of DOF in the constraint
approach is reduced as the wheels only have 5 DOF possible with respect to the rail, whereas
in the elastic approach there are 6 possible DOF for the wheel relative to the rail (Shabana
et al., 2004). A similar rigid approach is also employed by Song et al. (2003) but defines the
force acting on the bridge based on the forces that act on the wheels, taking into account the
sprung and unsprung masses.

2.4.4 Tangential Force

Due to the movement of the wheel relative to the rail, friction plays a part in the interac-
tion. The tangential force (sometimes known as the creep force), is essentially the friction
force acting within the plane of the contact surface, perpendicular to the normal force. The
tangential force is important for the consideration of the lateral hunting motion, derailment
issues and as a result a closer determination of the ride quality (Shen et al., 1983). It is part
of the causation of the yawing motion of the wheelset, so as such will impact the dynamic
performance of the vehicle and therefore the ride quality. It is important to note that at no
point on the contact patch can the tangential stress (a shear stress) exceed the normal stress
at that point multiplied by the friction coefficient as given in Coulombs law (Antolín et al.,
2010, 2012).
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The tangential force is often lower than the maximum allowed. If the wheel was not rotating
about its axis, but was still moving forwards, this would be considered full slip, and the
tangential forces would be maximum. Due to the conical nature of the wheel, with a constant
rotation of the wheelset, the points of wheel in contact will be travelling at different velocities
based on the different radii at the point of contact. The relative differences in the velocity
between the wheel and rail in the contact patch (nondimensionalised and known as creepages),
if zero, would result in a wheel in full adhesion with no tangential forces. The creepages
between the wheel and rail are calculated in the lateral, longitudinal and the rotational planes
between the wheel and rail (Antolín et al., 2012).

The tangential force has many different methods to calculate it. Some of the most well
used and common models are proposed by Kalker, whose models are confirmed by others in
literature according to Garg and Dukkipati (1984), but there are other proposed models that
have been used. These models are discussed further here.

2.4.4.1 Kalker’s Linear theory

The most simple tangential contact is the linear theory, of which Kalker’s Linear theory is the
most prominently used linear theory (as described in Antolín et al. (2012) who references the
original text of Kalker (1967)). This theory assumes that every point on the ellipse is under
an adhesion situation, with no slippage. With this theory, due to the neglecting of the creep
forces, Coulomb’s friction law may not be satisfied. This method has very small computation
times, but it is unrealistic for anything but small creepages in the prediction of the tangential
force, and it is for these larger creepages that the linear theory violates Coulomb’s law.

2.4.4.2 Heuristic approach

Some manipulation can be made of the linear theory as outlined by Antolín et al. (2012),
which applies a correction to the forces to satisfy Coulomb’s law (Shen et al., 1983; Shabana
et al., 2007). This can modify the tangential forces such that they do not exceed the maximum
value given by Coulomb’s theory.

The approach taken by Shen et al. (1983), improves an earlier theory by Johnson and Ver-
meulen (Garg and Dukkipati, 1984) by incorporating the influence of the spin. This theory is
used by Zhang et al. (2008) and Wen et al. (2009), but according to (Polach, 2005) is less ac-
curate than Polach’s approach despite similar times for computation. However, these methods
are not widely used in literature.
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2.4.4.3 Polach’s Method

An advanced method is the Polach’s method (Polach, 1999). It has advantages over Kalker’s
Simplified theory through shorter computational time (up to 17 times shorter (Polach, 1999)),
making it more suitable for complicated multi-body simulations (Six et al., 2015).

The method assumes that the tangential stress grows linearly, in the adhesion zone, with
distance from the leading contact edge (Polach, 2005). It differs from the Linear Kalker
method by including slip, so the maximum force is limited to Coulomb’s theory. Antolín
(2013) found that the Polach method is not accurate for high values of rotational (spin)
creepage.

2.4.4.4 Kalker’s Simplified Theory

Amore complicated theory is Kalker’s simplified theory. The accuracy of the simplified method
is much closer to that of the exact theory compared to the linear theory, and to implement
this theory an algorithm is required for which Kalker (1982) proposes a Fast Algorithm for the
Simplified Theory of Rolling Contact (FASTSIM) (Garg and Dukkipati, 1984; Antolín et al.,
2010; Torstensson and Nielsen, 2011). This method is one of the most widely used algorithms
due to its speed of computation and accuracy, as it is a factor of 100 times less computationally
expensive than the most accurate theory (exact theory of rolling contact)(Garg and Dukkipati,
1984), however Kalker (1982) finds FASTSIM to only be 15-25 times faster. Errors are found
to be less than 15% compared to Kalker’s Exact Rolling Contact Theory (Antolin et al., 2012).

In order to solve the algorithm the contact area is split up into a series of longitudinal strips,
each strip being discretised into the same number of cells. The equations to calculate the stress
are calculated at the centre of each cell, integrating over its area starting from the leading edge
of the ellipse. This leads to longer computational times than the preceding methods explained.
Although not used by Antolín (2013), this solution is claimed to be accurate enough for most
solutions, but it does not list any exceptions where it is not suitably accurate. Although
most work of FASTSIM focuses on the assumption that the contact area is an elliptical shape,
adaptations have been made for other shapes, such as the one by Quost et al. (2006).

2.4.4.5 Kalker’s Exact Theory

The most exact theory that has been created is Kalker’s Exact Three-Dimensional Rolling
Contact Theory (also known as variational theory). This is often used as the benchmark of
comparisons for accuracy with other models through it’s program, CONTACT (Kalker, 1990;
Antolín, 2013; Vollebregt, 2016). In this theory, the contact problem is solved with a theory
of virtual work, and as a result the method is very computationally expensive. Hence, it is
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not used for solving dynamic problems in practice. The increased accuracy comes from a lack
of limiting assumptions of the spin creepage and contact areas (Garg and Dukkipati, 1984).

2.4.4.6 USETAB

As the use of Kalker’s Variational theory is too demanding computationally, a method is
proposed where lookup tables are created based on the creepages and elliptical semi-axes,
such that for a given ellipse and creepage the values for the forces can be found. The forces in
the lateral and longitudinal direction and the moment about the perpendicular to the contact
surface (spin) are pre-calculated for the different input variables of creepages, normal force,
friction coefficient and semi-axes values using the variational theory. This significantly reduces
the computational times. However, interpolation is often required to find the forces for the
exact set of input variables (Antolín, 2013). This reduces the potential accuracy (Shabana
et al., 2004; Antolín et al., 2013). Large tables will still add significant computational time,
and small tables will reduce accuracy, so a trade-off is required when using this model (Polach,
1999).

2.4.5 Wheel Hunting Behaviour

The irregularities are a possible cause of wheel hunting in the vehicle. Wheel hunting move-
ment (sometimes known as nosing motion), can occur due to the shape of the wheels, and their
position on the rail (Xia et al., 2012). The shape of the running surface of the wheels results
in an off-centre wheelset leading to one wheel running with a larger running radius than the
other. As a result, yawing and lateral motions of the wheelset occur in an attempt to reach
equal running radius, causing lateral and yaw oscillation motion. At critical instability limit
speeds (Antolin et al., 2012), the motion may become uncontrollable and resonate, causing a
derailment risk and large lateral impact forces (Zaazaa et al., 2009), but this is more of a train
manufacturing problem. On straight track this hunting motion is one of the major factors
in causing lateral movements of the bridge (Antolín et al., 2010). Overall, the hunting mo-
tion can cause lateral resonant problems in the bridge if the frequencies of the vehicle lateral
oscillation and lateral bridge modes align (Zhang et al., 2012).

In elastic nonlinear contact models, this motion can occur naturally. However for less complex
contact models, either an additional force has to be applied asin BS EN 1991-2:2003 (2010),
or the motion predefined (Goicolea and Antolín, 2011).
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2.4.6 Conclusions related to the Wheel-Rail Interaction in Literature

The interaction is the most complex part of the study. It is necessary to incorporate for
accurate vehicle responses, but also to introduce variation in vertical and horizontal loads.
It allows the inclusion of irregularities to create a non-perfect running case. It requires a
full vehicle model, and increases computational time. The most appropriate, documented and
tested normal contact model is the nonlinear Hertzian model, with an elastic approach offering
better vehicle dynamics then a rigid contact approach. The tangential methods have to be
studied further to determine which model to progress with.

2.5 Irregularities

As highlighted in Section 1.1, irregularities are one of the five important considerations in the
modelling of trains over bridges (Zhang et al., 2008). Despite this, many sources do not include
irregularities in the work (Antolín et al., 2010). The effects of irregularities are inconclusive,
with differing conclusions from different sources.

The effect of irregularities on the dynamics of the system are varied across literature. Yang
et al. (2004a) finds that they have a negligible impact on the vertical accelerations of the
bridge, but the lateral bridge response and the vehicle dynamics are significantly affected.
However, work by Cantero et al. (2016) concludes that irregularities, particularly in the short
wavelengths increase the vertical bridge accelerations. In the case of different track qualities,
the poorer the quality, the worse the vehicle and lateral bridge responses are, yet the vertical
bridge response is unaffected (Au et al., 2002; Yang et al., 2004a; Wu et al., 2010). The lateral
irregularities here are found to be the predominant cause of the change to the lateral bridge
response (Yang et al., 2004a; Majka and Hartnett, 2009), but the cross level irregularity also
has an impact (Garg and Dukkipati, 1984). The change in response according to Xia et al.
(2000), does not extend to the lateral bridge displacement, which remains unaffected. Yang
et al. (2004a) claims the opposite, that the lateral displacements are impacted by poorer
quality track.

Irregularities may arise as isolated irregularities, often found around track features such as
switches, turnouts, crossings, bridges and other special track work (Hamid et al., 1983). Al-
ternatively, more continuous track variations include random track irregularities and rail cor-
rugations.

Long wavelength irregularities (> 100 m) often originate in the construction, intermediate
wavelengths (1.5−50m) from track degradation and short wavelengths (< 1.5m) from manu-
facturing processes (Yang et al., 2004a; Hamid et al., 1983). The faster the traffic runs across
the rails the higher the rate of degradation (Berawi, 2013). Track maintenance tends to rec-
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Figure 2.12: Irregularity definition

tify irregularities when exceeding the limits seen in Section 2.5.4. The degradation rate of the
track can be studied, but this is often only performed in analysis focusing on rail degradation,
as tracks will be maintained to a certain threshold level of quality (Berawi, 2013).

2.5.1 Definitions

There are four types of track geometry irregularity (Garg and Dukkipati, 1984; Li et al., 2005;
Yang et al., 2004a; Xia et al., 2012), related to:

The vertical profile: It is the deviation of the average height of the rail from the intended
height.

The horizontal alignment: It is the deviation of the centre of the two rails from the in-
tended centre.

The cross level: It is the unintended differences in elevation between the two rails.

The gauge: It is the deviation from the intended gauge of the horizontal distance between
the two rails measured on a plane 1.5 cm below the railhead top.

These irregularities are shown in Figure 2.12. The gauge irregularity is commonly ignored, as
it has negligible impacts on analysis (Song et al., 2003; Xu et al., 2004; Yang et al., 2004a; Li
et al., 2005). The cross level irregularity should not be confused with the cant of the track as
the cant is an intended difference between the vertical heights of the two tracks to help steer
vehicles round curves and the irregularity is unintended.
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2.5.2 Random Track Geometry Variations

The definition of random track geometry irregularities is commonly made in one of two ways:
it can be defined by a random function such as a power spectral density function (Song et al.,
2003; Li et al., 2005; Dinh et al., 2009; Au et al., 2002), or it can use real data (Xia et al.,
2000; Xu et al., 2004; Xia and Zhang, 2005; Zhang et al., 2008). Real data is often site specific,
depending on the local maintenance and track operating speeds, and is very limited.

Power Spectral Density (PSD) functions, give rise to a series of amplitudes for different wave-
lengths. For irregularities, these amplitudes and wavelengths can be used in sinusoidal func-
tions, superimposing different wavelengths to generate random profiles. Each PSD is calcu-
lated for a range of wavelengths, based on the highest and lowest frequencies considered to
contribute to the irregularities of the track (Yang et al., 2004a).

According to Song et al. (2003), the irregularities produced by the PSD functions depend on
the railway characteristics of the country, and are often proposed by organisations from within
that country such as the Société Nationale des Chemins de fer Français (SNCF) in France or
the Federal Railroad Administration (FRA) in the USA. As highlighted within these models,
the speed of the line is an important consideration as tracks of higher operating speeds will tend
to have better quality. Five of the common PSD functions are known as the FRA, German,
Chinese, SNCF and Braun functions (Berawi, 2013). The SNCF and Braun functions only
have capabilities for defining the vertical irregularities, whereas the FRA, German and Chinese
functions can account for all four irregularities. The FRA and German functions are discussed
in the following sections, with further detail on the generation of the PSD functions defined
in Appendix F.

2.5.2.1 FRA PSD Function

These equations are the most commonly used in literature, utilising the class of tracks using
proposed by the Federal Railroad Administration (FRA) (Hamid et al., 1983). The FRA
define classes 1-9 of track qualities, where class 1 is poorest quality and class 9 the best. PSD
functions have been defined up to class 6, a quality corresponding to a line speed of up to
177 km/h (Berawi, 2013). Classes 7-9 apply to track qualities allowing high speed operation,
but are yet to be defined due to the age of the publication predating HSR implementation
(Hamid et al., 1983). Despite the claims by Dinh et al. (2009), the highest quality PSD defined
(class 6) is unlikely to be suitable for HSR lines.
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2.5.2.2 German Rail PSD Function

Another commonly used PSD function is the German one (Li et al., 2005; Zhang et al., 2010;
Berawi, 2013). There are two types: the German Rail Spectrum of Low Irregularity (GRSLI)
and German Rail Spectrum of High Irregularity (GRSHI). These can simulate the irregularities
of modelling a bridge that runs HSR vehicles with design velocities up to 350 km/h. Some
variation of the model exists with different coefficients given for the generation of the PSD
(Claus and Schiehlen, 1998; Cuadrado et al., 2008). Irregularities generated from the Claus and
Schiehlen (1998) model, is found to match well the real irregularities measured for a Deutsche
Bahn Train travelling at 250km/h, although Liu et al. (2009b) questions the suitability of the
German Spectra, instead proposing a modified PSD, supposedly more suitable to model real
track in Germany.

2.5.2.3 Generating the irregularities from the PSD

Conversion of the PSD function into the track irregularities can be performed with either the
Monte-Carlo method or the spectral representation method. The Monte-Carlo method (Pod-
worna, 2014), is essentially an inverse Fourier transform (Zhang et al., 2001). The expression
used can be seen in 2.4.

r(x) =
N∑
n=1

√
4S(ωn)∆ω cos(ωnx− φn) (2.4)

∆ω = (ωmax − ωmin)/N (2.5)

ωn = ωmin + δω(n− 1) (2.6)

where r(x) is the longitudinal spatial variation of the irregularity [m], ωn is a circular frequency
found in the frequency range of the PSD being converted [rad], S(ωn) is the PSD value for the
particular frequency, x the longitudinal coordinate [m], N= the number of frequency points
between the upper and lower limits of the frequency range (ωmax and ωmin respectively [rad]).
The random phase angle (φn) [rad] is a uniformly distributed between 0 and 2π, and each
irregularity type should have independent angles (Zhang et al., 2001).

The alternative spectral representation method (Claus and Schiehlen, 1998; Yang et al., 2004a;
Antolín et al., 2012), gives different results to the other model. It is shown in Equation 2.7.

r(x) =
√

2

N−1∑
n=0

An cos(Ωnx+ φn) (2.7)

where Ωn = nΩmax
N [rad], for n = 0, 1, 2, . . . , N − 1, where Ωmax [rad] is the upper circular
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frequency considered for the PSD spectrum; and:

An =



0 n = 0√
1
π (S(∆Ω) + 4

6S(0))∆Ω n = 1√
1
π (S(2∆Ω) + 1

6S(0))∆Ω n = 2

An =
√

1
πS(Ωn) n > 2

(2.8)

According to Yang et al. (2004a) the final results of the generation of the irregularity profile
may not be satisfactory, due to the superposition of random components. Hence, they may
require some form of normalisation to ensure the maximum irregularity peaks are representa-
tive.

2.5.3 Periodic Irregularities

According to Frýba (1996), in addition to the irregular random irregularities, there are periodic
irregularities that may be experienced that can cause resonance problems. This is due to the
regular repeating distance of the axles causing periodic excitation by isolated irregularities.
These periodic irregularities include corrugations and isolated irregularities of the track, as
well as wheel flats.

2.5.3.1 Isolated Irregularities

Whilst the typical track variations can be described by PSD functions, the random process of
the PSD not able to pick up particular local irregularities. These local irregularities include
features generated by special track work or physical features in the track such as switches,
crossings and rail joints. The frequency of occurrence of the irregularity depends on the cau-
sation (Garg and Dukkipati, 1984). If occurring in regular patterns they can cause resonance
problems (Hamid et al., 1983; Garg and Dukkipati, 1984). However, there is little reference or
use of these isolated irregularities with respect to the dynamics of a bridge in literature. This
could be due to the limitation of the positioning joints and features that can cause periodic
irregularities on a bridge (Frýba, 1996).

In general rail joints are not a problem for bridge dynamics. Modern tracks utilise Continuous
Welded Rail (CWR) especially for HSR, which enables long distances between joints. Rail
joints required for expansion are not normally allowed on bridges (Frýba, 2001), but in long
viaducts they may be necessary, so then have to be especially designed for safety and main-
tenance issues (Delhez et al., 1995; Matsumoto and Asanuma, 2008; Hseih and Wu, 2014).
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2.5.3.2 Corrugations

Rail corrugations are another periodic type of irregularity of the rail, caused from track degra-
dation after initial imperfections and impacting the vertical profile of the rail. Corrugations
take the form of particularly prominent sinusoidal variation (with one dominant period, as op-
posed to superposition of multiple periods as found in random irregularity generation) (Frýba,
1996). They can lead to damage of the track and the vehicle as well as to cause vibration
which translates to noise. Lou (2005) and Torstensson and Nielsen (2011) find that they could
cause resonance affects on the vertical superstructure accelerations, but previous study by
Yang et al. (2004a) suggests negligible effects to the vertical bridge dynamics.

2.5.3.3 Wheel Flats

Defects to the profile in the wheelsets can cause a dynamic response due to the driving rotation
of the wheel causing the imperfection to regularly become in contact with the rail. These
defects, commonly called wheel flats, can be created during heavy braking, which causes the
locking and subsequent sliding and wear to the wheels (Sun and Dhanasekar, 2002; Wu and
Thompson, 2002).

2.5.4 Track Variation Limits

Due to maintenance, the irregularities on a track will be smoothed and reduced beyond a
certain threshold, as expressed in regional codes (BS EN 13848-5:2017, 2017). There are three
types of limit: the alert limit (maintenance is planned as part of the regular maintenance
schedule if exceeded), intervention limit (corrective maintenance is required before the next
inspection) and immediate action limit (action taken immediately if exceeded due to safety
problems). The limits are made in reference to individual isolated irregularities with respect
to the mean value of the track geometry and the standard deviation of the variations of track
defined over a set track length. Information is given for gauge, alignment and longitudinal
profile, with the cross level not given directly but linked to the twist and cant limits.

2.5.5 Conclusions related to the Irregularities in Literature

From the literature, random irregularities are the more commonly utilised in these kinds of
models. Periodic irregularities generally have a cause that is not present on a bridge due to
the resonating effect, and when present requires more complex analysis and design. Therefore,
this thesis should use random irregularities, but it is uncertain how the random irregularities
generated by PSD functions compare to the variation limits given in codes and guidelines, and
hence testing of this should occur.
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2.6 High Performance Concrete

High performance concrete (HPC) can be defined in a variety of ways. According to Nawy
(2001) and Aitcin (1998), it should display very high fluidity, with low or negligible perme-
ability, high workability and optimised performance characteristics over conventional concrete.
These properties differentiate it from just a high strength concrete (FIB, 2008). It is generally
considered to have a compressive strength in the range of 50 MPa to 150 MPa, although
design values in codes are found to consider strengths up to 120 MPa. This is due to the
strengths up to this point having sufficient experimental results to draw relationships from.

Fundamentally, the constituent materials are the same as that used in traditional concrete.
Concrete traditionally used to have water-cement ratios around 0.65, however the use of plas-
ticisors allow reduction to around 0.4 for traditional concrete strengths. For HPC the water
cement ratio falls below 0.4, typically near to 0.2 (FIB, 2008). However, this reduction in
the water content leads to a reduction in the hydrated materials, which in turn increases how
brittle the concrete is. The stronger the concrete, the more brittle it becomes as a result.

2.6.1 Modulus of Elasticity

For low stress and strain levels, the material can be modelled linearly by the Modulus of
Elasticity Eci. The value of the Modulus of Elasticity for HPC can be determined by Equation
2.9 as given by the FIB (2008).

Eci = Ec0 · αE
(
fck + 8MPa

10MPa

)1/3

, (2.9)

where: Eci is the modulus of elasticity at a concrete age of 28 days [GPa], fck is the character-
istic strength of the concrete [MPa], Ec0 = 20.5 [GPa] and αE is a factor based on the type
of aggregate used in the concrete mix. This equation differs slightly from the one given in
BS EN 1992-1-1:2004 (2004), however both the one presented and this alternative give similar
results.

The modulus of elasticity depends on the constituent materials, particularly those in the
aggregate. Hence, models with no adjustment according to the constituent materials are found
to be inaccurate (Aitcin, 1998). This adjustment in aggregate type can lead to increases in
the elasticity modulus of up to 20% and decreases of 30% compared to the values provided.
The reference value used is for quartzite aggregate. Due to the variability in the constituent
materials, it is recommended by FIB (2008) to have tests to determine the specific modulus
of elasticity for the concrete being used. This is also recommended in BS EN 1991-2:2003
(2010) for conventional concrete, limiting the concrete modulus of elasticity to the value for
compressive strength of 50MPa, unless tests are performed to prove otherwise.
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Reinforcement Ratio [%] C30 (w/c ≈ 0.65) C80 (w/c ≈ 0.35) C120 (w/c ≈ 0.25)
0.0 2350 2450 2500
1.0 2400 2500 2550
2.0 2450 2550 2600

Table 2.4: The mass densities of concrete as specified by FIB (2008), where the reinforcement
ratio is the ratio of the volume of reinforcement bars to the concrete volume and w/c is the
water-cement ratio.

In the case where the stress or strain rate in compression or tension exceeds certain thresholds
(FIB, 2008), the formulations above become less valid. This is as the modulus of elasticity
is enhanced for very short impact loads, compared to that of static loads (FIB, 2008). It is
found under numerical simulation by Aied and González (2011), that for a singular 100 kN

moving load, at a velocity of 35m/s, on a concrete beam 10m long and 0.65m deep, the rate
of strain was sufficient for the modulus of elasticity is enhanced above the static response. In
this case the velocity was lower than in HSR.

2.6.2 Poisson’s Ratio

The determination of the Poisson’s ratio of HPC is difficult, so as such, only limited estimates
are known for the values. Some literature estimates that the Poisson’s ratio is between 0.18
and 0.24 (Aitcin, 1998) or between 0.14 and 0.26 (FIB, 2008), varying with stress. The latter
source suggests that a good design estimate of the value is 0.2 if exact value cannot be used.

2.6.3 Density

BS EN 1990:2002 +A1:2005 (2010) defines the reinforced concrete unit weight as 25 kN/m3

(2548kg/m3), with 24 kN/m3 (2446kg/m3) from plain concrete and 1 kN/m3 from rein-
forcement. With the decreasing ratio of water to cement for strength increases the concrete
microstructure changes which affects the density. In addition, the decreasing water can reduce
the fluidity of the concrete (FIB, 2008), possibly entrapping more air, which can change the
density of the concrete by 1%.

Approximate concrete densities can be obtained based on the strength and reinforcement
density as given by FIB (2008) and shown in Table 2.4. These values are based on concrete
with entrapped air content of 2%. The values shown are intended to be interpolated between
to get densities for concrete strengths between those shown. Despite the values given, it
is recommended that tests are carried out on the specific concrete used due to the high
dependence on the constituent materials.
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2.6.4 Creep, Shrinkage and Thermal Effects

The existing models of creep and shrinkage cannot simply be extrapolated to the higher
strengths. This is as changes in the microstructure of concrete affect the shrinkage and creep
behaviour. The reduced porosity lead to reduced effects of shrinkage and creep in HPC.
However, published research into this topic is limited and hence the models of creep and
shrinkage are not well defined, limited by the amount of data that is available (FIB, 2008).
Despite this, FIB does propose formulas for the shrinkage and creep behaviour. In this FIB
work, it is also considered that the thermal expansion coefficient is taken as the same as in
BS EN 1992-1-1:2004 (2004) for normal strength concrete.

2.6.5 HSR Bridges Constructed with HPC

From a thorough literature search, it can be concluded very few bridges have been published
for the HSR industry, where their strength is explicitly stated to be within the range of HPC,
or at least their construction has not been widely disseminated. For example, the twin viaduct
segmental bridge in Avignon (Radiguet, 1999), uses 52 MPa concrete. A further rail bridge
(Kojundic, 2007), found in Utah, uses HPC of 48 MPa for a small bridge with span 13.1 m.
This rail bridge however is not a HSR bridge, the strength is not in the HPC range and other
bridge properties are not given. Within highway bridges, HPC is more widely found to have
been used.

2.6.6 Ultra High Performance Concrete

Ultra High Performance Concrete (UHPC) is a new material with multiple variants, such as
Ultra High Performance Fibre Reinforced Concrete(UHPFRC), that according to Tang (2004),
should be less referred to as a concrete and more as a new material altogether. Commonly this
material has fibres within it which help improve the structural strength to strengths commonly
between 150MPa and 300MPa (Buitelaar, 2004). The use of UHPC can have advantages in
section sizes, with the lack of reinforcing bars reducing the concrete cover depths (Resplendino,
2011).

Some guidelines for the design with UHPC can be found in AFGC (2013). Further guidelines
are expected soon by the FIB, which should gain the benefits of the material developed further
in the last 15 years (Almansour and Lounis, 2011). However, these guidelines are very generic
and different manufacturers can achieve very different properties.

According to Almansour and Lounis (2011), several bridges have been constructed using UH-
PFRC in Europe, which include several highway bridges in France, and other parts of the
world, and multiple pedestrian bridges. However no rail bridges have been found to use the
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material. Almansour and Lounis (2011) finds that the use of UHPFRC allows the reduction
of concrete by up to two thirds the volume of ordinary concrete when constructing a bridge,
with fewer beams of smaller size required to support the deck. This means there is massive
potential for the use of UHPC in rail bridges.

2.6.7 Conclusions related to the Concrete Material in Literature

The mass and stiffness of HPC change with strength, and this can be utilised to simulate
the increasing strength of concrete in models. Good linearity in the stress strain relationship
for low stresses and strains, enables the concrete model to be linearly modelled for service
loads. It can also be seen from literature that higher strengths of HPC have not widely been
published to have been used in HSR bridges, enabling this work to establish novel results. The
lack of results published may be due to the industry having a reluctance to try novel methods,
due to the high cost of failure.

2.7 Specific Design Constraints for HSR Bridges

This section highlights some of the specific design constraints within codes for HSR bridges,
particularly focusing on the dynamic modelling.

2.7.1 Load Combinations for Persistent Situations

For the design to the Eurocodes, the vehicles are modelled by moving point loads. Different
combinations of load models are expressed in Table 6.11 of BS EN 1991-2:2003 (2010), taking
into account the direction of the loading and number of tracks to be loaded. The combinations
apply to static models, with dynamic models only requiring the loading of one track per bridge.
The positioning of the tracks should be considered to be in the least favourable possible
location on the bridge. Considerations for curved bridges require centrifugal forces from the
vehicle to be added.

2.7.2 Derailment

Determining whether a vehicle may derail is possible when using a nonlinear vehicle bridge
interaction model (Antolín et al., 2013). Yang et al. (2004a) states five limits that determine
the derailment and the safety assessment for trains. They are found as the axle load decrement
ratio (δQ), the lateral track force (Ylim), single wheel lateral to vertical force ratio (SY Q),
wheelset lateral to vertical force ratio (Y Q) and bogie-side lateral to vertical force ratio (BY Q).
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Many of these limits are used by other literature (Dinh et al., 2009; Ju, 2012; Six et al., 2015;
Zhang et al., 2008). The ratio of δQ depends on the vertical static and dynamic contact forces,
and the Ylim force depends on the static vertical force to determine an upper bound to the
lateral force available. The other three ratios are all a direct comparison between the vertical
and lateral forces in the wheels or wheelsets. With the exception of the δQ ratio, these ratios
are found to be dependent on the track quality and train velocity.

When not considering a full vehicle model, it is the bridge accelerations that are the only
indicator for the derailment safety, as explained in Section 2.7.3.1. In the unfortunate case
when derailment occurs, the bridges are designed such that the loads of the derailment process
incur are accounted for, as per BS EN 1991-2:2003 (2010).

2.7.3 Serviceability Limit State

2.7.3.1 Bridge Accelerations

The acceleration of HSR bridges is often the constraining design factor (Calgaro et al., 2010b).
BS EN 1991-2:2003 (2010) specifies that the bridge deck must not have accelerations above a
certain threshold. These values are widely used in literature, for the vertical deck acceleration
as 0.35g (or 3.5 m/s2) for ballasted track, and 0.5g (or 5 m/s2) for non-ballasted track (BS
EN 1991-2:2003, 2010). Ballasted track has a lower limit to ensure the ballast stability, as
destabilisation can cause long term track damage (either from ballast thrown or settling) and
potential vehicle damage from dislodged ballast. Both accelerations limits include a factor of
safety (FOS) of 2 (Salcher et al., 2014). The slab track limit of 0.5g (1.0g without FOS) is
related to the acceleration causing derailment.

According to BS EN 1991-2:2003 (2010), the acceleration demands, to be compared to the
limits, take into account a low pass filter, removing high frequency acceleration components.
This filter is as follows:

ff = max (30, 1.5f1, f3) [Hz] (2.10)

where ff is the cutoff frequency, f1 is the frequency of the fundamental bending mode and f3

is the frequency of the third bending mode (all in Hz).

Chinese codes have a limit to the lateral acceleration of a HSR bridge of 1.4 m/s2 (Xia and
Zhang, 2005; Zhang et al., 2008), which is not found in BS EN 1991-2:2003 (2010). The
reasoning behind this limit is not found in literature.
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2.7.3.2 Vehicle Accelerations

The vehicle accelerations from within the carriage are used to determine the riding comfort
of the vehicle. Very good comfort is considered as vertical accelerations below 1 m/s2, and
acceptable vertical accelerations would be anything below 2m/s2 (BS EN 1992-2:2005, 2005).
Despite the lateral accelerations being sensitive to the presence of irregularities (Majka and
Hartnett, 2009), they are not limited in BS EN 1992-2:2005 (2005). According to Zhang et al.
(2008), the Chinese codes limit the vertical carriage acceleration to 1m/s2, and laterally to
1.3m/s2.

2.7.3.3 Deformations

Excessive bridge deflections can cause changes to the track profile increasing rail stress and
potentially causing vehicle running problems (Calgaro et al., 2010a). The maximum vertical
deflection of the bridge varies between L/600 (BS EN 1990:2002 +A1:2005, 2010), and L/1800

(Dinh et al., 2009), where L is the span of the bridge. BS EN 1991-2:2003 (2010) also limits
the relative vertical displacement between the bridge and the adjacent construction to 2mm

under the variable loads for line speeds over 160km/h. In addition, the longitudinal deflection
is limited to either 8 or 10mm for vertical loading, and between 5 and 30mm under horizontal
loads. The variation in values arise from different bridge and rail set-ups, with more detail in
BS EN 1991-2:2003 (2010).

2.7.4 Fatigue

The track and in particular the rails can undergo fatigue due to their heavy dynamic loading
(Sun and Dhanasekar, 2002; Wu and Thompson, 2002). However, this is beyond the scope of
many HSR bridge studies as the lifespan of the track is shorter than the bridge and relatively
easily replaced. According to Eurocode 2 (BS EN 1992-2:2005, 2005), the fatigue for concrete
bridges is calculated based on the stresses in the concrete, the design fatigue strength of
the concrete and various factors relating to the loading type. With prestressed concrete
bridges, ensuring the section remains fully prestressed under service loads helps to avoid fatigue
problems. The fatigue damage characteristics depends on the material and is determined using
load model 71 and a series of fatigue trains from BS EN 1991-2:2003 (2010). Also the design
should consider excessive dynamic effects which increase the fatigue damage, through dynamic
amplification factors.



CHAPTER 2. STATE-OF-THE-ART 83

2.7.5 Dynamic Behaviour

Both the resonance and cancellation phenomenon relate to the behaviour of the bridge under
the forced vibration stage, but can influence the behaviour in the free vibration stage. If
the free vibrations from multiple loads are in phase, then resonance can occur, resulting in
an amplified response. Whereas if they are out of phase by half a period, the free vibration
response will cancel out, leaving a cancellation effect (Yang et al., 2004b). The formulas
expressed below are based on a simply supported bridge.

2.7.5.1 Amplification Effects

Resonant speeds are speeds at which, due to an excitation frequency matching one of the
natural frequencies of the bridge, amplifying the accelerations and deflections of the bridge
(Podworna, 2014). Equation 2.11 shows the first method used to calculate the resonant speeds
vr1,in, where n is the mode of bridge vibration that is being considered (n = 1, 2, 3, . . . ) and
i stands for the particular harmonic of that mode of vibration (i = 1, 2, 3, ..., 1/2, 1/3, 1/4, ...)

(Xia et al., 2014; Goicolea et al., 2008).

vr1,in =
fnd

i
[m/s] (2.11)

where d is the regular repeating distance between the loads [m] and fn is the nth modal
frequency of the bridge [Hz]. This formula can be inverted (Equation 2.12), such that for
a given vehicle velocity v, the frequencies that this excites are given by fvi [Hz], where
i = 1, 2, 3 . . . is the harmonics of the driving frequency.

fvi =
vi

d
[Hz] (2.12)

A second resonant set of speeds vr2,n is found in Equation 2.13 relating the span of the bridge
L to the natural frequencies of the bridge (Frýba, 2001). This was also subject to extensive
studies by Madrazo-Aguirre (2016) for an advanced formulation applied to highway bridges.
However, it was found by Frýba (2001) that the speeds associated with this method are much
higher than possible for HSR and therefore are not generally as applicable.

vr2,n =
2Lfn
n

[m/s] (2.13)

Resonance may also occur in the lateral direction due to the action of hunting motion matching
the lateral frequencies of the bridge. This utilises a formula very similar to Equation 2.11,
but instead of the train length it uses the dominant wavelength of the hunting motion (Xia
et al., 2006). Cuadrado et al. (2008) suggests that the lateral response of the bridge does not
become resonant under normal conditions, as the vehicles lateral frequencies were found to be
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less than 1Hz, smaller than the minimum frequency of the first lateral mode which is required
by BS EN 1991-2:2003 (2010) to be at least 1.2Hz.

2.7.5.2 Cancellation Effects

Under cancellation phenomenon the residual response of bridge under load is minimal. With
different repeating distances associated with a vehicle (for example both the wheel spacing and
carriage spacing), multiple critical speeds can be very close to each other. If one of these critical
speeds displays cancellation effects and one resonant, the resonance effect at this velocity is
reduced. As a result some critical velocities of the train vehicle will not display expected
resonant effect because of the cancellation effect (Lou, 2007). This effect also known as a
resonance disappearance effect (Xia et al., 2014). There are multiple forms of cancellation,
like with resonance. The first cancellation velocity vc1,in [m/s](Equation 2.14) (Xia et al.,
2014), is based on any regular repeating train distance d [m], such as the distance between
wheels, bogies or vehicles.

vc1,in =
2dfn

2i− 1
for i = 1, 2, 3... [m/s] (2.14)

The other commonly quoted cancellation speed is defined in Equation 2.15, with the frequency
of the mode fn [Hz] and length of bridge, L [m], contributing to the cancellation velocity of
vc2,in [m/s], for different harmonics of i = 1, 2, 3, . . . (Xia et al., 2014). This formula is
expanded further by Madrazo-Aguirre (2016), but in both cases the corresponding critical
velocities are generally above those possible for HSR.

vc2,in =


2Lfn
2i−1 for n = 1, 3, 5 but n 6= 2i− 1

2Lfn
2i for n = 2, 4, 6; but n 6= 2i

[m/s] (2.15)

2.8 Conclusions to the State-of-the-Art

From this chapter some key points have been identified from the literature which help to form
the basis of the analysis for the rest of this thesis. These are found as:

• The use of shell elements are the most computationally efficient and accurate solution
to model the bridge with, but beam elements can be used to complement this.

• The use of a full vehicle model with mass is necessary for vehicle accelerations to be
determined, and particularly for short spans less than 30 m where mass interaction has
a large effect. Otherwise point load models are currently appropriate.
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• Slab track is the solution that the industry is tending towards using, but ballasted track
is the existing common solution. A wide range of track properties exist with varying
opinions on their effects on bridge and vehicle dynamics.

• Wheel-rail interaction allows accurate vehicle response and variation in the vertical and
lateral wheel loads. It also allows the introduction of irregularities. There are many
different approaches available to tackle the interaction problem.

• Irregularities can have several causes, resulting in different shapes and patterns of the
imperfections to the rail. They are best modelled by a random PSD function in the
absence of real data.

• HPC is a material with strengths above 50 MPa, and has a linear response for low stress
and strain values. The current literature has very little focus on the use of this material
for HSR bridges.

From this chapter many existing models currently exist, but the challenging aspect is incor-
porating them together, as each one is complex on its own. The results of incorporating each
of the complicated models for the bridge, vehicle, wheel-rail interaction, irregularities and the
track, is a new approach, with unknown effects.



Chapter 3

Methodology

In this chapter, the general methodology to be carried forward will be defined. This includes
the bridge, the train, the track and their respective models, as well as the interaction between
the track and the vehicles.

3.1 Bridge

In Section 2.1.3, a database of bridges identified from the literature were compared. These
comparisons can be useful in determining the appropriate benchmark cases, which are analysed
in depth and are then carried forward as the basis for the parametric analysis. As before, the
bridges are coordinated into groups by cross sectional shape, represented again in Table 3.1.
Comparison between the span length and the depth is seen in Figure 3.1 for the chosen bridges.

For this thesis, the bridge in Figure 3.1 highlighted by the blue marker will be used, due to
its completeness in design given by the literature in comparison with other models. This will
be used for the analysis in Chapters 4 and 5. The bridge properties are explained in more
detail in Section 3.1.2. It also has a span and slenderness similar to other precast bridges of
the same type (as seen in Figure 3.1). This is also the case for further properties of the bridge
not shown in the figure such as the web and bottom flange thickness, depth and the width of
the bottom flange. In addition, this design was applicable to the requirements of HS2 in the
UK, and as a result the conclusions can be more relevant to industry and the sponsors of this
thesis.

In Chapter 6, a precast single celled box girder, precast dual celled box girder and a trough
bridge are analysed. The single celled box girder is highlighted by the red marker and the
double celled box girder by the green marker in Figure 3.1. The trough bridge is a unique
shape and hence is not in the database, nor the figure. The details of these bridges are

86
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Figure 3.1: Bridge span against cross
section depth. The shape of the point
refer to the cross section in Table 3.1.
Solid markers refer to continuous bridges
and hollow are simply supported. Grey
colours refer to precast construction and
black is cast insitu

cross section name key

Box girder a

Dual U-Beam b

Straight sided
box girder c

Triple webbed
box girder d

Voided slab e

Table 3.1: Different types of cross section
in the bridge database

expressed further in Chapter 6. These particular bridges were chosen due to a completeness of
the design within published literature, as well as displaying similar properties to other similar
bridges through comparison in the bridge database.

3.1.1 Modelling of the bridge

When it comes to modelling the bridge, finite element methods, using Abaqus (Dassault
Systèmes SIMULIA Corp., 2014), were chosen to determine the results of a dynamic model.
An assessment was made to determine the best way to model the bridge using finite elements.
As mentioned in Section 2.1.5, the available methods are beam elements, shell elements or
solid elements. As literature suggested, the use of shell elements, complemented with beam
elements for verification is used to model the bridge.

3.1.1.1 Beam Element models

As a computationally inexpensive model, these elements are appropriate for determining an
estimate of the accelerations in the bridge. These models can be used as a first approximation
to define the critical speeds (amplification speeds) for which the maximum accelerations are
induced. This can identify velocities to use the shell element models where a more precise
solution is required. The formulation for the beam element model is as shown in Figure 3.2.

The approach for the beam element model is to model the section in two separate beam
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Figure 3.2: Visualisation of the beam element model of the three span bridge (benchmark
case)

element components. The two components, one representing the slab and the other the U-
beams, allows for an account for the slip between the precast beams and the cast in-situ slab.
The section properties of the slab and the U-beams are input to the beam element profile using
a BSP file in Abaqus (Dassault Systèmes SIMULIA Corp., 2014). Non-structural masses are
applied to represent top-side equipment and the track system. Having separate beam element
components for the precast U-beams and the slab, with the BSP file, also allows for the
inclusion of the different concrete strength materials for the U-beam and the slab.

The beam elements used in Abaqus are ‘B31’ elements, which allow modelling in a three
dimensional space, are linear and use Timoshenko beam theory. This choice is partially
limited by the use of the BSP file. The links between the slab and U-beam components are
created through connectors with elastic and damping properties. The links are explained in
more detail in Section 4.1.7.

To account for the boundary conditions coming from the bearings located at the base of the
beam and not the centroid of the section, a rigid link (using the BEAM section), connects
a node located at the location of the bottom of the beam to the corresponding node in the
U-beam component.

The vertical vehicle loads are applied to the slab beam elements as concentrated loads. The
effect of the movement of the load is introduced by applying a time based amplitude to each
load.

3.1.1.2 Shell Element models

The use of shell elements allows local deformations and stresses to be determined. In this
thesis, the main complex and comprehensive models use shell elements. They utilise the
four-noded S4R shell element in Abaqus . In comparison, it is a linear shell formulation as
opposed to the quadratic formulation of the eight-noded S8R element, but as a result requires
significantly less computational time. The detailing for the creation of the model in shell
elements is outlined within Section 3.1.2.
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Figure 3.4: Longitudinal section of chosen dual U-beam bridge

3.1.2 Double U-Beam Section Solution

This design is obtained from Laing O’Rourke as a typical tender bridge design for the new
high speed two (HS2) line in the United Kingdom. The design was made in a joint venture,
also with WSP and Ramboll. The bridge is made from concrete, using two precast, prestressed
‘U’ shaped beams (U-beam), overlain with permanent formwork which allows casting of an
in-situ top slab. The cantilevering permanent is usually supported by being connected to the
adjacent formwork to provide stability. The U-beams are longitudinally tied together with
the 1030 Macalloy bars to create continuity over the support sections (Macalloy, 2017), with
an epoxy resin complementing the bars. The longitudinal elevation of the bridge is shown
in Figure 3.4, with more detail on the connection between U-beams found in the upcoming
section on the diaphragm.

The cross section of the bridge is shown in Figure 3.3. Each span is 35 m, as seen in the
longitudinal section in Figure 3.4, with the three span continuous bridge studied. With a
constant depth of 2.92 m, it results in a depth to span ratio of 1/12. The properties of the
whole section are shown in Table 3.2.

Section Property Whole section Isolated U-beam section
Ac [m2] 8.60 1.913
Iyy [m4] 8.607 1.374
Izz [m4] 102.9 1.664

Table 3.2: Whole section and U-beam cross section properties
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C35 C60
Reinforcement ratio [%] 2.0 1.6
Material density [kg/m3] 2460 2490

Modulus of elasticity [GPa] 33.3 38.8
Poissons ratio [-] 0.2 0.2

Table 3.3: Concrete Material Properties

Property Rail Prestressing
Density [kg/m3] 7800 7800

Modulus of
elasticity [GPa] 210 195

Poissons ratio [-] 0.3 0.3

Table 3.4: Steel Material Properties

3.1.2.1 Materials

The precast components use C60 concrete, whereas the cast in-situ slab utilises the lower
strength C35 concrete. The concrete properties have been taken from FIB (2008), as explained
in Section 3.2. The properties are outlined in Table 3.3.

The structural concrete also contained steel. This steel is used in rebar, the rails and also
prestressing tendons. The rebar properties are incorporated in the properties of the concrete.
As this is a linear concrete model, this removes the nonlinearity and complexity of including
rebar as discrete elements. The prestess material properties are detailed in BS EN 1992-1-
1:2004 (2004), and the rail steel in BSI Group (2011). Hence, the steel properties as outlined
in Table 3.4

3.1.2.2 Boundary Conditions

According to the tender bridge design (Laing O’Rourke, 2016), the articulation should be
as in Figure 3.5. However this arrangement disagrees with conventional alignments. The
horizontal action due to braking and acceleration are extremely large in HSR bridges. The
most conventional arrangement is fixing the longitudinal displacements of the deck at one of the
support sections by means of prestressing the deck into the abutment, allowing for longitudinal
displacements at all the other support sections. For viaducts, like this benchmark case, there
is not necessarily an abutment, so the deck is fixed into the piers. This leads to large bending
moments being induced in the piers from horizontal actions, requiring stockier piers to have
the flexural capacity. In this benchmark case, the deck is fixed at the middle two piers, which
restricts the bridge from expanding under thermal and concrete long term deformation effects.
Hence, a more realistic modified articulation shown in Figure 3.6a, with the plan view shown
in Figure 3.6b, is used in this thesis. A comparison of the boundary conditions is made in
Section 4.1.5.

Figure 3.5: Original articulation of bridge
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(a) Simple modified articulation of bridge

L3L2L1F1

Longitudinally free bearing
Fixed bearing

(b) Articulation of bridge plan view

Figure 3.6: Modified articulation of bridge

3.1.2.3 Modelling of Boundary Conditions

The modelling of the boundary conditions takes place by applying displacement constraints
to a series of nodes in a line. This line is found across the lateral centroid of the bearing pads,
as seen in Figure 3.7. The full bearing pad was not restrained as this would be unrealistic,
ignoring the elasticity and allowable rotations of the bearing pads. Due to uncertainty of the
size of the bearing pads, a comparison was made to determine the appropriate size, as analysed
in Section 4.1.5. As mentioned in Section 2.1.4, horizontal transfer of load is required by the
pier, and due to the low height (max 7m), and the stocky section of the piers in this design,
the study of the piers themselves will not be made.

3.1.2.4 Prestress

The bridge is prestressed through 128 pre-tensioned strands per beam. The strands have
an initial prestress force of 219 kN , and an area of 150mm2, leading to an initial stress of
1460 MPa, although losses and the debonding of strands over certain parts of the bridge
changes the force in the cross section. The losses and prestress arrangement is described in
Appendix E.

The prestressed strands are modelled with a REBAR layer in Abaqus (Dassault Systèmes
SIMULIA Corp., 2014), and an applied initial stress. This is available to use when using shell
elements. The REBAR layer superimposes on top of the existing shell, without removing the
material from the shell. Therefore the prestress material properties are accordingly modified.
A comparison is made in Section 4.1.6 to determine the impacts of the prestress on the bridge
and vehicle behaviour. Post-tensioning is also added for establishing continuity, using Macalloy
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Figure 3.7: Visualisation of bearing conditions

bars (Macalloy, 2017) over the supports where continuity is required, and described further in
the next section.

3.1.2.5 Diaphragm

Diaphragms are present in the design, enabling transfer of both the shear forces from the webs
of the U-beams and the horizontal forces applied to the concrete slab to the bearings, as well
as allowing connection between beams for continuity. Shells in the vertical plane tied to the
existing beam shell elements represent this diaphragm.

Connection between beams longitudinally through the diaphragms are done as in Figure 3.9,
using five 47mm and six 32mm diameter 1030 Macalloy bars (Laing O’Rourke, 2016). This
is combined with use of a high strength epoxy fill and shear keys to the end of the diaphragm.
The shear keys and the epoxy are ignored in the dynamic model as it is too complicated to
be included in this scope and it is not expected to significantly change the response. This
assumption of excluding this epoxy resin between diaphragms is tested by a simple calculation.
It uses the stiffness of the different parts of the bridge U-beam, as seen in Figure 3.8a. By
introducing a thin 100 mm layer of resin at the central support, the deflection under load of
the beam is compared. The resin modulus of elasticity of E2 is varied as a ratio to the concrete
modulus of elasticity E1. The loading arrangement for this test is shown in Figure 3.8b.

From TECROC Products (2006), it can be found that epoxy resins can have strengths of
around 12 MPa, which corresponds to E2/E1 of about 0.4. This would result in deflections
being up to 2.5% higher from this assumption, as seen in Figure 3.8c. This value is acceptable,
but the difference in deflections is significantly smaller when the non-linear impacts of the
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Figure 3.8: Model used to test the diaphragm assumption of ignoring epoxy resin
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4 Macalloy 1030 bars
φm = 32mm, P0 = 580kN

High strength Epoxy
mortar fill

5 Macalloy 1030 bars
φm = 47mm, P0 = 1260kN800
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Figure 3.9: Detailed cross section of the diaphragms and the inter U-beam connection, with
all dimensions in mm

prestressing bars and the moment redistribution over the central supports are taken into
account, reducing the magnitude of the hogging bending moment in this weaker epoxy region.

To model the longitudinal connection between beams, a comparison is made between the
modelling of a fully tied connection with no relative displacement and a connection using
prestressed Macalloy Bars allowing relative displacement. The lower five bars are of diameter
47 mm and the remaining six 32 mm. They are stressed to 685 MPa (corresponding to
forces of 1260 kN and 580 kN respectively). To model, the Macalloy bars are represented by
springs (using CONN3D elements in Abaqus (Dassault Systèmes SIMULIA Corp., 2014)).
As a result of this method, additional mass associated with the bars is not included in the
model. The stiffness of the springs is determined by the axial stiffness of the bars, calculated
using Equation 3.1.

kmb =
EmbAmb
Lmb

(3.1)

Where kmb is the axial stiffness of the bar [kN/mm], Amb is the cross-sectional area of the bar
[mm], Emb is the modulus of elasticity of the bar [GPa] and Lmb is the length of the bar [m].

The comparison in Figure 3.10 shows that the impact of the inclusion of the prestressed bars
is minimal on the accelerations of the bridge. The frequency of the first three bending modes
in Table 3.5 also shows minimal change. Therefore, although the accelerations change due to
the inclusion of the Macalloy bars to model the connection between U-beams, neither model
shows consistently larger accelerations. However, at the same time the computational time
increases by between 12 and 20% with the Macalloy bar modelling (from 510 minutes with
the rigidly tied method compared to 600 minutes). This increase in computational time,
but very little change in response, means that it is assumed that the rigidly tied method can
represent the end connection.
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Figure 3.10: Comparison of the bridge vertical acceleration with distance along bridge for
different diaphragm connection details

Vertical Bending Mode Rigidly Linked Macalloy Bars Modelled
1 3.7764 3.7389
2 11.391 11.205
3 17.067 16.952

Table 3.5: Comparison of modal frequencies [Hz] of the bridge for different diaphragm con-
nections.

3.1.2.6 Mesh

To accurately model the beam of the bridge in shells, a program was developed in Python to
find the section properties of shell elements of the U-beam. This adjusted the positions and
thickness of elements such that the shell element sectional properties matched the values of
the true U-beam, as compared in Table 3.6.

An example of the shell geometry representing the U-beam is shown in Figure 3.11. The top
two corners have material properties reduced by a factor of 0.89 to match the overall section
properties, due to material overlap in these regions. The simple geometry of the slab does not
necessitate such a complex program to determine the shell thickness.

The mesh is refined such that the results are converged, but not over refined which would lead
to longer computational times. This leads to a mesh for the whole bridge of 10707 elements.
From a mesh sensitivity analysis, optimisation occurs such that localised regions have higher
refinement. This considers the location of connections and loading. The beam is meshed as in
Figure 3.12a accounting for a finer mesh around the support regions, with the cross sectional
mesh profile as shown in Figure 3.12c.

In the slab the longitudinal spacing of the elements is defined by the sleeper spacing, which is
0.6m in this thesis. This results in a mesh profile as in Figure 3.12b, with an arrangement in
the cross section as shown in Figure 3.12d. Nodes are positioned at connecting points between
the slab and the beams, hence varying element width. Analysis on the suitability of this mesh
is made in Section 3.1.2.7. The connection between the slab and the U-beam is discussed in
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Figure 3.11: U-beam shell and cross
section comparison

Section Shell Real
Property Model U-Beam
Ac [m2] 1.913 1.913
Iyy [m4] 1.374 1.374
Izz [m4] 1.664 1.664

Table 3.6: Comparison
between real and modelled
U-Beam properties

(a) Mesh shape of beam (b) Mesh shape of portion of slab
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(d) Cross section of mesh of slab, nodes shown by circles
and elements by lines

Figure 3.12: Visualisation of the mesh
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Number of
Elements

Size [m] Stress Deflection Acceleration
x yz Plane MPa % mm % m/s2 %

8391 1 2 -12.47 0.9 11.69 0.6 0.346689 4.6
8907 1 1 -12.52 0.5 11.62 0.0 0.34465 5.1
10707 optimised -12.46 1.0 11.61 0.1 0.36109 0.6
38584 0.3 0.3 -12.58 0.0 11.64 0.2 0.365756 0.6
297132 0.1 0.1 -12.58 - 11.62 - 0.363427 -

Table 3.7: Mesh sensitivity analysis for the benchmark case bridge at a point in the third span
of the bridge, for different numbers of elements as determined by the element size prescribed
in the longitudinal x direction and in the cross sectional yz plane (accelerations at midspan
of the slab, normal stress in the longitudinal direction and vertical deflection in the bottom
flange of the U-beam).

Section 4.1.7.

3.1.2.7 Mesh Size Sensitivity

Determining an appropriate and efficient mesh is key to modelling. Sufficient accuracy must
be achieved, but also be balanced with the computational time. Different mesh refinements
were tested, with results from a selection shown in Table 3.7, with a focus on the bridge
vertical accelerations, deflections and longitudinal normal stress caused by a single carriage of
the real train with irregularities, displayed in Figure 3.13a. Due to the close results between
the different element sizes, the results are focused on a small section at midspan of the third
span of the bridge. This selection shows that the chosen size, of 10707 elements, provides a
good match with the finer mesh sizes (with 38584 and 297132 elements for a globally applied
mesh size of 0.1 m and 0.3 m respectively) for the vertical accelerations. For the stress and
vertical displacement shown in Table 3.7, the difference of this model to the finely meshed
models is small and so it is acceptable to use this model. The more coarse meshes with fewer
elements, show greater errors for accelerations despite better computational times, justifying
the chosen mesh size is appropriate. The chosen mesh size was optimised by each edge, using
edge seeding in Abaqus (Dassault Systèmes SIMULIA Corp., 2014), which means the mesh
size is not uniform in either the x direction or the yz plane.

In addition to testing the element size, the element types have been compared. The standard
shell elements used in the model are S4R elements. These are 4 noded shell elements with
reduced integration. Alternatively, and compared in Figure 3.13b is the use of S8R elements,
which are 8 noded reduced integration quadratic elements and S8R5, which is an 8 noded
quadratic reduced integration element with 5 degrees of freedom per node. Both these elements
are more accurate in calculation, however they are more computationally expensive, and the
change in accelerations from using them is very small, hence it is justified to use S4R elements
in this work.
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Figure 3.13: Analysis on the maximum filtered vertical accelerations of the bridge for the
sensitivity of the elements

Using the S4R elements with the optimised mesh and moving point loads, modelling the sim-
ulation of an eight carriage train over the three spanned bridge, takes between 60 and 90
minutes. Considering the interaction between the wheel and rail, and including the irregulari-
ties and the track, instead of moving point loads, increases the computational time to between
24 and 36 hours. Timings vary depending on the resonant behaviour of the bridge and vehicle
speed. These timings are based on a desktop PC with a Intel Core i7 processor with 32 GB
of RAM.

3.1.3 Filtering

According to BS EN 1991-2:2003 (2010) the maximum limits to the accelerations are applied
for acceleration frequency components up to the higher of 30 Hz, the third modal frequency
or 1.5 × n0, where n0 is the fundamental frequency. This requires a Fourier transform, a
low pass filter to the frequency domain, and then an inverse Fourier transform. This poten-
tially excludes significant modes contributing to the maximum vertical acceleration. However,
the filtering is intended to remove high frequency components that would not impact the
derailment safety of the vehicle for which the limits exist.

A comparison of the maximum vertical accelerations along the length of the bridge with and
without irregularities with a frequency cut off of 30Hz and a higher frequency of 45Hz is made
in Figure 3.14. When considering irregularities the filtering frequency has a big impact. This
is due to the inclusion of higher frequency bridge modes that are activated by the inclusion of
the irregularities, which is explained further in Section 4.3.3.

Comparison of the frequency components with and without irregularities (Figure 3.15) clearly
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Figure 3.14: Comparison of different low-pass filters on vertical bridge accelerations along the
length of the bridge
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Figure 3.15: Comparison of Fourier transform of the vertical accelerations at midspan of the
first span of the bridge with and without irregularities

shows higher contribution to the accelerations from the higher modes for the case with irregu-
larities. However, the contributions above 30Hz are not as significant as those below the limit
in this case. Combined with a lack of publications on the origin of the limits to the frequency
components, the BS EN 1991-2:2003 (2010) frequency limit will be kept for this work.

A comparison of the maximum peak accelerations at midspan of the first span with root mean
square (RMS) accelerations of different time windows in Figure 3.16, shows that filtering at
30Hz is approximately equal to an RMS acceleration with the time window of 3 seconds for
the accelerations with irregularities and that without irregularities the RMS values do not fall
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Figure 3.16: Comparison of maximum Fourier-filtered values with RMS values
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Figure 3.17: Rayleigh damping coefficients as a function of the location of the frequency
control points

below the level of the filtered accelerations. The RMS accelerations of the bridge with and
without imperfections are very similar for a time window larger than 0.15 seconds. However,
codes do not prescribe limits to the RMS accelerations, so they will not be further studied.

3.1.4 Damping

Damping in this thesis takes the form of Rayleigh damping, which is a material damping.
This applies different damping coefficients to different modal frequencies as by Equation 3.2.

ζn =
α

4πfn
+ πfnβ (3.2)

According to BS EN 1991-2:2003 (2010), a lower bound estimate of damping must be used,
taking the damping ratio (ζn) to be 1% for this type of bridge. A comparison to 2% damping
is made in Section 4.1.2. The frequencies used to determine the Rayleigh coefficients of α and
β, are open to interpretation. The fundamental frequency, f1, is the first primary bending
mode and is usually used as one of the frequencies to set the coefficients. The second frequency
used, f2, is in some cases (Kandge, 2007), taken as the frequency at which 95% of the modal
mass is found below. In this thesis that accounts to about 60Hz. On the contrary, considering
only the frequencies of acceleration considered in BS EN 1991-2:2003 (2010) is up to 30 Hz

in this model. Other Rayleigh damping models Bathe (1996); Zhang et al. (2010), also use
a mode with known damping coefficient, perhaps the second or third bending mode, for f2,
which corresponds to near to 30Hz in the latter case. A comparison of the second frequency
being located at 30Hz and 60Hz is made in Section 4.1.2.
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3.2 Materials

The bridges focused on are made from concrete. The focus of this thesis is on the introduction
of high performance concrete (HPC) into the bridge. The material properties used in this
thesis are as defined in Section 2.6. The changes in concrete strength result in changes to
the modulus of elasticity as by Equation 2.9 of Section 2.6.1 and the mass as by Table 2.4
of Section 2.6.3. Despite BS EN 1991-2:2003 (2010) limiting the modulus of elasticity to the
value found at compressive cylinder strength of 50 MPa for strengths of concrete over this
strength, it is allowed to use enhanced values when confirmed by trial mixes. Hence, the
relationship defined in Equation 2.9 of Section 2.6.1, has been assumed to be representative
for concrete strengths exceeding this.

3.3 Vehicle

The vehicle modelled in this thesis is a conventional train called the Siemens Velaro (Antolín,
2013; Antolin et al., 2012). Each of the vehicle bodies are assumed and modelled rigid in
Abaqus , as is standard from the literature. This is achieved through the *RIGID BODY
input line command. The mass (*MASS ) and inertia (*ROTARYI ) of each of the rigid bodies
is then assigned to the centre of mass of each vehicle body as point masses and inertias.

The modelling of the suspension systems between bodies was carried out in Abaqus through
the use of connector elements, (CONN3D2 ) with assigned stiffness and damping coefficient.
The central node of the wheelset is the location at which the user element (which is required
to model the wheel rail interaction) is connected to the vehicle in Section 3.5.7.

The vehicle model follows the assumptions expressed in Section 2.2.5. In addition further
assumptions are:

5. The wheelsets have 4 DOF each, with the forward motion and the rotation about the
axle restrained.

6. The mass and inertias of each carriage in the train are the same and remain constant
thoughout analysis

7. The distance between the carriages is constant and there is no connection between the
carriages (as it is a conventional style train vehicle layout)

Assumption 6 arises from a lack of data on the differences in vehicle characteristics for carriages
which provide traction to purely passenger carriages. As expressed in some literature, with
conventional trains, assumption 7 can be valid as carriages can be treated independently.
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Figure 3.18: Forces used in a simple
point load model directly onto the slab
representing a real train

x [m] FL [kN ] FR[kN ]

0 +n · CaL 89.69 89.69
2.5 +n · CaL 89.69 89.69

17.375 +n · CaL 89.69 89.69
19.875 +n · CaL 89.69 89.69

Table 3.8: Point load representation
of the Siemens vehicle, where: n is
the number of the carriage from
n = 0 . . . N − 1, N is total number of
carriages, CaL is the distance
between centres of carriages
(= 25 [m]), and FL & FR are the
vertical forces [kN ] on the left and
right wheel respectively

This is only appropriate as the vehicle is moving at a constant velocity. Under acceleration or
braking loads this assumption would have to be modified.

The chosen Siemens Velaro train had one of the most complete vehicles outlined in literature,
as highlighted in Appendix C. The properties of this vehicle are given in detail by Figure C.1
and Tables C.1 and C.2 of Appendix C.

A comparatively simple model, to the full vehicle model, comprising of moving point loads is
made, based on the vehicle weight. The forces and distances of this moving point load model
are shown in Table 3.8, and is visually represented in Figure 3.18.

In this thesis, the vehicle will always move across the bridge in the positive x-direction, unless
otherwise stated. This means moving from the left to the right on any diagrams or graphs
presented. The direction of travel will impact the response of the spans, as can be found in
the section on boundary condition comparison (Section 4.1.5).

3.4 Track

In this thesis slab track will be studied, due to many of the high speed railway lines in the
world using this type of track (Section 2.3) and the current tendency in using this system due
to its benefits. However, due to the mix of ballast and slab track in use around the world, a
comparison will be made in Section 4.2.
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Figure 3.19: Comparison of the two track types

3.4.1 Track Types

The differences between the slab and ballasted tracks are seen in Figure 3.19. The ballast track
is considered a less stiff material, hence the ballast is considered an elastic material, whereas
the concrete slab in slab track is far stiffer, being composed of solid reinforced concrete.
Additionally, the mass of the track systems are not considered the same as the ballasted layer
is normally thicker and will change weight in its lifetime, as it traps fine material in the ballast
voids from the environment, but the slab track will have a more consistent lifetime weight.

In order to model the track, Figure 3.20 shows the comparison of the two track type models.
For the ballasted model the rail is modelled by a series of ‘B31’ beam elements, which allow the
longitudinal load distribution from the vehicle deck. Below the rail is the railpad, modelled by
springs and dampers in all three component directions (using connector elements, ‘CONN3D’
in Abaqus ). The railpad connects a rail node to a node with mass. This node represents
the mass of the sleeper and 50% of the ballast mass. This node is connected to the bridge
deck by another set of springs and dampers that represent the ballast stiffness. Finally, a
non-structural mass is applied to the bridge deck to model the remaining 50% of the ballast
mass, which is modelled as unsprung.

The slab track models the rail and railpad in the same way. However, the railpad is directly
fastened to the bridge, removing this node with mass and additional spring elements. As
a result, the sleeper mass is unsprung in this model and instead is distributed uniformly
as a non-structural mass within the region of the track. Finally, in addition to the sleeper
mass, the mass of the concrete track slab, taken as 0.24m thick (Proença et al., 2011), is
applied as a non-structural mass to the bridge deck. The concrete track slab itself is not
assumed to add any rigidity to the bridge slab, as has been found to previously been assumed
in literature (Dinh et al., 2009; Lou et al., 2012). This is as vertically the stiffness is very
large, so is assumed rigid, and longitudinally the track is separated from the bridge deck by
waterproofing membrane layers, so there is minimal rigidity.
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Figure 3.20: Comparison of the models for the two track types

3.4.2 Other Deck Components

On the top of the bridge deck slab there are other materials that are not part of the track.
These include parapets and protection barriers. The mass of these is placed into the model
as a nonstructural mass on top of the shell elements representing the deck slab.

3.5 Wheel-Rail Contact

The most complicated part of the model is the contact between the rail and the wheels of the
train vehicle. This section will expand on the material presented in the literature review in
Section 2.4 and explain the intricacies of the calculation of the contact between the wheel and
rail. The full process used to calculate the wheel-rail interaction is shown in Figure 3.21.

3.5.1 Definitions

At the point of contact, there is a normal force (acting perpendicular to the contact patch
plane), and tangential forces (acting in the plane of the contact patch), which are seen in
Figure 3.22. With the wheelset modelled as a rigid body, the location of all potential contact
points is linked to the central point of the wheelset. In addition, as the deformation of the
cross section of the rail is neglected, the location of the rail contact point can be determined
with respect to the central point of the rail. This gives rise to the local coordinate systems
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Figure 3.21: Flow chart of the processes involved in the wheel rail contact
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Figure 3.23: Local coordinate systems of the left (XRL ,
Y RL , ZRL) and right (XRR , Y RR , ZRR) rails, the
wheelset (XW , Y W , ZW ), and connection to the global
coordinate system (XG, Y G, ZG)

S2R

f(S2R)
ZR

Y R

ZR

XR

S1R

Figure 3.24: Surface parameter definition for the rail

in Figure 3.23, showing the coordinate systems for the left and right rails and the wheelset
respectively.

The location of the contact point on both the wheel and rail are defined with local surface
parameters in respect to the local coordinate systems, as used in the discrete methods proposed
by Pombo and Ambrósio (2006) and Shabana et al. (2004). For the rail, the local surface
parameters used, S1R and S2R, are defined as shown in Figure 3.24. S1R represents the
longitudinal coordinate of the contact point on the rail and S2R the lateral coordinate of the
contact point with respect to the local coordinate system for the rail. The vertical coordinate
of the contact point can be determined as a function of the S2R local coordinate, due to the
assumption that the cross section of the rail remains rigid.

To determine the location of the contact point on the wheel, the local coordinate system is
defined by the surface parameters S1W and S2W , as seen in Figure 3.25. The local coordinate
system of the wheelset, defined by XW , Y W and ZW , rotates with the rotation of the wheelset.
Hence, S2W represents the angle from direction of the XW axis, to the plane of the wheel
containing the contact point. Finding the plane with the contact point is simplified in this
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Figure 3.25: Surface parameter definition for the wheelset
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Figure 3.26: Surface parameter definition for the wheelset

thesis, by assuming that it is the vertical plane, therefore containing the lowest point of the
wheelset (Figure 3.26). However, expansion could be made to study further planes to more
accurately determine the contact point. Within the plane defined by the S2W coordinate, the
lateral coordinate in which the contact occurs is represented by the S1W coordinate. Again
the vertical position of contact is known as a function of this coordinate, due to the assumed
rigidity of the wheel. For more detail on the definition of the surface parameters and local
coordinates, see Pombo and Ambrósio (2006) and Shabana et al. (2004).

3.5.2 Location of contact point

As explained in the literature review (Section 2.4.1), the first stage to establishing the wheel
rail contact is to establish the position and area of contact. This requires a definition of the
wheel and rail geometry, which are expressed in Appendix D (BS EN 13715:2006+A1:2010,
2011; BS EN 13674-1:2011+A1:2017, 2011). As part of the contact area definition, first the
location of the contact point needs to be determined, the process of which is explained here.
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(a) Running surface contact penetration (b) Flange surface contact penetration

Figure 3.27: Different methods of determining the contact point

3.5.2.1 Position of contact point

Using the global position of the wheelset and rails, in conjunction with the local coordinate
systems and surface parameters, the position of the contact point can be found. This uses
the relative position of the wheel and rail to find the virtual penetration between the two
contacting bodies. The elastic contact formulation used in this thesis, uses the penetrations
to calculate the contact area and forces. The penetration, which is the overlap between the two
bodies (Figure 3.27), are based on an imagining of the elastic deformation of the contacting
bodies under force, compensating for the fact that these bodies are modelled as rigid.

The penetrations between the wheel and rail, used to define the contact point location, are
determined iteratively. Taking the global positions and displacements of the wheel and rail,
and the geometry of the irregularities at the contact point (later explained in Section 3.5.6),
the penetration between the bodies is calculated at coarse discrete points defined by the rail
surface parameter. Where penetration is found, refinement is made to the coarse discrete
points to model the penetration profile with higher resolution. These discrete points are
then interpolated with a cubic function, to determine the final coordinate on the rail of the
maximum penetration. From this coordinate, the corresponding coordinate on the wheel is
also found. This process is shown in Figure 3.28.

Although obtaining the penetration profile between the bodies is relatively easy, representing
the location of the contact point is not. The shape of the penetration may not lend itself to be
well modelled by a single contact point, as it may have multiple peaks in penetration. This is
particularly a problem, as the contact area used to formulate the forces at the contact point,
is defined by an ellipse, which with only one contact point may not represent the penetration
profile well. This can be seen in Figure 3.29, where modelling the contact from the ellipse
only at the peak penetration (point D), would not represent the true penetration well. Some
previous research has accepted the inaccuracies with modelling at a single point of contact
(Antolín et al., 2010), but it was found in this work to be a cause of modelling errors when
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Figure 3.28: Process of determining the penetration

(a) Contour plot of the penetration, showing
the centre of the contact ellipses

(b) Penetration in the two dimensional
plane given by the line A-E of Figure 3.29a

Figure 3.29: Actual penetration between a contacting wheel and rail, for a given force and
position of the wheel and rail. Also showing contact two possible contact ellipses to model
the penetration, centred at points B and D
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Figure 3.30: Simulated process of determining the ’forbidden’ and ’potential’ S2R contact
ranges

the position of contact changes significantly, which is further explained in Section 3.5.2.2. A
solution was found using work by Pascal and Soua (2016), which allowed multiple points of
contact to be defined per wheel rail pair. In this work it was found sufficient to limit to a
maximum of four potential contact points per wheel-rail pair.

The method used here and by Pascal and Soua (2016), involves splitting the cross section
of the rail up into ‘potential’ and ‘forbidden’ contact point regions (also known as gutters).
These regions are calculated based on the position of the wheel and rail. For a given position,
the S2R coordinate on the rail of the maximum penetration is recorded. Then a series of
imaginary lateral displacements are introduced to the wheel, recording the S2R coordinate of
the maximum penetration for each displacement (Figure 3.30). From this process, it is found
that the maximum penetration is never located within certain S2R ranges. This is a result of
the geometry of the wheel and rail, which means the maximum penetration cannot occur in
this ‘forbidden’ contact point range. The ranges of S2R that allow contact are the ‘potential’
regions. Refinement of the imaginary lateral displacements applied in finding these locations,
is required to accurately find the regions. These are valid for the specific wheelset yawing and
rolling rotations. Hence, if the rotation of the wheelset changes significantly the regions have
to be recalculated.

For the determination of the wheel-rail contact points, if penetration is found within a region,
then the largest penetration within each and every region is defined as a contact point. As a
result, the process of determining the maximum penetration explained earlier in this section
and in Figure 3.28, is applied in each region of ‘potential’ contact. An example of the regions
of contact are shown on the rail in Figure 3.31, with green being the ‘potential’ contact regions
and red the ‘forbidden’ regions. Figure 3.32 shows how this can be used to define two contact
points, even when there is only one distinct peak, allowing a better representation of the
penetration profile by two ellipses (this is explained more in Section 3.5.3).
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Figure 3.31: Visualisation of the regions
in which contact point is allowed to be
located: green=allowed, red=not
allowed

Figure 3.32: Profile of penetration for a
given force and location of the wheel and
rail, with two contact points/ellipses,
one located at the maximum penetration
in each ’potential’ contact region (green)

3.5.2.2 Jumping of contact point

The simplest and most computationally efficient method to model the contact is to use just one
contact point per wheel-rail pair, as done previously by Antolín et al. (2010). However, errors
were found to occur in calculation when using this method. This was because for many given
forces and wheel-rail positions, the penetration profile has dual peaks, as visible in Figure 3.33.
Due to the discrete time increment, in one time step (for example from t1 to t3) the location
of the contact point can jump from one location (CP1) to another (CP2). In this case, with
the change in location comes a significantly different sized ellipse, which in turn affects the
Hertzian stiffness, KH (Section 3.5.4.1) and then the contact forces. This means that with
the change in location of the contact point, although the value of the penetration may not
change significantly between the time increments, the normal force can change significantly.
This change in normal force unrealistically acts as an impact, and the sudden increase in force
causes a modelling error. It is therefore necessary to model multiple contact points.

Another drawback of the one contact point method, is the potential for a situation such as in
time step t2 of Figure 3.33. Here, two locations (CP1 and CP2) have identical penetrations.
Modelling with one contact point would result in requiring a method to preferentially select
one of these points, which then neglects the other equally viable contact point.

3.5.3 Area of contact

As expressed in the literature review (Section 2.4.2), the contact area for elastic contact
models is generally approximated as an ellipse. With the interaction model in this thesis
having potentially multiple points of contact per wheel-rail pair, an ellipse is required for each
contact point. This can help approximate a non-elliptical contact area, as shown in Figure
3.29a. In this figure, the contact ellipses are shown in white for the contact points B and D,
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Figure 3.33: The jumping of contact points from CP1 to CP2 in a single contact point problem,
with the changing penetration profile between the wheel and rail shown here. Shown for times
t1 < t2 < t3
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Figure 3.34: Hertz theory of two inter-penetrating bodies

against the real penetrating area in the background. The ellipses are centred at the locations
of maximum penetration for each potential contact region, but they do not extend to the
boundary where the real penetration is zero. This is due to the variation in the curvatures
of the wheel and rail, which causes the non-elliptical penetration area, that is difficult for the
extent of the ellipse to match. Nonetheless, multiple ellipses provide a better approximation
of the penetration area than one ellipse.

The calculation of the ellipse contact area comes from Hertz theory (Hertz, 1882), which is
regularly used in wheel-rail contact. Originally this theory represented the area of penetration
between two ellipsoids as seen in Figure 3.34a. This is simplified to two dimensions in Figure
3.34b, with the variation of the penetration (δ) between the two bodies indicated. The theory
uses the curvatures of the two contacting bodies at the contact point (i.e. the wheel and
the rail), with the corresponding penetration to determine the ellipse size. The ellipse size,
indicated by the semi axes dimensions ae and be (Figure 3.35), can be determined by Equations
3.3 and 3.4 (Shabana et al., 2007). However, these depend on the normal force between the
wheel and rail, Fne (Equation 3.19), and can therefore not be calculated until after the normal
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Figure 3.35: The dimensions of the semi axes of the contact ellipse with respect to the direction
of travel

force is known. However, due to the complexity of the problem, this force depends on many
of the same parameters that define the ellipse semi-axes. Therefore, the common parameters
used in the definition of the the semi axes and normal force are defined within this section
and are calculated first, before the the normal force and then the dimensions of the contact
ellipse semi-axes can be found.

ae = m (3πFne (Kmat) /4Kbpa)
1
3 (3.3)

be = n (3πFne (Kmat) /4Kbpa)
1
3 (3.4)

The coefficients m and n of Equations 3.3 and 3.4 are found in Table 3.9, using the angle θwr
(Hertz, 1882) as defined by Equation 3.5. Alternatives to using this table have been proposed
by (Shabana and Sany, 2001), but not used in this thesis. Also, Kmat is a coefficient related to
the material properties of the wheel and rail (Equation 3.8), and Kbpa is a coefficient related
to the wheelset and rail curvatures at the contact point (Equation 3.6). For the calculation of
the angle θwr, a further coefficient related to wheel and rail curvatures at the contact point,
Kbma is required (Equation 3.7).

θwr = cos−1 (Kbma/Kbpa) (3.5)

Kbpa = A(S) +B(S) (3.6)

Kbma = B(S)−A(S) (3.7)

Kmat =
2
(
1− ν2

wr

)
πEwr

(3.8)

Here, νwr is the Poisson’s ratio and Ewr is the modulus of elasticity of the wheel and rail.
These values are 0.2 and 200 GPa respectively. Although the grades of steel that a wheel
and rail are made from may in fact be different resulting in different properties, it is widely
assumed that the material properties are identical (Antolín et al., 2013).

The coefficients related to wheel-rail curvature, A(S) and B(S), are sums of the curvatures in
the x and y direction respectively, and equal to:

A(S) =
1

2

(
1

Rwx(S)
+

1

Rrx(S)

)
(3.9)
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Figure 3.36: Curvatures
of the wheel and rail

θwr [◦] m n r θwr [◦] m n r
2.0 22.243 0.169 0.179 38.0 2.233 0.553 0.801
6.0 9.788 0.255 0.327 46.0 1.889 0.611 0.861
10.0 6.611 0.311 0.428 54.0 1.636 0.671 0.909
14.0 5.078 0.356 0.508 62.0 1.441 0.733 0.946
18.0 4.155 0.394 0.574 70.0 1.285 0.800 0.973
22.0 3.531 0.429 0.632 78.0 1.157 0.873 0.990
26.0 3.077 0.462 0.682 86.0 1.048 0.955 0.999
30.0 2.731 0.493 0.726 90.0 1.000 1.000 1.000

Table 3.9: Values of m, n and r as a function of θwr (Hertz, 1882;
Antolín, 2013)

B(S) =
1

2

(
1

Rwy(S)
+

1

Rry(S)

)
(3.10)

where Rwy(S) and Rwx(S) are the principal wheelset radii of curvature in the x and y direction
at the location of the contact point, S, and Rry(S) and Rrx(S) are the principal radii of
curvature of the rail at the contact point (S). This is shown in Figure 3.36. If the radii of
curvature is situated on a convex curve, it is assigned a negative value, with concave curves
assigned positive values. As such many of the Rwy(S) values are negative. With wheelset
rotation, the longitudinal axis of the wheelset and the rails will not necessarily be aligned.
This requires adjustment to the Kbpa and Kbma coefficients, to account for the difference
between the longitudinal axes. However, as this work focuses on straight track, this angle
is small, so the variation of these coefficients is negligible and hence this adjustment is not
performed. For curved track, the adjustment would be required, as the difference between the
angles is larger.

3.5.3.1 Modified curvature ‘B’

Due to the convex curvature represented by Rwy, the summation of curvatures in the y direc-
tion (Equation 3.10), can be negative or close to zero at the point of contact (see the original
line of Figure 3.37a). This results in the calculation of unrealistic, elongated ellipse semi axes
for the contact area, because a combined curvature, B(S), of zero would essentially mean that
the surfaces were conformal. This would invalidate the assumption in Hertz theory (Hertz,
1882), that the two objects have non-conformal shapes. The cause of this problem is the
distinct changes in curvature of the rail as seen in Figure 3.37b.

As the determination of the ellipse size depends on the curvatures at the contact point, large
changes in the ellipse size can occur for a small change in the contact point location, due to
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Figure 3.37: Curvatures used for the calculation of the B curvature

the jumps of the combined curvature seen in the original line of Figure 3.37a. Moreover, for a
contact point located close to a jump in curvature, the ellipse shape will take the dimensions
generated by that point, and ignore the very different dimensions that would be generated
if the contact point was on the other side of the jump in curvature. This leads to disparity
between the real penetration area and the ellipse generated. Furthermore, the curvatures
across the width of the ellipse may vary significantly.

To avoid the problems caused by jumps, variation across the ellipse and potentially negative
curvature, modification and smoothing of the combined curvature B(S), previously defined
by Equation 3.10, is made in this section. Firstly, the combined curvature, B(S), in Equation
3.10, is modified to ensure the value is greater than zero, as was similarly performed by
Piotrowski and Chollet (2005). Secondly, smoothing is performed to reduce the magnitude of
the jumps in curvature found in the discontinuous regions caused by the distinct changes in
the rail curvature. These two steps are seen in Figure 3.37a, as firstly the ’Non-zero modified’
line and secondly the ’Curvature smoothing’ line. This modified B(S) provides ellipses that
match the properties of the real penetration much better, and avoids computational errors
generated by the negative or close to zero combined curvatures.

To first ensure that the B curvature is greater than zero, the following modification is made:

Bmod1(S) = B(S)− S − S+
1

S2 − S+
1

Bmin(S+
1 ) (3.11)

where Bmod1(S) is the modified curvature value at location S and B(S) is the curvature
determined in Equation 3.10 at location S. The values of S and S+

1 are shown in Figure
3.38. S is the coordinate (in terms of surface parameter S2R), of the contact point. For this
coordinate of the contact point, the extent of S2R for which the rail curvature is constant is
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Figure 3.38: Indication of the method used in determining the rail curvatures for calculation
of the two modifications of the B curvature

bound by the coordinates S1 and S2. S1 is located at the side of this range for which the
combined curvature ’B’ is minimal. Due to the discontinuity in the rail curvature, S+

1 is found
to the right of the discontinuity (the smaller rail curvature), and S−1 to the left (leading to a
larger rail curvature). Bmin(S+

1 ) is the curvature at coordinate S+
1 , as determined by Equation

3.12, which is where the combined curvature is at a minimum within the range of constant
rail curvatures. This modification is only made when the value of B(S+

1 ) is negative, as it is
not required in other cases.

Bmin(S+
1 ) =


1
2

(
1

Rwy(S+
1 )

+ 1
Rry(S+

1 )

)
, ifB(S+

1 ) < 0

0, ifB(S+
1 ) > 0

(3.12)

where Rwy
(
S+

1

)
and Rry

(
S+

1

)
are the wheel and rail curvatures at corresponding to the

coordinate S+
1 . Due to the constant geometry of the rail, the values of S1 and S2 can be

predefined based on the coordinate of the contact point S. As such they are defined by:



S1 = 10.23, S2 = 26.03, if 26.03 > S > 10.23mm

S1 = −10.23, S2 = 10.23, if 10.23 > S > −10.23mm

S1 = −26.03, S2 = −10.23, if − 10.23 > S > −26.03mm

S1 = −36.00, S2 = −26.03, if − 26.03 > S > −36mm

(3.13)

The second modification, smoothing the B(S) curvature over the discontinuity, results in the
final modified curvature value Bmod2(S). This changes the value of B(S) used in Equation
3.11, from being defined by Equation 3.10 to Equation 3.14 for the modified curvature value
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Bmod2(S).

Bmod2(S) = Bf (S) +
1

2Rwy(S)
− S − S+

1

S2 − S+
1

Bmin(S+
1 ) (3.14)

where the value Bf (S) comes from a smoothing of the curvatures of the rail as in Equation
3.15:

Bf (S) =


1
2

[
1
2

(
1 + |S−S1|

l0

)
1

Rry(S+
1 )

+
(

1− 1
2

(
1 + |S−S1|

l0

))
1

Rry(S−
1 )

]
, |S − S1| < l0

1
2Rry(S) , |S − S1| > l0

(3.15)
Here, the value l0 is a distance representing the range over which the rail curvature is smoothed.
It is linked to an approximate calculation of the ellipse semi lateral axis value.

l0 = n (3Fne,t−∆tπKmat/ (4 (A(S) +Bmod1(S))))
1
3 (3.16)

where Fne,t−∆t is the normal force calculated by Equation 3.19 from the previous time step,
and n is approximated from the Table 3.9 using Bmod1(S) in place of B(S) for Equations 3.6
and 3.7.

The new value of curvature, Bmod2, is used in place of B(S), which affects Equations 3.3
through to 3.7. This changes Equation 3.6 to Equation 3.17 and likewise Equation 3.7 to
Equation 3.18. The modified formulation is used for the rest of this thesis. This removes the
problem of local conformal contact invalidating assumptions for Hertz theory (Section 3.5.4.1).

Kbpa = A(S) +Bmod2(S) (3.17)

Kbma = Bmod2(S)−A(S) (3.18)

3.5.3.2 Flange Contact

In this thesis the contact is always assumed to occur within the vertical plane (Section 3.5.1
and Figure 3.26). However, this method neglects any contact that may occur outside of this
plane, particularly between the wheel flange and the rail, as a result of yawing motion of the
wheelset. When this contact occurs in front of the lateral axis of the wheel, it is deemed
a lead contact and when behind this axis it is a lag contact. Some models have made a
case for the use of these lead and lag contacts (Shabana et al., 2005), as shown in Figure
3.40. However, this thesis does not introduce this into the model, as it requires searching
for contact across multiple planes given by the surface parameter S2W . This is much more
computationally expensive, and as the straight track reduces the amount of wheelset yawing,
the contact outside of the vertical plane is ignored.

Despite modelling within this vertical plane, flange contact is still possible, and is calculated
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Figure 3.39: Modelling of the time step
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Figure 3.40: Flange contact when
lag/lead contact is possible

in the same way as for the rest of the rail using the ’potential’ regions (gutters) of possible
contact. However, unlike contact between the normal running surfaces of the wheel and rail,
the rate of change in penetration, and hence force, for contact between the wheel flange and
the rail is much higher. This means that for the normal time step, a sudden increase in force,
both laterally and vertically can occur. This problem creates computational errors due to
the sudden increase of force, and hence this is resolved by reducing the time step when the
force increment is too large until the increment in force is manageable. Figure 3.39 shows
this problem. In the first time step (1) the increment in force is large. Hence, a smaller time
increment is chosen (2), which leads initially to a sufficiently small increase in force. However,
on the second iteration of this time increment, the force increases significantly. Hence, further
refinement of the time step occurs (3), which proves to be sufficiently small, such that the
incremental increase in force is manageable. The flange contact force variation with time is
then satisfactorily represented. After the flange contact force reduces the time step is increased
to the standard modelling time step. This is as the smaller time step is only used in the case
of flange contact; when contact occurs elsewhere the time step is larger.

3.5.4 Normal Force

Once the parameters associated with the contact area are calculated, the normal force can be
calculated. The normal force acts perpendicular to the contact surface of the rail and wheel
as defined by a plane tangential to the contact point, as seen by the directions in Figure 3.41.
Although there are different methods to calculate the normal force, as found in Section 2.4.3,
the most commonly used and appropriate for elastic contact is the Hertz nonlinear method.
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Fty

Fty

Figure 3.41: Direction of contact forces in wheel and rail

3.5.4.1 Hertz method

The nonlinear Hertz contact approach follows the method expressed in Section 2.4.3. The
normal force is found by Equation 3.19.

Fne = KHδ
3/2 (3.19)

The stiffness of the contact, KH is then found by Antolín (2013):

KH =
2

3

 Ewr

(1− ν2
wr) r

3
2K

1
2
bpa

 (3.20)

where r is also defined as a function of θwr as in Section 3.5.3 and is found in Table 3.9. It is
at this point that the calculation of the semi-axes of the contact ellipse (ae and be, Equations
3.3 and 3.4), can be calculated, as it is required for the calculation of the tangential forces.

3.5.4.2 Normal damping

This wheel-rail interaction also includes a damping force acting in the normal direction (Maga-
lhães et al., 2016). This helped provide computational stability to the model. This formulation
makes use of the term δ̇, which is the rate of change of the penetration with respect to time.
The normal damping force is found as:

Fnd = CHδ
3/2 (3.21)

where CH is a function of the contact stiffness and the relative rate of penetration (Magalhães
et al., 2016):

CH = KH
3
(
1− e2

res

)
4

δ̇

δ̇0

(3.22)
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where eres is the coefficient of restitution between the two materials, taken conservatively as
0.7 (Güttler et al., 2012). δ̇0 is the rate of penetration between the two bodies when they first
come into contact at that contact point. As a result, the overall normal force between the
wheel and rail is found as:

Fn = Fne + Fnd = (KH + CH) δ
3
2 (3.23)

3.5.5 Tangential Forces

The last part of the WRI contact problem is the tangential force. This relies on the parameters
of the contact ellipse dimensions defined by ae and be and the normal force Fne (excluding the
damping force), to have been previously calculated within the contact problem. The choice
of the contact model used is the most divisive part of the contact problem amongst previous
literature (Section 2.4.4). The method chosen in this thesis is the heuristic approach outlined
by (Shen et al., 1983; Shabana et al., 2007). This was chosen as it is computationally much
quicker than FASTSIM (Kalker, 1982), the exact three-dimensional theory of rolling contact
(Kalker, 1979), and more widely available than USETAB (Kalker, 1990). Finally, through the
comparison of methods shown in Section 3.5.5.1, it is found to be more accurate than Kalker’s
linear and Polach’s methods, with similar calculation times. It is comparable to the accuracy
of FASTSIM (except when the spin creepage is high), but the calculation time of the heuristic
method is much lower (Shabana et al., 2007; Shen et al., 1983; Kalker, 1991).

Through the heuristic method, the tangential forces (Ftx and Fty) are calculated by firstly
using Kalker’s linear method, to calculate the unrestricted tangential forces (F̄tx and F̄ty),
which do not conform to Coulomb’s friction law. This is shown in Equation 3.24:

[
F̄tx

F̄ty

]
= −Gwraebe

[
c11 0 0

0 c22

√
aebec23

]ζxζy
φ

 (3.24)

Here, the coefficients c11, c22 and c23 are so called Kalker coefficients, obtained from Table
3.10, as a function of the ratio of the ellipse semi axes dimensions (ae and be) and the Poisson’s
ratio of the wheel and rail (νwr). Gwr is the shear modulus of the wheel and rail material,
taken by the value of 83.3 GPa. ζx and ζy are the creepages in the longitudinal and lateral
respective directions, and φ is the spin creepage about the perpendicular axes to the contact
plane (for the definition see Section 2.4.4), as calculated through the vector Equations 3.25 to
3.27. These vector equations take into account all of the components of velocity at the contact
point to convert into a creepage value.

ζx =
ṙwtrx
V

(3.25)
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ζy =
ṙwtry
V

(3.26)

φ =
ṙwnr

V
(3.27)

Here, V is the forward velocity of the vehicle, ṙw is a vector of the components of velocity
of the contact point as defined in Equations 3.28 and 3.29, trx is the longitudinal tangential
direction vector to the contact patch, try the lateral tangential direction vector to the contact
patch, and nr the directional vector of the normal to the contact patch (Equation 3.30). These
directional vectors align with the longitudinal and lateral tangential force and the normal force
respectively.

ṙw = Ṙw + ω̇w × uw
cp (3.28)ṙ

w
x

ṙwy

ṙwz

 =

R
w
x

Rwy

Rwz

+

ω̇
w
x

ω̇wy

ω̇wz

×
u

w
x,cp

uwy,cp

uwz,cp

 (3.29)

trx =

1

0

0

 try =

 0

cos θc

sin θc

 nr
y =

 0

− sin θc

cos θc

 (3.30)

Here, θc is the angle of the plane of the contact ellipse from the horizontal plane as shown
in Figure 3.42. Ṙw is a directional vector of the velocities in the component directions of
the centre of the wheelset, Rwi , with i being the component direction (x, y, z). Similarly,
ω̇w is the vector of rotational velocities ω̇wi at the centre of the wheelset, defined around
each component axis (x, y, z), again represented by the subscript i. Finally, the vector uw

cp,
assembles the distances (uwi,cp) from the centre of the wheelset to the contact point in each
component direction, based on the local coordinate system (XW , Y W , ZW ).

From the unrestricted tangential forces defined in Equation 3.24, modification is required
to make the heuristic model conform to Coulomb’s friction law. Firstly this requires the
calculation of the total unrestricted tangential force F̄t:

F̄t =

√(
F̄tx
)2

+
(
F̄ty
)2 (3.31)

The upper bound to the tangential force, based on Coloumb’s friction law, is calculated by a
function of the normal force (Fne) and the coefficient of friction between the wheel and rail
(µ, taken as 0.2). This would only realistically be reached if the wheel was fully sliding along
the rail without any rolling. Hence, Shen et al. (1983) proposes the following upper bound to
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Figure 3.42: Directions of the tangential and normal vectors with respect to the contact patch,
at an angle, θc to the horizontal plane, for the calculation of the creepages

c11 c22 c23

νwr = 0 0.25 0.5 0 0.25 0.5 0 0.25 0.5
ae/be

0.1 2.51 3.31 4.85 2.51 2.52 2.53 0.33 0.47 0.73
0.2 2.59 3.37 4.81 2.59 2.63 2.66 0.48 0.6 0.81
0.3 2.68 3.44 4.8 2.68 2.75 2.81 0.61 0.72 0.89
0.4 2.78 3.53 4.82 2.78 2.88 2.98 0.72 0.82 0.98
0.5 2.88 3.62 4.83 2.88 3.01 3.14 0.83 0.93 1.07
0.6 2.98 3.72 4.91 2.98 3.14 3.31 0.93 1.03 1.18
0.7 3.09 3.81 4.97 3.09 3.28 3.48 1.03 1.14 1.29
0.8 3.19 3.91 5.05 3.19 3.41 3.65 1.13 1.25 1.4
0.9 3.29 4.01 5.12 3.29 3.54 3.82 1.23 1.36 1.51

c11 c22 c23

νwr = 0 0.25 0.5 0 0.25 0.5 0 0.25 0.5
be/ae

1.0 3.4 4.12 5.2 3.4 3.67 3.98 1.33 1.47 1.63
0.9 3.51 4.22 5.3 3.51 3.81 4.16 1.44 1.57 1.77
0.8 3.65 4.36 5.42 3.65 3.99 4.39 1.58 1.75 1.94
0.7 3.82 4.54 5.58 3.82 4.21 4.67 1.76 1.95 2.18
0.6 4.06 4.78 5.8 4.06 4.5 5.04 2.01 2.23 2.5
0.5 4.37 5.1 6.11 4.37 4.9 5.56 2.35 2.62 2.96
0.4 4.84 5.57 6.57 4.84 5.48 6.31 2.88 3.24 3.7
0.3 5.57 6.34 7.34 5.57 6.4 7.51 3.79 4.32 5.01
0.2 6.96 7.78 8.82 6.96 8.14 9.79 5.72 6.63 7.89
0.1 10.7 11.7 12.9 10.7 12.8 16.0 12.2 14.6 18.0

Table 3.10: Creepage coefficient values of c11, c22 and c23 as a function of ae, be and νwr
(Kalker, 1990)

the tangential force (Ft,u):

Ft,u =

µFne
[(

F̄t
µFne

)
− 1

3

(
F̄t
µFne

)2
+ 1

27

(
F̄t
µFne

)3
]
, F̄t 6 3µFne

µFne, F̄t > 3µFne

(3.32)

From the upper bound tangential force magnitude (Ft,u), the tangential force from the heuris-
tic method, complying to Coulomb’s law, can be calculated in the longitudinal (Ftx) and
tangential (Fty) directions: [

Ftx

Fty

]
=
Ft,u
F̄t

[
F̄tx

F̄ty

]
(3.33)

This ends the process of calculating the wheel rail contact problem. The normal and tangential
forces are calculated individually for each contact patch, and they are calculated within the
User Defined Element of Abaqus (Dassault Systèmes SIMULIA Corp., 2014), as expressed in
Section 3.5.7.
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Figure 3.43: Comparison of tangent models, showing the tangential forces Ftx and Fty nor-
malised with respect to the maximum possible tangential force given by Coulombs friction
law (νFne). These forces are varied through different creepage combination values, as defined
under the x axis of each graph.

3.5.5.1 Comparison of Tangential Models

To decide on the appropriate tangential model to use in this thesis, a comparison of some of
the available methods were made. The chosen heuristic method was compared to Kalker’s
simplified method (FASTSIM) (Kalker, 1982), Polach’s method (Polach, 1999) and Kalker’s
linear method (Kalker, 1967). Other possible methods such as USETAB and the exact three
dimensional theory (CONTACT) were unable to be obtained. FASTSIM is thereby the most
accurate method compared. The lateral and longitudinal tangential forces are shown for the
different models in Figure 3.43, for a range of combinations of creepage values (as defined on
the x axis of each graph). The tangential forces were calculated using a given normal force
(Fne = 80 kN), and ellipse semi axes (ae and be of 6.6 mm and 2.5 mm respectively). These
values were chosen based on a simulation of a train vehicle on the bridge, using the resulting
average ellipse size and force over time. Under this simulation the creepage values between
the wheel and rail were recorded and averages of 0.48 × 10−3, 0.093 × 10−3 and 0.028 were
found for the values of ζx, ζy and φ respectively. These averages were used to define the range
of creepage values that the tangential forces were calculated over in Figure 3.43.
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As can be seen from the comparison in Figure 3.43, Kalker’s linear approach is very inaccurate
for creepages larger than 0.001. It also shows that Polach’s method, the FASTSIM method
and the heuristic approach generally produce similar results, although the results produced
by the heuristic approach are much closer to the FASTSIM method. In cases of low or no spin
creepage, the FASTSIM and heuristic approaches are indiscernible. When the spin creepage
is large and the other creepages small, there are large differences between the models.

In the case of the FASTSIM method, computational times were found to be between two
and four times longer than the times required for the Polach, Linear and heuristic approaches
(which had similar computational calculation times). Considering the computational time and
the small difference in the tangential forces when considering a representative combination of
creepages, ellipse dimensions and normal force, justification of using the heuristic model in
this thesis is made.

3.5.6 Irregularities

The irregularities used in this thesis come from the definitions of the German Rail Spectrum
of Low Irregularity as set out by Li et al. (2005). This is a power spectral density function
method, utilising the combination of sinusoidal components to generate an irregularity profile.
It uses the spectral representation method, as follows, to convert the PSD into a spatial
domain:

r(x) =
√

2

N∑
n=1

An cos(ωnx+ ψn), (3.34)

where r(x) is the irregularity value at longitudinal rail coordinate x, ψn is a random phase angle
for the nth spatial frequency and ωn is the spatial frequency of the nth sinusoidal component
of the irregularity (units: m−1).

ωn = ωl + (n− 0.5) ∆ω (3.35)

where ∆ω = (ωu − ωl) /N , ωu and ωl refer to the upper and lower spatial frequencies consid-
ered for the irregularity profile and N is the total number of frequencies considered.

The value of An which is the amplitude of the sinusoidal irregularity component comes from:

An =
√

2S (ωn) ∆ω (3.36)

where S (ωn) depends on the irregularity such that:

Alignment irregularity: S (ωn) =
Aaω

2
c

(ω2
n + ω2

r ) (ω2
n + ω2

c )
(3.37)

Vertical irregularity: S (ωn) =
Avω

2
c

(ω2
n + ω2

r ) (ω2
n + ω2

c )
(3.38)
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Cross-Level irregularity: S (ωn) =

(
Av/b

2
0

)
ω2
nω

2
c

(ω2
n + ω2

r ) (ω2
n + ω2

c ) (ω2
n + ω2

s)
(3.39)

where b0 is half the wheelset width (b0 = 0.75 m), and the parameters Aa and Av relate to
the track quality (equal to 2.19 × 10−7 and 4.032 × 10−7 mrad respectively). The values of
ωs, ωr and ωc are 0.4380, 0.0206 and 0.8246 rad/m respectively.

This irregularity generating method was chosen after the findings of the literature review
in Section 2.5, making use of the German high speed irregularity spectra. Again, gauge
irregularities have little effect. Hence, only the cross-level, vertical and alignment irregularities
are used in this thesis.

As found in Cantero et al. (2016), the bridge response is affected more by the irregularities in
the D1 range of 3−25m (BS EN 13848-5:2017, 2017). The higher wavelengths were previously
found to impact more on the vehicle accelerations. Hence, irregularities of the D1 wavelength
range were the only ones modelled in this thesis (between 3 and 25 m). Longer wavelengths
would be in the range of the bridge span and due to the small affect they supposedly have on
vehicle and bridge dynamics, they have been ignored.

The irregularities are precalculated using by using predetermined random phase angles in the
calculation. Each irregularity, along with its moving mean and standard deviations (both
based over a length of 200 m) are plotted in Figure 3.44. Due to guidelines referencing the
rate of twist, this has been plotted as a derivation of the cross level irregularity. The mean
value is not necessarily zero as the profiles are adjusted to remove an initial discontinuous
change in the running surface.

The peak to mean limits for the alignment, twist and vertical irregularities are shown as
the Alert Limit (AL) for speeds between 300 and 360 km/h, as mentioned in Section 2.5.4.
The standard deviation limits are the AL for speeds up to 300 km/h, as higher speeds and
other limits are not given. It can be seen from Figure 3.44, that all the irregularities have
reasonable variation in the mean to peak values. For the standard deviation, it can be seen
that the variation is slightly higher than the limits, but as this is only the AL there could be
further deterioration before fixing, justifying this additional variation in these irregularities.
Comparison of the chosen vertical profile is shown, compared to the variation generated by
100 different sets of random phase angles in Figure 3.45. By taking the peak maximum and
minimum values of each variation of the irregularity, the median maximum and minimum
are calculated and plotted by the 50% lines. The chosen profile has a peak maximum and
minimum elevation that is fairly consistent with these median values. This shows that the
chosen profile is representative of the variation that different phase angles can introduce.

Seven combinations of irregularities have been created. These are compiled in Table 3.11.
Each of the components of irregularity have been isolated and then combined into Combined
set 1. This allows comparison and determination of the effects of each component. Then a
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5:2017 (2017); BS EN 13848-6:2014 (2014). Also showing the moving mean and standard
deviations (SD) of the irregularity profile based on the length 100 m
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Irregularity model Alignment Cross-level Vertical
None

Alignment only (1)
Cross Level only (1)
Vertical only (1)

Combined set 1 (1) (1) (1)
Combined set 2 (2) (2) (2)
Combined set 3 (3) (3) (3)

Table 3.11: The irregularity combinations. (1) represents the values generated by Li et al.
(2005); (2) is the same as (1) but with different phase angles; (3) represents the same phase
angles as (1) but the amplitudes are doubled. Blank cells indicate this form of irregularity is
not included in this set.
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Figure 3.46: Three dimensional representation of the UEL, showing the rail nodes as pink
spheres and the wheelset node as the blue sphere

comparison of the combined sets are made, comparing a different set of random phase angles
(ψn) for Combined set 2 and then double the component amplitudes (Aa and Av) in Combined
set 3.

In this thesis, apart from where specified otherwise, models using irregularities will be making
use of Combined Set 1. This may only be noted as with irregularities, rather than specifying
the specific set.

3.5.7 Modelling

Modelling of the wheel rail interaction used the capabilities of the ’User Defined Element’
(UEL) subroutine of Abaqus (Dassault Systèmes SIMULIA Corp., 2014), as previously sug-
gested as a solution by Antolín (2013) and Antolín et al. (2013). It enables the forces to be
transmitted to nodes of the element based on the relative position of the nodes.

Each element consisted of five nodes, one for the centre of the wheelset and four for the rail, as
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Figure 3.48: Distribution of force
between two rail nodes when contact
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shown in Figure 3.46. A three noded UEL (Figure 3.47), with all three nodes moving forwards
with the train, created modelling problems. This is due to this method requiring the use of
surface interaction between a node and a surface, which did not transfer the horizontal forces
from the wheel into the rail. By using five nodes the user element directly connects to the rail
nodes, removing the problematic surface interaction.

The UEL is encoded in the computing language Fortran, to convert the position of the rail
and wheel nodes into forces generated through pre-described wheel-rail interaction method.
The forces are converted to the global coordinate system, XG, Y G and ZG. This is used to
create a local force vector and local stiffness matrix which are input to the global force vector
and global stiffness matrix by Abaqus , which then is solved to find the displacements. In the
UEL chosen, the UEL is only active when the wheel node is located between the rail nodes of
the element. The force, located at the contact point, is distributed to the activated rail nodes
as in Figure 3.48, and Equations 3.40 and 3.41 (Antolín, 2013). To model the whole length
of track, each longitudinal pair of rail nodes for the left and right rails has a UEL connected
with each wheelset of the train. Deactivation of some of the UEL elements occurs when they
are not of significance, improving computational times.

Fr2 = Fcp · b/L (3.40)

Fr1 = Fcp · a/L (3.41)

The use of this user element for a train of eight carriages, on the three spanned benchmark
bridge when including irregularities leads to a computational time to model the train to cross
the vehicle of between 32 and 36 hours. By contrast, the same bridge modelled using moving
point load models will take between 1 and 1.5 hours to complete a simulation. This shows the
very significant computational times associated with using this model.
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3.6 Conclusions to the Methodology

This chapter has focused on the general methodology used in this thesis. The chapter identified
a benchmark bridge, the double U-beam bridge, for studies in the following chapters. A
detailed modelling approach to the bridge was given, with justification made for the choice of
element type, mesh size, diaphragm connections and the filtering of the bridge accelerations.
It was identified that the Siemens Velaro vehicle was the most appropriate real train to model
in this thesis due to the completeness of the model data in existing literature. The approach
to modelling it was also identified for the finite element program Abaqus . Two different
track models were shown, one for the ballast and one for the slab track. These models will be
compared in the following chapter.

The majority of the chapter focused on the methodology behind the wheel rail contact. The
approach followed an elastic normal contact formulation, using a heuristic tangential contact
method. Problems whilst modelling were identified in order to aide future researchers with
the development of their model. The standard irregularities used in this thesis, in conjunction
with the wheel rail contact, where also identified and found to be suitable in comparison
with the current maintenance limits. The chapter finishes by identifying the method used to
incorporate the wheel-rail interaction into the finite element software, by using a UEL.



Chapter 4

Models for the Dynamic Analysis of
HSR bridges

This chapter tests the models used in this thesis, comparing coefficients to determine their
sensitivity, and testing assumptions. This allows confidence in the models carried forward to
the parametric analysis. The models presented in this thesis incorporate some of the most
complicated models in the literature, used for different subsystems and that have not been
found to have been used together before. Through establishing which models are unnecessary,
due to negligible effects on the response parameters that are important for this study, helps
to increase computational efficiency by using simpler models.

4.1 Bridge Model

This section tests the models associated with the bridge. The bridge considered herein is the
dual U-beam bridge with three 35m spans (unless otherwise stated), as described in Section
3.1.2.

4.1.1 Slab Accelerations

With vertical accelerations often being design critical, determining where these accelerations
are highest, within the region of interest on the slab, is key to efficient modelling. For the
vertical accelerations, Figure 4.1 shows the maximum filtered (according to Section 3.1.3)
acceleration found at each location on the slab. As established in Section 3.3, the train is
moving in the positive x direction, and in this case along the track positioned in the positive
y coordinates. The highest accelerations are along the edges of the slab. However, this area is
beyond the extent of the track systems for both slab track and ballasted track, for which the
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Figure 4.1: Filtered maximum vertical acceleration contour plot across the slab for a single
train running on slab track, with vehicle moving left to right as explained in Section 3.3

Figure 4.2: Filtered maximum lateral acceleration contour plot across the slab for a single
train running on the track

acceleration limits prescribed in BS EN 1991-2:2003 (2010) are intended. Hence, the highest
set of accelerations within in the applicable area on the slab is at the centre of the beam. This
is coincidentally the set of nodes that correspond to those underneath the track.

Henceforth, the bridge accelerations will be taken and compared from the line of nodes in the
slab below the track, as highlighted by the green nodes in Figure 4.1. Consideration of the
lateral accelerations (Figure 4.2) shows little difference across the lateral direction, enabling
the same line of nodes identified before (green line) to be used as representative values for
both vertical and lateral accelerations. In the case where two trains are running in opposing
directions, the maximum filtered vertical accelerations at the edges of the slab are even more
pronounced (Figure 4.3). Within the confines of the track, local peaks can be found along
the line of nodes highlighted by green and yellow. Therefore, these two lines of nodes shall be
compared for determining the maximum acceleration in the slab when running two vehicles.
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Figure 4.3: Filtered maximum vertical acceleration contour plot across the slab for two trains
running in opposite directions on slab track (for the positive-y track, train is travelling in the
positive x direction; for the negative-y track, train is travelling in the negative x direction).

0 5 10 15 20 25 30 35 40 45 50 55 60 65 70 75 80 85 90 95 100

Distance along bridge [m]

0.000
0.312
0.625
0.938
1.250
1.562
1.875
2.188
2.500

a
cc

el
er

a
ti

o
n
[m
/
s2

]

ζn = 0.01, f2 = 60 Hz

ζn = 0.02, f2 = 60 Hz

ζn = 0.02, f2 = 30 Hz

ζn = 0.01, f2 = 30 Hz

Figure 4.4: Comparison filtered vertical accelerations along the length of bridge with different
damping properties, for velocity of 360 km/h

4.1.2 Comparison of Damping Coefficients

As established in Section 3.1.4, Rayleigh damping is used in this model. The effects of changing
the damping coefficient (between damping ratios of 1 and 2%) and the frequencies which define
the Rayleigh curve (30 and 60Hz ) are investigated herein.

The results seen in Figure 4.4 show that 1% damping, as expected yields larger accelerations
than 2%. This highlights the importance of selecting the correct damping coefficients and
not overestimating them. Hence, as per BS EN 1991-2:2003 (2010), 1% shall be used as to
not over-damp the system. Likewise, increasing the second frequency point for the Rayleigh
coefficients, from 30 to 60 Hz, increases accelerations experienced by up to 20%. This is as
expected, and for conservative design, this bridge is assigned Rayleigh coefficients calculated
with a second frequency at 60Hz.



CHAPTER 4. MODELS FOR THE DYNAMIC ANALYSIS OF HSR BRIDGES 133

0 10 20 30 40 50 60 70 80 90 100 110 120 130 140 150 160 170 180 190 200 210

Distance along bridge [m]

0.000

0.312

0.625

0.938

1.250

1.562

1.875

2.188

2.500

a
cc

el
er

a
ti

o
n
[m
/
s2

]

1 spans 2 spans 3 spans 4 spans 5 spans 6 spans

Figure 4.5: Variation in the filtered vertical acceleration along the length of the track at
360 km/h for different numbers of spans

Number of spans 1 2 3 4 5 6
Frequency [Hz] 3.94 3.84 3.78 3.67 3.44 3.10

Table 4.1: Comparison of the frequency of the fundamental vertical bridge mode frequency
with number of spans

4.1.3 Number of Spans

Although the chosen bridge is three spanned, comparison is made to the impact of the number
of spans on the maximum filtered vertical bridge accelerations, as seen in Figure 4.5. Com-
parison of the vertical acceleration along the length of the bridge for each number of spans,
with the first pier considered fixed (i.e. restraining movements in the longitudinal direction).
In addition, the response under moving point load models is shown. As expected, the simply
supported version (one span), yields the largest accelerations. The two spanned bridge actu-
ally yields similarly high results, particularly in the second span. For spans longer than two,
the three span bridge actually forms a good approximation to the results in the other spans.

Whilst the previous figure focused on only 360 km/h (100 m/s), Figure 4.6, looks at the
maximum filtered vertical acceleration along the length of the bridge with different velocities.
Again the simply supported case results in the highest accelerations, followed by the two span
case and then the following number of spans result in similar maximum accelerations. The
one and two span cases show the most variation with velocity and this can be reflected in the
natural frequencies shown in Table 4.1. The lower number of spans have higher fundamental
frequencies, such that their critical resonant speeds are within the range of speeds investigated.
Although the frequency of the fundamental mode decreases with increasing number of spans,
the increasing number of spans results in multiple frequencies displaying similar modal shapes,
some with similar frequencies to the fundamental modal frequency for the one span case. Only
the first frequency value is shown. However, the reduction in the frequency is a result of both
transverse deformations and as the boundary conditions are located at the base of the U-
beams, not at the centre of mass. If modelled by beam elements, with boundary conditions
applied at the centre of mass, the fundamental frequency will be identical between the number
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Figure 4.6: Variation in the maximum filtered vertical acceleration at any point in the length
of the track for different velocities for different numbers of spans
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Figure 4.7: Variation of the maximum vertical filtered acceleration, for all velocities, found at
any point along the length of the one spanned bridge, for different span lengths of the same
L/14 slenderness.

of spans. The results here show that a three spanned bridge can be relatively representative
of larger number of spans, although shifting of modal frequencies requires a range of speeds
to be tested. In addition, one and two spanned bridges appear to show similar accelerations.

4.1.4 Comparison of Span Lengths

In this section, justification is sought to the choice of 35 m as a span length. For this study,
the use of a one span variation of the bridge model is used. The original slenderness of the
U-beam is L/14. By maintaining this slenderness, whilst proportionally changing the span
length, the thickness of the flanges, the height of the web and amount of prestress of the
U-beam, to maintain this slenderness. As a result three spans are compared: 15, 25 and 35
m, as shown in Figure 4.7.

From Figure 4.7, it can be clearly seen that reducing the span length, whilst maintaining the
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slenderness increases the accelerations. Due to changing frequencies of the bridge, in line with
Section 3.1.3, the cut off frequency increases beyond 30 Hz for the smaller span lengths, to 36.5
and 50 Hz for 25 and 35 m spans respectively. These frequencies are necessary to include the
contribution from the third bending mode, displaying three half sine waves per span. Hence,
it is found to be appropriate to use the 35m span. On the basis of longer spans having lower
accelerations for the same slenderness, a case could be made to extend to longer spans such as
45m. However, these longer spans then require more careful considerations for transportation,
as this is either at the limit or exceeding the lengths possible for road transportation.

4.1.5 Comparison of Boundary Conditions

Following from Section 3.1.2.2, this section presents a comparison of the modelling approaches
to boundary conditions. According to the design drawings (Laing O’Rourke, 2016), the three
spanned bridge segment of the viaduct is longitudinally fixed at two points (both of the central
piers). This is unusual in industry and hence a modified version is proposed, with only one
longitudinally fixed point, at the beginning of the bridge segment (an abutment or a pier in
the case of a long viaduct). In the case this point is an abutment, it allows better transfer of
horizontal loads to foundations, resisting the high bending response initiated on the piers in
the initial case. Alternatively, for a case where the studied bridge segment is in the middle
of a viaduct, this will lead to the one fixed point to be a pier, which then requires a high
bending capacity. However, the modified articulation allows for the central span to expand and
contract more freely with shrinkage, creep and thermal variations. The comparison between
articulations is made with both a tied and an elastic beam-slab connection (which is studied
later in Section 4.1.7).

Firstly, using a tied beam-slab connection, the maximum filtered vertical accelerations gener-
ated by the two articulations, for a vehicle velocity of 360 km/h, is shown in Figure 4.8, using
the full vehicle model with irregularities. Clearly, the case with one longitudinally fixed point
results in higher accelerations, which is due to a greater resonant effect, because of matching
of the bridge fundamental frequency and the loading frequency based on the vehicle velocity
and axle spacing. The frequencies of the first three modes are shown in in Table 4.2. On the
other hand, the lateral accelerations are found to be higher for two fixed points (Figure 4.9).
Nonetheless, these accelerations are less of a concern for bridge design as they are lower and
less safety-constrained, with no limits found in BS EN 1991-2:2003 (2010).

Secondly, study of the boundary conditions using an elastic beam-slab connection, shows
different results (Figure 4.10). The change in beam-slab connection also changes the bridge
frequencies, leading to larger vertical accelerations in the case when longitudinally fixed in
two locations. The change in frequencies means that the fundamental frequency is no longer
resonant for the case of one longitudinally fixed point. Due to the more realistic articulation
including only one fixed point, which is used for the remainder of this thesis, but the results
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Figure 4.8: Comparison of the effects of different types of articulations and boundary condition
lengths on the maximum filtered vertical bridge accelerations along the length of the bridge
for a tied slab-beam connection, for a vehicle velocity of 360 km/h
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Figure 4.9: Comparison of the effects of different types of articulations and boundary condition
lengths on the lateral bridge accelerations along the length of the bridge, for a vehicle velocity
of 360 km/h

show the high sensitivity of the results to the boundary conditions and resonant effects.

In addition to comparing the type of articulation, the width of the bearing pad is compared.
The difference in the vertical accelerations is small, but slightly higher with the thinner pad
(Figure 4.8). In contrast, when studying the lateral accelerations (Figure 4.9), the reduction
in the width of the pad results in greater variation in the lateral accelerations, with neither
showing dominantly higher lateral accelerations. Hence, the smaller pads are chosen as they
were modelled at a more realistic width of 0.8m.

4.1.5.1 Comparison of the Location of the Fixed Point

A comparison here is made to study the impact of the location of the longitudinally fixed pier,
for a three spanned bridge segment within a viaduct. This concurrently displays the impact
of changing the running direction of the vehicle on the bridge dynamics (if the fourth pier is
fixed that is akin to the first fixed but with the vehicle running in the opposite direction).
This can be seen in Figure 4.11.
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Figure 4.10: Comparison of the effects of different types of articulations on the maximum
filtered vertical bridge accelerations along the length of the bridge for an elastic slab-beam
connection, for a vehicle velocity of 360 km/h

Tied slab Elastic slab
Mode Shape 1 Fixed 2 Fixed 1 Fixed 2 Fixed

1 4.04 4.90 3.79 4.58

2 4.88 5.04 4.49 4.66

3 6.45 6.92 5.88 6.18

Table 4.2: Comparison of the natural frequencies of the bridge for different boundary condi-
tions. Tied and elastic slab refer to Section, 4.1.7. 1 Fixed and 2 Fixed refer to the number
of longitudinally fixed boundary conditions for the different articulations explained in Section
3.1.2.2.
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Figure 4.11: Comparison of the impact of changing the pier that is fixed on the filtered vertical
accelerations, for a train velocity of 360 km/h
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From Figure 4.11, it can be seen that there is no significant increase in the accelerations
by fixing other piers. It appears that having the last pier fixed results in slightly lower
accelerations and that having the first pier fixed results in generally higher values. Fixing the
second pier results in similar results to fixing the first pier. As a result, the fixing of the first
pier is appropriate for continuation of studies. This is also more realistic of the solutions used
in practice, for occasions when the bridge segment is connected to an abutment. In this case,
the the deck is prestressed against the abutment, to resist horizontal braking and acceleration
forces.

4.1.5.2 Support motion

Over the support, as seen in Figure 4.9, the lateral accelerations are not zero, nor a minimum
as would be expected. This is despite lateral constraints being enforced on the bridge at every
support location. However, the constraints are only imposed at the base of the U-beams, to
mimic a built structure, where there may not be an abutment to connect to at the end of
the span. As a result, a comparison of the lateral accelerations and deflections over the first
support is made in Figure 4.12.

From Figure 4.12b, it can be seen that the maximum filtered accelerations in the slab are
relatively constant at about 0.6 m/s2. This could be a concern as to the lateral stability of
the train with derailment. However, the lateral displacements, as seen in Figure 4.12a, are
small compared to lateral rail irregularities and hence unlikely to cause derailment and hence
are satisfactory.

4.1.6 Prestress Comparison

Following from Section 3.1.2.4, where the methodology on the prestress was outlined, this
section will outline a comparison of the impacts of different prestresses. This will involve
comparing two time dependent sets of values of prestress, with a case where there is no
prestress in the bridge.

The losses in the pre-stressing strands are calculated, taking into account the transition length
at the anchorage, concrete elastic shortening, concrete shrinkage, concrete creep and steel
relaxation. Two models are compared for this with stresses at 30 days and 70 years compared,
due to the difference in the stresses resulting from concrete creep and shrinkage as well as steel
relaxation. The calculation of the losses in stress is shown in Appendix E.

The effect on the accelerations would come from possible changes in frequency of the bridge
and also possibly changes in the profile of the bridge creating changes to the track profile
(although this would be managed in reality by track maintenance). However, It was found
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Figure 4.12: Variation of the values of displacement/acceleration laterally with different loca-
tions in the cross section, with the vehicle passing over the right side of the cross section.
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Figure 4.13: Influence of different prestress aged stresses on the bridge acceleration along the
length of the bridge
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Figure 4.14: Comparison of the impact of prestress ages on carriage vertical accelerations for
vehicle travelling at 360 km/h

that the natural frequencies of the bridge did not change by more than 0.01% in all the cases
of prestress. Through inspection of the maximum vertical accelerations along the length of the
bridge in Figure 4.13, it is found that there is no discernible change by including the various
prestressing forces. Therefore the prestressed forces do not have an effect in the dynamic
response under traffic loading studied in this thesis, and therefore, there is not a need to be
included in the models used to analyse this particular response, with the corresponding benefit
of using simpler models. However, the prestressing strands, represented by the REBAR layer,
does need to be included to include the stiffness and mass this material adds to the bridge.
The only noticeable change of the various prestressing forces on the accelerations are found in
the vehicle accelerations (Figure 4.14a), where the impact of the different forces on the vertical
deformation of the bridge, impacts the vertical train accelerations. Figure 4.14b shows that
consistently throughout the train the accelerations are higher in the vehicle when there is no
prestress in the bridge.

4.1.7 Shear Connection

In real life, the connection between the bridge U-beam and the cast in-situ slab is realised
through the bonding of concrete to protuding U-shaped reinforcement bars. In addition, the
roughness of the concrete increases the amount of friction between the surfaces compared to
concrete-steel interfaces of composite bridges. No existing literature was found on how to
model this interaction between concrete surfaces in a simple manner, without introducing
contacts or unsuitable solid elements, which would have complicated in turn a model which
is already extremely computationally demanding. Therefore, this section makes a comparison
between a full interaction and partial interaction at the interacting surface.

Modelling of the full interaction is achieved by a rigid tie between the contiguous surfaces,
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Figure 4.15: Connection representation of the slab shell elements to the beam shell elements
at interface

which assumes no relative displacement between the two surfaces. Partial interaction allows
some relative displacement, but limited by elastic forces representing the protruding rebar.
In this section the partial interaction uses a model based on a steel beam - concrete slab
connection realised through shear studs, as found in Turmo et al. (2015). Hence, it is likely an
upper bound to the relative displacement, as it neglects surface friction and the full interacting
strength of the protruding U-shaped bars, as the shape of the studs does not include the
horizontal part of the U-shaped bars.

For the partial interaction model, each protruding U-shaped bar is assumed to be equivalent to
two shear studs from the model by Turmo et al. (2015). Details for the number of protruding
U-shaped bars are not given in the bridge design, so based on Turmo et al. (2015) it is
assumed to be one U-shaped bar spaced at 0.3 m for each contiguous surface. As in Turmo
et al. (2015) the vertical relative motion between the slab and beam is restrained, allowing for
only longitudinal and lateral displacements. The stiffness of the connection is modelled as both
laterally and longitudinally 170000 kN/m per single vertical bar of the U-shape bars (shear
studs in the aforementioned cited model). The value is not explained by how it is obtained,
nor are the exact dimensions of the stud given, so it is not possible to convert the stiffness
of the stud to a stiffness for the protruding U-shaped bars, however, the cross sectional areas
of the shear studs and this U-shape reinforcement bars are comparable. Hence, the value is
taken directly from Turmo et al. (2015). It is computationally modelled as in Figure 4.15,
with springs being placed between adjacent nodes.

A comparison between the accelerations generated under moving point load models with full
and partial interaction methods in Figure 4.16 shows that the partial interaction method
increases the accelerations in general across the full length of the bridge. Comparing the
different speeds with the different interaction methods as in Figure 4.17, shows a similar first
peak around 97m/s (349 km/h). However, the elastic method shows a secondary peak at or
above 141m/s which is not reflected in the tied method. This is indicative of the additional
mode activated around 141 m/s having different frequencies between the elastic and tied
methods. This is explained through the activation of bridge mode 30 with a frequency of 17.5
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Figure 4.16: Comparison of vertical accelerations along length of bridge with different beam-
slab interaction at 360 km/h
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Figure 4.17: Comparison of vertical accelerations against velocity at x = 17.5m with different
beam-slab interaction

Hz as shown in Figure 4.18 (frequencies in Table 4.3). This is from the coinciding of a loading
frequency and the bridge modal frequency for the elastic case. However, 141m/s (508 km/h)
is much larger than the design speed of the bridge (120 m/s) and therefore is not needed to
be considered in design.

Even though the elastic method results in slightly higher accelerations, the difference in the
peak acceleration with velocities in the design range of speeds is small (about 4%). In addition,
the elastic model is in fact the more computationally efficient model. The tied method has
50% longer computational times, hence, the shear connection between the slab and the beam
will be modelled by the elastic method.

4.1.8 Bridge Validation

The comparison of the bridge model to real data was not possible in this thesis. This is
as many current infrastructure owners deem this information sensitive and confidential, and
monitoring costs may be high. Therefore comparison of the bridge models using shell and
beam elements have been compared to identify whether they have similar responses, and
deflections and moments checked against hand calculations to check for similar responses. In
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Figure 4.18: Comparison of vertical
accelerations in the frequency domain
for vehicle moving at 141m/s, for the
elastic and tied slab-beam connection.

Mode Shape
Elastic
freq
[Hz]

Tied
freq
[Hz]

1 3.79 4.04

2 4.48 4.88

3 5.88 6.45

15 11.66 13.18

30* 17.50 19.39

64 28.36 32.88

Table 4.3: Comparison of the bridge
frequencies of the tied and elastic slab
approaches (*) this has a similar mode
shape but different flange displacements
and amplitudes to mode 15

addition, the many components of the whole model (bridge, vehicle, track and interaction
models), have been verified by the source authors. The sensitivity of the element size and
element type was made in the methodology in Section 3.1.2.7. In addition to the element size,
the time step size also needs to be validated, as is done in the following section.

4.1.8.1 Time Step Sensitivity

In order to model the dynamic response accurately, the time step needs to be appropriate.
With element sizes longitudinally being 0.6 m, as determined by the sleeper spacing, a vehicle
travelling at 100 m/s (360 km/h) will move over that element in 6 × 10−3 s. Hence to make
sure the load is transferred into the bridge at this location, the time step should be sufficiently
smaller than this. In addition, with frequencies of 30Hz needed to be recorded, this requires
a time step of 6 × 10−3 s to have at least 10 data points per cycle to accurately record the
data. A comparison between the time step of 5 × 10−4 s and 1 × 10−4 s is made in Figure
4.19. This shows no difference in the filtered responses. Moreover, the time step cannot be
larger than 5× 10−4 s as this creates computational instability for the user element to model
the vehicle-track interaction, so this is the critical condition that determines the time step.
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Figure 4.19: Comparison of the accelerations from different timesteps used for the dynamic
analysis

Model Elastic stiffness [MN/m] Damping stiffness [kN s/m]
Upper Bound 500 75

Median 100 40
Lower Bound 60 15

Table 4.4: Variation of the properties of the railpad for the slab track models

4.2 Track Modelling Sensitivity

As identified in the literature review, Section 2.3, the track seemingly had more of an impact
on the vehicle behaviour than the bridge, but still impacted the bridge dynamics. With the
use of three dimensional shell models in this thesis, this section determines if these conclusions
still agree. This section looks at the different variations considered for the models associated
with the track.

4.2.1 Slab Track

Following the model outlined in Section 3.4.1, the stiffness and damping of the springs con-
necting the rail to the bridge are varied in the slab track model. This is to see the sensitivity
to the stiffness and damping. The values are taken from the upper bound, lower bound and
median of values found in literature (see Appendix B) and are shown in Table 4.4. These
values refer to the railpad stiffness and in other parts of this chapter the median values are
taken. The values given are those for the vertical direction. The lateral and longitudinal
springs are considered to be 30% of this value as expressed in Vale and Calçada (2014).

Comparison of the stiffness of the railpads for the slab track in Figure 4.20, includes a rigid
track model. This is a model based on the assumption that the stiffness of the railpads is
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Figure 4.20: Comparison of the vertical accelerations for the comparison of railpad stiffness
for the slab track
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Figure 4.21: Comparison of the vertical accelerations for the comparison of railpad damping
for the slab track

infinitely stiff. It shows that the rigid model is a close response to the upper bound model.
More significantly there is a considerable difference in the bridge accelerations depending on
the railpad stiffness. This is possibly as a result of a softening in stiffness of the railpad leading
to less spreading of the load between sleepers. This maybe resolved by a comparison with
a non-linear spring, but that is too complex for the model to work effectively and literature
data on the nonlinear properties has not been found.

Considering the damping of the railpad, the value of damping seemingly makes no difference
to the vertical accelerations of the bridge as seen in Figure 4.21. As a result the median level
will be used for both the damping and the stiffness of the railpad as it is an average of all
values found in literature.

4.2.2 Ballasted Track

Comparison of the ballasted track properties looks at the elastic stiffness, damping stiffness
and the mass properties of the ballast layer. Again this takes the form of comparing the
median value in literature with the upper and lower bounds (see Appendix B). As there is
no set ballast mass, the mass comparison will investigate different depths and densities of the
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Model Elastic
stiffness
[kN/m]

Damping
stiffness
[kN s/m]

Ballast
Density
[kg/m3]

Ballast
Depth [m]

Ballast
Mass per
Area

[kg/m2]
Upper Bound 5.38× 105 120 2600 0.45 1170

Median 1.0× 105 60 1800 0.45 810
Lower Bound 2.29× 104 40 1800 0.3 540

Table 4.5: Variation of the properties of the ballast for the ballasted track models.
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Figure 4.22: Comparison of the filtered vertical accelerations with the ballast elastic stiffness

ballast as defined in Table 4.5.

It can be seen from Figure 4.22 that the ballast stiffness can have a significant affect on the
response of the bridge. The lower the stiffness the lower the accelerations experienced. This is
potentially due to the lower stiffness making the ballast softer and so smoothing the variation
of forces transmitted from the vehicle-rail contact to the bridge itself. This indicates it is
important to get an accurate model of the elasticity of the ballast when modelling it.

From Figure 4.23, it becomes clear that the damping of the ballast has less of an affect than
the stiffness of the ballast on the bridge response. It shows a slight increase in response for less
damping. The findings are that the ballast damping values are less important to be accurate
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Figure 4.23: Comparison of the filtered vertical accelerations with the ballast damping stiffness
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Figure 4.24: Comparison of the filtered vertical accelerations with the ballast mass

than the elasticity.

The ballast mass has a significant affect on the bridge response. This is shown in Figure 4.24,
which shows that the lower bound has the highest accelerations. This is partly a function of the
natural frequency, as reducing the mass of the track will change the natural frequency. In the
case of the lower bound, this results in bridge frequencies matching with loading frequencies
and hence the response is more resonant. In addition, accelerations would be expected to
increase with lower mass, as due to Newton’s Second Law, a lower mass will lead to higher
acceleration for a given force (F = ma). This suggests that the weight of the ballast needs to
be accurately modelled. However, this creates difficulties as the mass of ballast will change
with time, which means a range of ballast masses should need to be studied to determine the
effects on the frequency and therefore accelerations.

4.2.3 Track Model Comparison

An interesting study is the direct comparison of the ballast and slab tracks. The comparison
of the variation of the maximum accelerations along the length of the bridge for all the models
studied for the slab and ballasted tracks, is shown in Figure 4.25. This shows that the ballasted
models have a higher variation than the slab track models. However, this is partly down to the
variation of the mass in the ballasted track comparison. Therefore, a model of the ballasted
track, with median stiffness and damping properties, but the same mass as a slab track is
introduced for comparison. When comparing the results without the variation in mass, as in
Figure 4.26, the variation is much smaller than before for the ballasted track. The slab track
leads to higher accelerations in this particular case of 100 m/s (360 km/h). This is because
the change in mass, changes the modal frequencies of the bridges, as seen in Figure 4.27. fst,i
represents the ith significant modal frequency of the slab track and fbt,i represents the same
for ballasted track.

The variation in the frequencies causes this change in the accelerations as shown in Figure
4.28, which shows the frequency components of the acceleration signal at the midspan of the
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Figure 4.25: Comparison of the maximum filtered vertical acceleration for the slab track (ST)
and ballasted track (BT) for all variations of track properties, for a vehicle velocity of 100m/s.
Also includes the ballasted track with the mass of the slab track median mass as a comparison
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Figure 4.26: Comparison of the maximum filtered vertical acceleration for the slab track (ST)
and ballasted track (BT) for all non-mass variations of slab and ballast track properties, for
a vehicle velocity of 100 m/s. However, it does include the ballasted track with the median
slab track mass as a comparison

(a) fbt,1 = 3.70 Hz,
fst,1 = 3.79 Hz

(b) fbt,2 = 4.38 Hz,
fst,2 = 4.48 Hz

(c) fbt,27 = 15.95 Hz,
fst,27 = 16.08 Hz

(d) fbt,63 = 27.29 Hz,
fst,63 = 28.36 Hz

Figure 4.27: Comparison of significant modes in slab track - ballasted track comparison, with
the full mode in three dimensions on top and the simplified mode shape underneath it
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Figure 4.28: Comparison of the frequency component of acceleration, at 100m/s, at midspan
of the first span, for the two track type models. Also showing the resonant frequencies (fvi)
related to the axle spacing and velocity, and selected bridge modal frequencies for ballasted
track (fbt,i) and the slab track (fst,i)

first span. This shows that the slab track modes are closer to the resonant speed frequencies,
fvi of the loading for i = 1 and i = 7 where the component of acceleration is largest. Hence,
the accelerations in the slab track are higher than ballasted track for the operating speed of
100m/s (360km/h). This appears to be the case in the situation shown in Figure 4.26, where
the case of the ballasted track mass being equal to the slab track mass shows that the mass
is not the only determining factor in resulting in larger accelerations in the bridge under slab
track.

With no clear preference for the type of high speed track used and due to the benefits outlined
in the literature review (Section 2.3.1), slab track will continue to be used. The slab track
model uses less elements as well, resulting in a computationally quicker model. The higher
mass of ballasted track tends to reduce the natural modal frequency of the bridge. As the slab
track fundamental frequency appears to be in the range of the design operating speed, this
results in the higher accelerations found. Therefore in addition to aforementioned reasoning
for picking slab track to model, it will also represent a case where accelerations are expected
to be higher, and therefore more conservative.

4.3 Wheel-Rail Interaction Modelling Sensitivity

This section first verifies the wheel rail contact model, then explores the sensitivity of the
vehicle and bridge response to both the wheel-rail interaction models and the irregularities
found in the rails.
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Property Value
Mass per unit length 29805.3 kg/m

Lateral Bending Rigidity 1520.8 GPam4

Polar Inertia 50.0 m4

Vertical Bending Rigidity 229.7 GPam4

Torsional Rigidity 21.7 GPam4

Table 4.6: The bridge properties for this validation model reproduced from Antolín et al.
(2013)

4.3.1 Wheel-Rail Contact Model Verification

Validation of the whole model is difficult as there is a lack of published data of built high speed
railway bridge acceleration response (as it is considered sensitive information by infrastructure
owners), or the bridge and vehicle data needed to replicate it. However, Antolín et al. (2013)
does make a computational model, verified against data by Zhang et al. (2008). This compares
different vehicle-bridge interaction models to the measured data. It is claimed that the figures
shown are at 270 km/h, however analysing this data it appears that the graphs published
are taken from the resonant speed of 231.5 km/h (64.2 m/s). Therefore a comparison of a
moving point load model and the full vehicle model with irregularities is made to the results
of the non-linear model by Antolín et al. (2013) for the vertical accelerations and the vertical
deflections, at the midspan location specified in the paper.

The properties of the bridge are shown in Table 4.6 such that the first natural vertical modal
frequency is 7.57 Hz, first torsional modal frequency 11.68 Hz and the first lateral modal
frequency is 19.50 Hz. The irregularities modelled are the same as used in the other sections
of this chapter, and the vehicle has the same mass properties as in the Antolín et al. (2013)
paper.

The results show good agreement with the results in Antolín et al. (2013). There is similar
shape and amplitudes for the deflections (Figure 4.29a). Figure 4.29b shows the major com-
ponent of the acceleration is from the 7.57 Hz first bending mode, although this has been
unable to be compared to the Antolín et al. model due to a lack of data. The vertical acceler-
ations of the interaction models of this thesis (Figure 4.29c) show a slightly smaller peak, and
more variation but again the general shape is in agreement. This shows that the vehicle-track
models established in this thesis have good agreement with those established in literature.

4.3.2 Wheel Forces

In many guidelines the forces in the wheels are studied to determine if there is a risk to
the vehicle of derailment. There are many different methods to study this, including the
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Figure 4.29: Comparison of the interaction models of this thesis with the nonlinear model
from Antolín et al. (2013)
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Figure 4.30: Comparison of the left and right wheel forces for a model with irregularities and
without irregularities, as well as study of the limiting ratios

derailment factor of Yw/Qw and the offload factor ∆Qw/Qw,0, where Yw is the lateral wheel
force, Qw is the vertical wheel force, Qw,0 the static vertical wheel force, and as a result
∆Qw = Qw − Qw,0. The limit for the derailment factor is 0.8, allowable for a period less
than 15 ms (Arvidsson, 2018). For the offload factor the forces should be filtered with a low
pass filter of 20 Hz, but the ratio should not exceed 0.6 (Arvidsson, 2018; Zhang et al., 2008;
BS EN 14363:2016, 2016). These limits are commonly used in both numerical models and
experimental live test work, although the origins are unclear.

It would be ideal to check the forces against these limits for each simulation as an additional
check. However, for the current model setup it is computationally expensive to study the
wheel forces for every simulation. It increased the computational time by above 400%, and
hence was very inefficient. As a result a study into the wheel forces for the vehicle has been
conducted with and without irregularities for this benchmark case to see if it is generally a
concern or not.

Study of the wheelset forces, as shown in Figure 4.30 shows that the correct filtering of the
forces removes a considerable amount of vertical variation. When considering the ratios of the
forces, it shows that the filtered values are significantly below the limits in both cases, and
hence it is justifiable that the forces are not studied in all cases.
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Figure 4.31: Comparison of acceleration response for different irregularity profile phase angles
for the one spanned dual U-beam bridge, for a vehicle velocity of 360 km/h

4.3.3 Effects of Irregularities

Firstly, it must be determined if the response from the irregularities used are representative.
This is further to the work presented in Figure 3.45 of Section 3.5.6, which showed that the
size of the irregularities were representative. Through variation of the random phase angles
associated with the irregularities, but keeping the amplitudes of the frequency components the
same, the variation of the acceleration response is shown in Figure 4.31. Figure 4.31a shows
the response of the maximum acceleration response along the length of the bridge (using the
one spanned case), where Combined set 1 compared with the variation provided by another 19
irregularity profiles. In addition, the maximum acceleration response at any point along the
bridge for these 19 cases and the Combined set 1 irregularities, is compared in Figure 4.31b.
These figures show considerable variation in the accelerations coming from different irregularity
profiles. However, for all cases they provide significantly larger acceleration response than the
moving point load model. Unfortunately, due to the high computational time required to run
one model, it is not possible to run with multiple different phases of irregularities for each
case, so only the Combined set 1 will be used.

Using the irregularities prescribed in Section 3.5.6, a comparison is made to identify which
components of the irregularities impact which characteristic of the bridge response. This
utilises the combination of irregularities previously defined in Table 3.11. By comparing the
maximum accelerations at the middle of the first span under the different irregularities for dif-
ferent velocities (Figure 4.32), it is clear that there are greater accelerations with irregularities
in all cases for the speed of 100m/s (360 km/h). Therefore comparing the maximum vertical
accelerations along the length of the bridge at 360 km/h, as in Figure 4.33, it is apparent
that Combined set 1 shows similar maximum accelerations to the Vertical only set. The other
two component sets, Alignment only and Cross Level only, have contributions similar to the
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Figure 4.32: Comparison of maxiumum filtered vertical accelerations of the vertical bridge
accelerations at the midspan of the first span for different irregularities
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Figure 4.33: Comparison of the filtered maximum vertical bridge acceleration magnitudes
along the length of the bridge with different types of irregularities at 360 km/h

case without irregularities. This indicates that the vertical irregularities have the greatest
contribution to the vertical accelerations, and despite cross level irregularities working in the
vertical plane, they have little affect.

Comparing the three combined sets, Combined set 3 clearly shows larger accelerations as
could be assumed by the larger amplitude irregularities. Interestingly, Combined set 2 with
its different phase angles shows lower accelerations than the same amplitude irregularities
of Combined set 1. Contrastingly, Figure 4.34, running at 432 km/h, shows that in some
locations Combined set 2 has higher accelerations than both other combined sets.

Considering the comparison between the Combined set 1 and None irregularity sets, it is clear
there is a substantial increase in vertical accelerations when the irregularities are considered.
This is particularly significant considering the fact that these irregularities were found to be
acceptable according to BS EN 13848-5:2017 (2017) in Section 3.5.6, and therefore are likely
to occur on HSR lines. It can be seen that to calculate the accurate vertical accelerations, the
consideration of irregularities is essential, with their consideration only possible through use
of a full vehicle model. Using the moving point load models, as used in practice for design
of HSR bridges, are not accurate enough for the calculation of deck accelerations, providing
significantly lower results. When comparing the time history of the vertical acceleration in the
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Figure 4.34: Comparison of the filtered maximum vertical bridge acceleration magnitudes
along the length of the bridge with different types of irregularities at 432 km/h
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Figure 4.35: Comparison of the component frequencies of the vertical bridge accelerations at
the midspan of the first span at 360 km/h with and without irregularities, showing the loading
frequencies fvi and the bridge frequencies fs,i
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Figure 4.36: Frequency component of
the vehicle loads acting at a fixed
location on the rail for moving point
loads for both 360 km/h and 432 km/h
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corresponding irregularity variation.
The frequencies are normalised to
360m/s for comparison

frequency domain at the midspan of the first span, as in Figure 4.35, there is clear increase in
the contribution by irregularities. However, this contribution is not equal, and the contribution
is greater at higher frequencies particularly at 28 Hz.

Considering that the whole train model, the bridge model and the train speed are identical for
both cases, with and without irregularities, the peak in the amplitude of the accelerations for
the 28 Hz frequency component, when the imperfections are considered, must have a causation
or be activated by the irregularities. Considering a fixed point on the rail, a train vehicle,
modelled using moving point loads, crossing that point would define a load function over
the time. Converting this force-time history into the frequency domain, shows the resonant
loading frequencies, fvi. The dominant factors in finding the resonant loading frequencies,
are a repeating vehicle distance (the length of the carriage) and the vehicle velocity. How-
ever, other repeating distances such as the axle and bogie spacings, influence the amplitude
through interactions of cancellation and resonant effects, such that not every resonant load-
ing frequency has the same contributions. This is represented in Figure 4.36, using a load
magnitude that is fixed, neglecting the variation found when modelling the vehicle dynamics.
It is well known that when these loading frequencies match the structural bridge frequencies,
resonant responses may be activated. Here, the fv7 frequency has a high contribution for the
velocity of 360 km/h at 28 Hz, however for 432 km/h, fv7 is found at 33.6 Hz. From Figure
4.35 it is clear a structural frequency is at 28 Hz, which is matched by the larger contribution
from fv7 at this frequency for a vehicle velocity of 360 km/h. Hence, resonant effects are acti-
vated at this velocity. However, it alone does not explain why the amplification is much larger
by including the vertical irregularities, than modelling without them or with a set of moving
point loads. This requires a deeper study of the irregularities and wheel forces, presented
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Figure 4.38: Frequency components of the vehicle loads, acting at different fixed locations on
the rail along the length of the bridge, considering both fixed magnitude moving point loads
(in black) and variable magnitude wheel loads due to using vehicle-bridge dynamic models
(shades of blue for models including irregularities and red for models without the irregularities)
for a vehicle velocity of 360 km/h

herein, to understand this particular phenomenon.

Figure 4.37 shows the variation of the vertical force of one wheel as it moves forward in the
frequency domain (obtained by modelling the vehicle, so here the force can vary with time),
as it passes over the bridge and irregularities for both 432km/h and 360km/h. The frequency
component of the 432 km/h force variation is normalised to 360 km/h, in order to make a
direct comparison (i.e. the horizontal axis for 360 km/h covering 0 to 40 Hz, whereas 0 to
40× 120/100 = 48 Hz for 432 km/h). In addition, the variation of the vertical irregularity as
the wheel-rail pair move along the bridge at 360km/h, is also shown in the frequency domain.
Here, it can be seen that the variation in the wheel force, has peaks at similar normalised
frequencies for both velocities. This indicates a relationship between the frequency component
of the irregularity and the force. The variation of the force appears to also be higher for the
higher velocity. Study of the irregularity frequency components shows that there is significant
variation in the irregularity component between 4 and 20 Hz, some smaller variation between
20 and 33 Hz and no variation at frequencies above this. This is as a result of the minimum
irregularity wavelength being 3m, which for a velocity of 360 km/h (100m/s) corresponds to
a frequency of 33 Hz. Study of the wheel force variation again shows much smaller variation
for normalised frequencies greater than 33 Hz. This indicates a direct link between the wheel
force variation and the irregularities.

Study of the force experienced at a fixed point on the rail, due to a passing train, in the
frequency domain is shown in Figure 4.38, for cases where the vehicle and bridge dynamics
are modelled, hence allowing a variation in the force, unlike previously seen in Figure 4.36
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Figure 4.39: Comparison of the frequency components of the wheel force with and without
the bridge and irregularities in the frequency domain

which used a fixed magnitude. Figure 4.38a shows a case where the irregularities are considered
in the vehicle bridge dynamics, and Figure 4.38b when the train vehicle passes over the bridge
and track with no irregularities present. In these figures, the frequency contributions of the
force are plotted at a range of locations along the first span of the bridge, as one location
would not be representative of the whole span, due to the variation in force. In addition, the
equivalent force variations for a constant magnitude of force are shown in black, whereas the
variable force due to the dynamic vehicle-bridge model is shown in shades of blue for the case
with irregularities and red for the case without. The two figures show that the contributions
of the variable force at 28 Hz, although not constant with location along the bridge, have
values very close to those of the constant magnitude force (in black). There is very little
difference between these contributions with and without the irregularities. This shows that
the contribution of the increased acceleration components around 28 Hz, for the inclusion
of irregularities is not due to an amplification of the contribution of the loading frequency
component.

In order to have a better understanding about the additional contribution to the accelerations
at 28 Hz, when including irregularities, for a vehicle velocity of 360 km/h, the force between
a wheel and rail as it moves along the track has been represented in the frequency domain.
For comparison, this uses models both with and without the irregularities, for a train vehicle
running over the benchmark bridge (with bridge) and also over a rigid embankment (without
bridge). The variation in forces arises because here the bridge and vehicle dynamics are
modelled, hence the force is allowed to vary unlike in a moving point load model. Here, the
rigid embankment is modelled as a fixed platform, with the same track and irregularities on
top. This allows study of the influence of the bridge on the wheel force variation. It can be
seen in Figure 4.39 that when the train crosses the bridge, without irregularities in the track,
the contribution to the variation in wheel forces comes mainly from frequencies lower than 5
Hz. This variation comes from the displacement profile of the bridge, which is not perfectly
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flat, as there are initial deflections due to self-weight and prestress, as these actions are applied
before the train crosses the bridge. In contrast, when the irregularities are considered present
in the track, the wheel forces have components across all the frequency domain, regardless
of if the train is crossing a bridge or an embankment. Therefore it is clear the origin of this
effect is not in the bridge itself, but in the interaction between the train dynamics and the
irregularities. However, despite the phenomenon not being caused by the bridge structure,
the force variation has a very clear effect on the bridge accelerations.

The enrichment of the force variation, found across the frequencies to which the irregulari-
ties vary (4-33 Hz for a velocity of 360 km/h, due to the wavelength of irregularities being
between 3 and 25 m, see Figure 4.37), causes the increase in accelerations across all modes
of this frequency range (see Figure 4.35). It is the combination of this with the high reso-
nant loading component at 28 Hz matching the structural bridge modal frequency, leading
to the particularly high contribution. Therefore, only when the irregularities are included,
and the vehicle transfers onto the bridge a wide range of variable force frequency content, the
matching between the loading bridge frequencies at 28 Hz produce resonant effects, with a
large amplification of the bridge accelerations. However, without irregularities, the frequency
content of the force variation transmitted through the wheelset is very limited, and does not
reach the frequency value at which the loading matches the bridge frequencies, preventing the
appearance of a resonant effect.

The wheel force variation can be confirmed to be the cause by running a point load model of
the train, with the real variation of the wheel forces as the amplitude (Force variation model).
This leads to a similar acceleration response of the bridge to that of the full vehicle model with
irregularities (Figure 4.40), with the same modal frequency components being activated, as is
expected (Figure 4.41). As previously compared in Figure 4.37, the force variation had peaks
at the same normalised frequencies, but different amplitudes between the two speeds. Similar
locations of peaks can be noted in the irregularity profile, but with again differing amplitudes.
Considering that the force variation due to irregularities is necessary for the higher mode
excitation, when the loading and bridge frequencies match, the possibility of developing a
method to include this variation in the forces in a moving point load model without running the
full vehicle model for all velocities, has been explored, without success, due to the complexity
of the problem involving the wheel-rail contact and the train dynamics. Nonetheless, if a
method is found, this could create an easier alternative to model the contribution of the
irregularities and force variation in industry, without such complicated models.

A contribution of the variation in wheel forces from irregularities to the bridge excitation was
made before in Cantero et al. (2016), where it is stated that the irregularities cause a small
increase in the accelerations of the bridge. However, that model is a two dimensional bridge
model, with the increase in accelerations from irregularities in this thesis significantly larger,
contradicting the initial conlusion by Cantero et al. (2016). Unlike the Cantero et al. paper,
here it can be seen that there is a link between the complexity of the frequency content in
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Figure 4.40: Maximum vertical bridge accelerations along the length of the bridge, for a
velocity of 360km/h, comparing a moving point load of fixed magnitude, the full vehicle model
with irregularities and a moving point load model incorporating the vertical force variation.
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Figure 4.42: Comparison of the component frequencies of the vertical bridge accelerations at
the midspan of the first span at 432 km/h with and without irregularities, showing the loading
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Figure 4.43: Comparison of the filtered maximum lateral bridge acceleration magnitudes along
the length of the bridge with different types of irregularities at 360 km/h

wheel forces from irregularities, and matching of a resonant loading frequency (fv7) and bridge
modal frequency (fs,64), for the velocity of 360 km/h, causing the increase in accelerations.

This effect can be seen again in Figure 4.42, at the higher speed of 432 km/h (120 m/s).
At this speed the loading frequencies are shifted, such that fv7 shifts from 28 Hz to 33.6 Hz
(28× 432/360). This was seen previously in the peak in the loading frequency for 432 km/h

in Figure 4.36. This leads to the matching of the fv7 frequency with a different bridge modal
frequency, fs,79. As concluded before, this resonant effect between the train loading and the
bridge is only activated when there are rail irregularities as they introduce a wider frequency
content in the vertical loading at the wheels. Nevertheless, for this particular case, the bridge
modes activated by fv7 are later filtered out following Eurocode recommendations (Section
3.1.3), as the frequency is above 30 Hz

The consideration of the effects of different irregularity sets on lateral bridge accelerations
is seen at 360 km/h in Figure 4.43. From the Alignment only set, it can be seen that their
affect is minimal again. Instead the main variation for the lateral accelerations comes from
the cross level irregularities. There is also some contribution from the vertical irregularities.



CHAPTER 4. MODELS FOR THE DYNAMIC ANALYSIS OF HSR BRIDGES 162

70 80 90 100 110 120 130 140

Velocity [m/s]

0.0000
0.0375
0.0750
0.1125
0.1500
0.1875
0.2250
0.2625
0.3000
0.3375
0.3750

A
cc

el
er

a
ti

o
n

[m
/
s2

]

Combined set 1

Alignment only

None

Vertical only

Combined set 3

Cross level only

Combined set 2

Figure 4.44: Comparison of maximum vertical accelerations in the rear carriage of the vehicle
under different irregularities. Accelerations taken from the centre of mass of the vehicle.
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Figure 4.45: Comparison of maximum lateral accelerations of the rear carriage of the vehicle
for different irregularities. Accelerations taken from the centre of mass of the vehicle.

This is partially down to the location of the tracks on the slab inducing some twisting which
will cause lateral accelerations. In addition, the cross level irregularities tend to cause high
lateral forces in the wheels which then get transferred into the bridge.

The impact of the irregularities on the rear carriage vertical (Figure 4.44) and lateral (Figure
4.45) accelerations, indicates that the irregularities have a much greater affect on the lateral
accelerations than the vertical. It shows that the vertical accelerations in the vehicle are in-
creased predominantly by vertical irregularities. It also shows that the case of no irregularities
has a relatively high level of accelerations, coming from the deformed profile of the bridge due
to permanent loading. The lateral accelerations appear to be from a combination of the align-
ment and cross level accelerations, with the impact of the alignment irregularities more clear
on the vehicle than on the bridge.

As seen in Figure 4.46, the decomposition of the vehicle accelerations shows activation of fre-
quencies in the region of 5Hz for the irregularities that caused significant lateral accelerations
in the carriage. For the vertical accelerations, there is a peak around 1 Hz and then later
peaks around 5Hz again. The frequency of the modes of the vehicle, fti, are obtained by an-
choring the wheels of the train. Relevant modes that show carriage activation, as this is where
the vehicle accelerations are obtained, are indicated in Figure 4.46. It shows that the lateral
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Figure 4.46: Comparison of frequency domains of the vertical and lateral carriage accelerations,
where fti are frequencies associated with the vehicle dynamics
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Figure 4.47: Comparison of maxiumum filtered vertical deflection along the length of the
bridge for vehicles comprising different irregularities

carriage accelerations appear to be focused around the ft6 frequency, which corresponds to a
carriage forward motion, not lateral motion, so there may be an additional lateral frequency
component at a similar frequency that is related to the wheel-rail interaction and hence not
picked up as part of this simple frequency analysis. The majority of the vertical response
comes from the ft2 mode which is a vertical carriage mode. ft7 also shows some contribution
and is an additional vertical carriage mode.

Finally, a comparison of the maximum vertical accelerations along the length of the bridge
shown in Figure 4.47, indicates that although the accelerations may be considerably larger for
the case with irregularities the deflections are much more similar.

As a result of this analysis into irregularities, the impact of each component of the irregularity
on the bridge and train has been identified. It has been seen that the inclusion of irregularities
is necessary to model the higher level of accelerations induced. Although a selection of irreg-
ularity variations would be needed to identify the average response, time and computational
restraints mean that only one set of irregularities can be tested efficiently, which therefore for
consistency will continue to be Combined set 1. This set of irregularities will be the set used
to demonstrate cases with irregularities in this thesis unless otherwise stated.
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Figure 4.48: Comparison of maxiumum filtered vertical accelerations along the length of the
bridge for vehicles comprising different numbers of carriages

4.4 Vehicle

The vehicle determines the loading for the bridge. To have a good understanding of the
behaviour of the vehicle-bridge system, a sensitivity analysis is carried out on the parameters
involving the vehicle. This uses the vehicle outlined in Section 3.3.

4.4.1 Number of Carriages

Whilst the standard number of carriages chosen is the configuration of eight carriages of the
Siemens Velaro train, an investigation is carried out looking at the influence of more carriages
in the vehicle. This is important as sometimes future developments will lead to longer trains,
as well as the availability of a sixteen carriage model (Siemens, 2018; Railway Technology,
2018). The decision to have standard eight carriage train was purely computational, it takes
more than double the amount of time to run a sixteen carriage rather than an eight carriage
train.

Comparing the vertical accelerations along the length of the bridge at 360 km/h, with irreg-
ularities for different numbers of carriages, as in Figure 4.48, shows that the train of twelve
carriages provides the greatest magnitude of acceleration. Surprisingly this is larger than
trains of longer length, possibly as a result of the weight of the following carriages reducing
the acceleration response. In addition, it can be seen that the use of eight carriages, results
in a slightly smaller but similar set of maximum accelerations to the trains of fourteen and
sixteen carriages. This justifies the use of eight carriages to represent both the standard length
trains. The reason for not modelling the rest of analysis with ten carriages is that this is not
the design length of the train, which is commonly either eight or sixteen carriages long due to
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Figure 4.49: Comparison of maximum filtered vertical accelerations along the length of the
bridge for vehicles comprising different numbers of carriages
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Figure 4.50: Comparison of vertical deflections along the length of the bridge for vehicles
comprising different numbers of carriages

the train set up. Also, the more carriages, the more computationally demanding to complete
analysis.

Comparison of the filtered vertical accelerations versus the number of carriages for different
velocities at the midspan of the first span, as seen in Figure 4.49 shows that the number
of carriages is important at resonance. When using the velocity of 360 km/h (100 m/s), a
resonant speed, the number of carriages clearly impacts the vertical accelerations. However,
when looking at 432 km/h (120 m/s), the accelerations have a much smaller magnitude of
acceleration as well as a smaller rate of change of acceleration. This is due to the fact that the
resonance effect for 120m/s is at 34 Hz and therefore is neglected due to filtering, as explained
before in Section 3.1.3.

Finally, comparing the deflections in Figures 4.50 and 4.51, it can be seen that there is very
little difference in the vertical deflections for numbers between eight and sixteen carriages.
The greatest difference coming from trains less than eight carriages long, again justifying the
use of eight carriages as representative. Interestingly in Figure 4.50, the deflection in the first
span is the same for two and four carriages, but the displacements vary between these vehicle
lengths for the other spans.
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Figure 4.51: Comparison of vertical deflections with time for both 8 and 16 carriages, for a
velocity of 360 km/h, at midspan of the first span. The 16 carriage train leaves the bridge at
4.2 seconds

4.4.2 Running Two Trains

Whilst the analysis so far has been focused on one vehicle on the track, there is a possibility
of two vehicles running on the bridge at once. In BS EN 1991-2:2003 (2010), it is only
required to run a dynamic analysis with one vehicle on the bridge. However, it is important
to understand whether this is an acceptable assumption to make. An investigation has been
carried out running two vehicles in opposite directions crossing the vehicle at the same time.
This is done at 360 km/h.

4.4.2.1 Concurrent entering

The first study involves looking at how the bridge system performs when the vehicles enter
the bridge at opposite ends, at the same time. This is studied using the bridge and vehicle
model with and without irregularities, also considering the comparison to moving point loads
on the bridge. It can be seen in Figure 4.52 that when one track is loaded and the effect
of irregularities are ignored, the accelerations are just over half of that when dual tracks are
loaded. However, when the effect of irregularities is taken into account, the accelerations are
found to be lower when dual tracks are loaded, than when a singular track is loaded. In
order to understand why this is the case, a study into the affect of a delay on entering was
performed. This is to determine whether the vehicles are causing a resonant or cancellation
effect, particularly considering the reduction of accelerations in the case where irregularities
were considered, which as previously discussed, the irregularities activate higher modes.

4.4.2.2 Delayed entering

By delaying the time that the second train enters the bridge, the accelerations along the length
of the bridge have been plotted against the delay in Figure 4.53. A snapshot of this vertical
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Figure 4.52: Comparison of maxiumum filtered vertical accelerations of the vertical bridge ac-
celerations along the length of the bridge for one and two trains with and without irregularities.
Also for comparison a moving point load model is compared.

0.0

0.1

0.2

0.3

0.4
With Irregularities

0 5 10 15 20 25 30 35 40 45 50 55 60 65 70 75 80 85 90 95 100

Distance along bridge [m]

0.0

0.1

0.2

0.3

0.4
Without Irregularities

0.0

0.5

1.0

1.5

2.0

2.5

3.0

3.5

4.0

4.5

5.0

5.5

M
a
x

V
er

ti
ca

l
A

cc
el

er
a
ti

o
n

[m
/
s2

]

D
el

a
y

[s
]

Figure 4.53: Comparison of maximum filtered vertical accelerations of the vertical bridge
accelerations along the length of the bridge versus the delay for the second train to start
moving across the bridge in the opposite direction.
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Figure 4.54: Comparison of vertical accelerations with delay at midspan of the 2nd span
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Figure 4.55: Comparison of different normalised frequency components of the vertical bridge
acceleration at midspan of the second span

acceleration variation with delay has been taken at x=52.5 m (midspan of the middle span)
in Figure 4.54. These two figures show that the simple point load model, which matches well
with the no irregularity model, has a period of variation around 0.25 seconds delay. This
corresponds to 4 Hz, which is around the primary resonant frequency of the bridge at 360
km/h. In contrast the variation of the accelerations, when considering irregularities, follows
both a 0.25 second period delay and a much shorter period, close to 0.037 seconds. This is
close to the modal frequency activated by the irregularities of 28 Hz.

As previously seen, for the velocity of 360 km/h, the frequency content of the force interacts
with a matching of the loading frequency fv7 and the bridge frequency fs,64, causing amplifica-
tion of the acceleration response. As in this section two vehicles are running across the bridge
in opposite directions, the contribution of this mode varies due to the additional cancellation
and amplification effects introduced by the second vehicle. Figure 4.55 shows the variation of
the acceleration component for different frequencies, using acceleration data from the midspan
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Figure 4.56: Visualisation of symmetric and anti-symmetric modes for dual track analysis

of the middle span at a velocity of 360 km/h. Here, the simple point load model is compared
to the vehicle model with irregularities and a theoretical model. These frequency components
are shown to vary with delay, and the contributions of each model normalised to its maximum
value, allowing comparison between models and theoretical contributions, even though the full
model with irregularities generates much larger accelerations, as shown in Figure 4.54. The
hypothesis here is that due to the huge computational requirements of the full vehicle model
with irregularities, especially when modelling two vehicles, an appropriate tool is required to
estimate the delay that will lead to maximum response.

Study of the component frequencies contributing to the larger response of the singular vehicle
crossing the bridge, will enable an approximate delay to be studied for maximum response
with two vehicles. For example, using the simple or theoretical models, study is made of
the variation of the normalised components of acceleration at 3.8 Hz and 28 Hz, which were
previously seen to be the frequencies contributing significantly to the vertical acceleration
response of the singular full vehicle model with irregularities. These two frequency components
have maximum contributions close to aligning for delays of both 0.02 and 0.24 seconds. When
studying the actual acceleration variance with delay in Figure 4.54, these delays lead to the
largest bridge accelerations. Hence, the tool can eliminate the need to model the full vehicle
model for all possible delays. Use of the theoretical model is preferential over the simple model
for this prediction as although the point load model has much lower computational times then
the full model, the times are still significant. The theoretical contribution of a bridge modal
frequency component is calculated using the following Equation:

A (f, de) =

abs
(

cos(π · f ·
(
de+ 1

f ([L× f ] %V )
))

if mode is symmetrical

abs
(

cos(π · f ·
(
de+ 1

f ([L× f ] %V ) + 0.5
))

if mode is anti-symmetrical
(4.1)

where A (f, de) is the component of acceleration for the frequency f and delay de. [L× f ] %V

represents the non integer remainder of L × f when divided by the velocity of the vehicle
V , where L represents the total length of the bridge. The term symmetrical mode and anti-
symmetrical mode refers to the modal shapes of the bridge at that frequency. Examples of
the symmetrical and anti-symmetrical modes are shown in Figure 4.56.

Hence, it can be determined that the reason for the smaller accelerations for the irregularity
model when trains entered concurrently on dual track rather than on single track in Figure
4.52, is that the 28 Hz mode with this delay is reduced in contribution by a cancellation effect
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from the interaction of the loading of the two tracks. This is opposite to the effect of the 4
Hz mode, which experiences a peak in contribution with concurrent entering, coinciding with
a resonance of the loading, hence increasing the response of the dual track moving point load
model with respect to the single track.

4.4.3 Vehicle Characteristics Sensitivity

Comparison of the upper, median and lower bounds of the primary and secondary, suspension
stiffness and damping stiffness values based on different literature values (as found in Appendix
C) and compared to the Siemens Velaro train values proposed by Antolín (2013) is made in
this section. The Siemens train is labelled as Antolin Model in these analyses.

4.4.3.1 Primary Suspension

Model Stiffness [kN/m]
kp,x kp,y kp,z

Antolin Model 120× 103 12500 1200
Upper Bound 55000 12500 3280

Median 35696 4880 1480
Lower Bound 9000 640 590

Table 4.7: Primary suspension stiffness comparison values

The first set of analysis studies the primary suspension values. The values implemented are
stated in Table 4.7. The values come from a database of literature values as found in Appendix
C. Unfortunately due to computational problems, the lower bound of the primary stiffness was
too low for this model and hence caused modelling convergence problems. This was caused by
the force between the wheel and rail being too large, which could be a result of the reduction
of stiffness enabling more horizontal movement of the wheelsets.

It can be seen from the variation in Figure 4.57a that the larger the primary suspension values
the smaller the vertical accelerations in the bridge, although the difference is relatively small,
especially when the speeds are not near resonance as shown by Figure 4.57b. However, the
small difference that does occur seems to come from the activation of the mode around 28 Hz
(Figure 4.57e), which as the primary stiffness helps to control the forces in the wheelset, again
indicates that this mode is activated by a contribution from the wheel forces.

The vehicle accelerations are also relatively similar in the vertical direction (Figure 4.57c),
but in the lateral direction the median model shows the highest lateral vehicle accelerations.
This could be down to the lower stiffness increasing the lateral movement (Figure 4.57d). This
is significant as the primary suspension is used to help steer the vehicle and keep it on the
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Figure 4.57: Comparison the effects of varying the primary suspension values on: a) the
vertical bridge acceleration along the length of the bridge at 360 km/h; b) Variation of filtered
vertical bridge acceleration at midspan of the first span with velocity; c) Variation of vertical
vehicle acceleration with velocity; d) Variation of lateral vehicle acceleration with velocity;
e) Bridge vertical acceleration at midspan of first span in frequency domain at 360 km/h; f)
Rear vehicle vertical acceleration in frequency domain at 360 km/h; g) Rear vehicle lateral
acceleration in frequency domain at 360 km/h
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track. The frequency domains (Figures 4.57f and g), of the accelerations of the vehicle at
360 km/h, do not show any significant change in the location of the peaks, showing that the
modes contributing to the vehicle accelerations have not changed.

Overall, the effects of changing the primary suspension stiffness on the bridge and vehicle
dynamics is relatively small, and the response by the Siemens train is matched closely by
other primary suspension stiffnesses in literature. This is significant as some of the Siemens
train values are high compared to the rest of literature, however the response is still reasonable.

4.4.3.2 Primary Damping

Comparison of the variation of the damping coefficients expressed in Table 4.8 is visualised in
Figure 4.58. From Figure 4.58a it can be noted that the impact of increasing the damping can
cause the vertical accelerations in the bridge, but not the vehicle to be higher. This reflected
in Figure 4.58b, which shows the same pattern, especially under the resonant characteristics of
100 m/s (360 km/h). The reasoning for this could be that the damping restricts the ability for
the wheelset to react and move relative to the bogie, therefore transferring more variation in
force into the bridge when there is a relative displacement between the two wheelsets sharing
a bogie, possibly caused by either irregularities or bridge deflections. This is shown in Figure
4.58e, which shows that there is variation in the modal contribution to the 28 Hz mode, which
was considered to be caused by the wheel forces.

Model Damping Stiffness [kN · s/m]
cp,x cp,y cp,z

Antolin Model 27.9 9 10
Upper Bound 48 27.9 80

Median 12 9 19.8
Lower Bound 0 0 2.93

Table 4.8: Primary suspension damping stiffness comparison values

In contrast the vehicle accelerations shown in Figures 4.58c and d, show very little impact
of the damping on the carriage accelerations. This is unsurprising as the primary damping
system primarily helps to steer the vehicle, and this is a straight track that is being modelled.
The lack of effects on the carriage is also indicative of the purpose of this level of suspension.
This is also shown in Figures 4.58f and g which do not change significantly for the different
damping values.

It is worth recalling that the primary damping is between the bogie and the wheelset and
hence there is another layer of suspension between the bogie and the carriage where the
changes accelerations can be absorbed before reaching the passengers. Again overall the
Siemens train proves to have a good representation of the damping stiffness in comparison
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Figure 4.58: Comparison the effects of varying the primary suspension damping values on:a)
the vertical bridge acceleration along the length of the bridge at 360 km/h; b) Variation of
filtered vertical bridge acceleration at midspan of the first span with velocity; c) Variation
of vertical vehicle acceleration with velocity; d) Variation of lateral vehicle acceleration with
velocity; e) Bridge vertical acceleration at midspan of first span in frequency domain at 360
km/h;f) Rear vehicle vertical acceleration in frequency domain at 360 km/h; g) Rear vehicle
lateral acceleration in frequency domain at 360 km/h
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with other literature.

4.4.3.3 Secondary Suspension

The secondary suspension level, acting between the carriage and the bogie is not directly
linked to the wheelsets. Hence its impact on the wheelset forces will be minimal. Therefore,
the likelihood of changes in the secondary suspension effecting the bridge are small. This is
backed up by Figures 4.59a and b. The difference between the maximum vertical accelerations
is barely discernible, for the different stiffnesses outlined in Table 4.9. This is further noticed
in the near identical modal contributions to the vertical accelerations in Figure 4.59e.

Model Stiffness [kN/m]
ks,x ks,y ks,z

Antolin Model 12000 240 350
Upper Bound 316 316 1440

Median 210 160 530
Lower Bound 100 39.2 33

Table 4.9: Secondary suspension stiffness comparison values

In contrast to the impact on the bridge, the impact of the suspension stiffness on the carriage
accelerations is much larger. The higher the stiffness the larger the accelerations, with the
upper bound showing significantly higher vertical accelerations in Figure 4.59c. The decom-
position in the frequency domain of the vertical acceleration, as seen in Figure 4.59f, shows
significantly higher amplitudes of the contributing frequencies to the acceleration but no no-
ticeable shift in frequency. The lateral accelerations do not show so much variation in Figure
4.59d, but still indicate higher stiffnesses lead to higher accelerations. The lower variation is
also seen in Figure 4.57g. The value chosen for ks,x by Antolín (2013) is very high and above
the upper bound considered based on other values in literature. This value is repeated in An-
tolin et al. (2012), so is unlikely to be a mistake in print. However, the use of this value for the
Antolin Model, produces a response similar to the median and lower bound values. Hence, as
the Siemens model train is within the range of the accelerations given by the upper and lower
bounds, it is appropriate to use this model. However, this sensitivity shows the importance
of modelling the correct vehicle secondary stiffnesses in order to calculate the correct vehicle
response.

4.4.3.4 Secondary Damping

The final study into the vehicle sensitivity looks at the secondary damping stiffness. The
values used in this study are found in Table 4.10. The lower bound models did not converge
computationally, due to flange-rail contact, and hence have been excluded from the results.



CHAPTER 4. MODELS FOR THE DYNAMIC ANALYSIS OF HSR BRIDGES 175

(a)

100 110 120

Velocity [m/s]

0

1

2

3

4

5

A
cc

el
er

a
ti

o
n

[m
/
s2

]

(b) (c)

100 110 120

Velocity [m/s]

0.20

0.25

0.30

0.35

0.40

0.45

0.50

A
cc

el
er

a
ti

o
n

[m
/
s2

]

(d)

0 10 20 30

frequency [Hz]

0.0000

0.0312

0.0625

0.0938

0.1250

0.1562

0.1875

0.2188

0.2500

sp
ec

tr
a
l

d
en

si
ty

[m
/
s2
/
H
z
]

(e)

0 10 20 30

frequency [Hz]

0.00

0.01

0.02

0.03

sp
ec

tr
a
l

d
en

si
ty

[m
/
s2
/
H
z
]

(f)

0 10 20 30

frequency [Hz]

0.00

0.01

0.02

0.03

sp
ec

tr
a
l

d
en

si
ty

[m
/
s2
/
H
z
]

(g)

Figure 4.59: Comparison the effects of varying the secondary suspension values on: a) the
vertical bridge acceleration along the length of the bridge at 360 km/h; b) Variation of filtered
vertical bridge acceleration at midspan of the first span with velocity; c) Variation of vertical
vehicle acceleration with velocity; d) Variation of lateral vehicle acceleration with velocity;
e) Bridge vertical acceleration at midspan of first span in frequency domain at 360 km/h;f)
Rear vehicle vertical acceleration in frequency domain at 360 km/h; g) Rear vehicle lateral
acceleration in frequency domain at 360 km/h
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Figure 4.60: Comparison the effects of varying the secondary suspension damping values on:
a) the vertical bridge acceleration along the length of the bridge at 360 km/h; b) Variation
of filtered vertical bridge acceleration at midspan of the first span with velocity; c) Variation
of vertical vehicle acceleration with velocity; d) Variation of lateral vehicle acceleration with
velocity; e) Bridge vertical acceleration at midspan of first span in frequency domain at 360
km/h;f) Rear vehicle vertical acceleration in frequency domain at 360 km/h; g) Rear vehicle
lateral acceleration in frequency domain at 360 km/h



CHAPTER 4. MODELS FOR THE DYNAMIC ANALYSIS OF HSR BRIDGES 177

This may have been due to the lack of damping allowing the carriage to turn more freely,
which may enable hunting motions to develop.

Model Damping Stiffness [kN · s/m]
cs,x cs,y cs,z

Antolin Model 600 30 20
Upper Bound 600 72 90

Median 180 30 34.2
Lower Bound 30 1.23 0

Table 4.10: Secondary suspension damping stiffness comparison values

The secondary damping stiffness affects the bridge vertical accelerations a small amount as
can be seen in Figure 4.60a. The effect though is small, and probably is linked to the rate
of movement of the train, as to adapt to the deflections of the bridge and the irregularities,
becomes slower with higher damping. Figure 4.60b shows even less variation in the bridge
accelerations, which is reflected in the near identical modal contributions to the vertical ac-
celerations seen in Figure 4.60e. However, again the carriage accelerations in Figures 4.60c
and d are greatly affected by the secondary damping stiffness, as they were by the secondary
elastic stiffness. The frequency component contributions are much more variant in the vertical
case and in the lateral direction as seen in Figures 4.60f and g. This is more prominent in
the lateral accelerations. It is probably due to greater force transfer into the vehicle with the
higher damping stiffnesses. Also the Antolin Model shares the same value as the upper bound
for cs,x, however the results of the Antolin model show much smaller response than the upper
bound for all cases. This indicates the negligible effect the variation of this coefficient has
on the vehicle-bridge dynamics. In conclusion the Siemens train model by Antolín (2013),
performs similarly to values from literature and hence is appropriate to use.

4.5 Alternative Models

Where in the previous sections all models have focused on the bridge being composed of shell
elements and the vehicle being either the full Siemens Velaro vehicle model, or a representation
of the vehicle by moving point loads, this section looks at other alternatives.

4.5.1 Alternative Loading Models

When considering the moving load model representation of the vehicle in the previous sections,
this includes also removing the track as well as the vehicle, but ensuring that the mass of the
track is still represented in the bridge. In this section a comparison between moving load
models on the bridge, with and without the track is made. This compares four cases. The
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Figure 4.61: Comparison of the filtered maximum vertical accelerations along the length of
the bridge for different loading types at 360 km/h

first uses moving point loads directly applied to the track. Secondly, the track is modelled and
the moving point loads travel along the full length of the track including beyond the extent of
the bridge, whereas in the third case, the same model is used but the moving point loads are
limited to the extent of the bridge. Finally a comparison is made to a moving vehicle model
without irregularities.

It can be seen in Figure 4.61 that the point load models have similar maximum accelerations,
and that the full vehicle model has a slightly smaller response, but still similar. The smaller
response in the case of the vehicle being modelled could be from the mass of the vehicle inter-
acting with the bridge mass, and altering the fundamental natural frequency of the bridge as
mentioned in Cantero et al. (2016). Alternatively it could be due to the vehicle being mod-
elled allowing alternative loads to be transferred into the bridge. Nonetheless, the difference
is small and as such the point load model without track is an appropriate indication of the
vehicle model without irregularities.

When looking at the same data in the time domain, at the midspan of the first span, as in
Figure 4.62, it shows that the exclusion of the track results in a small shift in the free vibration
frequency of the structure, which shows the accelerations becoming increasingly out of phase.
This is due to the affect on the bridge of the track, which acts to restrain the bridge a little,
as well as allowing transfer of loads from the train into the bridge via the rail even after the
train has left the bridge. As a result there is a change in the frequency of the bridge when
modelling the tracks, as expressed in Table 4.11. Different mode shapes undergo different
changes in the frequency, not consistently larger or smaller for the inclusion of the track. It
can be seen that the impact of the moving loads extending on the track beyond the length
of the bridge has little effect compared to loads just within the track nodes within the limits
of the bridge. However, the maximum accelerations are not occurring in the free vibration
phase, and the forced vibration period shows good correlation between the three models. Due
to the additional time required to model the track (40%) in the moving point load models,
and the small difference in the resulting accelerations, it is more appropriate to model the
bridge without including the track for the simple models.
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Number of tracks modelled
Mode Shape 0 1 2

1 3.79 3.82 3.87

2 4.49 4.10 4.16

3 5.58 4.49 4.51

Table 4.11: Shift of frequency by including the tracks on bridge when calculating frequency
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Figure 4.62: Comparison of the time history of the filtered maximum vertical bridge acceler-
ations at the midspan of the first span at 360 km/h of different load types.

Considering that the moving point load model without the track is an appropriate model to
compare the vertical accelerations at 360 km/h for the vehicle model without irregularities, a
comparison across different velocities is made in Figure 4.63. This shows a good match between
the vertical accelerations between the two models, especially at higher velocities. Due to higher
computational demand for the full model, there is a smaller speed resolution for this model
than the point load model, hence the larger variation in the point load model accelerations
with velocity. From this figure it is clear that the bridge vertical dynamic performance can be
approximated by the point load model for all speeds for perfect tracks without irregularities.
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Figure 4.63: Comparison of the filtered maximum vertical accelerations at midspan of the first
span for different velocities with different loading types
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Figure 4.64: The filtered maximum vertical accelerations for models with and without irregu-
larities in comparison with moving point load models for a real Siemens Velaro train and the
Eurocode HSLM models

Whereas in this work, the model has focused on the real train model, BS EN 1991-2:2003
(2010) specifies a series of moving load models to test the bridge dynamics. These models are
designed to encompass all variations of train weights and configurations. Figure 4.64 compares
the Siemens train to the HSLM-A models from BS EN 1991-2:2003 (2010). From this figure it
can be seen that at resonant speeds this real train with irregularities results in larger vertical
accelerations than the load model. Although the use of HSLM-A models neglect the impact
of irregularities, they were designed such that the response of the collection of load models is
representative of the full possible range of vehicles crossing the bridge. So it could be important
in developing an approximation of the axle spacing that causes the critical resonant responses,
due to the variation in axle spacing incorporated in the HSLM models. This axle spacing
could then be correlated to a real train for which the full vehicle model with irregularities can
simulate. However, currently there is not enough available information on the wide range of
real trains, to use this approach with the full vehicle in this thesis. It does however, highlight
the importance of testing the bridge model with real trains to incorporate the irregularities,
which can cause higher accelerations than the HSLM-A envelope of loading suggests.

4.5.2 Alternative Bridge Model

Using the beam element models considered in Section 3.1.1.1, a comparison is made between
the shell element models and the beam element models. Due to the complicated nature of
the bridge boundary conditions, the lateral performance is not well matched by the beam
element model. Nonetheless, the vertical accelerations are relatively well matched, partly as
the fundamental vertical frequencies are within 1%.

As seen in Figure 4.65, the accelerations of the beam model and the shell model with point
loads is well matched. Due to the difference in the accelerations in the bridge between the
slab and the actual U-beams, both have been plotted for the shell bridge models. This is
chosen as unlike in the beam element model, there is no node at corresponding centroid of
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Figure 4.65: Comparison of filtered maximum vertical accelerations in shell bridge models and
beam bridge models along the length of the bridge at 360 km/h. PL stands for moving point
loads as opposed to Veh which signifies the model uses real vehicles with irregularities (Irr).
SC represents the values taken from the centre of the slab, BB being values taken from the
bottom of the beam under the loaded track.
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Figure 4.66: Comparison of filtered maximum vertical accelerations in shell bridge models and
beam bridge models at midspan of the first span with different vehicle velocities, using only
moving point load models (PL), hence not including irregularities. SC represents the values
taken from the centre of the slab, BB being values taken from the bottom of the beam under
the loaded track.

mass for the shell elements, and averaging from other nodes is inappropriate due to the large
transverse deformations in the shell elements. It shows that the accelerations along the bottom
of the U-beam are similar to those in the slab. However, when considering irregularities, the
accelerations found by modelling using shell elements, are much smaller in the bottom of the
U-beam than they are in the slab. These accelerations with irregularities are only able to be
picked up by using shell element models, as these allow local vibrations of the cross section,
which are mainly focused in the slab. These higher frequency modes are unable to be captured
through a beam model, with beam models not allowing transverse deformations.

Finally, comparison of the vertical accelerations against velocity between the beam and shell
bridge models using moving point loads is shown in Figure 4.66. The velocity that the shell
element models are calculated at are refined such that they find the peaks accurately, but are
coarsely modelled where peaks are not expected. This is done at the midspan of the middle
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Figure 4.67: Comparison of the maximum filtered vertical accelerations along the length of
the bridge for a vehicle moving at 360 km/h, testing the effects of the mass of the vehicle
being incorporated

span. It indicates that the beam element model can provide an estimate of the velocities that
activate resonant effects for low frequency modes. However, it is obvious from the previous
results in this chapter, that higher frequency modes, only found with shell element models,
can be activated by irregularities, which were not modelled here. Hence, it is required that
for an accurate response of the bridge, accelerations must be determined by the shell element
model coupled with irregularities.

4.5.3 Distributed Vehicular Mass

The mass of the train is not insignificant in comparison with the bridge mass. Each carriage
(including the passengers, bogies and wheelsets), has a mass of 73040 kg, whereas the mass of
one span of the bridge deck, including the track and other topside equipment is 1127350 kg.
Per unit length, this results in a ratio of vehicle to bridge mass of 9%. To investigate whether
this mass has an impact on the bridge response, the mass of the train is distributed along the
track as a nonstructural mass.

The nonstructural mass takes the value of 781.6 kg/m2, spread over a track width of 3.74 m
and over the full bridge length of 105 m. This equates to the mass of 4.2 train carriages (each
train carriage is 25 m long), spread over the length of the bridge. Then the dynamic response
is tested with moving point loads. This is compared to the moving point load model without
the additional mass and the full vehicle model without irregularities. The aim of this is to
compare the models, as a full vehicle model is not as easily constructed in real world, as a
moving point load model. This is seen in Figures 4.67 and 4.68.

As can be seen from Figure 4.67, including this vehicle mass as a continuous mass along the
bridge yields smaller maximum filtered accelerations across most of the bridge. Study of Figure
4.68 shows that the response of the model with the distributed train mass has significantly
different response. This is not as small as the difference due to the exclusion of the track,



CHAPTER 4. MODELS FOR THE DYNAMIC ANALYSIS OF HSR BRIDGES 183

0 1 2 3 4 5

Time [s]

−1.25
−1.00
−0.75
−0.50
−0.25

0.00
0.25
0.50
0.75
1.00
1.25

a
cc

el
er

a
ti

o
n
[m
/
s2

]

Point loads with vehicle mass

Vehicle model

Point loads without vehicle mass

Figure 4.68: Comparison of the time dependent filtered vertical acceleration of the midspan
of the first span of the bridge with a vehicle moving at 360 km/h, testing the effects of the
mass of the vehicle being incorporated

and indicates that the change in frequency caused by the inclusion of this mass is significant.
The fundamental bending mode’s frequency changes from 3.79 Hz in the model without the
additional mass to 3.63 Hz in the model with the addition of the vehicle mass. According
to Cantero et al. (2016), the fundamental frequency of the bridge varies with the position of
the vehicle on the bridge. This changing frequency, and the difference in the frequencies with
the full mass of the vehicle and with no vehicle mass explains the reduced resonant effect at
360 km/h, causing the smaller response experienced.

As a result, due to the reduction in accelerations by adding the track mass, it is not recom-
mended to include the mass of the vehicle as a fixed non structural mass along the length of
the track.

4.6 Conclusions for this Chapter

The conclusions of this section allow the models to be progressed with justification into para-
metric analysis of the bridge. In terms of the bridge design, it has been found:

• The vertical accelerations in the slab are largest on the lateral edges, and under the
loaded track, but only the latter is relevant to the vehicle running safety.

• Rayleigh damping with a coefficient of 1% fixed at 4 Hz and 60 Hz shall be used in this
thesis as it is the most conservative of those tested, accounts for 95% of modal mass and
is the value assigned by BS EN 1991-2:2003 (2010).

• A three span bridge is relatively representative of the accelerations of longer bridges,
and one span bridge represents the maximum accelerations of a two span bridge as well.

• The condition where the intermediate piers are both longitudinally fixed leads to smaller



CHAPTER 4. MODELS FOR THE DYNAMIC ANALYSIS OF HSR BRIDGES 184

accelerations than the case where the first pier has longitudinally fixed boundary condi-
tions.

• The vehicle entering and travelling over the longitudinally fixed pier first leads to larger
accelerations than when the last pier travelled across is longitudinally fixed

• Although the slab has lateral accelerations that are not zero over the supports, the
maximum lateral deflection is very small, so not a concern for derailment

• The prestress force has no affect on the bridge dynamics, only onto the vehicle dynamics
due to prestress associated changes in the running profile of the track. Therefore the
prestress force does not need to be modelled, but the prestressing steel must be modelled
for the additional stiffness this provides to the section.

• The connection between the slab and the precast beams is to be modelled as partial
interaction, as the full interaction model led to longer computational times, but little
difference between the results of the two models.

For modelling the track, the following conclusions have been made:

• The railpad stiffness coefficient impacts the vertical accelerations of the bridge, with
lower stiffness leading to larger accelerations.

• The railpad damping coefficient leads to no discernible change in the bridge dynamics.

• The ballast stiffness also impacts the vertical accelerations of the bridge, but the lower
the stiffness, the lower the acceleration.

• The ballast damping stiffness has a small effect on the bridge dynamics, but not signif-
icantly.

• The ballast mass affects the bridge dynamics significantly, due to its impact on the
bridge modal frequencies.

• From the models tested the ballasted models lead to lower accelerations in the bridge
than the slab track models

Modelling of the track will utilise slab track for the remainder of this thesis, as these models
are found to be less computationally demanding. Despite the larger accelerations associated
with this model, the safety limit to vertical bridge accelerations is also higher, and the trend
in industry is towards slab track over ballasted tracks.

In the region of the wheel-rail interaction, the following conclusions could be made:
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• Consideration of the wheel forces under a resonant speed showed that the risk of de-
railment from these forces was small, and hence the need to test the computationally
expensive wheel forces versus derailment limits is not required in the rest of the thesis.

• Vertical irregularities had the greatest effect on the vertical accelerations of the bridge

• Lateral accelerations in the bridge were mainly impacted by the cross-level irregularities

• Vertical irregularities were those to have the biggest impact on the vertical accelerations
in the vehicle, but cross level and alignment irregularities impacted the lateral vehicle
accelerations

• Introducing the irregularities induces a wide frequency content in the wheel-rail forces,
which contributes to the amplification of resonant bridge modes that meet vehicle driving
frequencies, which are not activated when irregularities are not present. This can lead
to significant increases in the bridge accelerations.

As a result of this analysis irregularities are still required to be studied in the models in this
thesis as they have significant effects on the bridge dynamics, despite being computationally
expensive.

Study of the vehicle has led to the following conclusions:

• An 8 carriage train vehicle induces lower accelerations than a 16 carriage train on the
bridge by a maximum of 16%. However it is much more computationally efficient than
the 16 carriage train, and is a standard length of carriages, so will be proceeded with.

• Running two vehicles simultaneously in opposite directions across the bridge can lead
to almost doubling of accelerations in the bridge. This depends on the delay between
the vehicles entering and the corresponding contribution of modes under resonant or
cancellation effects. An equation was proposed to determine whether a contributing
mode is in a resonant or cancellation phase with a particular delay.

• The vehicle primary stiffness has little affect on the bridge behaviour, but more signifi-
cant effects on the vehicle behaviour

• The primary damping does have a limited affect on the bridge dynamics, but little effect
on the vehicle behaviour

• The secondary stiffness and damping have little to no affect on the bridge dynamics, but
significant impacts on the vehicle dynamics.

Considering the modelling of the whole system, some conclusions are:
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• A beam bridge model can adequately have a first estimate of the behaviour of the bridge
without irregularities

• A moving point load model can predict the behaviour of a bridge under a vehicle without
irregularities well

• A moving point load model with the wheel force variation from irregularities can predict
the response of the bridge well without the need to model the full vehicle model. How-
ever, a method of pre-determining the force variation based on the irregularities has not
been found, so the model with the vehicle still has to be run to obtain the wheel forces.

• Inclusion of the track elements on the bridge does not have a significant impact on the
dynamics of the bridge, but alters the frequency slightly.

• Inclusion of the full vehicle mass on the bridge whilst using point load models, is not
equivalent to the full vehicle model, and not including this mass, when using moveable
point load models, gives a better representation of the results found by a full vehicle
without irregularities.

From this chapter, some recommendations can be made to update the codes and guidelines
for modelling HSR bridges. These are:

• Clarification must be made on the type of bridge model used. Currently no reference is
made to the complexity of the bridge model. It is evident from literature many authors
use beam models, but this chapter shows these are inadequate at estimating the local
deformations of the slab, as proven by shell element models, particularly when modelling
using a full model with irregularities. This lack of clarity could lead to insufficient design,
with high accelerations. However, it is recognised that the use of beam elements is more
accessible, so different acceleration limits should be established for different complexities
of models.

• Updating of the high speed load models. The real vehicle used in this chapter was
shown to exceed the accelerations given by the range of vehicle covered by the HSLM
load model. This could lead to unacceptable bridge accelerations for irregularities that
are also considered acceptable in the codes.

In addition, it was found that numerical instabilities could form within the models, under
certain cases. For example:

• The time step of the model using wheel-rail interaction and a vehicle had to be much
smaller than a point load model to avoid computational errors.

• The primary suspension stiffness and secondary damping coefficient must be sufficiently
large to avoid errors associated with wheel flange contact.
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As a result, the next chapters shall use the Siemens Velaro train, on a slab track. The bridge
shall be modelled using shell elements, with beam element models used to identify potential
speeds of resonance. The connection between the precast U-beams should be using a tied
formulation in Abaqus , whereas the connection between the beams and the slab shall be an
elastic connection. This is due to computational benefits. Finally, irregularity models shall
be used in order to determine the full extent of the accelerations.



Chapter 5

HSR Bridges with Dual U-Beam Cross
Sections

This chapter focuses on the response of HSR bridges with dual U-beam cross sections. In order
to get a deep and sound understanding about their response, in addition to the analysis of the
benchmark case, a comprehensive parametric analysis has been conducted. As the U-beams
are precast, and the slab cast in-situ, focus will be made to the reduction of the amount of
materials used in the precast beams through the implementation of high performance con-
crete, as saving weight here will contribute to the greatest benefits for transportation, crane
capacities and subsequent reduction in the demands of other structural members that form
part of the substructure.

5.1 Methodology

The bridge as outlined in Section 3.1.2, is used here as a benchmark case. For different
components of the bridge, the geometry is reduced by a factor and the concrete strength
increased by another factor, with the intention of counterbalancing the effect in terms of
structural capacity, and then analysed. The increase in concrete strength is determined such
that the moment resistance, shear resistance and vertical bending stiffness of the beam are
maintained at values similar to the benchmark case values. The geometry cases studied are the
beam web thickness, bottom flange thickness, combined bottom flange and beam thickness,
and section depth. The cases are first studied in a simply supported version of the bridge
(using one span), which as shown in Section 4.1.3 is representative of the accelerations found
in both the one and two span cases. If the parameter studied is feasible, then it is studied for
the three span continuous case. In all cases the span length is maintained at 35 m, which is
the original span length and was established as the most suitable span length in Section 4.1.4.

188
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Model Analysis Bridge Model Loading Model
Type Beam Shell Moving Loads Full Vehicle

Beam Dynamic X X
Static Static X X
Simple Dynamic X X
Full Dynamic X X

Table 5.1: Characteristic of the different model types, showing the element type used for
the bridge model, loading model used (Full Vehicle includes the wheel-rail interaction and
irregularities) and the analysis type.

For determining the effects of the parametric analysis, dynamic amplification factors (DAF)
and accelerations are studied. The DAF are studied on the both lateral (U2) and vertical (U3)
displacements, the direct normal stress in longitudinal direction (S11), which is induced by
longitudinal bending and axial response, and the normal stress in the element plane perpen-
dicular to the longitudinal direction (S22), which is induced by transverse bending. Positive
direct stresses are tensile stress. Only the component of the stresses developed under the traffic
loading, not accounting for the impacts of gravity, prestress or long term concrete behaviour,
are compared herein. The static model results, shown and used in the DAF calculations, are
the stresses and displacements experienced when running the vehicle across the bridge in a
static rather than dynamic analysis.

Comparison of four types of model is made in his section. These are Beam, Static, Simple
and Full. These models differ as explained through Table 5.1.

5.2 Single span Benchmark Case

Using the same cross section as the continuous bridge, the single span bridge was previously
shown to exhibit larger accelerations (Section 4.1.3). To study the DAF and accelerations
for parametric analysis, critical locations for the study of these values are established in this
section. The stress in the beam will be critical in the bottom flange of the precast U-beam,
whereas the deflection and acceleration requirements are based on impact to the running safety
of the vehicle, and so will be based in the slab. The accelerations were previously identified
to be critical along the length of the bridge under the track in Section 4.1.1.

5.2.1 Bridge Displacements

The impact of the model type on the bridge vertical deflection can be seen in Figure 5.1. It
shows considerably higher maximum vertical deflections in the dynamic models, influenced
by the resonant speed at 100 m/s. The highest deflections are found at the midspan of the
edge of the flange on the slab on the loaded side. The lack of symmetry laterally across the
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Figure 5.1: The vertical displacements (U3) in the slab [mm] at 100m/s
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Figure 5.2: The lateral displacements (U2) in the slab [mm] at 100m/s

bridge indicates the deck slab is distorting. Compared with the limits on bridge deflection of
L/600 (BS EN 1990:2002 +A1:2005, 2010), where L is the bridge span, the maximum vertical
deflection under loading is no more than 6mm in the case shown, whereas the limit would be
58mm.

Laterally, the maximum displacements in the slab appear to be located at the ends of the
span, although these deflections are still very small. This can be seen in Figure 5.2. This is
due to contribution of distortion modes. Introduction of thicker diaphragms can be used to
control lateral displacements, for which under analysis not shown here, a thicker diaphragm
proved to lower the lateral displacements.

The DAF of the displacements are shown in Figure 5.3 (vertical) and Figure 5.4 (lateral).
They show the DAF of the Full model, with the Simple model providing very similar results.
The low displacement, especially in the static case, close to the end spans leads to high DAF
here in the vertical deflection case. Likewise, high DAF are found in the centre of the bridge
on the unloaded side for the lateral displacement. As a result, the vertical deflection DAF
shall be compared at the midspan where the largest deflection is found.

The variation of the DAF with velocity can be found in Figure 5.5a. The vertical deflection has
a peak at around 100m/s which is consistent with a resonant speed. There is good correlation
between the DAF and the actual deflections between the Full and Simple models. The lateral
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Figure 5.5: Benchmark case DAF variation of displacement for the single span, simply sup-
ported bridge

displacement is consistently low for all tested velocities, but the DAF shows that there is a
peak around 110m/s, especially exacerbated by the Full model. For this velocity, the actual
lateral displacement and DAF are shown in Figure 5.5b. This shows a peak in the lateral
displacement at midspan rather than the end spans, due to a lateral mode being activated.
As the static case has a relatively low midspan deflection, this contributes to the high DAF
found.

It is therefore appropriate to look at the displacements at the midspan as this is where the
largest vertical and lateral displacements occur, although they are at different velocities, as
they are linked to different resonant effects. Laterally, due to the irregularities and amplifica-
tion of the displacement by the Full model, there are disparities between this loading type and
the Simple model. However, vertically the two loading methods match well for displacements,
despite the inclusion of irregularities leading to much higher vertical accelerations than in the
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Figure 5.6: Variation of U-beam stresses along the length of the bridge in the bottom flange
at 100m/s

Simple model.

5.2.2 U-Beam Stress

Due to the changes in the properties of the U-beam investigated in this chapter, it is important
to investigate the stresses in the beam itself. The stresses are studied where they will be closest
to tension in the beam (in the bottom). Studying along the length of the beam (Figure 5.6), it
is seen the direct stress S11 (Figure 5.6a), has a greater variation, due to the primary bending
direction. The variation between model types of the S11 stress is greatest at the midspan
and relatively small at the span ends. The S22 stress variation (Figure 5.6b), also taken from
the bottom flange of the U-beam, is found to be comparatively low, with some slightly higher
variation around the supports.

The corresponding DAF along the beam length for the S11 stress is seen in Figure 5.7a. It can
be seen that the DAF is not largest at the largest stress variation level. This is as the static
stress variation is very small at the end spans, which magnifies the DAF in these regions. It is
most appropriate to take the DAF from the location with the highest stresses, which is found
at the midspan. Hence, in Figure 5.7b, the stresses and DAF values are compared at midspan
for different velocities. A peak in the S11 stress and DAF around 100m/s is consistent with
the resonant speed of the first bending mode. Despite lower stresses, the DAF for S22 stress
is a similar order of magnitudes to the S11 stress DAF, but with different peak locations.
The lateral bending affects the S22 stresses more and hence the different peaks are related to
lateral modes.

It is apparent that the S11 stresses offer similar responses for both the Full model and the
Simple model. For the S22 model there is greater disparity between the Simple and Full
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Figure 5.7: Variation of U-beam stress DAF in the bottom flange

DAF, which is consistent with the increase in lateral bridge displacement by the inclusion of
a vehicle and irregularities. The magnitude of the S22 stresses are insignificant compared to
the S11 stresses and hence will not be further studied in these cases. It can be seen that for
further study, the operating velocity of 100m/s is a good speed to compare at, along with the
midspan of the bridge.

5.3 Single Span Parametric Analysis

This section focuses on the parametric analysis performed on the single span, simply supported
bridge. The influence of the web and bottom flange thicknesses, the depth of the bridge and
a combination of suitable parameters are studied herein.

5.3.1 Web Thickness

Theoretically, the web thickness could allow the largest parameter changes. This is as the
thickness of the web will have the least impact on the beam stiffness, as it is closer to the
centroid of the section than the flanges. The changes take place as in Figure 5.8. As the web
thickness is reduced, the strength of concrete is increased, to maintain the moment resistance
(Mrd), shear resistance (Vrd) and the second moment of area of the section (EIyy).

Significant benefits to the weight can be made. This can be seen in Figure 5.9, where the
bending stiffness of the beam increases slightly, but the mass of the beam reduces by up to
11% for a web thickness that is 66% the width of the original.
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Figure 5.8: The web thickness changes
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Figure 5.9: Variation of bridge
properties with web thickness

5.3.1.1 Modal Contribution

First under the study of the single span case, we investigate the frequencies. This studies the
modal shapes of predominant vertical bending modes, in particular the fundamental, 2nd and
3rd modes, which have one, two and three half sine waves per span respectively, as seen in
Figure 5.10.

(a) First bending mode (b) Second bending mode (c) Third bending mode

Figure 5.10: Single span, simply supported bridge mode shapes (nodes indicate the bridge
supports)

The variation of the frequency with parameter has been shown in Figure 5.11. The bridge
frequencies are calculated both with and without the consideration of the track and vehicular
mass (as a distributed mass proportional to the weight of train per unit length). The inclusion
of the distributed mass of the vehicle was determined in Section 4.5.3, to not be relevant to
the acceleration response of the bridge, however it is included as a reference in this parametric
analysis, in order to test if this conclusion is still valid when the bridge mass is reduced.
Frequencies including the vehicle mass are denoted by ff,i and those without the mass by fs,i,
where i is the mode number. The mode number (i) may change between parametric cases as
the changing geometry of the section alters the mode number for which the modes of one, two
and three half sine waves per span are found.
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Figure 5.11: Frequency variation of the single span bridge modes with web thickness para-
metric analysis. Frequencies without the vehicle mass and track are akin to the Simple model
and with the vehicle mass and track are similar to the Full model

Interestingly, the fundamental frequency increases with decreasing thickness, as expected due
to the lower mass and higher stiffness (Figure 5.9) for the reduced web thickness. However, the
majority of other modal frequencies, including ones not shown, decrease with the thickness of
the web changing. The higher the frequency of the mode, the gap between the two frequency
methods increases non proportionally.

5.3.1.2 Vertical Bridge Accelerations

As described previously in Section 2.7.3.1, the vertical accelerations are often found to be
the constricting factor in design. Hence, seeing how the maximum slab deck accelerations
change with the reduction of the web thickness (and the corresponding increase to the concrete
strength), is key to this parametric analysis. Figure 5.12 shows the maximum magnitude of
vertical filtered acceleration for any velocity under 432 km/h and at any location along the
length of the track on the slab and how that varies with the web thickness. The accelerations
are all above the threshold value of 5 m/s2 for slab track in the Full vehicle model case, as
the bridge is not explicitly designed to be a single span, simply supported structure, so is less
restrained than required. In the Simple model, a reduction of web thickness leads to a slight
increase in accelerations as the web thickness reduces, however, the level of accelerations under
the Full vehicle model stay similar for the reductions in web thickness. This suggests that the
reduction in web thickness has limited impact on the bridge accelerations. There is a localised
reduction in the maximum acceleration for the Full model for the web thickness being 66%
of the original thickness, and this is due to decoupling of modes, so therefore leading to a
reduction in the peak acceleration. This coupling of modes can be seen in Figure 5.16, where
for all the parameters shown, there are two prominent peaks.

Further to the maximum filtered vertical accelerations anywhere, the accelerations are studied
specifically at one velocity of 100m/s and at the midspan location of 17.6m. Comparison in
Figure 5.13 shows steady increase in the Simple model accelerations, but a peak in the Full
vehicle accelerations between web thicknesses 86% and 90% of the original. This is due to in
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Figure 5.12: Maximum filtered vertical
acceleration at any point on the bridge
slab under the track, for any velocity
under 432 km/h for different web
thicknesses

Figure 5.13: Maximum filtered vertical
acceleration at midspan on the bridge
slab under the track, at 100m/s for
different web thicknesses
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Figure 5.14: Comparison of the maximum vertical accelerations along the length of the bridge
under the benchmark case for a one span bridge

these parametric cases, the bridge natural frequencies shift, therefore at 100m/s the resonant
loading frequency of fv7 becomes closer to the third bending mode of the bridge (fs,24 or fs,26).

Previous studies on the dual U-beam bridge accelerations in this thesis, focused on the three
spanned case. For this one span case, the maximum filtered vertical accelerations along the
bridge length, at velocity of 100 m/s, for the benchmark case, can be seen in Figure 5.14.
This shows that there is the similar exacerbated response with the Full vehicle, due to the
activation of the third bending mode as described in Section 4.3.3. The maximum acceleration
is generally found in the midspan of the bridge, although the localised peaks can cause higher
accelerations elsewhere.

The midspan maximum filtered vertical accelerations are shown against velocity for various
parameters in Figure 5.15. This shows how the accelerations in the Simple model peak at very
similar velocities, with a very slight increase in the velocity as the thickness decreases. This
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Figure 5.15: Comparison of the filtered maximum vertical accelerations with velocity of the
bridge for changing web thicknesses, taken at midspan

is consistent with the very similar frequencies with a very small increase, for the fundamental
mode, which is the resonant bridge mode activated at this peak in the Simple model, as the
thickness decreases. For the Full model the velocity of the peak changes with parameter, which
is a function of the changing frequency of the mode with three half sine waves per span, and the
resulting coupling and decoupling of activation of both this and the fundamental modes. The
velocity for which the peak occurs in the Full model reduces as the web thickness reduces,
consistent with the change in frequency of this third bending mode (fs,24). However, for
reductions lower than 0.86 a second peak is observed, which occurs at a higher speed, ending
up generating a larger response. This secondary peak arises due to the shifting frequencies of
the bridge modes, leading to reduced combined activation of the first bridge mode (fs,1) and
the third bridge mode (fs,24 or fs,26) for the same speed, and instead coupling of another,
higher frequency bridge mode, with the first bridge mode, becomes possible due to bridge
frequency shifting, which leads to a further resonant speed peak.

Understanding why the accelerations increase is fundamentally due to the natural modal
frequencies of the bridge. Figure 5.16 shows the frequency components of acceleration for
velocities that produced the largest accelerations for selected parameters. It shows the large



CHAPTER 5. HSR BRIDGES WITH DUAL U-BEAM CROSS SECTIONS 198

fv1

fv2 fv3 fv4 fv5 fv6

fv7 fv8

0.0

0.2

P:1.0,X:17.6,V:101.9fs,1ff,1

fs,13ff,13

fs,24ff,22

fv1

fv2 fv3 fv4 fv5 fv6

fv7 fv8

0.0

0.2

P:0.94,X:17.6,V:101.6fs,1ff,1

fs,13ff,13

fs,24ff,22

fv1

fv2 fv3 fv4 fv5 fv6

fv7 fv8 fv9

0.0

0.2

P:0.86,X:17.6,V:99.6fs,1ff,1

fs,13ff,13

fs,26ff,22

fv1

fv2 fv3 fv4 fv5 fv6

fv7 fv8 fv9

0.0

0.2

P:0.78,X:17.6,V:98.2fs,1ff,1

fs,15ff,15

fs,26ff,23

fv1

fv2 fv3 fv4 fv5 fv6

fv7 fv8

0.0

0.2

P:0.7,X:29.6,V:104.5fs,1ff,1

fs,15ff,15

fs,26ff,24

fv1

fv2 fv3 fv4 fv5 fv6

fv7 fv8

0 3 6 9 12 15 18 21 24 27 30 33 36

Frequency [Hz]

0.0

0.2

P:0.66,X:18.8,V:105.0fs,1ff,1

fs,15ff,15

fs,26ff,24

A
cc

el
er

at
io

n
fr

eq
u

en
cy

co
m

p
o
n

en
t[
m
/s

2
/
H
z
]

Figure 5.16: Comparison of the
frequency components of the filtered
maximum vertical accelerations for the
particular velocity (V, [m/s]) and
location along the length of the bridge
(X, [m] from the end span), that lead to
the maximum vertical acceleration for
each web thickness parameter (P). Also
showing the resonant loading frequencies
(fvi, black dashed lines), and selected
bridge frequencies without the track and
vehicle mass (fs,i, green dotted lines)
and with the track and distributed
vehicle mass (ff,i, purple dotted lines)
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Figure 5.17: The frequency components
of the vertical acceleration at midspan
for a velocity of 100m/s for a selection
of web thickness parameters (P). Also
showing the resonant loading frequencies
(fvi, black dashed lines), and selected
bridge frequencies without the track and
vehicle mass (fs,i, green dotted lines)
and with the track and distributed
vehicle mass (ff,i, purple dotted lines)
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contributions due to the coupling of the first (fv1) and seventh (fv7) resonant loading fre-
quencies, with the bridge modal frequencies related to one and three half sine waves per span
(fs,1 and fs,24 respectively). With a reducing parameter, the frequency shift is shown by the
reducing contribution of the first mode to the maximum vertical acceleration. It can be seen
by the location of the peaks that the frequencies including the full vehicle mass distributed
along the track (ff,i) are still not representative of the frequency of vibration of the response
of the bridge, as per the conclusions in Section 4.5.3.

Comparison of the frequency components of bridge acceleration for vehicle velocities of 100m/s

in Figure 5.17, shows the more significant shift in the frequency of the third bridge mode (fs,24

or fs,26) and the reducing contribution of that mode, which leads to the shape of Figure 5.13.
When the 7th driving frequency is close to the third bending mode (fs,24 or fs,26), this mode
heavily influences the response.

When the web thickness is 70% of its original, the maximum acceleration in Figure 5.16 is
shown to have significant contributions from a mode higher than the third bridge mode. This
is from a torsional-vertical hybrid bending mode, for which the frequency has shifted lower by
this frequency.

Overall, from the relatively stable accelerations no clear results can be obtained for the cut-off
point for the benefits of reduction in web thickness on the bridge deck for the single span case,
but it becomes apparent that the web thickness can be reduced with a corresponding increase
in concrete strength with no apparent bound.

5.3.1.3 U-Beam Stress

The stress in the beam will vary with the parameter as well. Through reduction in the web
thickness the stress and DAF of the S11 stress in the bottom flange (most critical location),
is seen to stay relatively consistent (Figure 5.18). Contrastingly, the S22 stress is seen to
increase, and the corresponding DAF increases significantly with a reduction in the web thick-
ness. This is due to a reduction in the corresponding lateral stiffness, and changes in the
lateral and torsional modal frequencies leading to larger lateral responses. Therefore, with
the reduction of the web thickness, both the stress induced by the load and the capacities are
not modified, when the reduction of the thickness is counterbalanced by an increment of the
concrete strength, by the amount established in Figure 5.9.

5.3.1.4 Bridge Displacements

Comparison of the DAF of the deflections in the slab show that the vertical deflection DAF
insignificantly increases with decrease in web thickness (Figure 5.19). On the other hand
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(a) Variation in stresses and DAF in the
bottom flange of the beam at midspan, for
the velocity under 432 km/h (120m/s) that
leads to maximum DAF, using a logarithmic
scale for the y axis of the DAF

(b) Variation in stresses and DAF in bottom
flange of the beam at midspan, for a
velocity of 360 km/h (100m/s), using a
logarithmic scale for the y axis of the DAF

Figure 5.18: Variation of DAF for stress in the bottom flange of the U-Beam for web thickness
reductions for the single span, simply supported bridge

the lateral DAF increases particularly when the web thickness is 74% of the original. This
is due to the shifting of the lateral mode to a frequency matching a loading frequency here.
However, this increase in DAF does not correspond to a significant increment of the lateral
displacement, with values found to be less than 0.5mm still.

5.3.1.5 Summary of the Web Thickness Reductions

The models show that the thickness in the webs can be decreased with a corresponding increase
in the concrete strength, shown in Figure 5.9, with maximum accelerations not increasing
significantly, the structural demands remaining constant and the capacities being maintained
or increased. The DAF of the stress is relatively constant in all locations for the critical normal
stress S11, and the deflection in the slab constant, apart from for the lateral displacement which
shows large DAF but small actual values. With the accelerations being the limiting factor
the decrease in web thickness can seemingly be matched by increase in concrete strength to
maintain bending moment resistance capacity, shear resistance capacity and vertical section
stiffness, until the thickness of the webs is limited by other construction constraints (such as
spacing for reinforcement bars, fire resistance, minimal construction thicknesses or temporary
loading conditions on the webs).
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(a) Variation in the displacement DAF in
the slab at midspan at a location under the
track for the velocity under 432 km/h
(120m/s) that causes maximum
displacement, using a logarithmic scale for
the y axis of the DAF

(b) Variation in displacement DAF in the
slab at midspan at a location under the
track for 360 km/h (100m/s), using a
logarithmic scale for the y axis of the DAF

Figure 5.19: Variation of the slab displacement with web thickness parameter

5.3.2 Bottom Flange Thickness

Changes to the bottom flange thickness are compared in this section. The changes to the
bottom flange are as shown in Figure 5.20. Through these variations, the concrete strength
changes and weight savings are shown in Figure 5.21. As the thickness was reduced, the
strength of concrete was increased for the precast elements to maintain the structural capacities
(Mrd and Vrd) of the bridge. The modelling procedure limited the thickness of the bottom
flange thickness to 0.75 of the original, lower thicknesses caused computational errors, in part
due to the prestressing bars in the bottom flange not having enough space. The potential
changes in mass are not large at a maximum of 5% shown, but the increase in concrete
strength is also just a little over a 20% to achieve this, which is reasonable.

5.3.2.1 Modal Contribution

The frequencies of the three modes shown in Figure 5.10 of Section 5.3.1.1, vary with the
bottom flange thickness as shown in Figure 5.22. Unlike for the web thickness, the decrease
in bottom flange thickness leads to decreases in the frequency of the fundamental mode and
increases the frequencies of the other modes. This is initially unexpected as the mass decreases
and the rigidity of the U-beam is maintained. However, as the bridge is supported by the
bearings at the base of the U-beams, the distance to the centroid of the section is important,
and in this case the centroid is lowered as the bottom flange thickness is reduced. This has two
results, the distance between the centroids of the slab and U-beams increases, increasing the
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Figure 5.20: Bottom flange variation
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Figure 5.21: Variation of the mass,
stiffness and concrete strength with
variation of the bottom flange thickness
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Figure 5.22: Variation of the frequency of the three main bending modes with bottom flange
thickness, in the single span, simply supported case. Frequencies without the vehicle mass
and track are akin to the Simple model and with the vehicle mass and track are similar to the
Full model

overall rigidity of the cross section and the lowering the global centroid closer to the boundary
conditions, which in turn increases the effective stiffness, leading to the higher frequency.

5.3.2.2 Vertical Bridge Accelerations

The vertical accelerations here show some decrease with decreasing thickness, for the Full
vehicle model. This is in both the case where the maximum acceleration at any location
or velocity is chosen (Figure 5.23) or when focused on the accelerations at midspan for the
velocity of 100 m/s (Figure 5.24). In the case of the Simple loading model, the maximum
accelerations at any velocity under 432 km/h (120m/s), do not change significantly with the
bottom flange thickness. However when focusing at the accelerations at midspan, for the
velocity of 360 km/h (100m/s), these accelerations are shown to increase with reductions to
the thickness.

The maximum accelerations for any velocity under 432 km/h (120 m/s), (Figure 5.23), de-
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Figure 5.23: Maximum filtered vertical
acceleration at any point on the bridge
slab under the track, for any velocity
under 432 km/h (120m/s), for different
bottom flange thicknesses

Figure 5.24: Maximum filtered vertical
acceleration at midspan on the bridge
slab under the track, at 360 km/h
(100m/s) for different bottom flange
thicknesses

crease slightly with decrease in the bottom flange thickness, which is down to decoupling of
the activation of the modes containing one and three half sine waves per span (fs,1 and fs,24).
Figure 5.25, shows how in the benchmark case the contributions to the maximum acceler-
ations are relatively equal between the bridge modes with one (fs,1) and three (fs,24) half
sine waves per span. However, for the thinnest thickness of the bottom flange, at 75% of the
original thickness, the contribution of the mode with one half sine wave (fs,1) is about half
the contribution of the bridge mode of three half sine waves (fs,24). This is as a result of the
changing of the frequencies of these modes, leading to them becoming decoupled, as they are
not both resonant at the same velocity, hence reducing the overall maximum accelerations.
The range of velocities modelled is shown in Figure 5.26, which indicates the drifting of the
peak in acceleration to the high velocities for a smaller thickness.

5.3.2.3 U-Beam Stress

The stress DAF in the bottom flange is shown to vary as in Figure 5.27. The DAF for the S11
stress is seen to be relatively consistent, with the actual stress increasing slightly with decrease
in thickness. For the S22 stress, the DAF value decreases for a reduction in the thickness of the
bottom flange, as a function of reducing lateral modal contribution, although the actual stress
contribution remains very small. As previously seen the Simple loading model can seemingly
represent the Full loading model.
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Figure 5.25: Comparison of the frequency
components of the filtered maximum
vertical accelerations for the particular
velocity (V, [m/s]) and location along the
length of the bridge (X, [m] from the end
span), that lead to the maximum vertical
acceleration for each bottom flange
thickness parameter (P). Also showing the
resonant loading frequencies (fvi, black
dashed lines), and selected bridge
frequencies without the track and vehicle
mass (fs,i, green dotted lines) and with the
track and distributed vehicle mass (ff,i,
purple dotted lines)
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Figure 5.26: Variation in maximum vertical
acceleration with velocity, at midspan, for
different thicknesses of the bottom flange
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Figure 5.27: Variation of actual and
DAF stress in the bottom flange of the
U-beam for changes to the bottom flange
thickness for the single span bridge at
midspan for the velocity that leads to
maximum stress, using a logarithmic
scale for the y axis of the DAF

Figure 5.28: Variation in displacement
DAF, in the slab at midspan under the
track, for changes to the bottom flange
thickness parameter, for velocities under
432 km/h that cause maximum
displacement, and using a logarithmic
scale for the y axis of the DAF

5.3.2.4 Bridge Displacements

The DAF of displacement of the slab under the track is compared in Figure 5.28. It can
be seen here that again the DAF is not dependent on the thickness of the bottom flange,
particularly in the vertical case. In addition, the actual vertical deflection is very consistent
for different thicknesses. In the lateral case, the inclusion of irregularities in the Full vehicle
model, leads to significant lateral DAF, which appear to reduce for thinner values of bottom
flange thickness, but the actual displacement generating these large DAF values is small.

5.3.2.5 Summary of the Reduction in the Bottom Flange Thickness

The change in bottom flange thickness does not offer as significant weight savings as the web
thickness, but the savings are still useful, as the concrete strength needs only small increases
to maintain the rigidity. Stress, deflection and accelerations in the bridge appear to not be
limiting on the bottom flange thickness, making it a plausible location for saving material.

5.3.3 Depth

The U-beam is modified in this section to reduce the depth and simultaneously therefore
increase its slenderness. It is expected that this would therefore increase the accelerations.
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Figure 5.29: Depth variation
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Figure 5.30: Variation of the mass,
stiffness and concrete strength with
variation of the section depth

Increasing the depth would have the opposite effect of reducing the accelerations, but deeper
sections are undesirable, as they complicate transportation, reduce the vertical clearance,
and are more aesthetically unsightly. This is done by reducing the height of the web as per
Figure 5.29. The weight, stiffness and concrete strength changes associated with the changes
are shown in Figure 5.30. This shows that the mass of the U-beam changes very little, and
large increases in the concrete strength are required to maintain a level of stiffness, moment
resistance and shear resistance in the section. The depth is limited in its ability to be reduced
by the maximum strength of concrete available. In addition, beyond a reduction to 0.91, the
method used to model the cross section of the bridge requires modification, with the changes
making it harder to directly compare to the benchmark case.

5.3.3.1 Modal Contribution

The frequencies of the three modes shown in Figure 5.10 of Section 5.3.1.1, vary with the
section depth as shown in Figure 5.31. The relationship to a reduction in depth is similar
to that of a reduction in the bottom flange thickness, with the reducing frequency as mass
reduces and rigidity of the U-beam remains constant again explained by the changing centre
of mass of the whole bridge.

5.3.3.2 Vertical Bridge Accelerations

The vertical accelerations do not change significantly with the reduction in depth for the Full
vehicle model, as seen in Figure 5.32. In the case of Simple point load modelling and not the
Full vehicle model, the accelerations slightly increase with a reduction in depth, but have a
decrease for the smallest depth.
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Figure 5.31: Variation of the frequency of the three main bending modes with bottom flange
thickness, in the single span, simply supported case. Frequencies without the vehicle mass
and track are akin to the Simple model and with the vehicle mass and track are similar to the
Full model

Figure 5.32: Maximum filtered vertical
acceleration at any point on the bridge
slab under the track, for any velocity
under 432 km/h (120m/s), for different
depths

Figure 5.33: Maximum filtered vertical
acceleration at midspan on the bridge
slab under the track, at 360 km/h
(100m/s) for different depths
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Figure 5.34: Variation in vertical
acceleration with velocity for different
depths, with the acceleration taken at
midspan
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Figure 5.35: Comparison of the
frequency components of the filtered
maximum vertical accelerations for the
particular velocity (V, [m/s]) and
location along the length of the bridge
(X, [m] from the end span), that lead to
the maximum vertical acceleration for
each depth parameter (P). Also showing
the resonant loading frequencies (fvi,
black dashed lines), and selected bridge
frequencies without the track and vehicle
mass (fs,i, green dotted lines) and with
the track and distributed vehicle mass
(ff,i, purple dotted lines)
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Focus on the operating speed (Figure 5.33), shows decreasing accelerations in the Full model,
as the third mode shifts further away from the driving frequency, but the Simple model shows
some small increase as the depth decreases. Overall, from Figure 5.34, it appears that the peak
acceleration for the Full model is shifting to higher velocities, consistent with the increase in
frequency of the third mode with decrease in depth.

In Figure 5.32, it is evident that there is a decrease in the accelerations for the Full vehicle
model at the 0.91 depth value. This is due to the decoupling of the modes, such that at the
peak acceleration, the first mode (fs,1) has a smaller contribution, whilst the bending mode of
three half sine waves (fs,23 or fs,24), has a similar contribution between all parametric cases,
which shows the decoupling of the activation of these two bridge modes (Figure 5.35).

5.3.3.3 U-Beam Stress

Study of the DAF for the stress, shows that the DAF in the bottom flange is relatively constant
for different depths as seen in Figure 5.36. This is the case for both S11 stresses and S22.
The S22 stress values are still small, however the actual S11 stress values show a rise of up to
20% in the stress in the bottom flange with decrease in depth, with similar results in both the
Simple and Full models. This is meaningless on its own due to the smaller depth. It would
be required to integrate the stress response across the whole section to determine the moment
demand to compare with the capacity. A rough calculation of the change in the moment is
made by the increment in stress divided by both the increment in the modulus of elasticity and
the increment in the depth. For the depth value of 0.91, the stress increases by an increment
of 20% and the modulus of elasticity is increased by 31%. As a result, a rough calculation to
the increment in the moment is shown by 1.2/(1.31 × 0.91) = 1.01. This shows the increase
in the moment demand is very small.

5.3.3.4 Bridge Displacements

The deflection, as seen in Figure 5.37, has relatively constant DAF vertically, but laterally is
varied. The vertical deflection itself increases slightly with the depth reduction, but laterally
the displacements are found to be small. Therefore, deflections appear not to be of large
concern in this parametric case.

5.3.3.5 Summary of the Depth Reductions

Reductions of the depth of the bridge offers poor value. High concrete strength increases are
required to maintain section stiffness, shear resistance and moment resistance. The material
savings are also small, with the weight saving small. On the contrary, accelerations do not
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Figure 5.36: Variation of actual and
DAF stress in the bottom flange for
changes to the depth in the single span
bridge. Values taken at midspan for the
velocity under 432 km/h that leads to
maximum stress, and using a logarithmic
scale for the y axis of the DAF

Figure 5.37: Variation in displacement
DAF, at a location on the slab at
midspan under the position of the track,
with reductions to the depth parameter,
for the velocity under 432 km/h that
causes the maximum displacement, and
using a logarithmic scale for the y axis of
the DAF

increase for the Full vehicle model under changes in depth, although the Simple loading model
does show an increase in accelerations. The DAF of the normal stress and vertical deflection
are relatively consistent, and although the actual value of the stress increases, the resulting
moment demand does not seem to, so these are also not of concern. Due to the low weight
saving, it is not recommended that a study of the depth be carried out on the continuous
bridge, as it offers little benefits for precasting.

5.4 Continuous Bridge Benchmark Case

Study of the stresses and displacements are made in this section of the three spanned bridge
using U-beams. This allows identification of the locations to test for the DAF with different
parameters.

5.4.1 Bridge Displacements

The maximum vertical displacements of the slab are shown in Figure 5.38, for the three loading
cases. It shows as expected maximum displacement in the middle of each of the spans, with
the ultimate maximum under the track found in the end spans. The dynamic models show
much higher deflections than the static model, which is due to the near resonant speed that



CHAPTER 5. HSR BRIDGES WITH DUAL U-BEAM CROSS SECTIONS 211

0 35 70 105
x[m]

−6.8

0.0

6.8

y
[m

]

(a) Static Model

0 35 70 105
x[m]

−6.8

0.0

6.8

y
[m

]

(b) Simple Model

0 35 70 105
x[m]

−6.8

0.0

6.8

y
[m

]

0

1

2

3

4

(c) Full Model

Figure 5.38: The vertical displacements (U3) in the slab for the continuous bridge [mm]
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Figure 5.39: The lateral displacements (U2) in the slab for the continuous bridge [mm]

the contour plots represent (100m/s).

The lateral displacements (Figure 5.39) are much smaller than the vertical, as in Section
5.2. These displacements have a small increase over the end spans, although this is hard
to see in the figure. In addition, support sections over intermediate piers do not lead to
significant reductions in the displacement, due to twisting and lateral displacement modes
covering the full length of the bridge. The DAF corresponding to the Full model for the
vertical displacement is shown in Figure 5.40. Here it is seen that the DAF is significantly
higher on the unloaded side, which is as a result of the low static displacement at this location.
The DAF that is meaningful is that under the loaded track line. This is as it has higher
deflections and influences the running behaviour of the vehicle.

Variation of the displacement DAF with the velocity is shown in Figure 5.41. It shows a peak
vertical displacement for both the Simple and dynamic cases at a speed just under 100 m/s

and a rise in the DAF for lateral displacements around 110m/s, signifying a lateral resonant
speed here. This shows importance of the dynamic model incorporating all speeds for accurate
determination of the DAF. Interestingly the vertical DAF has similar DAF values between the
Simple and Full models, whereas the lateral DAF has much higher DAF for the Full model,
due to the irregularities enhancing the lateral dynamic motion.
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Figure 5.40: The DAF for vertical
deflections in the slab at 100m/s for the
Full vehicle dynamic model with a
continuous bridge

Figure 5.41: Variation of the
displacement DAF, at midspan of the
first span, with velocity for the
continuous bridge, using a logarithmic
scale for the y axis of the DAF

5.4.2 U-Beam Stress

The change in stress in the beams is compared here along the full length of the continuous
bridge in the base of the beam. It can be seen in Figure 5.42a, that the S11 stress is, as
expected largest in the middle of the spans, coinciding with the largest vertical deflection.
The DAF is maximum near the supports, as here the stress from static loading is very small.
The Full model leads to slightly higher stress values in comparison with the Simple model.
From the stress response it is appropriate to choose midspan locations for study of variation
of the stress and DAF with velocity or parameter due to the larger magnitude of the stress at
this location. The first span shows the higher stress out of the three spans.

The S22 stress is found to be small, with maximum values of stress up to 0.5 MPa near
support regions, but mostly below 0.1MPa elsewhere. The variation of the stress with velocity
(Figure 5.42b), again shows correspondence to the displacements (Figure 5.41). There is a
strong correlation between the Simple and Full models in the S11 direction, with the S22
stress response significantly different between models. However, the S22 stress response is
much smaller, and less of a design concern.

5.5 Continuous Bridge Parametric Analysis

Under the consideration of the three spanned continuous bridge studied in the benchmark
case in Section 5.4, the web thickness and bottom flange thickness are again investigated in
this section. The depth is not studied, due to the lack of weight savings offered.
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Figure 5.42: Variation in the beam stresses and DAF in the bottom flange
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Figure 5.43: Comparison of how the frequency of certain modes varies with web thickness for
the continuous bridge case. Frequencies without the vehicle mass and track are akin to the
Simple model and with the vehicle mass and track are similar to the Full model

5.5.1 Web Thickness

Changes to the web thickness, follow the same changes as seen in Section 5.3.1. As a result
the same benefits for the mass can be found.

5.5.1.1 Modal Contribution

For the continuous bridge the frequencies are slightly different to the one span case, and as
such the frequencies are as shown in Figure 5.43. However, they show similar relationships
with the single span web thickness, although different values, that change with the parameter
as in the single span case. The corresponding mode shapes are also shown in Figure 5.44
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(a) First bending mode (b) Second bending mode (c) Third bending mode

Figure 5.44: Continuous bridge mode shapes
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Figure 5.45: Maximum filtered vertical accelerations along the bridge for three spanned con-
tinuous bridge at 100m/s, for the benchmark case.

5.5.1.2 Vertical Bridge Accelerations

With the vehicle moving in the positive x direction again, for the velocity of 100 m/s, the
maximum acceleration is found at the midspan of each span for the Simple and beam load
models, whereas in the case of the Full vehicle dynamic model with irregularities, the maximum
acceleration is found at midspan of the first span, with three local peaks per span. This is
seen in Figure 5.45. The reason for the first span having a larger response is that the mode
activated by this Full vehicle model shows a larger contribution in the first span.

Study of the accelerations with changing parameter and velocity as in Figure 5.46, shows that
in this case the bridge accelerations increase in the Simple model case, up to a 78% thickness,
where the acceleration then decreases again. For the Full vehicle model, apart from localised
lows, the accelerations continue to increase, such that at 66% of the thickness the bridge
accelerations are about to exceed the limits for slab track. Further reductions in thickness
were not possible without changing the way in which the cross section was modelled, which
would have led to greater variability in the results.

Furthermore, study of the variation in accelerations with web thickness at the fixed location
of the midspan of the first span, combined with the operating speed of 100 m/s, is shown in
Figure 5.47. It highlights a decrease in accelerations as the web thickness increases, which
is primarily a result of the reduction in the frequency and hence contribution of the third
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Figure 5.46: Variation in maximum
filtered acceleration at any point along
length of bridge for all velocities under
432 km/h (120m/s), for different web
thicknesses

Figure 5.47: Variation in maximum
filtered acceleration at midspan of the
first span for a velocity of 100m/s for
different web thicknesses

bending mode for this studied velocity.

The appropriateness of the use of 100 m/s as a case study is again as a result of it being
the operating speed and consistently the velocity for the peak acceleration of the Simple and
Beam models. The shifting peak of the Full dynamic model with respect to velocity is shown
in Figure 5.48. It can be seen that in the Full model the peak is moving to lower speeds,
which is similar to as seen in the corresponding single span case. From Figure 5.49, it can be
seen that the modal bridge frequencies shift and contributions from other modes can still be
high. This is particularly noticeable for parameters of 0.78 and 0.7. In the case of the web
thickness parameter being 0.7, the acceleration components show much smaller peaks, which
is contradictory with Figure 5.46, as this parameter leads to the second largest accelerations.
However, this is due to a larger spread of frequency components for this parametric case (Figure
5.49), which also coincides with the maximum acceleration being found at an x coordinate
of 41.4 m. This puts it 6.4 m into the second span, hence not at midspan. Figure 5.49 also
shows that for parametric cases between 1 and 0.78 the maximum acceleration was found at
midspan of the first span (given by the coordinate 17.4 m), whereas in the parametric case
0.7 it is at a coordinate of 41.4 m and in parametric case 0.66 it is at a coordinate of 6.6 m.
This indicates the shifting location of the maximum acceleration due to the fact that the first
(fs,1) and third (fs,67) bending modes are not both resonant for the same velocity.

5.5.1.3 U-Beam Stress

Consideration of the stress DAF in the beam is seen in Figure 5.50, showing the influence of
changing web thickness. As before the DAF of the S11 stress barely changes, but the S22
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Figure 5.48: Variation of the maximum
vertical accelerations with velocity, at
midspan of the first span of the three
spanned continuous bridge, with
reductions to the web thickness
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Figure 5.49: Comparison of the
frequency components of the filtered
maximum vertical accelerations for the
particular velocity (V, [m/s]) and
location along the length of the bridge
(X, [m] from the end span), that lead to
the maximum vertical acceleration for
each web thickness parameter (P). Also
showing the resonant loading frequencies
(fvi, black dashed lines), and selected
bridge frequencies without the track and
vehicle mass (fs,i, green dotted lines)
and with the track and distributed
vehicle mass (ff,i, purple dotted lines)
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Figure 5.50: Variation of maximum
stress DAF with web thickness
reduction, taken from the bottom flange
of the U-beam, at midspan of the first
span, for the velocity under 432 km/h
that leads to the greatest stress, using a
logarithmic scale for the y axis of the
DAF

Figure 5.51: Variation of maximum
actual displacement and DAF with web
thickness reductions, taken from the slab
at midspan of the first span, for the
velocity under 432 km/h that leads to
the greatest displacement, and using a
logarithmic scale for the y axis of the
DAF

stress DAF increases significantly. This is due to low initial static S22 stress and activation of
lateral modes. Like in the single span case the S11 stress is near constant.

5.5.1.4 Bridge Displacement

The maximum displacement in the slab at the midspan of the first span is shown in Figure
5.51. This takes into account all velocities studied. The actual vertical displacement varies
very little, although it increases slightly with reduced web thickness. The Simple and Full
models give similar displacement responses as well. Laterally, the actual displacements are
small, but consideration of the DAF shows increase with smaller thickness of web. This is
particularly the case for the Full model.

5.5.1.5 Summary of the Web Thickness Reductions

The accelerations in the bridge approach the limit for slab track with a web thickness of 0.66.
This highlights a possible upper bound to the amount of material to be able to save from
webs. In terms of the DAF, the actual stress and DAF do not increase significantly with
consideration of the critical S11 stress. The S22 stress is found to still be much lower but
due to lateral action, the DAF is much higher. This is reflected in the lateral displacement
DAF, which increases for decreasing web thickness. Vertically though it remains constant. As
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Figure 5.52: Comparison of how the frequency of certain modes varies with bottom flange
thickness for the continuous bridge case. Frequencies without the vehicle mass and track are
akin to the Simple model and with the vehicle mass and track are similar to the Full model

the lateral motion is small and not therefore critical, this makes the web thickness changes
suitable for use.

5.5.2 Bottom Flange Thickness

Changes to the bottom flange thickness, follow the same changes as seen in Section 5.3.2. As
a result the same benefits for the mass can be found.

5.5.2.1 Modal Contribution

Again, the frequencies of the variation in the bottom flange thickness are slightly different
to the single span case (Figure 5.52). Similar relationships are found with the single span
bottom flange thickness, such that the frequency of the first mode decreases with decreasing
thickness, whilst other modes increase. These mode shapes were shown in Figure 5.44.

5.5.2.2 Vertical Bridge Accelerations

Consideration of the maximum vertical accelerations anywhere along the length of the bridge
under the track for any tested velocity under 432 km/h (120 m/s), is shown in Figure 5.53.
It can be seen that apart from the benchmark case value the Full model accelerations show
steady increase in value with reducing thickness. In contrast, focus on only the first span
midspan at 100 m/s (Figure 5.54), shows steady decrease in the acceleration with bottom
flange thickness, due to the shifting modal frequencies. For both figures the Simple model
has accelerations that stay within a range of 0.1m/s2, and hence can be considered relatively
consistent.

Study of the velocities show a shifting vertical acceleration peak in the Full model to higher
velocities (Figure 5.55). Through the decomposition of the frequency component of the max-
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Figure 5.53: Variation in maximum
filtered acceleration at any point along
length of bridge for all velocities under
432 km/h (120m/s) for different bottom
flange thicknesses

Figure 5.54: Variation in maximum
filtered acceleration at midspan of the
first span for a velocity of 100m/s for
different bottom flange thicknesses

imum accelerations at the midspan of the first span, it can be seen in Figure 5.56 that the
maximum acceleration found in the Full case initially has equal contribution from first (fs,1)
and third (fs,64) bridge modes, but with reducing thickness, the contribution becomes in-
creasingly dominant of just the third bending mode around 27 − 29 Hz. This results in the
maximum acceleration being no longer located at midspan of the first span, but at the coor-
dinate of 28.8 m which is about L/6 from the end of the first span, as can be seen by the x
coordinate for which the maximum acceleration is decomposed at for each parametric case in
Figure 5.56.

5.5.2.3 U-Beam Stress

The stress S11 in the bottom flange increases as the thickness is reduced (Figure 5.57). How-
ever, the static stress also increases, such that the DAF is relatively stable. Like seen in the
single span case the DAF for the S22 stress is more variable, but this is a result of the rela-
tively low static stress and lateral mode activation. However, variation of the bottom flange
thickness is found to have little effect on the stress response.

5.5.2.4 Bridge Displacements

The displacement DAF of the slab for variation of the bottom flange is shown in Figure 5.58,
showing the maximum DAF for all velocities under 432 km/h (120m/s). Unlike for the web
thickness changes there is no distinct change in the lateral displacement DAF with reduction
in the thickness. The influence of irregularities and small static lateral displacement leads to
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Figure 5.55: Variation of the maximum
filtered vertical accelerations with
velocity, for different bottom flange
thickness changes, taken from the
midspan of the first span for the three
spanned continuous bridge
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Figure 5.56: Comparison of the
frequency components of the filtered
maximum vertical accelerations for the
particular velocity (V, [m/s]) and
location along the length of the bridge
(X, [m] from the end span), that lead to
the maximum vertical acceleration for
each bottom flange thickness parameter
(P). Also showing the resonant loading
frequencies (fvi, black dashed lines), and
selected bridge frequencies without the
track and vehicle mass (fs,i, green dotted
lines) and with the track and distributed
vehicle mass (ff,i, purple dotted lines)
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Figure 5.57: Variation of actual and
DAF stress with bottom flange thickness
variation, with values taken at the
bottom flange of the U-beam at the
midspan of the first span, for the
velocity under 432 km/h leading to the
largest DAF, and using a logarithmic
scale for the y axis of the DAF

Figure 5.58: Variation of actual and
DAF displacements with bottom flange
thickness variation, for values taken from
the slab at midspan of the first span, for
the velocity under 432 km/h leading to
the greatest DAF, and using a
logarithmic scale for the y axis of the
DAF

a substantial difference between the Simple and Full models. Vertically there is very little
change in the DAF between loading models nor for different thicknesses.

5.5.2.5 Summary of the Bottom Flange Thickness Reductions

The maximum accelerations are found to increase with reducing bottom flange thickness.
Whilst the Full model accelerations do not exceed the limits, they are tending towards it,
with computational methods limiting the extent to which the bottom flange thickness can be
reduced.

Small increases in the S11 stress are matched by the static stress such that the DAF for the
variation in stress stays constant. The DAF for the displacements are less sensitive compared
to changes in web thickness, with the Simple load model providing a good estimation of the
vertical DAF Full model for all thicknesses, but the lateral DAF requires the Full vehicle model
to capture the effects of the irregularities on the lateral displacements. From the accelerations
and the DAF it appears that reductions up to 75% of the original thickness of the bottom
flange, are viable for the reduction in mass of a U-beam.
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Parameters
Model Web Thickness Bottom flange thickness Concrete strength
BC 1 1 1
C1 0.66 0.75 1.46
C2 0.66 0.75 1.56
C3 0.66 0.75 1.66
BF1 1.0 0.75 1.22
W1 0.66 1.0 1.40

Table 5.2: Parameters used in the models compared in the combined web and bottom flange
models
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Figure 5.59: The mass, stiffness and concrete strength changes with combined web and bottom
flange thickness changes

5.5.3 Combined Bottom Flange and Web Thickness Reductions

As the bottom flange and web thickness changes offered good ability to save weight and
material with an increase in the concrete strength, this section investigates combining the two
parametric models together, for a small selection of cases. These cases are detailed by Table
5.2, with C2 representing the concrete strength required to maintain the structural rigidity
when combining a web thickness of 66% with a bottom flange of 75%, with the C1 and C3
cases representing 10% variations on this concrete strength. For comparison it is compared to
the results of the benchmark case study (BC), the ultimate web thickness reduction of 66%
and bottom flange thickness reduction of 75%.

The combination of the web and the bottom flange thicknesses leads to the U-beam masses
of 82% of the original (Figure 5.59), with some small variations with the different concrete
strengths, which is a very significant weight saving. The capacities of the bridge are also
shown to be similar or higher than the benchmark in all parametric cases.

The frequencies of the bridge with the combined web and bottom flange thickness changes,
appear to follow similar relationships to the web thickness for the higher modes, with the fre-
quencies appearing similar in comparison to the bottom flange thickness. For the fundamental
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Figure 5.60: The frequency changes with models for the combined web and bottom flange
changes. Frequencies without the vehicle mass and track are akin to the Simple model and
with the vehicle mass and track are similar to the Full model

modal frequency, the frequency is similar to the bottom flange thickness.

5.5.3.1 Vertical Bridge Accelerations

Consideration of the vertical accelerations for a velocity of 100 m/s at midspan of the first
span is shown by Figure 5.61. The accelerations for all the Full model cases are found to be
much lower than the original benchmark case (BC ). This is due to the shift in frequencies,
reducing the resonant response from particularly the third bending mode at this velocity, and
shifting the location of the maximum acceleration. On the contrary the maximum response
seen along the length of the bridge for all velocities under 432 km/h (120m/s) (Figure 5.62)
shows C3 and C2 with similar accelerations to the web (W1 ) and bottom flange (BF1 ) cases,
higher than that of the benchmark case (BC ). Yet the C1 model shows a lower response than
the benchmark case (BC ) model. This is a result of the decoupling of the first (fs,1) and third
bridge modes (between frequencies of fs,63 and fs,68, depending on the parametric case), such
that one velocity does not activate both modes simultaneously.

When considering the Simple model the accelerations are always lower than that of the Full
model as previously found, but unlike the Full model, the Simple accelerations are slightly
higher for the C1, C2 and C3 bridge than in the BC bridge. This is from the dominant
fundamental mode dominating the response, with the changing mass and stiffness of the
bridge contributing to the increased response.

The decoupling of the modes is evidenced in Figure 5.63, that still shows peaks of the accelera-
tion for the Full model velocity, but with reduced amplitude for the C1 model. Consideration
of the component frequencies of the maximum accelerations (Figure 5.64), reinforces this the-
ory, as for C1, the maximum response found on the bridge has minimal contribution from the
first (fs,1) and third (about fs,68) bridge bending modes, instead contributions from around
the second bending mode and slightly higher than the third bending mode contribute, which
are hybrid modes. This figure also shows the change in the location of the maximum location,
as the location (x ), that the maximum acceleration is split into its frequency components for
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Figure 5.62: Maximum accelerations
along length of bridge under track, for
combined web and bottom flange
thickness changes for all velocities under
432 km/h (120m/s)

each parametric case varies. It does show that the maximum is always in the first span, as all
x coordinates are less than the span length of 35 m. However, the location of the maximum
varies between midspan (17.4 m), and L/6 from either end of the first span (6.6 and 28.8 m),
which is consistent with peaks due to the third bridge bending mode (fs,68), of three half sine
waves per span.

Overall, the accelerations are found to be lower than the limits and therefore the combined
adjusted web and bottom flange thickness bridge model is acceptable from the aspect of
accelerations, with both the Full and Simple vehicle loading models.

5.5.3.2 U-Beam Stress

The stress S11 in Figure 5.65, is seen to have some small variation in the actual stress values
between models. However, the DAF value stays the same, and the increase in the stress is
no more than 20% from the benchmark case models, yet the strength of concrete increases by
over 50%, which would cover this increase in stress. Looking at the S22 stress (Figure 5.66),
the values of stress are found to be lower in the combined thickness model cases, but all of
the S22 stress values are very small to have influence.
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Figure 5.65: Variation of the actual and
DAF S11 stress values with model, taken
from the bottom flange of the U-beam at
midspan of the first span, for the
velocity under 432 km/h that leads to
the maximum stress

Figure 5.66: Variation of the actual and
DAF S22 stress values with model, taken
from the bottom flange of the U-beam at
midspan of the first span, for the
velocity under 432 km/h that leads to
the maximum stress

5.5.3.3 Bridge Displacements

The vertical displacement of the bridge slab at midspan of the first span is found to be
relatively constant between models (Figure 5.67). Laterally, the displacement is more variant
than the vertical direction, especially in the DAF, which is due to the lateral response being
amplified under certain loading velocities. The bridge displacements here are seen not to be
of concern as they are well below the L/600 limit vertically and very small laterally.

5.5.3.4 Vehicle Accelerations

The vehicle accelerations are an indication of the passenger comfort level. With the Full
vehicle it becomes possible to analyse these. As can be seen from Figure 5.68, the vehicle
accelerations are very similar vertically between models, with the variation of acceleration
for different vehicle velocities very small (max variation 0.008m/s2). By contrast the lateral
vehicle accelerations are more variant with variation of 0.07m/s2, but this is still small, and
the maximum values both laterally and vertically are well within the comfort levels required
(Section 2.7.3.2). The vehicle comfort levels are as a result not a concern.
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Figure 5.67: Variation of the displacement of the bridge with each parametric case, studying
the displacements in the slab at midspan of the first span, for the velocity under 432 km/h
that leads to the maximum displacement
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Figure 5.68: Variation of the maximum vehicle accelerations, taken at the centre of mass of
the carriages, for each velocity for the cases BC and C2
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Figure 5.69: The combined web and bottom flange model C2, acceleration variation with
velocity at midspan of first span with the HSLM models

5.5.3.5 HSLM Dynamic Load Models

With the combined web and bottom flange thicknesses proving a potentially viable option for
use of higher strength concretes under the real train load, consideration of the dynamics of
the bridge under the HSLM A models is made. This covers all the potential train models (see
Section 2.2.7). Although it ignores the consideration of the irregularities, as it only uses Simple
moving point loads, it is the current design standard for bridge dynamic analysis. As can be
seen from Figure 5.69, the HSLM load model provides significantly larger accelerations than
found in the Simple load model, however crucially still lower than the limits to acceleration
and the Full vehicle model with irregularities.

5.5.3.6 Summary of the Combined Web and Bottom Flange Reductions

The combined model of web and bottom flange thickness variation is shown to be successful
in reducing the precast mass by 18% and the total bridge structure mass by 8%, whilst
also maintaining satisfactory bridge accelerations with the Full vehicle model, as well as the
moving point load HSLM models. In addition the accelerations in the vehicle were found to be
unaffected by the changes in the bridge model. In order to maintain the rigidity of the bridge
model under the changes in thickness, an increase in concrete strength by 56% was required,
which would correspond to a concrete strength of 94 MPa. The displacements change very
little and are within limits prescribed, and the variation in stresses despite increasing by up to
20%, maintain constant DAF and are below the corresponding increase in concrete strength.
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5.6 Conclusions for this Chapter

This parametric analysis has led to conclusions based on the displacement, stress and accel-
erations. They are outlined in this section.

Study of the displacements have led to the conclusions:

• By maintaining the structural rigidity, the displacements of the bridge vertically are
minimally influenced by geometry changes.

• The lateral displacements can vary significantly in percentage/DAF terms due to acti-
vation of lateral and torsional modes, but magnitude of change is of order of a tenth of
a millimetre, hence still insignificant.

• This lateral response is amplified more by the Full vehicle model, due to the lateral
components of the loads that are not present in the Simple moving point load model.

• The magnitude of deflection of the bridge is matched well between the Simple and Full
models.

• The DAF is consistent between the loading models vertically, although horizontally the
small increase in lateral displacement from the lateral resonance leads to a mismatch
between models.

Considering the maximum stress variation in the beam when a high speed train crosses the
bridge, it was found that:

• The variation in stress from the dynamic loading was maximum in the midspan of the
beams, with the bottom flange displaying a more critical stress, as expected

• The actual stress variation was seen to increase in the bottom flange (by up to 20%),
particularly when a reduction was applied to the bottom flange thickness.

• The S11 stress (the normal stress in longitudinal direction) was found to suffer the larger
stress variations due to traffic loading.

• The S22 stress (normal stress in plane of shell perpendicular to longitudinal direction), is
mainly affected by transverse bending and lateral displacements. This creates differences
between the Full and Simple model results, in particular the DAF, which is very high
due to low static stress variation. The actual magnitude of the stress changes for S22
stresses are similar and very small.

• For both the S11 and S22 actual stresses, modelling using the Simple method provides
a similar stress response to the Full model, removing the need to model using the Full
model to account for the stress response.
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The following conclusions were made based on the general bridge vertical accelerations:

• As highlighted in the previous chapter, the use of the Full model with irregularities leads
to amplification of higher modes, which contributes to higher accelerations.

• For the bridge modelled with a single span, under the Full model, the vertical accelera-
tions do not change significantly from the original values of the benchmark case when a
reduction of the cross section is introduced and counterbalanced by an increment of the
concrete strength.

• Under the continuous bridge, reductions to the thicknesses generally lead to increased
accelerations.

• With frequencies of the bridge for modes containing one half sine wave and three half
sine waves, are found to be positioned such that both bridge modes are activated by res-
onant loading frequencies (fv1 and fv7) for the same velocity. This leads to a coupling
of resonant responses, increasing the resonant acceleration response. This is particularly
evident in the benchmark case, and in some other parametric cases. Through reductions
to the geometry, the modal frequencies change, such that only one bridge mode is acti-
vated by the resonant loading frequencies for the same velocity, reducing the resonant
response in some cases. The response of these bridge modes is then decoupled. However,
prediction of this decoupling of the modes to achieve reduced acceleration responses, by
changing the modal frequencies through reductions to the geometry is very complicated,
and a method has not been found.

• With the Simple loading model, accelerations were seen to increase with reductions in
thickness. Under the Simple model, the higher modes have much smaller contributions
than in the Full model, but these modes still influence the maximum acceleration. As a
result, the mode coupling and decoupling, can still cause some small localised peaks in
acceleration for parameter changes.

Some consideration was made to the vehicle accelerations. It was found that they vary in the
lateral direction slightly with models, but by very small amounts. Vertically the difference is
very small, such that the vehicle accelerations are not of concern to the parametric study.

Consideration of the dynamic response under the moving HSLM model, showed higher accel-
eration responses than the bridge under the Simple model, but still significantly lower than
the response found under the Full train model. This shows the importance of the Full vehicle
model, including the rail irregularities, using real trains in the study of accelerations.

Considering the parametric analysis, the following conclusions are found:

• Modelling of changes to the bottom flange achieved a viable thickness 75% of the original
value, with a concrete strength increased by 22.6%.
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• Likewise the web thickness changes found a thickness of 66% of the original to be achiev-
able, with a concrete strength increased by 40%.

• Reductions to the depth, although they maintained acceleration levels, were not found
to be viable due to the small material savings, and large increases in concrete strength
required to maintain the structural rigidity.

• A combination of the 75% thickness of the bottom flange and 66% of the web thickness
is identified as a viable solution. It leads to mass savings of 18% for the precast elements
and 8% for the whole bridge mass, for a 56% increase in the precast concrete strength.
The maximum accelerations are very similar to the original benchmark case model in
this case.



Chapter 6

Parametric Analysis of Alternative
Bridge Cross Sections

Analysis of the dual U-beam HSR bridge in the preceding chapter led to several conclusions
regarding the ability to change the geometry to primarily achieve a mass reduction, whilst
maintaining the structural and dynamic performance of the bridge. In this chapter, these
conclusions are studied after being applied to other real precast HSR bridge cross sections
in use around the world. The aim is to determine if the conclusions are valid for different
bridge types. Study is made on three existing benchmark bridges of different cross sectional
types: the viaducts of segment 2.2 of the Kyung-bu HSR line (South Korea, Single celled box
girder, continuous), the Piacenza Viaduct (Italy, Double-celled box girder, simply supported),
and the Modena Viaducts (Italy, ’Omega’/Trough profile, Simply Supported). These have
been selected after comparison to other similar cross sections, with the chosen bridges show-
ing normal representative characteristics (see Section 3.1), and also having enough relevant
information published to use the design.

6.1 Viaducts of the Kyung-bu HSR line

The bridge studied in this section is from South Korea, published by Kim et al. (2000) and
Dong Kang and Suh (2003), where full span precasting was implemented on a section of the
alignment. This type of bridge construction has also been used elsewhere, for example in Japan
and Taiwan (Amarume et al., 2003; Tai et al., 2010a). In real life, a range of longitudinal
arrangements and continuity arrangements were utilised, but in this section focus will be made
to a continuous bridge of three spans, each 25m long. For construction, these spans were pre-
tensioned individually before transportation to location by a gantry carrier, installed with a
launching girder, then establishing continuity through post-tensioning and a concrete joint

232
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Figure 6.2: The Kyung-bu HSR line bridge longitudinal alignment, dimensions in m

infill.

It was found that the temporary loading conditions of this bridge determined the design (Dong
Kang and Suh, 2003). This requires locally higher densities of reinforcement in the locations
where fixings for the lifting of the precast span by the gantry carriers and launching girders
are found. Although the parametric design will maintain the shear and moment resistance
of the section, ensuring that the bridge continues to be able to resist the construction loads,
local problems, for example the fixings for lifting, are beyond the scope of the project and
hence would require further detailed design after the parametric analysis.

6.1.1 Initial Design

The initial cross section is shown in Figure 6.1 and the horizontal alignment shown in Figure
6.2. The bridge has design details as expressed in Table 6.1. The chosen solution leads
to the sectional properties at midspan as found in Table 6.2. In the support regions, the
thickness is increased in the bottom flange from 300 mm to 850 mm and in the webs from
500 mm to 1350 mm. This is for horizontal stability, transfer of loads to the supports and
anchoring of prestress. Under the parametric analysis the dimensions of the support sections
are maintained. Although not expressed in the drawings of the authors (Kim et al., 2000;
Dong Kang and Suh, 2003), the articulation of the bridge is assumed to be as in Figure 6.3,
restricting the longitudinal displacement at the first pier that the vehicle crosses. This bridge
is found in a viaduct consisting of many spans, hence the longitudinally fixed bearings and
end spans are not necessarily at abutments, requiring short, stocky piers to transfer horizontal
load to the ground. In this model again the vehicle is always moving in a positive longitudinal
(x) direction.



CHAPTER 6. PARAMETRIC ANALYSIS OF ALTERNATIVE BRIDGE CROSS SECTIONS 234

Span length, L 25 m
Concrete strength, fck 40 MPa
Prestressing steel strength, fpk 1860 MPa

Initial prestressing force Pre-tension 219 kN
Post-tension 3370 kN

Prestress Area Pre-tension 150 mm2

Post-tension 2660 mm2

Distance between track centrelines 5.1 m
Vehicle operating velocity 300 km/h
Span to Depth Ratio 10.4

Table 6.1: Selected data for Kyung-bu viaducts

Mrd [MNm] 128.9 Iyy [m4] 7.519 Ac [m2] 8.964
Vrd [MN] 7.592 Izz [m4] 107.0 z̄ [m] 1.633

Table 6.2: Kyung-bu cross sectional properties at midspan

The bridge is designed to hold two tracks, with 5.0m between the respective centrelines. The
track is assumed to be a ballastless slab track, hence accelerations should be limited to 5m/s2

for safety requirements. Design requirements for this specific bridge limited the deflection
to span ratio to the UIC code ratio of 1/1700 (Dong Kang and Suh, 2003). The operating
velocity is 300 km/h, hence the design speed is 360 km/h. Additionally, a project specific
passenger comfort level, limited the vehicle accelerations to 0.5m/s2.

Prestress is added at two stages. Pretensioning, through 7 wire strands of 15.7mm diameter,
is used to give enough support for the processes involved with construction. This uses 99
longitudinal strands in the bottom flange and 12 within each web. The prestressing force is
not specified, and so is assumed to be 219 kN per strand (78% of the characteristic breaking
strength). Post-tensioning for continuity uses four, 19 strand tendons in each of the webs, with
all except the bottom pair deviated at two locations. Over continuous supports the tendons
are anchored in the adjacent diaphragm to provide continuity. A force of 379 tons−force per
tendon is specified in Dong Kang and Suh (2003), which corresponds to an approximate force
of 3370 kN per tendon. The prestressing layout can be seen in Figures 6.1 and 6.2.

14

25 25 25
y

x

Figure 6.3: The Kyung-bu HSR line bridge articulation. Arrows indicate unrestricted motion
of the bearing, dimensions in m
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Number of
Elements

Element Size [m] Stress Displacement Fundamental Frequency
X YZ Plane [MPa] % [mm] % [Hz] %

5172 0.6 0.6 -2.06 1.8 -4.52 0.6 4.849 0.2
8250 0.3 0.6 -2.06 1.7 -4.48 0.2 4.849 0.0
46569 0.2 0.2 -2.03 0.4 -4.49 0.1 4.852 0.0
186357 0.1 0.1 -2.02 - -4.52 - 4.853 -

Table 6.3: Mesh sensitivity of the Kyung-bu model. Prescribed element size is shown in the
cross sectional plane (YZ Plane) and longitudinal direction (X)

6.1.2 Modelling of Kyung-bu Viaduct

This bridge is modelled using shell elements as in preceding chapters. As the span is fully
precast, there is no connection required to be modelled between the slab and the beam as they
are precast as one entity, which differs from the dual U-beam bridge that required modelling
of an elastic layer to simulate the slab-beam connection (as in Section 4.1.7). In addition, the
beam element model used for comparison, uses only one layer of beam elements, unlike the
two layered beam element model seen in Section 3.1.1.1. For the Full model, with the vehicle,
track and irregularities, the vehicle-track interaction model used is the same as previously.

For the shell element model, stresses, frequencies and displacements are compared between
different sized element models to verify the mesh size. The number of elements in the model
is shown as an indicator of the computational demand. This is seen in Table 6.3, with the
prescribed size of discretisation of the elements in the cross sectional plane (YZ Plane) and
longitudinally (X) shown. The values of the frequency of the fundamental mode, the longi-
tudinal normal stress and the vertical displacement are compared with values obtained by a
very fine mesh, to determine the convergence. Due to the inefficiency of the fine mesh models,
these were not analysed dynamically to obtain the convergence of accelerations. The differ-
ences between the mesh sizes for the studied variables indicate very small differences, so the
model with 8250 elements was chosen.

To obtain the shell positioning and thicknesses, such that the properties of the modelled
bridge match the properties of the real cross section, a similar process was performed to that
of Section 3.1.2.6. The simple geometry resulted in a good shell element match, with the
shell positioning and thicknesses shown in comparison to the real cross section in Figure 6.4.
The size of each shell is not indicative of the refinement of the element mesh, but rather the
thickness applied to the shells in that region.

The natural frequencies and mode shapes displaying one, two and three half sine waves per
span, are shown in Figure 6.5. These modes, denoted by fs,i, where i is the mode number,
are calculated using frequency analysis in Abaqus , without including the vehicular mass.
For the later study of the bridge acceleration frequency components, comparison is made to
modes incorporating the vehicular mass as a distributed non-structural mass along the length
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Figure 6.4: Thicknesses applied to the shells of the Kyung-bu viaducts, in comparison with
the actual cross sectional profile

(a) fs,1 = 6.16 Hz (b) fs,28 = 19.4 Hz (c) fs,34 = 23.2 Hz

Figure 6.5: Modal shapes of first three half-sinusoidal bending modes of the Kyung-bu viaduct

of the track (and denoted by ff,i). The frequency of the first mode (fs,1), displaying one half
sine wave per span, is around 50 % larger than found in the dual U-beam benchmark case.
As multiple modes display characteristic shapes of two or three half sine waves per span, the
selected modes (fs,28 and fs,34 for two and three half sine waves per span respectively) are
the modes that display this behaviour for the whole cross section and not locally in the slab.
Even still, a larger deformation occurs in the slab than the webs or bottom flange. This is
due to the low number of intersections between webs and the slab (four webs in the U beam
bridge, two in this one), which results in higher transverse flexibility of the slab.

6.1.3 Benchmark Case Results

In this section, the analysis focuses on identifying areas of the bridge to study further in
the parametric analysis. It also identifies a control test to compare results of the parametric
analysis back to the original, in order to determine the impact of the parametric analysis.

6.1.3.1 Bridge Vertical Accelerations

The study of the accelerations focuses on the top flange of the bridge as this is where the
tracks are located and hence are most applicable to the limits of the vertical accelerations.
Comparison of the maximum filtered vertical acceleration along the whole of the top flange
of the bridge is shown in Figure 6.6. It shows that the maximum is along the longitudinal
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Figure 6.6: Maximum filtered vertical acceleration across the whole bridge on the top flange
using the Simple model for a vehicle velocity of 88 m/s (317 km/h) (which is identified in
Figure 6.7 as the velocity leading to largest accelerations in the Simple model)
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Figure 6.7: Variation of the maximum filtered value of the vertical acceleration from the length
of the Kyung-bu bridge with changing velocity

centreline of the top slab. Multiple peaks in the acceleration are found in the third span
(between 50 and 75 m), including peaks close to the support. This is due to the flexibility
of the slab and the smaller diaphragm present in this bridge compared to the previous dual
U-beam bridge, leading to less rigidity to the slab.

Comparison of the maximum vertical acceleration found along the length of the bridge for
a variety of velocities is shown in Figure 6.7. This clearly shows that the higher peaks are
associated with the Full model. The beam model shows considerably lower accelerations than
the shell element models, which indicates that the shell response is increased by the sectional
deformations that a beam element cannot model. The maximum accelerations are below the
limits required to be maintained, hence there is potential for an increase in accelerations to
be allowed in the parametric analysis. The maximum acceleration generated by the Simple
model occurs at a velocity of 88 m/s (317 km/h), whereas the maximum for the Full model
occurs at 92m/s (331 km/h).

Comparison of the accelerations along the length of the bridge is made at velocities of 88m/s

(317km/h) and 92m/s (331km/h) in Figures 6.8 and 6.9 respectively. These figures show con-
siderable difference between the Simple and Full models, although both lead to accelerations
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below the 5m/s2 limit.

Further study of the accelerations induced in the bridge by the vehicle travelling at 88 m/s

(317 km/h) can show that for the Simple model there are approximately four peaks per 25m

span, however the Full model does not show this. This suggests activation of a mode shape
with four vertical half sine waves per span. To consider what modes are contributing, a modal
analysis was taken at x = 60m. This corresponds to a peak in the Simple model accelerations,
and close to a peak for the Full model, as seen in Figure 6.8.

The modal analysis is shown by Figure 6.10. Both the Simple and Full models show a
peak corresponding to a matching of the resonant loading frequency fv2 with the fs,3 (or
ff,2 if considering the distributed vehicle mass) modes. These modes are variations on the
fundamental frequency (i.e. one half sine wave per span). Of the contributions by the Simple
model, this is the only major peak within the applicable frequency range (< 30Hz). However,
for frequencies higher than 21 Hz there is non-negligible contribution to the accelerations,
without forming peaks. In addition, at 35Hz there is a huge contribution from a mode which
displays behaviour of four sine waves per span. This contribution is filtered out for being high
frequency, but it is possible that this mode is fundamentally influencing the bridge behaviour
and therefore contributing to the accelerations. An inadequate time step, would possibly be a
cause of the frequencies not being adequately filtered, but this is not the cause of this problem,
as the time step is less than 5× 10−4 seconds, corresponding to a sampling rate of 57 samples
per wavelength of a 35Hz mode.

For the Full model at 88m/s (317km/h), a significant peak is found at 21Hz, which contributes
to the two acceleration peaks per span, due to the proximity of the fv6 mode to the fs,31 mode
(Figure 6.12a). This is another mode that displays two half sine waves per span, matching well
with the maximum acceleration variation along the bridge length. Peaks in the contribution
around the fv7 mode indicate some mode being activated. The modal frequency in proximity
is the ff,38 frequency, which is a vertical slab mode with three half sine waves per span.
However, the contribution of this mode is not significant enough to lead to three peaks in
acceleration per span for the Full model for this velocity.

Study of the accelerations induced by the vehicle at 92 m/s, as shown in Figure 6.9, shows
relatively consistent peak accelerations along the length of the bridge for the Full model, and
slightly larger in the third span for the Simple model. Within this third span, there are three
peaks in acceleration for both models, indicating a contribution from a mode displaying three
half sine waves per span. Decomposition into the frequency domain at midspan of the third
span is shown in Figure 6.11. For both models, the frequency spectrum shows a large and
main contribution from around the fv7 frequency. This frequency corresponds with modal
shapes ff,42, ff,43 and fs,38. The modes ff,42 and ff,43 include the vehicle mass but the
deformations associated with these modes are primarily from the cantilevered edges to the
slab at the midspan section (Figure 6.12d), and hence are unlikely to be the cause of the
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Figure 6.8: Variation of filtered max-
imum vertical accelerations along the
length of the bridge for a velocity of
88m/s for the Kyung-bu Viaduct
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Figure 6.9: Variation of filtered max-
imum vertical accelerations along the
length of the bridge for a velocity of
92m/s for the Kyung-bu Viaduct

acceleration contribution along the centreline of the slab. Instead, it is likely that the fs,38

mode is the main mode contributing to the response as it has three half sine waves per span
(Figure 6.12b), similar to the acceleration pattern seen. The amplification of this mode in the
Full model case is similar to the amplification seen by the models in preceding chapters at the
same resonant loading frequency, fv7.

From the study of the vertical bridge accelerations for the Kyung-bu viaduct, it is clear that
the parametric study needs to incorporate the Full vehicle model to find a more accurate
response of the bridge, due to the higher accelerations associated with it. Due to the smaller
accelerations associated with the beam model, because of the lack of sectional deformations,
these will not be studied in the parametric analysis for the Kyung-bu Viaduct as they do
not represent the bridge accelerations well. The high flexibility of the slab, due to only two
webs also leads to a larger number of vertical slab modes, which can cause particularly high
accelerations in the Full model when combined with a resonant loading speed. It also displays
a larger contribution to the accelerations for the Simple model for the higher frequencies,
something that was not seen in the preceding chapters. Finally, although incorporation of the
vehicular mass in frequency analysis reduces the frequency of these modes (ff,i) in comparison
to the corresponding modes without the vehicular mass (fs,i), it is found that the vehicular
mass does not influence the frequency of the bridge response, which is consistent with the
outcomes of the previous two chapters. Therefore only the bridge frequencies determined
using a Simple model that excludes the distributed vehicular mass, will be compared with the
acceleration components in the parametric analysis.

6.1.3.2 Bridge Displacements

The maximum displacement due to the dynamic variable loads introduced are found in the
first and last spans of the bridge at midspan. As a result, the vertical displacements from
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Figure 6.10: Frequency component of the vertical accelerations taken from x = 60 m (the
third span) of the Kyung-bu bridge for a vehicle velocity of 88 m/s, the velocity for which
the Simple model generates the largest accelerations. fs,i and ff,i refer to the ith mode
generated by Abaqus frequency analysis, for bridges neglecting and incorporating the vehicle
mass respectively. fvi are the ith harmonic of the resonant frequency based on repeating
vehicle spacing
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Figure 6.11: Frequency component of the vertical accelerations taken from midspan of the
third span of the Kyung-bu bridge for a vehicle velocity of 92 m/s, the velocity for which
the Full model generates the largest accelerations. fs,i and ff,i refer to the ith mode gener-
ated by Abaqus frequency analysis, for bridges neglecting and incorporating the vehicle mass
respectively. fvi are the ith harmonic of the resonant frequency based on repeating vehicle
spacing
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(a) Mode shape of frequency fs,31 = 20.6Hz (b) Mode shape of frequency fs,38 = 25.7Hz

(c) Mode shape of frequency ff,38 = 23.9Hz (d) Mode shape of frequency ff,42 = 25.9Hz

Figure 6.12: Other modal shapes of the Kyung-bu viaduct that have significant contributions
to the vertical acceleration response. ff,i refers to modes incorporating vehicle mass and fs,i
are modes without vehicle mass.

the first span, at the (x, y) coordinate (12.5, 0) on the top slab of the bridge are shown
to vary with velocity as in Figure 6.13a. This shows similar variation between the Simple
and Full models, as found in the previous chapter. The Full model does not pick up all the
variation in displacement with velocity, compared to the Simple model, as fewer velocities are
modelled because of the higher computational demand they require. At the same location,
the lateral displacements also show good correlation between the Simple and Full models, but
with smaller displacements (Figure 6.13b).

The variation of the vertical and lateral displacements under load are shown to vary along
the centreline of the bridge for the velocity of 100 m/s (360 km/h) in Figure 6.14. This
shows similar responses between the models vertically, with larger downward displacements
due to the vertical vehicle load. It can be seen that there are some localised variation and
peaks within each 25m span for the Full model, showing the influence of the higher frequency
modes in the deflections. Laterally, the displacement mainly comes from twisting due to the
eccentric load. As only one track is loaded in this analysis, the twisting here causes greater
displacements in the positive direction (Figure 6.13b), however if the alternative track was
loaded, the opposite would be true. It is also larger for the Full model, potentially due to the
lateral forces that the vehicle introduces. The displacements are also larger at the ends, but
the magnitude is small, so should not be a concern for the derailment of the vehicle.

From this study on the displacements, it appears that the Simple model is satisfactory in
estimating the maximum lateral and vertical displacements in the bridge due to the vehicle
load. With the maximum vertical displacement due to the vehicle loads being smaller than
1 mm, this is well below the project specific limit of L/1700, which corresponds to 14.7 mm
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Figure 6.13: Variation of the displacements of the Kyung-bu bridge with velocity at the (x, y)
coordinate (12.5, 0)

0.0 12.5 25.0 37.5 50.0 62.5 75.0

x [m]

−1.00
−0.75
−0.50
−0.25

0.00
0.25
0.50
0.75
1.00

D
is

p
[m

m
]

U3-Simple U3-Full U3-Static

(a) Variation of the vertical deflection

0.0 12.5 25.0 37.5 50.0 62.5 75.0

x [m]

−0.4
−0.3
−0.2
−0.1

0.0
0.1
0.2
0.3
0.4

D
is

p
[m

m
]

U2-Simple U2-Full U2-Static

(b) Variation of the lateral deflection

Figure 6.14: Variation of the displacements of the Kyung-bu bridge along the centreline of the
bridge for a vehicle velocity of 100m/s
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Figure 6.15: Variation of the stresses due to vehicular load, in the bottom flange of the
Kyung-bu bridge with velocity at the (x, y) coordinate (12.5, 0)

of possible deflection.

6.1.3.3 Bridge Stress Variation

Consideration of the variation of the normal stresses due to vehicular load, in the bottom
flange both longitudinally (S11) and laterally (S22), are shown in Figure 6.15. The S11 stress
variation from the vehicular load was found to be larger, in part due to the larger vertical
bending deflection. The Simple and Full models match well. For the S22 stress, the magnitude
of variation is smaller than for S11, however there is some more variation in the stress between
models particularly at 100m/s where the stress variation in the Full model is 50 % larger than
the Simple model. This is partly a reflection on the greater lateral displacements of the bridge
for a Full vehicle model. In comparison with the benchmark case in the preceding chapters,
the S22 stress variation is also higher, due to the wider bottom flange reducing the stiffness
locally, which allows greater transverse bottom flange bending increasing the S22 stress.

Considering the variation in the S11 stress along the length of the bridge (Figure 6.16a),
shows there is a compressive stress introduced along the bottom of the box girder in the
intermediate support sections. This is because of a hogging moment due to the continuity
of the bridge. Nonetheless the stress variation is well matched between the Simple and Full
models. Considering the S22 stress variation (Figure 6.16b), over the support regions where it
peaks, the Simple and Full models also match well. However, in the midspan the Full model
produces greater variability into the stresses than the Simple model. This suggests that the
S22 stress variation need to be studied for parametric analysis.

Study of these stress variations in the middle of the top slab at the midspan of the first span
is shown to vary with velocity in Figure 6.17. The Simple model in both the S11 and S22
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Figure 6.16: Variation of the stresses due to vehicular load in the bottom flange of the Kyung-
bu bridge along the length of the bridge for a velocity of 100m/s
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Figure 6.17: Variation of the stresses due to vehicular load, in the top slab of the Kyung-bu
bridge with velocity at the (x, y) coordinate (12.5, 0)

stress directions seems to be relatively constant with velocity. However, for the Full model the
stress variation increases, and for 100m/s the Full model S11 stress variation is double that
of the Simple model. Considering the S22 direction, the stress variation is even higher. The
increased S22 stress variation is a sign of the increased transverse bending that is introduced
into the slab due to the loading from the train vehicle and the increased flexibility of the slab,
which can lead to localised slab displacements increasing the stress.

Study of the stress variation across the length of the bridge in the slab also shows consid-
erable variability between the Simple and Full models (Figure 6.18). The pattern of peaks,
particularly for the S11 stress variation, is similar to that observed with the accelerations and
displacements showing a direct link between the local deformations of the slab and the stress
in the slab.
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Figure 6.18: Variation of the stresses due to vehicle load, in the top slab of the Kyung-bu
bridge along the length of the bridge for a velocity of 100m/s

From this benchmark case analysis, it can be seen that the study of the variation in the stresses
has to use the Full models, particularly in the slab, in order to get a good representation.
For the S22 stress variation this is due to the reduced transverse stiffness leading to greater
transverse bending and hence increasing the stress.

6.1.3.4 Conclusions to Benchmark Case Analysis of Kyung-Bu bridge

From study of the benchmark case, it is apparent that the higher frequency of the fundamental
vertical bridge mode (fs,1) leads to a reduced contribution to the response from this mode,
as it does not become resonant under influence of the first resonant loading frequency (fv1).
The response is dominated by higher frequency modes. There is a difference between the
Simple and Full model accelerations, with amplification of high frequency modes due to force
variation when considering the Full model contributing to the larger accelerations of the Full
model. As a result modelling with beam elements does not provide a good estimation due to
the modes activated at high frequency containing sectional deformations not possible in beam
element models. The displacements are found to be well matched between the Simple and
Full model, as are stress variations in the bottom flange. However, the stress variations in the
slab do not have good correlation between models. Hence, consideration of the Full model is
required to accurately determine the stress variation due to the load.

6.1.4 Parametric study

The parametric study of the Kyung-bu models, tests the material savings made in the previous
chapter, i.e. the web being 66 % of the original thickness and the bottom flange 75 % of its
original thickness. This is applied as seen in Figure 6.19. As the top flange is also precast it is



CHAPTER 6. PARAMETRIC ANALYSIS OF ALTERNATIVE BRIDGE CROSS SECTIONS 246

bottom flange thickness
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top flange thickness

Figure 6.19: Variation of the geometry of the Kyung-bu viaducts for parametric analysis

Top
flange

thickness
[%]

Bottom
flange

thickness
[%]

Web
thickness

[%]

Concrete
Strength

[%]

100 75 66 178
90 75 66 180
80 75 66 187
75 75 66 188
70 75 66 190

Table 6.4: Properties of the models for
the top flange variation for the Kyung-
bu viaduct as a percentage of the bench-
mark case values
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Figure 6.20: Maximum filtered accelera-
tions of the Simple model of the Kyung-
bu viaduct with top flange thickness
variation

appropriate to apply a reduction to the thickness as well. To determine a possible top flange
thickness variation, a small study using the Simple model was used to estimate an appropriate
thickness to study further. Due to time constraints, the Full model was not chosen for this
preliminary study, as it requires a significantly longer computational time. The thickness of
the top flange was varied, with the web and bottom flange thickness modelled at their reduced
thickness. This leads to the models in Table 6.4. The maximum accelerations found for any
velocity for these models using the Simple model are shown in Figure 6.20. Here, for a top
flange thickness of 70 %, the accelerations are unacceptable, and considering the accelerations
of a Full model are higher, this would be unacceptable. The other reductions in top flange
thickness are all acceptable for the Simple model. As a result, the thinnest acceptable top
flange thickness 75 % of the original is progressed to the parametric analysis.

After the selection of the top flange thickness, the parametric analysis can be performed using
the Full model. Through variation of the geometry and concrete strength, the properties at
midspan are shown to vary with parameter in Figure 6.21. Here the moment resistance and
EIyy values are maintained to be at least the level of the benchmark case. There is some
reduction in the shear capacity of the section, however calculations made found that there
was redundancy in the shear capacity of the section. The properties used with respect to the
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Figure 6.21: Variation of properties from
parametric analysis, normalised with re-
spect to the benchmark case model for
the Kyung-bu viaduct

Model
Web

thickness
[%]

Bottom
flange

thickness
[%]

Top
flange

thickness
[%]

Concrete
Strength

[%]

BC 100 100 100 100
W1 66 100 100 117
BF1 100 75 100 142
TF1 100 100 75 108
C1 66 75 100 178
C2 66 75 75 188

Table 6.5: Variation of properties from
parametric analysis for the Kyung-bu
viaduct with respect to the original val-
ues of the benchmark case
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Figure 6.22: Change in frequency with parameter of the sinusoidal bending modes of the
Kyung-bu Viaduct, as displayed in Figure 6.5

benchmark case values in each of the parametric cases are shown in Table 6.5.

Through changing the geometry and concrete strength, the frequencies of the modes also
change. This is shown in Figure 6.22, where the change in the frequencies of the mode shapes
of Figure 6.5 is shown (modes with one, two and three half sine waves). Obviously, for very
similar values of EIyy, and a mass reduction between parameters, the fundamental mode
would be expected to increase in frequency. However, this is not the case. Both the W1 and
TF1 cases have lower frequencies than the benchmark case (BC). This is possible because of
two reasons. Firstly, the boundary conditions are not applied at the centre of mass, and so
although the stiffness of the section is maintained with respect to the centre of mass, this
position changes between parameters, which influences the frequency. Secondly, although the
mode shapes are very similar between parametric models, sectional deformations within the
mode shapes due to thinner elements, can cause variation in the frequency at which they are
found. The second reason is particularly relevant for the modes of higher frequency with a
greater number of local deformations.
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(a) Variation of maximum accelerations for
the maximum magnitude in the bridge length

(b) Variation of maximum accelerations at
midspan of the first span

Figure 6.23: Comparison of maximum vertical accelerations across all velocities for the Kyung-
bu viaducts under parametric analysis

6.1.4.1 Vertical Bridge Accelerations

From the parametric analysis conducted, the maximum acceleration along the centre of the
bridge for any velocity is compared for each parameter in Figure 6.23a. The chosen value for
the top flange is shown to be unacceptable for accelerations, both for using the Simple and Full
models when analysed as a change on its own (TF1) and for the Full model when combined
with the web and bottom flange thickness changes (C2). Interestingly the accelerations found
in the parametric model C2 are smaller than TF1, despite the lower mass of this model. This is
due to coupling of modes in the TF1 case, such that multiple modes are activated at once. The
accelerations of the other models are found to be acceptable for this bridge. Comparatively,
the Simple model produced smaller results than the Full model, but they followed a similar
pattern between parametric models.

Study of the accelerations at one location is shown in Figure 6.23b. This shows that the
accelerations are below the maximum recorded in the bridge for both the Simple and Full
models. This links back to Figures 6.8 and 6.9, which showed that in the benchmark case the
high frequency components lead to maximum accelerations not necessarily at the centre of the
span.

Comparison of the maximum accelerations along the length of the bridge for different velocities
and parameters is shown in Figure 6.24. It can be clearly seen that the accelerations of the Full
model are higher than the Simple model again. Changes to the top flange thickness shown
by parameters TF1 and C2 indicate more and larger peaks, which coincides with a greater
number of modes, due to the increased flexibility of the slab. This also leads to a greater
chance of coupling of the bridge modes, particularly those with large top flange deformation



CHAPTER 6. PARAMETRIC ANALYSIS OF ALTERNATIVE BRIDGE CROSS SECTIONS 249

components, leading to large responses.

Study of frequency contributions of the acceleration for the location and velocity that lead
to a maxima for each parameter is shown in Figure 6.25. Here, the fundamental modes are
seen to have minimal contributions to the maximum acceleration. This is as the frequency of
this mode is still above the first loading frequency, for all applicable velocities of this bridge.
Coupling of modes can clearly be seen in the figure, particularly for the TF1 case, where the
contribution to acceleration comes from two peaks, coinciding with the fv6 and fv7 frequencies.
These frequencies coincide with bridge modes fs,33 (a three half sine wave per span mode) and
fs,42 (a four half sine wave per span mode). Clearly the influence of the four half sine waves
per span modes at frequencies lower than they were previously found at in the dual U-beam
bridge, indicates that as expected the slab thickness is key to the accelerations in the slab,
more so than the thickness of the web and bottom flange. When the top flange thickness is
reduced, the larger number of modes in the studied frequency range increases the chance of
the loading frequency to match a bridge frequency and trigger a resonant response. As the
models incorporating top flange thickness changes (TF1 and C2) have lower stiffness of the
top flange, a greater number of sine waves per span can be developed for the studied frequency
range, leading to larger resonant response phenomena.

Similarly to the double U-beam bridge, for the velocities leading to the maximum acceleration,
the resonant loading frequency fv7 has a very high contribution to activating these high
frequency modes. This is as there is no change in the vehicle axle spacing and hence loading
pattern between the bridges. The bridge modes that the fv7 frequency activates, for each
parameter, for the vehicle velocity leading to the maximum response, are fs,38 (BC: three half
sine waves per span), fs,47 (W1: four half sine waves per span), fs,37 (BF1: three half sine
waves per span), fs,42 (TF1: four half sine waves per span), fs,30 (C1: two half sine waves per
span) and fs,51 (C2: five half sine waves per span). Although the activated mode numbers
may be similar, the shapes of mode may not be the same for the same mode number between
models, as the geometry changes cause shifting frequencies and additional mode shapes. Also,
multiple similar modes may be found at different frequencies, but have variations of the same
shape, leading to it being more likely that the resonant loading frequency (fvi), will match a
bridge mode. This is a feature of the shell models, not replicated in the beam element models,
which will tend to have one frequency for each mode shape. This effect adds to the complexity
of the response of the shell element models, being a better representation of reality.

Comparison of the maximum accelerations against the span mass is shown in Figure 6.26.
This uses mass normalised against the benchmark case. This shows that there is generally a
relatively steady increase in the accelerations for reductions in the mass, as expected. However,
the TF1 case, with reductions to the top flange thickness, leads to much higher accelerations
than the C1 case, despite similar masses. This shows the importance of the local slab flexibility
in the determination of the accelerations.
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Figure 6.24: Maximum vertical accel-
eration (from the full length of the
bridge) against velocity for the Kyung-
bu viaducts under different parametric
cases
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tions in the Full model for the Kyung-bu
bridge parametric analysis
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Figure 6.26: Maximum vertical acceleration found at any point along the bridge centreline
for any velocity below 100m/s, compared against the bridge mass normalised to benchmark
case, for each parametric case of the Kyung-bu Viaduct

6.1.4.2 Bridge Displacements

Study of the displacements of the bridge in the bottom flange (Figure 6.27), shows that the
displacements are relatively consistent both vertically and laterally between models. The
DAF also decreases generally as the mass decreases for the lateral displacements, although it
was originally very high due to the low magnitude of both the static and dynamic deflections.
Considering the top flange deflections (Figure 6.28), the displacements are slightly higher than
the bottom flange, both laterally and vertically, due to the local deformations caused by the
flexibility of the slab. However, the maximum displacement between parametric models does
not appear to be affected by the maximum accelerations found in TF1 and C2 cases, as the
displacements are relatively consistent between models. For the deflections in both locations,
the Simple model mostly provides slightly higher deflections, but in general similar to the Full
model, allowing the Simple model to determine the bridge deflections.

6.1.4.3 Bridge Stress Variation

The bridge stress variation due to vehicular load, is studied at midspan of the first span,
both in the bottom flange and the top flange. Firstly, the longitudinal normal stress variation
(S11) in the bottom flange, where tensile stresses would be most critical, is shown in Figure
6.29. Here, it can be seen that the stress variation does increase slightly for the reduction
in mass associated with the parametric cases, but the magnitude of this stress variation is
relatively similar. The DAF is also shown to be quite constant. Interestingly, the Simple
model generates bigger stress variation than the Full model, agreeing with the slightly larger
vertical displacements of this model seen in Figure 6.27.



CHAPTER 6. PARAMETRIC ANALYSIS OF ALTERNATIVE BRIDGE CROSS SECTIONS 252

Figure 6.27: Variation of the actual and
DAF of displacements in the bottom
flange at midspan of the first span of the
Kyung-bu Viaduct (DAF is shown using
a logarithmic vertical scale)

Figure 6.28: Variation of the actual and
DAF of displacements in the centre of
the slab at midspan of the first span of
the Kyung-bu Viaduct (DAF is shown
using a logarithmic vertical scale)

Study of the S11 stress variation in the top flange (Figure 6.30), shows the maximum stress
stays relatively constant for the Full model between the studied parametric cases, although it
does increase slightly with the reduced mass of these cases in the Simple model. The stress
variation here is smaller and less critical than the bottom flange, as the vertical loading will
tend to result in this part of the bridge sustaining compressive stresses. For all but the C2
case, the Full model leads to much larger stress variation than the Simple model, contradicting
the displacement at this location which suggests the Simple model may have similar or larger
stresses.

In the top flange, the S22 stress variation is larger than the S11 stress, as found in the
benchmark case. In the slab, this corresponds to the stress variation in the lateral direction
and is shown in Figure 6.31. It is larger for all parameters tested, and this is a result of the
transverse bending of the slab, due to it only having two support points (the webs). In this
case, the Full model generates larger stress variations than the Simple model for all but the
C2 case. The high frequency modes activated by the Full model is the cause, considerably
affecting the transverse top flange behaviour, inducing larger vibrations. These modes often
have large contributions from the flanges and the slabs, hence activation of these modes leads
to the high transverse bending and therefore high S22 stress variation. Despite the large
values, the stress variation level remains similar between parametric cases and hence are not
of particular concern.
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Figure 6.29: Variation of the actual and
DAF of normal stress variation due to
traffic load in the longitudinal direction
(S11) in the bottom flange at midspan of
the first span of the Kyung-bu Viaduct

Figure 6.30: Variation of the actual and
DAF of normal stress variation due to
traffic load in the longitudinal direction
(S11) at the centre of the slab at midspan
of the of the first span of the Kyung-bu
Viaduct

Figure 6.31: Variation of the actual and
DAF of normal stresses due to vehicle
load, in the lateral direction (S22) in the
middle of the top flange at midspan of
the Kyung-bu Viaduct
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BC C1
Concrete Strength [MPa] 40 71
Precast element Mass [×103 kg] 587 544
Non-Structural mass [×103 kg] 196 196
Total mass of span [×103 kg] 783 740

Table 6.6: Construction properties per span of the Kyung-bu viaducts

6.1.4.4 Vehicle Accelerations

The maximum vehicle accelerations at the centre of mass of any carriage and any velocity
are recorded for each parameter, as displayed in Figure 6.32. Here, it shows the lateral
accelerations are higher than the vertical, with the lateral acceleration peaking under the TF1
and C2 cases. The vertical accelerations of the vehicle are relatively consistent, and both
accelerations are low and insignificant to the design as a result. They are also well below the
0.5m/s2 maximum vehicle accelerations prescribed by this project.

6.1.4.5 Construction Details

Through consideration of the parametric analysis the construction characteristics of the first
combined case (C1) is compared to the benchmark case of the Kyung-bu bridge in Table
6.6. The characteristics of the second combined case (C2) is not expressed here, due to
acceleration of the bridge associated with this model exceeding prescribed limits. The precast
mass is reduced by 7.3 % per span, which could lead to smaller capacity transportation and
lifting equipment being required. The total permanent mass is reduced by 5.5 %, which will
influence the total load in the piers and hence allow them to be reduced in size. These are
both considerable savings in terms of actual weight, even if the percentage is relatively small.
This weight saving is achieved by a concrete strength increase of 77.5 % to counterbalance the
reduction in the geometry.

6.1.4.6 Conclusions to the Kyung-bu Viaducts Parametric Analysis

Study of the parametric analysis has led to a suitable alternative section (C1), with a reduction
in the precast mass of 7.3% for a concrete strength increase of 78%. Bridge accelerations for
this case were below the limit allowed. In addition, the vehicle accelerations were also relatively
consistent with those found in the benchmark case, and below the allowable level. For these
cases, the bridge displacements and stress variations are relatively similar, and hence not of
concern. In the cases where the top flange thickness are reduced (TF1 and C2), although the
vehicle accelerations, stress variation and displacements are acceptable, the reduced stiffness
of the slab leads to large unacceptable increases to the vertical bridge accelerations.
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6.2 Piacenza Viaduct

There are two Piacenza viaducts found in Italy on the Milano-Bologna high speed line in the
River Po region. One of the cross section solutions of these HSR viaducts is a double celled
box girder (also known as a twin-box girder or triple webbed box girder). The whole section
is precast and transported to location from the manufacturing plant by a gantry carrier. The
section has a higher shear capacity than the Kyung-bu viaduct due to the introduction of
this central web. Alternatively, similar cross sections have been achieved through precasting
of two ’U’ beams with one vertical side, allowing the beams to be adjacently located to each
other and tied transversely with prestressing bars to keep the webs together, with a slab cast
in-situ on top (Montaner Fraguet et al., 2014; Llombart Jaques et al., 2014a). The solution of
the whole cross section being precast was studied due to the availability and completeness of
the design drawings found in Miotti et al. (2003) and T.A.V. SpA (2006).

This bridge studied is a simply supported single span, with length 30.4m. The cross section
includes chamfers to corners, included to aid the release of formwork in the manufacturing
process. In addition, the bottom flange is thickened over the 1.6m from each support region,
from the standard thickness of 0.3m to 0.6m. This enables anchoring of the prestress in the
bottom flange and hence this thickness is maintained in parametric analysis.

6.2.1 Initial Design

The cross section in the support region is found in Figure 6.33, with the shape in the rest of
the span indicated by a dashed line. This figure also shows the prestress arrangement at this
location. The tendons are parabolic which can be seen in Figure 6.34. The bridge contains
24 tendons of two different types. In each web there are five, 19 strand tendons, carrying an
initial prestress force assumed to be 3850 kN (based on 78% characteristic breaking load).
In the bottom flange the remaining nine, 12 strand tendons are found. Likewise, the same
stress is assumed, leading to an initial prestress force of 2433 kN per tendon. This prestress
is introduced through post-tensioning. The prestress details and other selected properties of
the bridge are shown in Table 6.8.

The viaduct is shown to have three bearings per support region. As this is a simply supported
viaduct the horizontal load is transferred into the piers from each span. The articulation of
the bridge is shown in Figure 6.35. The available motion of each bearing is assumed, as this
is not specified by Miotti et al. (2003) and T.A.V. SpA (2006). The initial cross sectional
properties of the bridge are shown in Table 6.7, including the sectional area (Ac), position of
centroid from the base of the section (z̄), and the second moments of area about the centroid
in the y (Iyy) and z (Izz) directions. The moment resistance (Mrd) is similar to that of the
Kyung-bu viaduct, but the additional web has contributed to a significant increase in the
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web prestress
19 strand tendons
σ0 = 12873 MPa
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Figure 6.33: Cross section of the Piacenza viaduct, dimensions in m

30.4

3.11

z

x

Figure 6.34: Longitudinal profile of the Piacenza viaduct, dimensions in m

uncracked shear resistance (Vrd) of the bridge. The bridge is modelled in this work with a
slab track and hence will have a limit to the accelerations of 5m/s2.

6.2.2 Modelling of Piacenza viaduct

The modelling of this bridge follows the same process as in Section 6.1.2. However, the change
in the cross section requires a different thicknesses of the shells to model the section accurately.
This new shell thickness assignment is shown in Figure 6.36. This process was more difficult
than for the double U-beam and Kyung-bu box girder. This was due to the curved outer edges
and the additional central web creating more intersections between shells, which leads to more
shell overlap. Therefore, larger adjustments were required to the position of intersection and
thicknesses such that the area, centroid and second moments of area of the shell element cross
section matches the real cross sectional properties.

14

30.4

y

x

Figure 6.35: Articulation of the Piacenza viaduct. Arrows indicate unrestricted motion of the
bearing, dimensions in m
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Mrd [MNm] 135.2 Iyy [m4] 10.28 Ac [m2] 11.63
Vrd [MN] 12.03 Izz [m4] 151.3 z̄ [m] 1.574

Table 6.7: Cross sectional properties of the bridge at midspan

Span length, L 30.4 m
Concrete strength, fck 35 MPa
Prestressing steel strength, fpk 1860 MPa

Initial prestressing force Webs 3850 kN
Bottom Flange 2433 kN

Prestress Area Webs 2660 mm2

Bottom Flange 1680 mm2

Distance between track centrelines 5 m
Vehicle operating velocity 300 km/h
Span to Depth Ratio 9.77

Table 6.8: Selected data for Piacenza viaducts

Cross Section

Shell Thickness

Shell Centreline

Figure 6.36: Shell thickness assignment of the Piacenza viaduct
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Number of
Elements

Element Size [m] Stress Displacement Fundamental Frequency
X YZ Plane [MPa] % [mm] % [Hz] %

1756 1/0.6 1 -2.13 3.49 -12.87 0.2 4.849 0.1
1791 0.6 1 -2.13 3.51 -12.87 0.2 4.849 0.1
2346 0.6 0.6 -2.16 2.11 -12.85 0.0 4.8516 0.0
86032 0.1 0.1 -2.20 - -12.85 - 4.8532 -

Table 6.9: Mesh sensitivity of the Piacenza viaduct models. Prescribed element size is shown
in the cross sectional plane (YZ Plane) and longitudinal direction (X)

(a) fs,1 = 4.85 Hz (b) fs,5 = 15.3 Hz (c) fs,10 = 26.8 Hz

Figure 6.37: Modal shapes of first three sinusoidal bending modes of the Piacenza viaduct

Study of the mesh sensitivity is shown in Table 6.9. The mesh with 2346 elements was chosen,
as it was more accurate than the coarser meshes, but the number of elements was not so large
that the computational demand created models that were inefficient to run. The frequencies
of the first three sinusoidal bending modes are shown in Figure 6.37. The bending mode
with three half sine waves per span (fs,10) is below 30Hz, which indicates that the low pass
frequency filter for the accelerations should stay at 30 Hz, following the requirements of BS
EN 1991-2:2003 (2010), as outlined in Section 3.1.3. The addition of the web is shown to
visibly reduce the flexibility of the top flange in the modal shapes, with the deformations of
the top flange, web and bottom flanges all consistent and moving together, contrasting the
independent flexibility shown by the top flange in the box girder of the Kyung-bu viaduct.

6.2.3 Benchmark Case Analysis

This section analyses in detail the original bridge. This allows identification of locations where
parametric study should be focused, stopping unnecessary data from being collected in regions
that the benchmark case identify as not of a concern, or of an interest.

6.2.3.1 Vertical Bridge Accelerations

Study of the bridge accelerations in the top flange of the bridge is shown in a contour plot in
Figure 6.38, to identify the regions where accelerations are largest. This was modelled at the
velocity of 66m/s, which corresponds to the largest peak in acceleration, for the Simple model,
when the maximum acceleration across the bridge is modelled against the vehicle velocity in
Figure 6.39. From the contour plot, the largest accelerations appear to be on the outer edges of
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Figure 6.38: Contour plot of the maxi-
mum filtered vertical bridge acceleration
from the Simple model for the velocity
of 66m/s for the Piacenza viaduct
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Figure 6.39: Variation of the maximum
acceleration at any point on the bridge
for each velocity in the benchmark case
of the Piacenza viaduct

the top flange, however these regions are not of concern due to their distance from the tracks.
Within the central proportion of the top slab, the highest accelerations are found around one
sixth of the length of the bridge (around 5 m). The accelerations along the y = 0 m line is
slightly lower than the surrounding areas due to the web here restricting the slab movement.
Interestingly, study of the variation of the maximum accelerations with velocity in Figure 6.39,
shows a much higher peak for the Simple model than the Full model, contradicting results of
previous bridges.

To start to understand why the Simple model introduces larger accelerations than the Full
model in this case, the maximum accelerations are plotted along the length of the bridge,
for the velocity of 66 m/s (Figure 6.40) and 87 m/s (Figure 6.41), which are the velocities
generating the largest response for the Simple and Full models respectively. For the velocity
of 66m/s the Full and Simple models vary along the length of the bridge with similar shaped
peaks in the acceleration, indicating a mode of three half sine waves per span, although the
Simple model activates the mode with a greater amplitude. For the velocity of 87m/s, the Full
model also indicates a mode with three half sine waves being activated, and the Simple model
shows a small amount of contribution from this mode, with three small peaks in acceleration.

Study of the frequency components of the maximum accelerations at 66 m/s (Figure 6.42),
indicates that the majority of the response for both the Simple and Full models comes from
the combination of the tenth loading frequency (fv10) and the tenth bridge frequency (fs,10),
which, as seen in Figure 6.37, is the mode with three half sine waves per span. Like in previous
models, the inclusion of the vehicle mass in the calculation of the bridge frequencies (fb,i),
lowers the frequencies of the modes, but the peaks of the Simple and Full models occur at
the same frequencies, indicating that the vehicular mass does not affect the frequency of the
bridge response. Unlike most previous models, the peak acceleration component is not linked
with the fv7 loading frequency. Due to the low speed where this resonance occurs, the fv10
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Figure 6.40: Variation of the maximum
acceleration along the length of the Pia-
cenza viaduct, for the velocity of 66m/s.
Full refers to the full vehicle-track model
with irregularities, whereas NI is the full
vehicle track model, but without irregu-
larities
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Figure 6.41: Variation of the maximum
acceleration along the bridge centreline
of the Piacenza viaduct, for the velocity
of 87m/s
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Figure 6.42: Frequency component of the Piacenza viaduct vertical accelerations at a velocity
of 66m/s

loading frequency is below the 30 Hz low pass filter. In the previous bridges studied, resonant
problems tended to be at higher speeds, and hence this frequency associated with the axle
spacing and velocity is above the filter. As can be seen in Figure 6.43a, this resonant loading
frequency has the largest amplitude, considering the frequency components of the force-time
history, at a single fixed point on the rail for the moving point loads. This suggests that it
should induce a larger acceleration response when matching with a bridge frequency, than
other resonant loading frequencies matching with the bridge modal frequencies. However,
unlike in other cases where the Full model has the larger response, the Simple model response
is larger and this is not explained solely by the large contribution of this resonant loading
frequency.

When considering the Full model, the wheel forces are not constant as is assumed in Figure
6.43a, but rather they vary due to the irregularities in the rail. Hence, consideration of the
force-time history experienced by different fixed points on the rail for the vehicle to travel
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Figure 6.43: Frequency decomposition of the force-time history of a fixed point, as the vehicle
or moving point loads crosses the point at the velocity of 66 m/s, with these plots showing
the intensity of the force for each resonant frequency based on the axle spacings
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Figure 6.44: Variation of the force of one
wheel as it moves along the track and
bridge, split into the frequency domain,
for a velocity of 66m/s. Also showing the
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tween the Simple models at the maxi-
mum acceleration along the length of the
bridge. It compares the accelerations for
models with and without a diaphragm
over the support sections
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across, is split into the frequency domain for each point and shown in Figure 6.43b. This
shows the resonant loading speeds of the Full vehicle model in the red shaded surfaces, with
the equivalent loading speeds of a constant magnitude force shown in black (which is identical
to Figure 6.43a). This indicates that the contribution of the fv10 frequency due to the spacing
of the wheel forces at a fixed point, is very similar between the Full and Simple models.
Due to the force variation, there are some small, but insignificant, deviations of frequency
contributions representing the Full model (red) from the Simple model (black), purely due
to changes in the wheel-rail force. The similar contribution at this mode indicates that the
acceleration response should be similar between the Simple and Full model for this frequency,
however it is seen that the Simple model leads to a larger response.

It was previously found that the frequency content of the wheel forces, which for a velocity
of 100m/s leads to variation of the force for frequencies between 4 and 33 Hz (Figure 4.37 of
Section 4.3.3), contributed to the amplification of the resonant modes. Here, the resonance
occurs at 66m/s, which corresponds to the frequency range of the wheel forces being between
about 2.5 and 22 Hz. This is shown in Figure 6.44, where the force-time history of one wheel
(as opposed to a fixed point on the rail where the wheel crosses as in Figure 6.43), is analysed
in the frequency domain, and compared to variation of the other wheels (shaded region). The
figure clearly shows large components of force variation is common for frequencies less than
22 Hz. This results in a smaller range of frequency content for the forces, and this 22 Hz is
lower than the 26.5 Hz peak in contribution to the accelerations (Figure 6.42). This leads
to the lack of amplification of this mode by the Full model in comparison with the Simple
model. This is confirmed by the similar response of the model of the vehicle-track-bridge but
with no irregularities (NI ) in Figure 6.40, which shared a near identical response with the
Full model, despite it having previously been shown (Section 4.3.3) that the force variations
in the NI model are very small and the response is normally very similar to the Simple model.
However, it does not explain the reason why the response is much lower in the Full model.

The reason behind the larger contribution of the Simple model in comparison with the Full
model is found to be the track structure. The track is only used in the Full model, and it
leads to a distribution of the load across the rail and adds a small amount of stiffness to the
end of the slab. In the previous bridges studied, the presence of the diaphragm at the support
sections means that this additional stiffness is negligible. However, in this bridge design, the
end of the slabs over the support regions is not supported by diaphragms, such that in the
Full model the stiffness of the track is not negligible. In addition, spreading of the load by the
track in the Full model, leads to a more gradual increase in the force at the end span, whereas
in the Simple model this increase is more sudden. This is not normally a problem as the load
would be transferred straight into the bearings by the diaphragms, but the lack of these means
the removal of the load spreading has a greater impact. This indicates the reasoning behind
the smaller contribution of the fs,10 bridge modes in the Full model in comparison with the
Simple model. The introduction of diaphragms, each 1.6 m thick over the support sections,
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Figure 6.46: Variation of the displacements due to vehicle loading, taken from midspan for
different velocities for the Piacenza viaduct

was tested for the Simple model and shown in Figure 6.45. This shows the impact on including
the diaphragms, as the peak in acceleration at 66m/s is removed and the accelerations for all
velocities are found to be lower.

As a result of this analysis it is clear that the Simple model produces larger accelerations.
It is probable that the Full model provides more realistic accelerations, which are lower due
to the stiffness and load spreading of the track structure, as well as more accurate due to
the inclusion of irregularities, vehicle and wheel-rail interaction, which leads to more accurate
representation of the wheel forces. The parametric analysis on this bridge will be performed
without a diaphragm, as per the original bridge design, however the addition of the diaphragms
have been shown to be important in the reduction of the accelerations, and it would be
recommended for similar designs. In addition, the beam model in this bridge does not provide
anywhere near the accelerations that the Simple or Full model do, due to the large sectional
deformation and vibrations involving modes with a significant sectional deformation. Hence,
it will not be compared in the parametric analysis.

6.2.3.2 Bridge Displacement

Considering the bridge displacement at midspan, it is found to vary with velocity as according
to Figure 6.46. For the lateral displacements, there are some differences between the Simple
and Full models. These lateral displacements due to vehicle load are relatively small, how-
ever there is significant difference between velocities due to resonant speeds. Considering the
vertical displacements due to vehicle load, their magnitudes are larger than the lateral dis-
placements. The Full and Simple models also have greater similarity. There does not appear
to be a distinct peak, certainly not for a velocity corresponding to the peak vertical accelera-
tions. This could be due to local top flange deformations influencing the bridge accelerations
but not the displacement.
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Figure 6.47: Variation of the displacements due to vehicle loading, along the length of the
bridge for a vehicle velocity of 88m/s for the Piacenza viaduct

Due to the peak in the lateral and vertical displacements close to or at 80m/s, the maximum
displacements along the length of the bridge at this velocity are compared in Figure 6.47.
Here, it can be seen that the lateral displacements are consistent along the length of the
bridge, suggesting that the lateral displacement comes from distortion of the deck. This
distortion would be significantly reduced by introducing diaphragms. Considering the vertical
displacements the maximum as expected is found at midspan, with the Simple and Full models
offering similar results.

Overall, the displacements due to load, both vertically and laterally, are similar or a bit larger
than those of the Kyung-bu bridge. This could be due to the lack of diaphragms allowing
greater distortion, despite the greater stiffness of this Piacenza bridge. The magnitude of
the Simple model appears satisfactory to represent the Full model, especially for the vertical
displacements, as the results between them are similar.

6.2.3.3 Bridge Stress Variation

Consideration of the longitudinal normal stress variation (S11) due to vehicle load, in the
bottom flange is made at midspan, where it is found to be largest, in Figure 6.48. As expected
this shows a very similar pattern to the vertical displacement at midspan with velocity in
Figure 6.46a, as the S11 stress variation is linked to the vertical bending of the bridge. This
also shows relatively good correlation between Simple and Full models.

When considering the normal stress variation under vehicle load in the lateral direction (S22),
in the top flange of the bridge, as seen in Figure 6.49, it can be seen that the stress varies
greatly with velocity. The Simple model displays much greater stress variation than the Full
model for all velocities, whereas the Full model is smaller stress and more constant. The stress
variation here is mainly caused by transverse bending, which for the Simple model, the lack
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Figure 6.49: Variation due to vehicle
loading of the top flange lateral normal
stress (S22) in the Piacenza viaduct at
midspan with velocity

of a track structure that distributes the loads, leads to larger stresses than in the Full model.

6.2.3.4 Conclusions to the Benchmark Case of the Piacenza Viaduct

It has been identified in the benchmark case that the accelerations are most critical under the
Simple model loading at a velocity close to 66m/s. The accelerations can be made lower by
the easy introduction of diaphragms. The presence of a track structure in the Full model,
increases the spreading of the load across the bridge, whilst also slightly increasing the stiffness
of the top flange (due to rail continuity), which has the effect of reducing the accelerations in
comparison with the Simple model. In terms of stress variation, the longitudinal normal value
(S11) in the bottom flange varies very similarly to the vertical deflection with no significant
difference between loading models. However, the influence of the transverse bending in the
top flange leads to significantly higher S22 stress variations for the Simple model compared
to the Full model. In terms of displacements, vertically it is highest at midspan, whereas
laterally it is constant along the length. Variation between the models is larger in the lateral
direction as previously seen, however this variation is small. As a result, in this bridge the
most critical components are described by the Simple model, as it either matches or exceeds
the deflections, accelerations and stresses of the Full model. However, the Full model may be
more realistic of the bridge response due to the influence of the track in this model.

6.2.4 Parametric Analysis

For the parametric study of the Piacenza viaduct the same parametric percentage changes
are modelled as for the Double U-beam and Kyung-bu viaducts for the web and the bottom
flange, and the same top flange thickness changes made as in the Kyung-bu viaduct. This



CHAPTER 6. PARAMETRIC ANALYSIS OF ALTERNATIVE BRIDGE CROSS SECTIONS 266

bottom flange thickness

web thickness

top flange thickness
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Figure 6.51: Variation of properties from
parametric analysis, normalised with re-
spect to the benchmark case model for
the Piacenza viaduct

Model
Web

thickness
[%]

Bottom
flange

thickness
[%]

Top
flange

thickness
[%]

Concrete
Strength

[%]

BC 100 100 100 100
W1 66 100 100 122
BF1 100 75 100 134
TF1 100 100 75 125
C1 66 75 100 174
C2 66 75 75 211

Table 6.10: Geometrical properties of
the parametric cases of the Piacenza
viaduct with respect to the original val-
ues of the benchmark case

allows comparison between the models after the introduction of the central (or third) web to
turn this bridge into a dual celled box girder. The parameters changed are shown in Figure
6.50, with each parameter as defined by Table 6.10. It is notable that a larger increase in the
concrete strength is required for the changes in web and top flange thickness, to maintain the
structural properties, than was required for the Kyung-bu viaducts. This is as the concrete
strength initially is smaller, and although the geometry altered by the same proportions,
the top flange and webs of this model are thicker, so more material is removed under the
parametric analysis.

The variation of the concrete strength required to maintain the structural properties is shown
in Figure 6.51. Here, it can be seen the capacity of the moment resistance (Mrd) and the second
moment of area (EIyy) are maintained or increased from the benchmark case at the midspan.
The shear resistance (Vrd) is not necessarily maintained at midspan, however the reducing mass
of the section will lead to a reduced shear demand. The resulting changes to the geometry
and the mass of the bridge lead to changes to the frequency of the bridge modes containing
one, two and three half sine waves per span as seen in Figure 6.52. For the fundamental mode
in particular, the frequencies increase as the mass is reduced, as expected. For the two and
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Figure 6.52: Variation of the frequencies of the modes displaying one, two and three half sine
waves per span for the Piacenza viaduct. In the case of multiple modes displaying the shape,
the mode with the lowest frequency of that shape is used

three half sine wave modes, the frequency generally increases with mass reduction, but due
to sectional deformations affecting the mode shapes, some cases (for example C2 in the third
bending mode), show a decrease of the frequency from the benchmark case. This is due to
the complexity of the mode shapes with local deformations that are affected by the changing
geometry.

6.2.4.1 Vertical Bridge Accelerations

Study of the accelerations, as shown by Figure 6.53a, immediately shows that most of the
parametric cases exceed the accelerations allowed for the Simple model, but not for the Full
model. This is unusual compared to the other bridges, as normally it is the Full model that
exceeds the limits. The only viable change based on both models is the reduction to the bottom
flange thickness, which shows similar accelerations to the benchmark case. However, as the
Full model is assumed a more accurate model, a case can be made that all parametric cases
satisfy the acceleration requirements. Considering the Simple model and parametric cases
incorporating top flange changes, the accelerations are much higher than the limit, which
can be put down to increased transverse flexibility. This reaction to the top flange thickness
changes is similar to the higher response experienced by the Kyung-bu model under parametric
analysis, despite the additional web reducing the flexibility of the top flange. Comparison with
the accelerations at midspan (Figure 6.53b), shows that the maximum accelerations are not
happening at midspan, particularly for the Simple model. This reflects well with the contour
plot of the benchmark analysis, which showed a maximum for the Simple model in the first
5m of the span.

Considering the maximum response across the length of the bridge for the six parametric
cases and how this acceleration changes with velocity is shown in Figure 6.54. It is clear
from this figure that a similar mode is being activated to generate a maximum response at a
velocity between 65 and 70 m/s. However, in the case of the BF1 this response is reduced.
A second peak in the accelerations, with similar responses from both the Simple and Full
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(a) Variation of maximum accelerations for
the maximum magnitude in the span length

(b) Variation of maximum accelerations at
midspan

Figure 6.53: Comparison of maximum vertical accelerations across all velocities for the Pia-
cenza viaducts under parametric analysis

models occurs at a velocity between 90 and 100 m/s, which can be attributed to the fs,10

mode being activated by the fv7 mode. This is the loading frequency that in previous bridges,
led to increased responses by the Full model in comparison to the Simple model, when this
frequency matched a bridge mode.

Consideration of the frequency components of the maximum acceleration response by the
Simple model is shown in Figure 6.55. Here, it is seen that the contribution is consistently
occurring under the convergence of the tenth loading frequency (fv10) and the mode associated
with three half sine waves per span which is fs,10 in all cases except TF1 (where it is fs,16). The
location of the maximum tends to be at similar locations close to the end span in both cases.
The contributions of this mode directly link to the magnitude of the maximum acceleration.

Comparison of the maximum accelerations against the span mass is shown in Figure 6.56,
again using mass normalised against the benchmark case. This shows that there is generally a
relatively steady increase in the accelerations for reductions in the mass, as expected especially
for the Full model. In this model it can be seen that the TF1 case, does not lead to a large
acceleration increase, which shows the effect of the additional stiffness as provided by the
central web in this bridge in comparison with the Kyung-bu Viaducts.

6.2.4.2 Bridge Displacements

The variation of bridge displacements at midspan in the top slab, for different parametric
cases is shown in Figure 6.57. From this figure both the lateral and vertical displacements
stay relatively constant between the cases. In addition, good correlation is found between
the Simple and Full models. The main difference found between cases is the DAF for the



CHAPTER 6. PARAMETRIC ANALYSIS OF ALTERNATIVE BRIDGE CROSS SECTIONS 269

2

4

6 Parameter:BC

2

4

6 Parameter:W1

2

4

6 Parameter:BF1

2

4

6 Parameter:TF1

2

4

6 Parameter:C1

50 60 70 80 90 100
Vehicle velocity [m/s]

2

4

6 Parameter:C2

A
cc

el
er

at
io

n
[m
/s

2
]

Full Simple

Figure 6.54: Variation of the maximum
vertical acceleration along the length of
the bridge with velocity for the Piacenza
viaducts for different parametric cases
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Figure 6.56: Maximum vertical acceleration found at any point along the bridge centreline
for any velocity below 100m/s, compared against the bridge mass normalised to benchmark
case, for each parametric case of the Piacenza Viaduct

lateral deflections. However, this is particularly sensitive to small changes in displacement
due to the small initial value of the static displacement. Overall, it can be determined that
the displacements are not a concern during parametric analysis and that the Simple and Full
models give good correlation.

6.2.4.3 Bridge Stress Variation

Considering the longitudinal normal stress variation in the bottom flange (Figure 6.58), it can
be seen that the DAF and the actual stress variation follow very similar patterns. It can be
seen that both models generally increase in stress variation with changes to the parameters,
with the C1 and C2 cases that have the largest material savings, showing the larger stress
variations. However, the increase is small and therefore not of concern due to the slightly
increased bridge flexural capacity and lower bridge mass (Figure 6.51), such that the flexural
demand should not exceed the capacity.

Considering the lateral normal stress variation (S22) from vehicular load, in the top flange
(Figure 6.59), the stress variation is relatively constant between parametric cases, except for
the Simple model in the cases where the top flange thickness is altered (TF1 and C2). In
these cases the change in the thickness leads to a large increase in stress variation due to the
increased transverse flexibility. In these cases the accelerations are higher as well, due to the
greater activation of the higher modes. This leads to considerably higher stresses. However,
in the more realistic Full model this increase is minimal and therefore it is acceptable.
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Figure 6.57: Variation of the actual and
DAF of displacements in the centre of
the slab at midspan of the first span of
the Piacenza Viaduct (DAF is shown us-
ing a logarithmic vertical scale)

Figure 6.58: Actual and DAF of normal
stress variation due to vehicle load, in
the longitudinal direction (S11), in the
bottom flange at midspan of the first
span of the Piacenza Viaduct

Figure 6.59: Actual and DAF of normal
stress variation due to vehicle load in the
lateral direction (S22) in the middle of
the top flange at midspan of the Piacenza
Viaduct
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BC C1 C2
Concrete Strength 35 61 74
Precast element Mass [×103 kg] 862 750 680
Non-Structural mass [×103 kg] 198 198 198
Total mass of span [×103 kg] 1060 948 878

Table 6.11: Construction details of selected parametric cases of the Piacenza viaducts

6.2.4.4 Vehicle Accelerations

The comparison of vehicle accelerations both laterally and vertically is seen in Figure 6.60.
In this figure it can be seen that the accelerations are relatively level, with higher vertical
than lateral accelerations. The accelerations are far below levels of comfort and therefore are
acceptable.

6.2.4.5 Construction Details

As can be seen from Table 6.11, the mass of this bridge is very high, both in terms of total
permanent mass and precast mass. This means the reduction in mass is significant. The mass
of the precast bridge can be reduced by 13% for C1 and 21% for C2 cases, with concrete
strength increases of 75 and 111% respectively. This is a very significant amount and could
lead to smaller capacity plant and site lifting elements being required. The total span weight
is also reduced which will lead to reduced capacity being required in the foundations and piers.
This bridge precast weight could be further reduced by splitting the beam into a slab, and
two precast beams that are connected by transverse prestress bars.

6.2.4.6 Conclusions to the Piacenza Viaduct Parametric Analysis

From the parametric analysis it can be seen that all cases are viable when considering the
more realistic Full vehicle-track-bridge model with irregularities. This can lead to reductions
to the precast mass of 21% for an increase in concrete strength from 35 to 74 MPa. However,
the parametric analysis also showed the drawbacks of using the Simple model leading to over
design, as under this model, only savings to the bottom flange would have been practical of
the cases studied, due to the large peak in accelerations (and S22 stress variation for top flange
model cases) of the Simple model.
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6.3 Modena Viaducts

The Modena viaducts, located on the Milan to Naples high speed rail line in Italy, are signif-
icantly different from the box girders studied. They have a cross sectional profile of a trough
shape (also known as an ‘Omega’ profile). In these bridge types, the vehicle runs in the trough
of the bridge, which lowers the running height of the vehicle, increasing aesthetic appeal and
reducing noise pollution without the need for a noise barrier. A similar profile has been used
in Belgium (Staquet et al., 2004). However, this type of cross section has been rarely used, as
due to a lack of transverse stiffness, more advanced studies are required to verify the struc-
ture works. For example, the work by Macchi and Macchi (2003, 2010), studied this bridge
for second order effects, to come up with the chosen cross section. Although these second
order effects are not explained, by maintaining the sectional properties with an increase in
concrete strength with geometry changes in the parametric analysis, the possibilities of using
this section can be tested.

This bridge type utilises only one track per cross section, which in the Modena viaducts leads
to multiple bridges placed next to each other to add further tracks. The bridges are simply
supported and prestressed with parabolic tendons in the webs and straight tendons in the
bottom flange. This bridge was chosen to be studied, despite the significant difference from
the box girders, because it is similar to isolating the U-beam in the dual U-beam bridge, as it
is composed of two webs and a bottom flange.

6.3.1 Initial Design

The cross section of the Modena viaduct is shown in Figure 6.61. It can be seen that there is an
architectural fluting feature on the external surface, which was designed to mimic the Greek
‘Doric column’ style. This was introduced as it intended to aid the aesthetics by creating
shadows that help reduce the appearance of the bridge depth (Macchi and Macchi, 2010). As
a result, this feature will not be altered as part of the parametric design as it is a key feature
of the bridge. The prestress is introduced via tendons of 12 strands. Four of these tendons
follow a parabolic profile within each web, and the remaining 12 tendons are found in the
bottom flange. This is shown in Figure 6.62. The initial prestressing load is assumed to be
78% of the characteristic breaking load. Further details are shown in Table 6.12.

The bridge is supported on two bearings at each support section, which are found on ‘feet’
to the cross-section. These feet are only found in the 2.1 m from each end of the span. The
Modena viaducts are modelled here as slab track, so hence limiting vertical bridge accelerations
to 5 m/s2. The thick elements of the cross section helps to contribute to properties in Table
6.13, which are comparable to the other cross sections studied in this chapter, despite being
only supporting one track. Of the properties in this table, Mrd is the moment resistance, Vrd
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Figure 6.62: Longitudinal profile of the Modena viaduct, dimensions in m

Span length, L 31.5 m
Concrete strength, fck 35 MPa
Prestressing steel strength, fpk 1860 MPa
Initial prestressing force 2430 kN
Prestress Area 1680 mm2

Vehicle operating velocity 300 km/h
Span to Depth ratio 8.75

Table 6.12: Selected data for Modena viaducts
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Figure 6.63: Articulation of the Modena viaduct. Arrows indicate unrestricted motion of the
bearing, dimensions in m

Mrd [MNm] 119.0 Iyy [m4] 8.567 Ac [m2] 8.720
Vrd [MN] 27.59 Izz [m4] 83.89 z̄ [m] 1.116

Table 6.13: Cross sectional properties of the Modena viaduct

the shear resistance, Iyy the second moment of area about the y axis centred around the centre
of mass (with Izz the same about the z axis), Ac the area of the precast concrete section, and
z̄ the distance from the bottom to the centroid.

6.3.2 Modelling of the Modena Viaducts

The bridge is modelled using the same methods as previously stated in this chapter. The
estimation of the thicknesses of the shells was again difficult, due to the complex geometry of
the cross section. The resulting shell position and thickness is shown in Figure 6.64, which gives
representative structural properties of the real section. The centreline of the shell representing
the webs is offset from the centre where there is an indent to the cross-section, as seen in Figure
6.64. This enables continuity of the shell elements, whilst still matching the profile properties.

Study of the mesh size is shown in Table 6.14. The model of 1084 elements was determined
to be of sufficient accuracy, due to low variation from the fine mesh of the studied variables.
The first instance of the bending modes with sinusiodal shape, up to three half sine waves are

Cross Section

Shell Thickness

Shell Centreline

Figure 6.64: Shell location and thickness assignment of the Modena viaducts
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Number of
Elements

Element Size [m] Stress Displacement Fundamental Frequency
X YZ Plane [MPa] % [mm] % [Hz] %

958 1/0.6 1 1.14 2.9 -11.8 1.0 5.097 0.7
1084 0.6 0.6 1.13 1.4 -11.9 0.7 5.088 0.5
4522 0.3 0.3 1.10 0.6 -11.8 0.8 5.089 0.5

1591762 0.05 0.05 1.11 - -11.9 - 5.064 -

Table 6.14: Mesh sensitivity of the Modena viaduct models. Prescribed element size is shown
in the cross sectional plane (YZ Plane) and longitudinal direction (X)

(a) f1 = 5.13 Hz (b) fs,7 = 19.5 Hz (c) fs,9 = 24.7 Hz

Figure 6.65: Modal shapes of first three sinusoidal bending modes of the Modena viaduct

shown in Figure 6.65. The second mode in particular shows considerable deformation of the
webs, which is a result of the lack of transverse stiffness.

6.3.3 Benchmark Case Analysis

This subsection analyses the initial benchmark case of the Modena viaduct, to help identify
the locations to further study, when conducting the parametric analysis.

6.3.3.1 Bridge Vertical Accelerations

A visualisation of the maximum filtered vertical accelerations of the initial model of the Mod-
ena viaducts, for a velocity of 87m/s (313km/h), across the whole bottom flange of the bridge
(where the track is and the train runs), is shown in Figure 6.66. This was the velocity that
generated the largest response by the Simple model. It shows that the vertical accelerations
are relatively similar across the width of the bottom flange, with peaks at approximately one
sixth, halfway and five sixths of the span length. Visualisation of the maximum acceleration
along the centreline of the bridge (y = 0m) is shown in Figures 6.67 and 6.68, corresponding
to the velocities leading to the maximum response for the Simple model (87m/s) and the Full
model (94m/s) respectively.

Figure 6.67 shows a good match between the Simple and the Full model, with patterns of the
peak acceleration displaying attributes of activation of a bending mode with three half sine
waves, due to the peaks in the quarter span regions. On the contrary, Figure 6.68 displays
significantly larger accelerations for the Full model. The shape of the peaks suggest that the
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Figure 6.66: Contour plot of the maxi-
mum vertical filtered accelerations of the
Modena viaduct at a vehicle velocity of
87m/s for the Simple loading model
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Figure 6.67: Maximum vertical filtered
accelerations along the length of the
Modena viaduct at a vehicle velocity of
87m/s
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Figure 6.68: Maximum vertical filtered
accelerations along the length of the
Modena viaduct at a vehicle velocity of
94m/s
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Figure 6.69: Maximum vertical filtered
accelerations of the Modena viaduct for
different vehicle velocities

contributions come from a high frequency bending mode with a shape containing 4 half sine
waves, due to the four peaks.

Comparing the maximum filtered vertical acceleration found on the bridge with the velocity
is shown in Figure 6.69. This shows that the peaks of the Full model are still significantly
higher than the Simple model. As a result, it is seen to be important to use the Full model
as some modes are still amplified by the inclusion of the vehicle and irregularities.

The frequency components of the acceleration at midspan for these two velocities are shown
in Figures 6.70 and 6.71. The resonant frequencies associated with the spacing between loads
is shown as fvi, where i is the harmonic of the loading frequency. In addition, activated
and relevant modal frequencies of the bridge are shown by fs,i, where i is the mode number.
Additional bridge modal frequencies, considering the vehicular mass as a distributed mass
along the length of the track, are shown by ff,i. The difference between these modal frequencies
is small particularly for low frequency modes. In addition, the peaks in contribution to the
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Figure 6.70: Frequency components of the maximum vertical filtered accelerations at the
midspan of the Modena viaduct at a vehicle velocity of 87m/s
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Figure 6.71: Frequency components of the maximum vertical filtered accelerations at the
location x = 12m of the Modena viaduct at a vehicle velocity of 94m/s

accelerations for the Full model (the only dynamic model to incorporate the vehicle mass),
correspond better to the fs,i frequencies. Hence, it is found that including the vehicle mass
in the frequency analysis is not representative of the frequencies that the bridge oscillates at.
This confirms findings previously made in this thesis. As in all the previous bridges, the fv7

bridge leads to large acceleration contributions. Figure 6.70 shows contribution is mainly from
the first and the ninth bridge modes. The contributions between models are similar, hence
the similar acceleration response. However, Figure 6.71 shows a smaller contribution from the
first bridge mode, and activation around the tenth bridge mode/seventh loading frequency.
This tenth mode shows an amplitude much larger for the Full model then the Simple model.
The shape of this tenth mode displays three half sine waves, like the ninth mode, but with
some inflexion of the webs within the shape.
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Figure 6.72: Vertical deflection of mod-
ena viaducts at midspan for different ve-
locities
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Figure 6.73: Lateral deflection of mod-
ena viaducts at midspan for different ve-
locities

6.3.3.2 Bridge Displacement

Under study of the displacement of the bridge, the vertical displacement is maximum at
midspan. Variation of the displacement in the bottom flange at the midspan with velocity
shows similar responses between the Full and Simple models (Figure 6.72). The maximum
variation from the static position is shown, with the upward deflection being much smaller
than the downward (negative) deflections as expected. In general, the deflection is seen to
increase with higher velocities. This suggests that the conclusion made in Section 5.5.3.6, that
the deflection can be estimated by the Simple model for the Full model, holds true for this
bridge type.

Laterally, the conclusions of Section 5.5.3.6 also hold true. The Full model is required to
determine the full possible lateral deflection under dynamic loads. This is shown in Figure
6.73, which shows the larger deflections of the Full model, due to the lateral loads the vehi-
cle introduces. The positive and negative displacements are relatively similar, reflecting the
central location in the bottom flange that the data is taken from. The lateral deflections
along the length of the bridge in the bottom flange are shown in Figure 6.74 and in the web
in Figure 6.75. It can be seen here that the lateral deflection of the web is higher, which is
due to them not being restrained by transverse elements. In addition, the maximum lateral
deflection is not zero in either case at the supports which is due to only one bearing on each
support restricting lateral motion, hence allowing some lateral movement, which also leads to
small deflections under load.

6.3.3.3 Bridge Stress Variation

By ignoring the stresses generated by the dead load of bridge and track structure, as well
as the stresses from the prestressing, the variation in stress generated by the vehicle loading
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Figure 6.74: Maximum lateral deflection
of Modena viaducts along the bridge cen-
treline under vehicle load in the bottom
flange for a velocity of 70m/s
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Figure 6.75: Maximum lateral deflection
of Modena viaducts along the bridge for
the location at the top of the web under
vehicle load for a velocity of 70m/s
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Figure 6.76: Variation of S11 stress with
vehicle loading, in the bottom flange of
the beam at midspan with velocity for
the Modena Viaduct
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Figure 6.77: Variation of S11 stress with
vehicle loading, in the bottom flange
along the length of the beam for a ve-
locity of 100m/s

alone can be identified and plotted. The normal stress variation in the longitudinal x direction
(S11) can be seen at midspan in the bottom flange for all velocities (Figure 6.76) to have a
similar pattern to the vertical deflection at the same location (Figure 6.72). It can also be
seen that the majority of the variation is positive, indicating a tensile stress. This is not a
big problem because the prestress is designed to introduce a compressive stress in the bridge
that will offset this. Study along the length of the bridge shows that the stress variation is
maximum at midspan, with similar responses between the Simple and Full models, as per the
conclusions of Section 5.5.3.6.

Unlike in Section 5.5.3.6, the S22 stress variations (normal stress perpendicular to longitudinal
direction in the plane of the shell element), are not insignificant. These S22 stress variations
are shown in Figure 6.78 at midspan of the bottom flange for all velocities studied. Here,
the Full and Simple models are similar, which is unlike Section 5.5.3.6, where the S22 stress
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Figure 6.78: Variation of S22 stress due
to vehicle loading in the bottom flange
of the beam at midspan with velocity for
the Modena Viaduct
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Figure 6.79: Variation of S22 stress due
to vehicle loading in the bottom flange
along the length of the beam for a veloc-
ity of 100m/s
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Figure 6.80: The distorted shape of the cross section at midspan of the Modena Viaduct

variation was dependent on the lateral displacement of the bridge and hence the Full model
displayed higher stress variation than the Simple model. In this bridge, the magnitude of this
stress variation is much higher than for the double U-beam bridge. The stress variation along
the length of the beam in Figure 6.77, varies in a similar way to the S11 stress variation. From
this it appears that the S22 stress variation is caused by an additional reason from the lateral
displacement. This is identified as the transverse deformation of the cross section, such that
there is two way bending in the bottom of the slab. The distortion of the cross section at
midspan is shown in Figure 6.80. This bending under vertical load is predominantly inwards,
however, some inflexion can occur during the dynamic analysis. The bending is as a result of
the lack of transverse support, allowing the section to bend in ways that make the top of the
webs closer or further from each other more easily. It is therefore important to maintain the
levels of stress variation in the S22 direction under parametric analysis, for which the initial
case is designed for.
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Figure 6.81: The pictorial implementation of the thickness changes to the Modena viaduct for
parametric analysis

6.3.3.4 Conclusions to the Benchmark Case Analysis of the Modena Viaducts

From the benchmark case, it is identified that the bridge frequencies representing the response
is best represented by the fs,i frequencies for both the Simple and Full vehicle models. The
vertical bridge acceleration response was found to be higher for the Full model than the
Simple model again, so the Full model is required. Considering the displacements, the Simple
and Full models represent each other well vertically, however laterally, especially in the webs
the deflection was much higher under the influence of the Full model and the lateral loads it
introduces. Considering the stress variation, the Simple and Full models have good correlation,
but as expected in an open section the S22 stress variation is larger here than seen in the double
U-beam bridge, due to transverse bending. Finally, the location of the largest displacements
and stresses are at the midspan, although this is not necessarily the case for the accelerations.

6.3.4 Parametric Analysis

The parametric analysis of this bridge compares three cases to the benchmark case. These
test the conclusions of Section 5.5.3.6, and as such one case introduces a reduction to 66% of
the original thickness of the web, another case studies reduction to 75% of the original bottom
flange thickness and the final case considers a combination of them both. The introduction
of these material savings, are performed as in Figure 6.81. Under the parametric analysis, in
order to maintain the structural rigidity, the strength of the concrete is accordingly increased.
The resulting variation in mass and concrete strength is shown, normalised with respect to
the benchmark case scenario, in Figure 6.82, and the characteristics of each parametric case
shown in Table 6.15. In this particular case, the reduction of the web thickness has very large
implications on the flexural capacity, and therefore needs to be counterbalanced with large
increments of the characteristic strength to maintain the initial flexural capacity

With variation in the geometry of the cross section, the frequencies of the modes change.
This is from changes in the mass of the structure and also the local stiffness of components
of the bridge. The variation of the frequency is shown in Figure 6.83. The frequency of the
fundamental mode increases steadily with reducing mass, as expected due to the maintained
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Figure 6.82: Variation of properties from
parametric analysis, normalised with re-
spect to the benchmark case model for
the Modena viaduct

Model
Web

thickness
[%]

Bottom
flange

thickness
[%]

Concrete
Strength

[%]

BC 100 100 100
W1 66 100 257
BF1 100 75 113
C1 66 75 275

Table 6.15: Geometric properties of the
parametric cases for the Modena viaduct
with respect to the original values of the
benchmark case
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Figure 6.83: Variation of the frequency of the modes shown in Figure 6.65 with changing
parameters

stiffness. However, due to local deformations in the modes, the second and third modes
vary. As such, when reducing the bottom flange thickness, the local stiffness is reduced hence
allowing more transverse bending, so the modal frequencies become considerably smaller.

6.3.5 Bridge Vertical Accelerations

Consideration of the bridge accelerations in Figure 6.84a, shows the maximum accelerations
at any point along the centreline of the section (which is also the midpoint between the rails of
the track), for any velocity studied. The greatest impact here appeared to be from changing
the bottom flange thickness, with accelerations lower than the limit of 5 m/s2, being close
to 3.5 m/s2 in both cases of reduced bottom flange thickness. The web thickness changes
resulted in some increase in the accelerations, but these were smaller than for the bottom
flange. This shows the effect of reducing the thickness of the running surface of the vehicle,
leading to increased local flexibility and larger accelerations. The Simple model shows a similar
relationship to the Full model, albeit with a smaller magnitude of acceleration. However,
the combined case (C1) shows lower accelerations for the Simple model than the other two
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(a) Variation of maximum accelerations for
the maximum magnitude in the span length

(b) Variation of maximum accelerations at
midspan

Figure 6.84: Comparison of maximum vertical accelerations across all velocities for the modena
viaducts under parametric analysis

parametric cases, due to some decoupling of modes and the reduced response of high frequency
modes for the Simple model rather than Full model.

Focusing on the midspan accelerations the conclusions are similar, but again the accelerations
are lower. This shows that the activation of modes with multiple acceleration peaks per span,
leading to the maximum acceleration not being found at midspan. This was previously shown
in Figure 6.68, where the midspan was a local minimum in accelerations for the Full model.

The variation of the accelerations with velocity are shown in Figure 6.85. It is evident the
location of the maximum acceleration is changing with each parameter due to the shifting
location of the velocity causing the peak. When considering the frequency components of the
accelerations that cause each of these maxima, as in Figure 6.86, it is clear the contribution
comes from considerably different frequencies for different speeds and parameters. It is also
seen that the location is not always midspan, and is often closer to the one third or three
quarter span locations. This is due to the high contribution from the high frequency modes
which have peaks in these locations, and the low contribution from the fundamental mode.
Some prominent peaks are in proximity to the bridge modes of fs.3 for the BF1 case, which
is a local mode involving large deflections of the bottom flange, and modes fs,8 for the W1
case and fs,10 for the C1 case, which are both three half sine wave per span modes. The
activation of these modes, shows the continued importance of the Full model using the vehicle
and irregularities.

Comparison of the maximum accelerations against the span mass is shown in Figure 6.87,
again using mass normalised against the benchmark case. This shows that there is again a
general increase in the maximum accelerations for reductions in the mass, as expected.
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Figure 6.85: Variation of the maximum
vertical acceleration along the length of
the bridge with velocity for the Modena
viaducts for different parametric cases
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Figure 6.86: Analysis of the frequencies
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tions in the Full model for the Modena
bridge parametric analysis
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for any velocity below 100m/s, compared against the bridge mass normalised to benchmark
case, for each parametric case of the Modena Viaduct
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Figure 6.88: Variation of the actual
and DAF of displacements in the bot-
tom flange at midspan of the Modena
Viaduct (DAF is shown using a logarith-
mic vertical scale)

Figure 6.89: Variation of the actual and
DAF of displacements in the top of the
web at midspan of the Modena Viaduct
(DAF is shown using a logarithmic ver-
tical scale)

6.3.5.1 Bridge Displacements

The displacements of the bottom flange at midspan are shown to vary as in Figure 6.88. The
lateral displacements here are very small resulting in large DAF. They also do not change
significantly between models. Considering the vertical displacement, reductions in the bottom
flange cause larger deflections. Studying the deflections at the top of the web at midspan is
shown in Figure 6.89. The lateral deflections here may be of concern as they are much higher,
however the DAF for the Full model stays relatively similar. The Simple model has lateral
deflections similar to the Static model, apart from in the BF1 case, where it matches the
Full model. Vertically the deflections are consistent between models. As a result it appears
necessary to model the Full model to determine lateral web deflections, which as stated in
Section 6.3 (Macchi and Macchi, 2003, 2010), were required to be subject to special analysis
for study of second order effects.

6.3.5.2 Bridge Stress Variation

Consideration of the stress variation due to vehicle load is also carried out in two locations.
Firstly, the longitudinal normal stress variation (S11) in the middle of the bottom flange is
shown in Figure 6.90. Here the stress variation increases by up to 50%, but the DAF stays
relatively constant. This increase in stress variation may be of concern, as it results in an
increased flexural demand. However, the increment is small so this increase may be okay, and
if not, a small incremental increase of the concrete strength or additional prestressing maybe
required to increase the flexural capacity.
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Figure 6.90: Variation of the DAF of
normal stress with vehicle load in the
longitudinal direction (S11) in the bot-
tom flange at midspan of the Modena
Viaduct

Figure 6.91: Variation of the DAF of
normal stress with vehicle load in the
longitudinal direction (S11) at the top
of the web at midspan of the Modena
Viaduct

The longitudinal stress variation in the top of the web is smaller (Figure 6.91). There is less
variation between parametric cases, with the increase in stress between models varying no
more than 0.2MPa.

Considering the S22 stress variation, which increases with the transverse sectional deforma-
tions and is the stress induced in the plane of the shell perpendicular to the longitudinal
direction, shows large changes with different parametric cases (Figure 6.92). In particular,
when the bottom flange thickness is reduced, greater transverse bending in this section in-
creases the S22 stress variation from the traffic loading. As a result, the stress variation in
the bottom flange can be double that of the benchmark case, yet the concrete strength is not
increased by double for the BF1 case, which shows the most critical stress variation. This
would mean additional design may be required to ensure the bottom flange of the cross section
stayed in compression under normal loading situations for this BF1 case. This phenomenon
is similar to that seen in the previous bridges when the top flange was being reduced, as here
it is the flange supporting the track.

Overall, the stress variations are very similar between the Full and Simple models. With
relation to the DAF, the S11 stresses in the bottom flange have consistent values of about
1.25, whereas the web S11 and the bottom flange S22 stresses are less consistent between
cases, and as a result have DAF values varying between 1.25 and 1.75.
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Figure 6.92: DAF of normal stress vari-
ation from vehicle load in the lateral di-
rection (S22) in the bottom flange at
midspan of the Modena Viaduct
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Figure 6.93: Variation of the Vehicle ac-
celerations with model

6.3.5.3 Vehicle Accelerations

The maximum vehicle lateral (A2) and vertical (A3) accelerations for the worst case velocity,
in any of the eight carriages, using the Full model with irregularities is compared between the
models of the parametric analysis in Figure 6.93. Here, it is seen the lateral accelerations are
smaller than the vertical and also relatively consistent between parametric cases. The vertical
accelerations are shown to decrease slightly but also have relatively similar magnitudes. As a
result the vehicle accelerations are allowable under the parametric analysis.

6.3.5.4 Construction Details

Considering the bridge under the combined parametric case, compared to the benchmark
case, the details of what it possibly means for construction is shown in Table 6.16. This allows
decisions on the viability of introducing the HPC into this type of structure, based on cost
analysis of the material used, the capacity of piers required, and the capacity of the lifting
equipment required. It shows a considerable saving in the bridge mass, but also with a large
increase in concrete strength (2.74 times larger as the initial value was very small for a precast
element). The precast elements are reduced in mass by 22%, which can reduce the capacity
of lifting equipment required, and the total permanent mass per span reduced by 18%, which
will impact the design of the piers, potentially saving material and money here.
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BC C1
Concrete Strength [MPa] 35 96
Precast element Mass [×103 kg] 670 524
Non-Structural mass [×103 kg] 101 101
Total mass of span [×103 kg] 771 625

Table 6.16: Variation of construction details between benchmark (BC) and combined case
(C1) of the Modena Viaducts. Non-structural mass refers to mass of track and other deck top
permanent loads that are not a part of the structure

6.3.5.5 Conclusions to the Parametric Analysis of the Modena Viaduct

The parametric analysis of the Modena Viaduct has shown a viable option for the imple-
mentation of HPC into the bridge, reducing the geometry and mass as a result, without
compromising the performance of the bridge or the safety of the train. It is found that the
longitudinal stress variations in the concrete for the C1 case are of an acceptable level com-
pared to the benchmark case, considering only small increases, hence the flexural demand
is not increased significantly. If the flexural demand exceeds the capacity then additional
prestressing or concrete strength increases can be introduced to increase the capacity. The
vehicle accelerations are found to be consistent with the benchmark case, and hence of no
concern. Likewise, the displacements of the bridge are very similar between cases. The bridge
accelerations are considerably higher for the combined case, but below acceptable limits. As
a result, the conclusions made in Section 5.5.3.6, which allowed the web and bottom flange
thicknesses to be 66 and 75% of the original, providing the structural rigidity is maintained,
holds true for this bridge type.

6.4 Comparison between the Bridge Models

This thesis has seen four different bridge cross sections analysed. In each, parametric analysis,
through changing the geometry and then the concrete strength to maintain the structural
rigidity is performed on each benchmark case. This leads to a series of parametric cases,
some of which are viable and some of which are not. Comparison of the Modena, Piacenza,
Kyung-bu and the three spanned dual U-beam bridges is shown in Figure 6.94. This shows
for each parametric case for each bridge the comparison between the accelerations obtained
by the Simple and Full models.

In Figure 6.94, it can be seen that the accelerations of the Full model are generally higher than
that of the Simple model, except when modelling the Piacenza viaduct, for reasons previously
explained in Section 6.2.3.1. For the Modena and Kyung-bu viaducts the accelerations appear
to be up to 2 m/s2 larger than the corresponding Simple model value. In the case of the dual
U-beam bridge the accelerations of the Full model are significantly higher than the simple
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Figure 6.94: Comparison of the acceler-
ations obtained by the Simple and Full
models for each of the parametric cases
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model, but the consistency between parametric cases is highlighted by the proximity of the
points to each other. This is probably partly due to the lack of changes to the top flange
thickness in this bridge, which as this chapter has found, the changes to the stiffness of the
surface supporting the track has a high influence on the bridge accelerations.

Consideration of the maximum vehicular accelerations at the centre of mass of each carriage,
in comparison with the bridge deck accelerations, both vertically, is shown in Figure 6.95. The
dashed black line in this figure indicates the location of equal accelerations for the bridge and
vehicle. It can be seen that all vehicle accelerations are much lower than the corresponding
bridge accelerations, which is as expected due to the layers of suspension in the vehicle to
aid comfort of passengers. What is notable is although each point for each bridge represents
a different parametric case, there is no discernible difference in the vehicular accelerations
attributed to each bridge. The points show that the bridge accelerations have little impact on
the vehicular accelerations, hence they remain similar for all parametric cases of the bridge.
The reasoning for the difference in accelerations between models is the differing deflections
of the bridge. This links back to Section 4.1.6, where it was shown how different levels of
prestress effected the accelerations in the vehicle, due to the change in the bridge profile. This
means that for vehicle comfort over bridges, it is the displacements in the track that need to
be controlled.

This section shows designers that the choice of model can severely impact the accelerations
that are found in the bridge. It also shows the inadequacy of the Simple model in comparison
with the Full model, especially considering current guidelines on bridge accelerations make
no reference on the type of model to be used. Clearly allowance for the type of model should
be made with different limits of accelerations in each case. This is especially apparent when
the maximum bridge acceleration related to the Full model is 3.75 times greater than the
equivalent Simple model acceleration. In addition, design for passenger comfort, (the vehicular
accelerations) is strongly related to the running profile of the rails, impacted by both the
irregularities and the bridge deflection, and so ensuring deviations from flat are kept small will
help vehicle accelerations. Alternatively, the mean of all Full to Simple model accelerations is
1.76, with a standard deviation of 1.01. Considering this includes the models where the Simple
model accelerations are higher than the Full model accelerations for the Piacenza viaduct, if
these results are excluded then the mean becomes 2.1 and the standard deviation 0.9. These
are both lower than the maximum value, but still significantly large that it necessitates a
reconsideration of the limit to the accelerations.
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6.5 Conclusions to the Analysis of Alternative Bridge Cross
Sections

In this chapter, three alternative bridges have been studied, and the conclusions of the para-
metric analysis of Section 5.5.3.6 tested against these bridges. In general, it was found that
under the Full vehicle, the bridges experienced larger acceleration responses due to the fre-
quency variation of the wheel forces as a result of irregularities, in both the Kyung-bu and
Modena viaducts. However, in the Piacenza viaduct the introduction of the track and Full
model actually reduces the maximum bridge accelerations, due to a combination of the spread-
ing of the load by the track and occurring at a velocity that has a narrow range of frequencies
for the force variation that normally amplifies the response of resonant modes. This is a special
case, due to the exclusion of a diaphragm in the design of this bridge.

In comparison with the design of the double U-beam bridge, the bridges in this chapter display
larger S22 stress variations in regions studied. This is due to increased transverse flexibility
in many of these bridges leading to increased sectional deformations. Moreover, this increased
transverse flexibility has reduced the applicability of the beam model to estimate the response
of the bridge as it consistently underestimates the bridge accelerations. The level of bridge
accelerations are so low in the beam model in comparison to the Full vehicle model, that it
must be recommended in future design codes that dynamic analysis is in the form of models
that take into account the transverse flexibility of the section as this contributes significantly
to the response.

Comparison between the Kyung-bu and Piacenza viaducts, indicates that by introducing an
additional central web to the Kyung-bu viaduct, resulting in a cross section similar to the
Piacenza viaduct, would enable larger reductions to the top flange thickness. This is due
to the additional support and reduced transverse flexibility of the top flange. However, as
a result, reductions to the web thickness result in larger increases to the accelerations, in
comparison to when there were only two webs in the section.

Comparison of the different bridges in this chapter with the bridge of the previous chapter
showed the inadequacy of the Simple model in comparison with the Full model. Maximum
accelerations can be up to 3.75 times greater for the Full model than the Simple model, with
a mean of the models showing amplification of the accelerations by the Full model being 2.1,
which clearly shows the inadequacies of the acceleration limit being the same considering using
a moving point load model and using a full vehicle model with irregularities.

Overall, parametric cases saving the precast mass by 7.3, 21 and 22% for the Kyung-bu,
Piacenza and Modena Viaducts respectively, have been identified as potential solutions. This
shows significant mass reductions can be achieved, which could possibly bring many benefits
for the construction costs. These reductions can be achieved by the implementation of HPC,
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using concrete strengths up to a maximum of 96 MPa. The implementation of higher strength
concretes would lead to decks where the design is governed by the acceleration limits, rather
than by sectional capacities.



Chapter 7

Conclusions

This chapter summarises the main conclusions of this thesis, splitting them up into conclusions
related to modelling and conclusions related to the behaviour and design of HSR bridges. In
addition, recommendations for the updating of codes to reflect the findings of this thesis are
suggested, before presenting a summary of future work that can be undertaken both in an
academic and industrial environment.

7.1 Conclusions for Modelling

This thesis incorporates very complex and realistic models for the bridge, track, wheel-rail
interaction and train. These are models that previously are not found together in existing
literature due to their complexity. This section will conclude some of the findings relating to
the generation of these components of the model.

7.1.1 Conclusions related to Bridge Modelling

From the literature review (Section 2.1.6), it is initially concluded that the bridge should be
modelled with shell elements, using beam element models to complement the results through
quick to run simulations. It is also concluded that continuous bridges should lead to smaller
accelerations than one spanned alternatives. Through this thesis, a detailed set of conclusions
have been drawn in relation to these aspects. It was found that:

• A beam element model applied with the bridge’s cross sectional properties does not
generate the same bridge modal frequencies as a shell element model. This is due to two
reasons:

– The boundary conditions should be located at a realistic position (which is easier
294
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to implement when the deck is represented through shell elements), and not at
the centroid of the beam model. All current finite element packages already allow
the positioning of the boundary conditions away from the centroid using outrigger
systems (rigid or stiff beams).

– The additional sectional deformation captured by the shell model which cannot be
captured through beam models, has an impact on the deck modal frequencies.

• A beam model with these adjusted boundary conditions, is able to predict velocities for
which the bridge will have resonant problems related to the fundamental mode, however
it does not accurately predict velocities for which higher frequency modes have resonance
problems.

• Generally the beam model is not able to provide a good representation of the dynamic
performance of these bridge types, as the sectional deformations are not negligible. The
shell models provide more accurate responses, and clearly more representative of reality.
If beam element models are used, they would lead to lower accelerations and unidentified
resonance of high frequency modes, contributing to poor design.

• As expected, it is shown in Section 4.1.3, that the use of one span bridges leads to larger
accelerations than continuous bridges with three or more spans. However, the use of
continuous bridges with two spans leads to similarly large bridge accelerations as single
span bridges.

In addition, some further conclusions related to the bridge model are as follows:

• Maximum accelerations are often found at the edges of the slab, where they are can-
tilevered, however these are not relevant to the potential derailment of the train and
hence the accelerations in the slab should be taken from appropriate regions (under the
rail track).

• Modelling of the prestressing tendons or strands are found to be important for incorpo-
rating their stiffness into the section. However, the stress in the tendons need not be
applied for the dynamic models as it does not significantly change the dynamic response
of the bridge.

• It is found that inclusion of the vehicular mass as a distributed non-structural mass
spread along the length of the bridge when studying the bridge frequencies, as expected
reduces the modal frequencies. However, these lower frequencies are not representative
of the frequency of oscillation of the bridge under vehicular load. Adding the traffic
mass is a normal design practice in footbridges, which should not be extended to HSR
bridges, as demonstrated in this work.
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7.1.2 Conclusions related to the Track

In the literature review (Section 2.3.4), it is found that when the track is modelled, the majority
of literature focus on ballasted tracks, although the current design tendancy is to move towards
using slab track. After the literature review, it was determined that a comparison between
tracks is required. In this thesis, ballasted track is compared to slab track in Section 4.2.3. It
is found that ballasted models tend to lead to bridges with smaller accelerations, due to the
higher mass and the greater deformability of the track structure causing greater distribution
of the load. However, the models using ballasted track require more elements and hence are
more computationally expensive. After considering the current drivers towards the use of slab
track, these systems are modelled in all other cases in this thesis.

The literature identifies that the track has more influence on the vehicle than the bridge
dynamics. From this work, it is found that the track stiffness has a significant impact on
the bridge accelerations within one track system. However, the main contribution to the
variation in the bridge acceleration response is the mass of the track. This highlights the need
for consideration of a range of lifespan track masses, in particular for ballasted tracks, when
dynamically designing a bridge.

7.1.3 Conclusions related to the Vehicle

The conclusions from the literature review (Section 2.2.8) identify a lack of train vehicle models
being combined with a shell element model for the bridge. All the sophisticated vehicle models
were using very simplistic bridge structural models, and the sophisticated bridge models used
a very simplistic description of the traffic load through moving loads. This thesis incorporates
these two models together. Comparison is made with the HSLM load models, but it is found
that the Full vehicle model with irregularities generated bridge accelerations far greater than
this load model. Siemens Velaro trains are modelled in this thesis, as their properties have
been fully reported in literature. For most of the work, the train of eight carriages is used. This
number of carriages generates 16 % smaller accelerations then a sixteen carriage train (both
standard lengths), but is much more computationally efficient, with computational times less
than half. Other conclusions relating to the vehicle include:

• Variation of the primary vehicle stiffness affects the bridge dynamics, but more sig-
nificantly the vehicle dynamics, whereas secondary stiffness does not affect the bridge
dynamics, but has significant consequences on the vehicle behaviour.

• The identification of vehicle accelerations by using the Full vehicle model are generally
well within the limits of comfort for the irregularities and bridges modelled (using a
representaive benchmark case from a built structure database).
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• Running two vehicles simultaneously across the bridge in opposite directions can double
the bridge accelerations, depending on the delay in entering of the two vehicles. An
equation is proposed to determine whether any particular bridge mode is in resonant or
cancellation behaviour based on the delay between the two trains entering the bridge.

7.1.3.1 Conclusions related to the Wheel-Rail Interaction

From the literature (Section 2.4.6) it is identified that the wheel-rail interaction is the most
complicated part of the model, significantly increasing the computational time. In this thesis,
for the modelling of the wheel-rail interaction, user elements are required in Abaqus . These
allow incorporation of an elastic contact method using Hertz non-linear contact theory to
model the wheel-rail contact. In addition, irregularities are incorporated in the user element.
This allows modelling of the motions and forces between the wheel and rail, representing a more
realistic approach than using fixed magnitude wheel forces. As a result, the forces between
the wheel and rail are able to be tested for comparison against derailment criteria, and are
found to be well below the limits, so are not studied further for the rest of the parametric
analysis in this thesis. It is identified in the literature review that a study on the tangential
contact force models will be required. Based on representative wheel-rail contact force, ellipse
sizes and creepages between the wheel and rail, the heuristic tangential force model is found
to be the appropriate model.

One of the most significant findings of the modelling work occurs when using the wheel-rail
interaction model. Its inclusion with irregularities leads to significant increases in accelera-
tions in the bridge. It is in the case that when frequencies, specifically fv7, relating to the
axle distance and velocity of the train, match the frequencies of bridge modes, for velocities
currently operated at by HSR trains, whilst in the presence of irregularities, that the accel-
erations are amplified dramatically, by up to a factor of 3.75. The irregularities cause force
variations between the wheel and rail that cause amplification of the higher frequency bridge
modes, in comparison with models without irregularities and moving point load models. Of
the individual irregularity components, the cross level is the main contributor to increased
lateral bridge accelerations, whereas vertical ones affect the vertical bridge accelerations. It is
found that the irregularities would cause variations to the wheel-rail contact force.

7.2 Conclusions related to the Behaviour and Design of HSR
Bridges

Four types of precast HSR bridge decks have been studied in this thesis considering four
different types of cross sections. The most detailed analysis is performed on the bridge with
two precast U-beams, topped with a cast insitu slab, which is the most common solution
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for HSR bridges when precast elements are employed. Further analyses are performed on
a fully-precast span-by-span single celled box girder (using the Kyung-bu benchmark case),
fully-precast span-by-span double celled box girder (using the Piacenza viaduct benchmark
case) and fully-precast span-by-span trough style (U-shaped) bridge (using Modena viaduct
benchmark case). The general observations made with regard to these bridges are:

• Stresses in the non-running surfaces of the bridge (bottom flange and webs), are similar
between the Simple point load and Full vehicle-irregularity-bridge models. Stresses in
the running surface of the vehicle (top flange in all models but the trough style cross
section bridge, where it is the bottom flange), can have greater disparity between the
Simple and Full models due to activation of high frequency modes leading to greater
transverse and vertical deformations in the bridge.

• Magnitudes of deflection under dynamic loads are similar between Simple and Full mod-
els vertically, with slightly higher lateral deformations with the Full model, due to in-
creased deformation of the bridge and additional lateral loading introduced by the Full
vehicle model.

• Bridge accelerations under the influence of the Full model are generally significantly
higher than those of the Simple model, and these accelerations are often the most criti-
cal part of design. Therefore the Full model is required to take into account the accel-
erations. Current load models used by bridge designers (movable load models) clearly
underestimate the value of the deck accelerations.

• Vehicle accelerations are not of concern for these bridges as they stay fairly constant,
independent of the bridge models and their parametric cases.

Overall, it is found that the accelerations are as expected the most critical factor in the
design of the bridges. However, cases have been found for each bridge tested, to enable saving
up to 22% of the precast bridge structure mass, by implementing strength increases to high
performance concretes of up to 96 MPa, enabling the structural rigidity and capacity to be
maintained. This is achieved through reduction of combinations of the top flange, bottom
flange and web thicknesses, with the accelerations particularly sensitive to the flexibility of
the structure directly supporting the track (the top flange in all cases but the U-shaped trough
style bridge). This high sensitivity to the flexibility of the track supporting surface leads to
unsatisfactory accelerations exceeding the 5 m/s2 limit for slab track for reductions tested
in the fully precast box girder. In addition, reductions to the depth of the structure, whilst
maintaining the span length, were found to be inappropriate in initial studies and hence were
not widely applied under parametric analysis. The reductions in mass can lead to lower
capacity lifting equipment being required for construction, also reducing the vertical capacity
required of piers and abutments, which potentially reduces the amount of material required
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here too. Further, specific details for each bridge cross section type under parametric analysis
are outlined herein.

7.2.1 Conclusions Specific to the Double U-beam Bridge

A detailed parametric analysis was made on the double U-beam bridge. From this the following
specific conclusions were made:

• The bridge is studied parametrically using both a one and three spanned case. The three
spanned case shows smaller accelerations, as expected, than the single span model.

• Accelerations in the one span case are higher than the limit of 5m/s2 for all parametric
cases including the benchmark case. However, under parametric analysis the level of
accelerations stayed constant. For the three spanned continuous bridge, accelerations
are below this limit.

• Reductions to the depth of the bridge are tested for the one span case only, but deemed
to be inefficient, due to very large increases in concrete strength required to maintain
the structural rigidity.

• Parametric analysis is applied to the U-beams by reducing the thickness of the web and
bottom flange. These are tested individually and finally combined together. Overall,
it is found that the web thickness can be reduced to 66% of the original thickness and
the bottom flange to 75% of the original thickness. For this combined web and bottom
flange case, reductions in thickness are combined with an increase in concrete strength
of 56% (from 60 to 93.6 MPa). This leads to an 18% reduction in the mass of each
precast beam and a reduction of 8% of the total bridge mass per span.

• Vertical displacements do not change significantly between parametric cases. The DAF
of the lateral displacements can change significantly between Simple and Full models,
and between parametric cases, however the magnitude of lateral deflections is very small
and insignificant.

• The variation in the stress is larger in the bottom flange for normal stresses in the
longitudinal direction than in the lateral direction, although stresses do not change
significantly between parametric cases.

7.2.2 Conclusions Specific to the Fully Precast Span-by-span Single-Cell
Box Girders

The Kyung-bu viaduct was selected as a benchmark case to illustrate the behaviour of this
bridge type. For this bridge type, it is identified that:
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• Reductions of the bottom flange and web thickness to 75% and 66% of the original
thickness is viable both individually and combined together as the accelerations are
below the limit.

• Reductions to 75% of the original thickness for the top flange is tested. It is found not
to be viable due to large accelerations, due to reduced transverse stiffness of the slab.
Therefore, for this bridge type the fact of precasting the whole section (in comparison
with the previous bridge type in which the slab is built in-situ) does not allow for further
reductions of the slab thickness.

• The combined bottom flange and web case is the most viable case with the biggest
material savings. This leads to a 7.4% decrease in the precast mass of the bridge for a
increase of 78% of the strength in the concrete (with a characteristic strengths up to 71
MPa).

• The variation of the displacements and stresses are relatively similar between parametric
cases and hence not of concern for these parametric cases.

7.2.3 Conclusions Specific to the Fully Precast Span-by-span Double-Cell
Box Girders

The Piacenza viaduct was selected as a benchmark case to illustrate the behaviour of this
bridge type. For this bridge type, it is identified that:

• The lack of diaphragms in this bridge, leads to the high accelerations particularly in the
Simple model. It shows the impact of diaphragms on reducing the slab accelerations.
The use of diaphragms is recommended in this bridge type.

• The Simple model generates larger accelerations than the Full model leading to over-
design and restraining the possibility of using thinner elements in the cross section. For
instance, when using this load model, only the bottom flange thickness can be reduced
to 75% of the original value.

• Considering the Full model, all cases studied lead to viable accelerations. This means
that in the case of thickness of the webs, bottom flange and top flange being 66, 75 and
75% of the original, the increase in concrete strength to 74 MPa from the original 35
MPa is acceptable in maintaining the bridge structural rigidity and an acceptable level
of accelerations. This leads to a 21% reduction in the precast mass of the bridge.

• The implementation of an intermediate web (double versus single box girder) allows a
certain reduction in the acceleration in the top flange and further reductions in their
thickness as highlighted above.
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• The stresses and displacements are found to stay relatively similar between parametric
cases. One exception is the longitudinal stress in the bottom flange which shows some
small increase in stress variation for reductions in mass. Good correlation can also be
found in all cases between the Simple and Full model, except for the stress in the top
flange where reductions to this thickness lead to increased stresses in the Simple model.

• This bridge type can also be constructed in a different way, with two precast U-beams,
positioned adjacently and tied transversely, with a cast in-situ slab at the top and
transverse prestressing bars at the bottom. In this case the precast components can be
altered in a similar way to the C1 case, with 66% of the original web thickness and 75%
of the original bottom flange thickness. This would lead to acceptable accelerations in
the Full model. This would enable a reduction in the bridge mass of 13% for a concrete
strength increase of 61%.

7.2.4 Conclusions Specific to the Fully Precast Span-by-span Trough Style
Bridge

The Modena viaduct was selected as a benchmark case to illustrate the behaviour of this
bridge type. For this bridge type, it is identified that:

• The combined reductions to the web and bottom flange thickness of 66% and 75% of
the original is a viable parametric case. This requires increases in concrete strength by
174% (up to 96 MPa ), but it reduces the mass of the precast span by 22% and the total
permanent load per span by 18%

• The variations in stresses from the dynamic loading in the longitudinal and lateral
directions in the bottom of the slab are particularly affected by reductions to the bottom
flange thickness due to the additional transverse bending that occurs.

• The deflections in the bridge are similar for all parametric cases, and also between Simple
and Full models.

7.3 Recommendations for the Development of Codes

Much of the work in this thesis is made with or compared to BS EN 1991-2:2003 (2010). As
a result, certain deficiencies are found, which require updating.

From this work it is identified that for all these bridge sections the accelerations cannot be
accurately represented by models using beam elements (where all the bridge cross sectional
properties are assigned to the beam element and the cross section is assumed to be unde-
formed under loading). This is due to the consistent underestimation of the accelerations
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this model gives, due to the differences in the frequencies as a consequence of the unrealistic
boundary conditions and lack of sectional deformations. The lack of transverse deformations
is particularly a problem in the slab where the accelerations of the bridge are much higher
due to the larger flexibility of the slab and the existence of sectional deformations. It is not
defined in BS EN 1991-2:2003 (2010) what kind of bridge model is required to be modelled for
dynamic analysis, so it should be clarified, with new limits to acceleration based on the type of
model used, or recommending designers the use of shell elements, in particular when sectional
deformations are expected, or when there is a significant difference between the frequencies
obtained from the beam and shell models.

The high speed load models defined in BS EN 1991-2:2003 (2010) (HSLM A and B), which
provide an envelope of the loading signatures to cover the resonant loading patterns generated
by all possible trains, is inadequate for representing a real vehicle. Modelling of the vehicle
with Simple moving point loads results in accelerations within the range generated by the
HSLM model. However, the additional response generated by the inclusion of the Full vehicle,
irregularities and the wheel-rail-interaction is not within this range.

Rail imperfections should be considered in the design, either by using Full models or by
implementing safety coefficients that account for the simplicity of the models used in design
(when movable load models are used, which cannot implement imperfections). A safety factor
of 3.75 (using the maximum value) or 2.1 (using the mean value), developed from the ratio
of the Full model and Simple model acceleration responses, has been shown to be enough for
the consideration of imperfections on the basis of the results obtained from load models, for
all the analyses considered in this thesis.

If irregularities are to become more commonly modelled, updating and clarification of expected
irregularities is required, especially at high speeds. Currently, many researchers use an FRA
model to model irregularities for HSR, when the definition of these irregularities is not made
for such high speeds. Hence, the irregularities are unlikely to be realistic of a true HSR line.
This thesis has used imperfections generated by a German PSD function, but comparison
of these profiles was made with respect to the current track maintenance guidelines. This
required significant time and work, for which it should not be expected for designers to be
undertaking, hence clarification on appropriate models should be made in line with current
track maintenance guidelines, such as BS EN 13848-5:2017 (2017).

It is found that the bridge accelerations are not reflected in the design of the vehicle ac-
celerations. The bridge deck accelerations are much higher than the corresponding vehicle
accelerations due to the vehicle suspension system. The vehicle accelerations are a reflection
of the flatness of the track. This considers both the track imperfections and the bridge deflec-
tions. Controlling these is the best way to control the vehicle accelerations. Recommendations
should be made that for the control of vehicular accelerations the combined bridge deflections
and vertical irregularities should be considered and reduced if possible.
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7.4 Further Work

After the work of this thesis, further work is identified in this section. The work would require
strong collaboration with industry to ensure its continued applicability. Some of the further
research relating to bridges include:

• Expansion of the parameters studied. For example a parametric study on all the bridge
types for the span length, keeping constant slenderness, or altering the slenderness,
altering the widths of the box girder components and the design of the piers can be
developed. This will enable a more comprehensive parametric analysis.

• Study of segmental bridges. This thesis focuses on bridges with span length segments,
which is restrictive to the total length of the bridge. Precast segmental bridges can allow
more flexibility in span length, achieving longer spans, but extra study is required for
the nonlinear analysis in the joints between segments.

• Inclusion of tuned mass dampers, as many bridges studied have seen particular bridge
frequencies causing resonant problems, which TMD maybe able to be included and re-
duce the resonant effect. This may allow even further reductions to the bridge geometry.

• Study of the appropriateness of the acceleration limits considering both track types, the
loading method (Full vehicle models with irregularities, moving point loads) and the
bridge model type (shell or beam element) to find appropriate limits for each model
with appropriate safety factors that consider the risk of derailment

• Performing more analysis on a wider range of bridges, trains and velocities in order to
provide safety factor recommendations with good confidence.

In addition to further work on the bridge, further research can be made to develop the model,
by the following work:

• An investigation in depth of the real rail irregularities found in existing infrastructure
and how it evolves with use over the time, with particular study on the influence of
supporting structure, such that irregularities common to bridges or to embankments are
identified and can be appropriately modelled.

• Developing further understanding of the cause of the force variation between the wheel
and rail as the wheel moves along the track. As this is found to be a cause in extra
accelerations in the models including the Full vehicle and interaction between the wheel
and rail, if the force variation can be modelled by a function of speed and irregularity, this
will enable a better approximation of the Full model, but by using the computationally
less expensive moving point load models.
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• Developing a more efficient model, by a reduction in the number of elements. Currently,
the inclusion of the vehicle requires lots of additional elements to model the wheel-rail-
interaction. Although some elements are deactivated when not in use, the computational
time is still large. Development of a more efficient user element model could potentially
reduce the number of elements and the computational time.

• Developing a model with a nonlinear concrete model, accounting for greater changes in
properties of the material, such as any potential change in the damping properties of
the HPC.

• Modelling with further vehicles, as only one train vehicle was used here. As multiple
types of vehicle exist, with different weights and characteristics, knowledge of further
trains would make conclusions more valid for a range of vehicle, rather than just the one
studied. However, realistically this would require the aforementioned efficiency gains to
the model to enable multiple vehicles with enough resolution of velocities to correctly
determine the bridge response.

Finally, a real world study should be studied, acquiring acceleration data from a HSR train
passing over a bridge. This would require knowledge of the structural properties of the bridge
and vehicle, as well as data on the track irregularities. This work would enable a better
understanding of the effect of the irregularities on the bridge, validating the additional safety
factor or lower acceleration limit required to be applied to the accelerations found by using a
moving load model, rather than a Full vehicle model with irregularities.
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Appendix A

Bridge Database

In this appendix, the bridge database is displayed. This database is compiled from various
literature sources of HSR bridges. All of these bridges are constructed using concrete and are
subsequently found in Table A.1. For this table a series of abbreviations have been used in
the headings which are outlined in Table A.2, and a ‘?’ is used where values are not reported
for the particular property.
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Source Type PC/CIS Track Number SS/C Country Span Depth Slab Width Web Bottom Beam Slab Concrete
of Tracks [m] [m] [m] Thickness Flange Width Thickness Strength

[m] Thickness [m] [m] [MPa]
[m] (Top/Bot) (max/min)

Capellán Miguel et al. (2014) a CIS Ballast 2 C Spain 45.00 2.960 14.00 0.6 0.35 7.4/6 0.35/0.2 60
Llombart Jaques et al. (2014b) c CIS Slab 2 C Spain 49.00 4.560 14.00 0.5 0.3 6.5/6.5 0.4/0.25 ?
Millanes Mato et al. (2014b) a CIS Ballast 2 C Spain 80.00 5.940 14.00 0.58 0.3 8.521/6.611 0.35/0.2 ?
Millanes Mato et al. (2014a) c CIS ? 2 C Spain 68.00 4.500 14.00 0.4 0.36 6.1/6.1 0.44/? ?
Matute Rubio et al. (2014) a CIS Slab 2 C Spain 57.00 3.940 14.00 0.45 0.35 6.8/6 0.4/0.2 45
Matute Rubio et al. (2014) a CIS Slab 2 C Spain 48.35 3.940 14.00 ? ? ?/6 ?/? 45
Matute Rubio et al. (2014) a CIS Slab 2 C Spain 50.00 3.940 14.00 ? ? ?/6 ?/? 45
Matute Rubio et al. (2014) a CIS Slab 2 C Spain 52.00 3.940 14.00 ? ? ?/6 ?/? 45
Llombart Jaques et al. (2014a) a CIS Ballast 2 C Spain 55.00 3.650 14.00 0.51 0.3 6.84/5.5 0.34/0.2 ?
Llombart Jaques et al. (2014a) d PC Ballast 2 C Spain 37.00 2.300 14.00 0.235 0.223 3.91/3.31 0.35/0.2 ?
Ramos Gutiérrez et al. (2014a) a CIS Ballast 2 C Spain 51.00 3.400 14.00 0.55 0.3 7.16/5.6 0.36/0.2 ?
Ramos Gutiérrez et al. (2014b) a CIS Ballast 2 C Spain 84.00 6.500 14.00 0.6 0.3 6.5/6.3 0.3/0.2 ?
Ramos Gutiérrez et al. (2014c) a CIS Ballast 2 C Spain 51.25 3.400 14.00 0.76 0.41 6.83/5.5 0.41/0.25 ?
Montaner Fraguet et al. (2014) d PC Ballast 2 C Spain 45.00 3.210 14.00 0.2 0.2 3.977/2.48 0.34/0.213 ?
Manterola Armisén et al. (2014) a CIS Ballast 2 C Spain 60.00 4.000 14.00 0.5 0.3 6.5/5 0.35/0.2 50
Grandío Noche et al. (2014) b PC Ballast 2 C Spain 42.00 2.990 14.00 0.18 0.28 3.58/1.74 0.39/0.25 ?
Rico Rubio et al. (2014) e CIS Ballast 2 C Spain 21.50 1.350 14.00 n/a n/a 7.2/6.1 n/a/n/a ?
Polo Orodea et al. (2011) a CIS ? 2 C Spain 44.00 3.140 14.00 ? ? ?/? ?/? ?
Jesús Pantaleón Prieto et al. (2011) a CIS Ballast 2 C Spain 75.00 4.500 14.00 0.55 0.4 6.8/? 0.4/? ?
Pantaleón Prieto et al. (2011) b PC Ballast 2 C Spain 15.00 1.240 14.00 0.195 0.25 4/2.55 0.34/0.2 ?
Arenas de Pablo et al. (2011) a CIS Ballast 2 C Spain 54.00 3.750 14.00 0.5 0.35 7/6.05 0.35/0.2 ?
Otero Vietez et al. (2011) b PC Ballast 2 SS Spain 33.75 2.750 14.00 ? ? ?/1.72 ?/0.25 ?
Abad González et al. (2011b) a CIS ? 2 C Greece 45.00 3.900 13.40 0.5 0.4 6.7/5.2 0.4/0.25 ?
Abad González et al. (2011a) a CIS ? 1 C Greece 45.00 3.850 8.60 0.5 0.45 4.9/4 0.4/0.2 ?
Corres Peiretti et al. (2011) a CIS ? 2 C Spain 55.00 3.750 14.00 0.5 0.3 to 0.6 7.5/6 0.4/0.2 ?
de Villar Luengo et al. (2011); del Valle Pérez et al. (2011) a CIS Ballast 2 C Spain 52.00 3.890 14.00 0.5 0.25 7.5/5.5 0.35/0.2 ?
Kwark et al. (2004); Lee and Kim (2010) a PC Slab 2 C Korea 40.00 3.500 14.00 0.6 0.35 7.4/5.6 ?/0.35 ?
Xia and Zhang (2005) a PC Slab 2 SS China 24.00 2.400 12.40 0.4 0.25 6.4/6.12 0.3/0.2 ?
Tai et al. (2010a) a PC Slab 2 SS Taiwan 30.00 2.800 13.00 0.5 0.28 6.2/5.1 0.3/0.225 ?
Marx and Seidl (2011) a CIS Slab 2 C Germany 58.00 4.750 13.80 0.6 0.3 6.4/5 0.3/0.3 ?
Fritsch (2003) a PC ? 2 SS Taiwan 45.00 4.400 13.00 0.55 0.35 6.2/5.2 ?/0.25 ?
Amarume et al. (2003) a PC Slab 2 C Japan 35.00 2.400 11.70 0.4 0.27 6.2/5.862 0.27/0.25 ?
Malveiro et al. (2014) a PC Ballast 1 SS Portugal 21.00 1.480 7.20 0.2 0.18 ?/3.3 0.28/0.22 ?
Petrangeli et al. (2006) b PC Ballast 2 SS Italy 34.50 3.120 13.60 0.35 0.35 2.77/1.72 0.28/? ?
Viartola Laborda (2002) a PC ? 2 C Spain 35.00 2.450 14.00 0.4 0.3 6/5.5 0.33/0.2 40
Dong Kang and Suh (2003) a PC ? 2 C Korea 25.00 2.400 14.00 0.5 0.3 7/5.9 0.35/? 40
Armisén Manterola et al. (1999) a CIS Ballast 2 C France 48.00 3.500 12.30 0.5 ? ?/5.5 ?/? ?
Armisén Manterola et al. (1999) a CIS Ballast 2 C France 53.00 4.500 13.50 0.5 0.3 ?/5.5 ?/? ?
Armisén Manterola et al. (1999) a CIS Ballast 2 C France 100.0 6.500 12.96 ? ? ?/5.5 ?/? ?
Armisén Manterola et al. (1999) a CIS Ballast 2 C France 48.00 3.320 12.25 ? 0.3 ?/5.7 ?/? ?
Armisén Manterola et al. (1999); Zellner and Saul (1991a) a CIS Ballast 2 C Germany 58.00 4.750 14.30 0.6 ? ?/5.4 ?/? ?
Armisén Manterola et al. (1999); Zellner and Saul (1991b) a CIS Ballast 2 C Germany 53.50 4.500 14.30 0.6 0.43 ?/5.4 ?/? ?
Armisén Manterola et al. (1999) a CIS ? 2 SS Germany 58.00 5.000 14.90 0.6 0.35 ?/5.4 ?/? ?
Armisén Manterola et al. (1999) a CIS Slab 2 SS Germany 58.00 5.300 14.30 0.6 0.35 ?/5 ?/? ?
Armisén Manterola et al. (1999) a CIS Slab 2 SS Germany 44.00 4.000 14.30 0.6 0.35 ?/5 0.3/0.28 ?
Armisén Manterola et al. (1999) a CIS Ballast 2 C Spain 60.00 3.500 14.00 0.5 0.3 ?/5 ?/? ?
Armisén Manterola et al. (1999) a CIS Ballast 2 C Spain 45.00 2.800 14.00 0.45 0.3 ?/5 ?/? ?
Armisén Manterola et al. (1999) a CIS Ballast 2 C Spain 66.00 4.000 14.00 0.5 0.3 ?/5 ?/? ?
Miotti et al. (2003) d ? Ballast 2 SS Italy 30.40 2.800 14.02 0.5 0.3 10/8 0.4/0.33 40
Laing O’Rourke (2016) b PC Slab 2 C UK 35.00 2.920 13.60 0.23 0.335 2.967/1.72 0.42/0.335 60

Table A.1: Database of bridges compiled from the literature
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Source Author(s) that published the data on the bridge
Type Bridge cross section type. See Table A.3 for information
PC/CIS Type of bridge construction: PC refers to precast and CIS

to cast in-situ
Track Type of track structure found to be used for the bridge
Number of tracks Number of tracks placed on each bridge deck
SS/C Definition of the continuity of the source bridge as either

single span(SS) or continuous(C)
Country Location of the country of construction
Span Length of the span of the bridge
Depth Depth of the cross section
Slab width Width of the top flange (or slab)
Web thickness Nominal thickness of the webs, for cross sections containing

webs
Bottom Flange Thickness Nominal thickness of bottom flange for cross sections with

them
Beam Width Transversal width of the beam or lower box of a box girder

at the top and bottom
Slab Thickness Thickness of the slab with min and max values to reflect the

varying slab thickness
Concrete Strength Published strength of concrete used in project

Table A.2: Definitions of the abbreviations used in Table A.1

cross section name key

Box girder a

Dual U-Beam b

Straight sided
box girder c

Triple webbed
box girder d

Voided slab e

Table A.3: Different types of cross section in the bridge database



Appendix B

Track Database

This appendix outlines the properties of some of the tracks modelled in literature. The ma-
jority of these values are shown in Table B.1.

The variation of the values in literature are shown pictorially in Figures B.1, which is where
the sensitivity analysis values originate from in Section 4.2.

B.1 Longitudinal and Lateral Stiffness

Due to literature often focusing on two dimensional track models the longitudinal and lateral
stiffnesses of the ballast and railpad are often excluded. However, in the case of both Rigueiro
et al. (2010); Wu and Yang (2003), the value of longitudinal ballast stiffness is 10.4 MN/m,
which is 10% of the vertical value. Contrastingly the ballast longitudinal damping is found to
be 50 kN s/m in both cases, the same as the vertical damping value in these cases. There are
no values given for the lateral stiffness and damping of the ballast. In Sun and Dhanasekar
(2002); Vale and Calçada (2014), the ballast damping and elastic stiffness is defined as 30%
that of the vertical value.

For the railpad, the lateral coefficients are only included in the case of Zhai et al. (2009),
where the stiffness value is 20 MN/m, and the damping value is 50 kN s/m. This compares
to the vertical components as 27% and 66% respectively. No coefficients are given for the
longitudinal stiffness of the railpad.
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Source Ballast Ballast Ballast Ballast Ballast Railpad Railpad Sleeper Sleeper Rail Rail Mass
Depth Vertical Vertical Density Mass Vertical Vertical Spacing Mass Stiffness per length
[m] Stiffness Damping [kg/m3] [kg] Stiffness Damping [m] [kg] [MN/m2] [kg/m]

MN/m] [kN s/m] [MN/m] [kN s/m]

Romero et al. (2012) 0.7 ? ? 1500 ? 150 13.5 0.6 300 6.45 60.3
Nguyen Gia et al. (2015) Alonso Upper ? 200 ? ? ? 500 ? ? ? ? ?
Nguyen Gia et al. (2015) Alonso Lower ? 100 ? ? ? 60 ? ? ? ? ?
Nguyen Gia et al. (2015) ? 100 25 ? 646 100 15 ? 320 6.42 ?
Cantero et al. (2016); Zhai (1996) ? 240 59 ? 683 78 50 0.545 251 6.42 60.3
Cantero et al. (2016) ? 538 120 ? 412 500 200 0.6 290 6.42 60.3
Cantero et al. (2016); Zhai et al. (2004) ? 138 58 ? 531 65 75 0.545 251 6.42 60.3
Cantero et al. (2016); Lu et al. (2008) ? 480 ? ? 1365 156 ? 0.54 237 6.42 60.3
Cantero et al. (2016); Lei and Zhang (2010) ? 120 60 ? 2718 80 50 0.57 340 6.42 60.3
Cantero et al. (2016); Nguyen et al. (2014) ? 100 25 ? 646 100 15 0.6 320 6.42 60.3
Rigueiro et al. (2010) Model 1 ? 104 50 2039 ? ? ? ? ? 6.42 60.4
Rigueiro et al. (2010) Model 2 ? 120 114 2039 ? 300 80 0.6 300 6.42 60.4
Rigueiro et al. (2010) Model 3 ? 538 120 ? 412 500 200 0.6 290 6.42 60.4
Zhu et al. (2009) ? 40 50 ? ? 200 30 0.6069 180 8.18 67.6
Lou et al. (2012) ? 225 60 ? ? 60 75 0.625 340 6.63 60.6
Nielsen and Oscarsson (2004) ? 30 31 ? ? 80 15 0.65 250 6.4 60
Sun and Dhanasekar (2002) Example 1 ? 31 21 ? ? 200 21.8 0.79 50 4.86 56
Sun and Dhanasekar (2002) Example 2 0.3 79 50 ? ? 200 70 0.79 50 4.86 56
Sun and Dhanasekar (2002) Example 3 0.3 ** ** ? ? 140 45 0.685 270 6.09 60
Kargarnovin et al. (2005)* ? 90 1125 ? ? 220 700 ? 125 6.42 60.4
Nguyen et al. (2014) ? 100 25 ? ? 100 15 0.6 160 ? ?
Nguyen Gia (2013) ? 29 70 ? ? 140 45 0.685 270 6.09 60
Sun et al. (2003) 0.3 ** ** 2600 ? 140 45 0.685 ? ? ?
Zhai et al. (2009) 0.45 ** ** 1800 ? 65 75 0.545 ? 6.62 60.6
Kouroussis et al. (2012) ? 32 52 ? ? 90 30 0.72 90.84 4.17 50.1

Table B.1: Comparison of the properties of the track used in literature. Where no data is provided a ’?’ is placed. * signifies that the stiffness is a defined in a
nonlinear way and the linear component value is taken. ** signifies that this property is defined via an elastic modulus
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Figure B.1: Variation of the track properties in literature; Outliers represented by circles
which were considered values not chosen as too dissimilar to the rest.



Appendix C

Vehicle Database

This appendix details the vehicle properties found in literature. It compares the mass prop-
erties of the vehicles as seen in Table C.3, and the suspension properties as seen in Table C.4.
These values are used for the sensitivity analysis of the vehicles using the suspension data.
Hence a comparison of the values is made in Figures C.2 and C.3. This appendix also details
the Siemens Velaro train in more detail, that is used in this thesis.

C.1 Siemens Velaro Vehicle

The Siemens Velaro vehicle that is used in this thesis is outlined here. It uses data published
by Antolin et al. (2012) and Antolín (2013) to describe the vehicle properties. The properties
are shown in Tables C.1 and C.2. These correspond to the components shown in Figure C.1.
Within the geometrical properties, h refers to the height of the centre of mass of the body
above the contact point with rail, d is a longitudinal distance and b a width. dc refers to the
distance between carriages, and ww is the distance between the initial contact points on the
wheelset. The subscripts of c, b and w refer to the carriage, bogie and wheelset respectively.
For the vehicle properties, k and c correspond to stiffness and damping coefficients, where
the subscripts p and s are the primary and secondary suspension levels respectively. The
directions x, y and z refer to the longitudinal, lateral and vertical directions respectively. The
inertia of the carriage in this model depends on the mass of the carriage and the passengers
within the carriage.
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hc

hb hw

db

dw

Figure C.1: Vehicle model

hc 1.4m dc 25.0m
hb 0.5m db 17.375m

hw 0.46m dw 2.5m ww 1.506m

Table C.1: Siemens Velaro Geometrical Properties (all dimensions in m) (Antolin et al., 2012;
Antolín, 2013)

Vehicle Property Direction, i
x y z

Primary Stiffness kp,i [kN/m] 120× 103 12.5× 103 1200

Primary Damping cp,i [kN · s/m] 27.9 9 10

Secondary Stiffness ks,i [kN/m] 12000 240 350

Secondary Damping cs,i [kN · s/m] 600 30 20

Carriage mass Inertia Ic,i [kg ·m2] 70000 49 ·mc 49 ·mc

Bogie mass Inertia Ib,i [kg ·m2] 560 315 1715

Wheelset mass Inertia Iw,i [kg ·m2] 1000 100 1000

Carriage mass mc [kg] 53500 +68 persons of mass 80 kg
Bogie mass mb [kg] 3500

Wheelset mass mw [kg] 1800

Table C.2: Properties of the Siemens Velaro train as taken from Antolin et al. (2012) and
Antolín (2013). Carriage mass related to passenger mass therefore 49 ·mc = 2.89× 106 kg



Mass [kg] Carriage Inertia [kg/m2] Bogie Inertia [kg/m2] Wheelset Inertia [kg/m2]
Source Train Name Type Carriage Bogie Wheelset vert long lat vert long lat vert long lat
Dias et al. (2008) AVE S100 28740 3020 1580 981340 34270 981340 3790 2030 3200
Doménech Monforte (2014) AVE S103 53500 3500 1800 1690000 2802
Dias et al. (2008) AVE S103 33790 2800 1520 570000 88500 1540000 1316 2070 3052
Lei and Zhang (2010) CRH3 40000 3200 1200 547000 6800
Zhang et al. (2010) China star P 40000 2100 1950 2560000 90000 2560000 2100 1701 2100 1248 1248
Zhang et al. (2010) China star T 59364 5631 1844 1796565 130493 1723415 11233 2202 9488 1263 1263
Liu et al. (2009a) ETR500Y T 34231 2760 1583
Liu et al. (2009a) ETR500Y P 55976 3896 2059
Doménech Monforte (2014) Eurostar T 51500 2200 1700 1050000 1900
Doménech Monforte (2014) Eurostar P 22525 22900 1900 810000 2508
Lin et al. (2005) ICE-2 27000 3000 1800 4000
Doménech Monforte (2014) ICE2 T 60768 5600 2003 1344000 21840
Doménech Monforte (2014) ICE2 P 33930 2373 1728 2115000 1832
Varandas et al. (2011) ICR P 60000 3400 750 902500 1857
Varandas et al. (2011) Koploper ICM T 34500 2600 875 518938 1354
Kwark et al. (2004) Korean HST PP 26000 3050 2000 971810 33940 971810 3790 2030 3200 1030 1030 0.8
Kwark et al. (2004) Korean HST T 48400 2514 2050 1694890 55500 1641510 3860 2070 3260 1030 1030 0.8
Kwark et al. (2004) Korean HST P 54960 2420 2050 1112900 59400 1132800 3068 1645 2593 1030 1030 0.8
Majka and Hartnett (2009) LOCO141 T 37300 10390 2230 479800 22110 479800 27100 3645 27100 1535
Majka and Hartnett (2009) LOCO201 T 63980 17320 2230 1295000 63980 1295000 45140 43190 6075 1535
Majka and Hartnett (2009) Mark 4 P 42110 6820 1813 1837000 50870 1830000 7388 2420 5257 1120
Antolín et al. (2012) Pioneer P 44000 1700 1900 2740000 74000 2740000 1700 1600 1700 1067
Doménech Monforte (2014) Pioneer T 42400 3400 2200 1064400 7200
Doménech Monforte (2014) Pioneer P 44000 1700 1900 2740000 1700
Antolín et al. (2012) Pioneer T 42400 3400 2200 867200 101500 1064400 6800 3200 7200 1630
Lin et al. (2005) SKS 20875 3040 1780 3930
Wu and Yang (2003) SKS-300 41750 3040 1780 2080000 3930
Ju (2012) SKS-700 38900 3000 1770 1267500 97200 1470000 3050 2470 3690 710 710 180
Antolín et al. (2013) Seimens Velaro 53500 3500 1800 49m 70000 49m 1715 560 315 1800 1000 100
Romero et al. (2012) TAV P 24000 3040 2003 1480000 2680
Romero et al. (2012) TAV T 55790 2380 2048 1480000 1150
Lei and Noda (2002) TGV 53500 3260 2000
Lin et al. (2005) TGV 27000 3000 1800 4000
Galvín et al. (2010) TGVA T 55790 2380 2048 1150000 2680
Galvín et al. (2010) TGVA P 24000 3040 2003 1480 2680
Chen et al. (2015) 31994 3333 1650
Antolin et al. (2012) 53500 3500 1800 2621500 70000 2621500 1715 560 315 1000 1000 100
Nguyen Gia (2013) 80600 3600 726426 1801
Majka and Hartnett (2009) F 63500 2219 1510 71880 11500 71880 3175 1736 1736 892
Dinh et al. (2009) T 54920 3434 1776 2505300 59400 2485400 2453 1766 4905 1138 1138 7.85
Dinh et al. (2009) P 41750 3040 1776 2100000 23200 2080000 2344 1580 3934 1138 1138 7.85
Sun et al. (2003) 80600 1300
Lou et al. (2012) 41750 3040 1780 2080000 3930
Song et al. (2003) T 54916 2446 2048 1112000 59400 1131900 3068 1645 2593 1030 1030 110
Song et al. (2003) PP 42758 3076 2104 1697000 55570 1643620 3860 2070 3260 1030 1030 110
Song et al. (2003) P 26373 3018 2104 981340 34270 981340 3790 2030 3200 1030 1030 110
Xu et al. (2004) T 50000 15260 2670 1022549 119597 1255159 13147 5031 13665 2426 2426
Xu et al. (2004) P 48200 3086 1675 2999000 816720 2999000 4730 2132 4730 900 900
Bowe and Mullarkey (2005) T 90958 10175 4522
Bowe and Mullarkey (2005) P 33700 3150 1500
Iwnicki (1998) 32000 2615 1813 1970000 56800 1970000 3067 1722 1476 1120 1120 112
Iwnicki (1998) 40770 1925 220000 35000 220000 950 950 150
Nguyen Gia et al. (2015) 53500 3500 1800
Zhai et al. (2009) T 59364.2 5630.8 1843.5 1796000 130500 1723000 11233 2202 9487 1285 1263 219
Zhai et al. (2009) P 29600 1700 1900 2139000 58020 2139000 1700 1600 1700 1067 1067 140

Table C.3: Comparison of the mass properties of the vehicles modelled in literature. Type refers to the type of carriage modelled in the train:- P is passenger
carriage; T is the traction or powered carriage; PP is a powered passenger car; F is a freight carriage. Vert=Vertical; Lat=Lateral; Long=Longitudinal



Primary Stiffness [MN/m] Primary Damping [kN /m] Secondary Stiffness [MN/m] Secondary Damping [kN s/m]
Source Train name type Vert Long Lat Vert Long Lat Vert Long Lat Vert Long Lat
Dias et al. (2008) AVE S100 1.650 110 22 12 48 22 0.3 0.1 0.1 6.6 240 30
Doménech Monforte (2014) AVE S103 0.873 24 0.41 45
Dias et al. (2008) AVE S103 1.610 4.35 7.5 5.55 0.18 0.064 16.25 10
Lei and Zhang (2010) CRH3 2.080 100 0.8 120
Zhang et al. (2010) China star P 0.600 4.5 10 20 0.26 0.125 60 20
Zhang et al. (2010) China star T 2.400 4.878 30 80 0.886 0.316 45 50
Liu et al. (2009a) ETR500Y T 0.809 7.5 0.181 16.25
Liu et al. (2009a) ETR500Y P 1.792 15.25 0.472 36.25
Doménech Monforte (2014) Eurostar T 2.600 12 3.26 90
Doménech Monforte (2014) Eurostar P 2.000 12 0.58
Lin et al. (2005) ICE-2 2.360 78.4 0.66 22.7
Doménech Monforte (2014) ICE2 T 4.800 108 1.76 152
Doménech Monforte (2014) ICE2 P 1.600 20 0.3 6
Varandas et al. (2011) ICR P 1.800 10 0.8 35.4
Varandas et al. (2011) Koploper ICM T 2.480 2.93 1.44 31.1
Kwark et al. (2004) Korean HST PP 0.800 55 11 6 0.303 0.1 0.17
Kwark et al. (2004) Korean HST T 1.250 40 9 10 0 0 0.37 0.1 0.15 20 30
Kwark et al. (2004) Korean HST P 1.250 40 9 10 0 0 1.27 0.303 0.303 20 100
Majka and Hartnett (2009) LOCO141 T 1.488 2.12 7.5 1 0.53 0.16 15 32
Majka and Hartnett (2009) LOCO201 T 1.470 2.12 4 1 0.63 0.16 20 32
Majka and Hartnett (2009) Mark 4 P 3.185 10.13 32.41 0 0.566 0.211 26.24 41.44
Antolín et al. (2012) Pioneer P 0.700 15 5 38 0 0 0.35 0.21 0.21 40 300 15
Doménech Monforte (2014) Pioneer T 1.040 30 0.4 33
Doménech Monforte (2014) Pioneer P 0.700 38 0.35 40
Antolín et al. (2012) Pioneer T 1.040 9 1.32 30 0 0 0.4 0.24 0.24 33 120 30
Lin et al. (2005) SKS 2.360 78.4 0.53 90.2
Wu and Yang (2003) SKS-300 1.180 39.2 0.53 90.2
Ju (2012) SKS-700 1.200 16 11 40 2.5 2.5 0.033 0.14 0.14 20 60 2500
Antolín et al. (2013) Seimens Velaro 1.200 12.5 120 10 9 27.9 0.35 0.24 0.24 20 30 30
Romero et al. (2012) TAV P 1.400 10 0.82 48
Romero et al. (2012) TAV T 2.450 20 2.45 40
Lei and Noda (2002) TGV 3.280 90 1.31 30
Lin et al. (2005) TGV 2.360 78.4 0.664 96.7
Galvín et al. (2010) TGVA T 2.450 20 2.45 40
Galvín et al. (2010) TGVA P 1.400 10 0.82 48
Chen et al. (2015) 2.360 80 0.8 100
Antolin et al. (2012) 1.200 120 12.5 10 27.9 9 0.35 12 0.24 20 600 30
Nguyen Gia (2013) 6.500 10 2.555 30
Majka and Hartnett (2009) F 1.500 2.12 4 1 0.35 0.16 20 32
Dinh et al. (2009) T 1.226 2.453 29.43 98.1 1.246 0.297 98.1 98.1
Dinh et al. (2009) P 0.590 2.35 19.62 58.86 0.045 0.039 0.42 1.23
Lou et al. (2012) 1.180 39.2 0.53 90.2
Song et al. (2003) T 1.225 40 9 10 22 10 1.268 0.302 0.302 20 30
Song et al. (2003) PP 1.225 40 9 10 21 10 0.37 0.1 0.15 20 30
Song et al. (2003) P 0.825 55 11 6 24 11 0.3 0.1 0.1 0 30
Xu et al. (2004) T 16.000 3.74 120 0.5 0.072 100 72
Xu et al. (2004) P 7.800 2.538 20 3.7 0.14 45 140
Bowe and Mullarkey (2005) T 7.000 58.8 4.1 22
Bowe and Mullarkey (2005) P 0.700 5.88 0.41 2.2
Iwnicki (1998) 1.220 31.391 3.884 15 2 0.43 0.16 0.16
Iwnicki (1998) 1.800 12 0.64
Nguyen Gia et al. (2015) 0.873 24 0.41 45
Zhai et al. (2009) T 2.400 30.8 4.878 30 0.886 0.316 0.315 45 50
Zhai et al. (2009) P 0.873 24 5.1 30 0.41 1.2 0.3 108.7 25

Table C.4: Comparison of the stiffness properties of the vehicles modelled in literature. Type refers to the type of carriage modelled in the train:-
P is passenger carriage; T is the traction or powered carriage; PP is a powered passenger car; F is a freight carriage. Vert=Vertical; Lat=Lateral;
Long=Longitudinal
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Figure C.2: Variation of the primary stiffness properties of the vehicles published in literature
using box and whisker plots that display the median, upper and lower quartiles and outliers.
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Figure C.3: Variation of the Secondary stiffness properties of the vehicles published in lit-
erature using box and whisker plots that display the median, upper and lower quartiles and
outliers.



Appendix D

Wheel and Rail Geometry

The wheel geometry and the rail geometry used in this model take on the perfect geome-
tries, as outlined in the source material (BS EN 13715:2006+A1:2010, 2011; BS EN 13674-
1:2011+A1:2017, 2011). These geometries are outlined in this appendix, as well as the sim-
plifications to geometry of the wheel for modelling purposes. These profiles do not take into
account wear and changing of the profile shape.

D.1 Wheel Geometry

The wheel profile geometry is shown in Figure D.1. This comes from the source BS EN
13715:2006+A1:2010 (2011) as the commonly used S1002 wheel profile. The coordinates of
the points in the model are found in Table D.1 (BS EN 13715:2006+A1:2010, 2011). In
addition to the profile, the radius r0 of the wheel is taken as 0.46m, the location of which this
is the radius is found at point C in Figure D.1. The distance from this point to the centre of
the wheelset, y0 is taken as 0.75m.

From the profile shown, for modelling this is simplified into equations presented by UIC 510-2
(2004). These equations are shown in through Equations D.1-D.8.

f (S1W ) = 1.364323640− 0.066666667S1W (D.1)

f (S1W ) = −3.358537058× 10−2S1W + 1.565681624× 10−3S2
1W

−2.810427944× 10−5S3
1W + 5.844240864× 10−8S4

1W

−1.562379023× 10−8S5
1W + 5.309217349× 10−15S6.0

1W

−5.957839843× 10−12S7
1W + 2.646656573× 10−13S8

1W

(D.2)
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Figure D.1: Wheel profile geometry. All measurements in mm (BS EN 13715:2006+A1:2010,
2011)

Coordinate S1W [mm] f (S1W ) [mm]
A 70.000 -3.315
B 32.158 -0.780
C 0.000 0.000
D -35.000 6.867
E -38.427 12.000
F -39.765 15.675
G -49.663 26.748
H -62.765 25.149
I -70.000 9.519

MDE -26.211 16.446
MFG -58.558 8.835
MGH -55.000 16.000
MHI -49.500 9.519

Table D.1: Coordinates for points in the wheel profile. Values in mm
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Equation Upper bound lower bound
D.1 60.000 32.158
D.2 32.158 -26.000
D.1 -26.000 -35.000
D.4 -35.000 -38.427
D.5 -38.427 -39.764
D.6 -39.764 -49.663
D.7 -49.663 -62.765
D.8 -62.765 -70.000

Table D.2: Limits of validity for the each equation as a function of S1W . Values in mm (BS
EN 13715:2006+A1:2010, 2011)

f (S1W ) = −4.320221263475584× 103 − 1.038384035115286× 103S1W

−1.065501873× 102S2
1W − 6.051367875S3

1W

−2.054332446× 10−1S4
1W − 4.169739389× 10−3S5

1W

−4.687195829× 10−5S6
1W − 2.252755540× 10−7S7

1W

(D.3)

f (S1W ) = 16.446−
√

13.02 − (S1W + 26.210665)2 (D.4)

f (S1W ) = −93.576667419− 2.747477419S1W (D.5)

f (S1W ) = 8.834924130 +

√
20.02 − (S1W + 58.558326413)2 (D.6)

f (S1W ) = 16.0 +

√
12.02 − (S1W + 55.0)2 (D.7)

f (S1W ) = 9.5192593020 +

√
20.52 − (S1W + 49.50)2 (D.8)

where the validity of each equation is outlined in Table D.2.

D.2 Rail Geometry

The rail geometry is shown in Figure D.2. This is the geometry for the commonly used UIC
60E1 rail (BS EN 13674-1:2011+A1:2017, 2011). The rail is angled, as commonly done in
reality with a gradient of 1/40. This is shown in Figure D.3. Alternatives are 1/20, and no
gradient which are not used. The rails point inwards towards the centre of the track.

To model the rail geometry, the geometry is converted into a series of equations. These model
only the region for which contact can occur and are seen in Equation D.9:
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Figure D.2: Rail head profile geometry. All measurements in mm (BS EN 13674-
1:2011+A1:2017, 2011)

Figure D.3: Rail angle

f (S2R) =



−0.3 +
√

0.32 − S2
2R |S2R| 6 10.228

−0.0801278 +
√

0.082 − (S2R − 0.0075005)2 10.228 < S2R 6 26.0265

−0.0149492 +
√

0.0132 − (S2R − 0.0230162)2 26.0265 < S2R 6 36.0

−0.0801278 +
√

0.082 − (S2R + 0.0075005)2 −10.228 > S2R > −26.0265

−0.0149492 +
√

0.0132 − (S2R + 0.0230162)2 −26.0265 > S2R > −36.0

(D.9)



Appendix E

Pre-stress Losses Calculations

The benchmark case for the double U-beam bridge contains a series of pre-stressing tendons.
The tendons are debonded over different distances from the end of the U-beam. Each tendon
is 150 mm2 with a diameter of 15.7 mm. The Young’s modulus is 195 kN/mm, with the initial
pre-stress being 219kN per strand, which is 78% of the characteristic breaking load.

Figure E.1 shows the layout of the pre-stressing tendons, including the longitudinal section
in which the tendons are activated. For example, tendons highlighted as section 1, will be
bonded throughout the length of the beam, whereas those highlighted as section 2 would begin
being bonded in section 2 and so are unbonded in section 1. Likewise, those labelled section
3 become bonded in section 3 and are unbonded in sections 1 and 2.

0,24 1,71 0,24 Section 1 (S1)

Section 2 (S2)

Section 3 (S3)

Section 4 (S4)

Section 5 (S5)

Section 6 (S6)

Section 7 (S7)
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Figure E.1: Prestressing tendon arrangement and activation
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E.1 Initial losses

For the calculation of the losses within the beam, study is made to the first span of the
continuous three span bridge. The initial losses in the pre-stressing tendons are shown in
Table E.1. The initial force comes from the initial tendon force. The elastic shortening of the
concrete is calculated by the formula in Equation E.1 (BS EN 1992-1-1:2004, 2004).

∆Pi =

(∑N
j=1 Pj

AC,H
+

∑N
j=1 (Pjej) ei

IC,H

)
Ep
EC

AP,i (E.1)

The anchorage length (or transmission length) is calculated by Equation E.2. As it is a
pretensioned bridge these are the only two initial losses. This results in a transmission length
of 0.896565 m, which is reflected in Table E.1. The tendon forces can be calculated at x
coordinates between the locations given by linear interpolation.

lpt = α1α2φσpm0/fbpt (E.2)

where lpt is the anchorage length, α1 is 1.0 for gradual tendon release,α2 is 0.19 for a seven
wire strand, φ is the diameter of tendon (= 15.7 mm), σpm0 is the tendon stress immediately
after release and fbpt is the constant concrete bond strength.

E.2 Time-dependent losses

The time dependent losses that affect this concrete structure are the concrete creep, concrete
shrinkage and the tendon relaxation. In the sensitivity analysis of Chapter 4, two timescales
were investigated: 30 days and 70 years (25567 days). An example of the pre-stressing forces
after the time dependent losses are given for 30 days in this section.

The relaxation of the tendons comes from Equation E.3. The resultant loss of stress in each
tendon in each tendon set based on where they are activated are expressed in Table E.2. The
tendons are assumed to be of low relaxation and therefore a class 2 wire. Hence, the value of
ρ1000 is 2.5. The derivation of the symbols can be found in BS EN 1992-1-1:2004 (2004).

∆σpr
σpi

= 0.66ρ1000e
9.1µ

(
t

1000

)0.75(1−µ)

10−5 (E.3)

The calculation of the creep forces requires the calculation of the bending moment diagram
under long term loads. Equation E.4 is utilised to give the creep coefficient as used by Equation
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x Tendon force considering: [kN ]
location Initial Elastic Anchorage in tendons bonded in:

[m] Shortening S1 S2 S3 S4 S5 S6 S7
0 219 215 0 0 0 0 0 0 0

0.896565 219 215 215 0 0 0 0 0 0
2 219 217 217 0 0 0 0 0 0

2.896565 219 217 217 217 0 0 0 0 0
4 219 218 218 218 0 0 0 0 0

4.896565 219 218 218 218 218 0 0 0 0
6 219 218 218 218 218 0 0 0 0

6.896565 219 218 218 218 218 218 0 0 0
8 219 218 218 218 218 218 0 0 0

8.896565 219 218 218 218 218 218 218 0 0
10 219 218 218 218 218 218 218 0 0

10.89657 219 218 218 218 218 218 218 218 0
12 219 218 218 218 218 218 218 218 0

12.89657 219 218 218 218 218 218 218 218 218
17.5 219 218 218 218 218 218 218 218 218

22.10343 219 218 218 218 218 218 218 218 218
23 219 218 218 218 218 218 218 218 0

24.10343 219 218 218 218 218 218 218 218 0
25 219 218 218 218 218 218 218 0 0

26.10343 219 218 218 218 218 218 218 0 0
27 219 218 218 218 218 218 0 0 0

28.10343 219 218 218 218 218 218 0 0 0
29 219 218 218 218 218 0 0 0 0

30.10343 219 218 218 218 218 0 0 0 0
31 219 218 218 218 0 0 0 0 0

32.10343 219 217 217 217 0 0 0 0 0
33 219 217 217 0 0 0 0 0 0

34.10343 219 215 215 0 0 0 0 0 0
35 219 215 0 0 0 0 0 0 0

Table E.1: Forces in the tendons with different initial losses. The anchorage losses refer to the
sections highlighted in Figure E.1 for the location of bonding of tendons
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Location Tendon stress loss under relaxation [MPa]
[m] S1 S2 S3 S4 S5 S6 S7
0.000 0 0 0 0 0 0 0
0.400 0.193 0 0 0 0 0 0
0.897 22.1 0 0 0 0 0 0
2.00 20.5 0 0 0 0 0 0
2.90 20.5 18.9 0 0 0 0 0
4.00 19.5 18.0 0 0 0 0 0
4.90 19.5 18.0 17.1 0 0 0 0
6.00 18.7 17.3 16.4 0 0 0 0
6.90 18.7 17.3 16.4 15.7 0 0 0
8.00 17.9 16.6 15.8 15.1 0 0 0
8.90 17.9 16.6 15.8 15.1 14.5 0 0
10.00 17.4 16.1 15.3 14.7 14.1 0 0
10.90 17.4 16.1 15.3 14.7 14.1 13.7 0
12.00 16.9 15.7 14.9 14.3 13.8 13.4 0
12.90 16.9 15.7 14.9 14.3 13.8 13.4 13.1
17.50 16.9 15.7 14.9 14.3 13.8 13.4 13.1
22.1 16.9 15.7 14.9 14.3 13.8 13.4 13.1
23.0 16.9 15.7 14.9 14.3 13.8 13.4 0
24.1 17.4 16.1 15.3 14.7 14.1 13.7 0
25.0 17.4 16.1 15.3 14.7 14.1 0 0
26.1 17.9 16.6 15.8 15.1 14.5 0 0
27.0 17.9 16.6 15.8 15.1 0 0 0
28.1 18.7 17.3 16.4 15.7 0 0 0
29.0 18.7 17.3 16.4 0 0 0 0
30.1 19.5 18.0 17.1 0 0 0 0
31.0 19.5 18.0 0 0 0 0 0
32.1 20.5 18.9 0 0 0 0 0
33.0 20.5 0 0 0 0 0 0
34.1 22.1 0 0 0 0 0 0
35.0 0 0 0 0 0 0 0

Table E.2: Losses of tendon stress due to relaxation of the tendons after 30 days
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E.8. The equation originates in BS EN 1992-2:2005 (2005) and its components are further
derived here. The relative humidity is assumed to be 80% for outside conditions, with a
concrete strength of 60 MPa. it results in a creep coefficient after 30 days of 0.0251 and after
70 years of 1.0998.

φ (t, t0) = φ0βc (t, t0) (E.4)

The other loss for the calculation of time dependent losses is the calculation of the shrinkage
in the concrete. Equations E.5, E.6 and E.7 are used to calculate these losses. The shrinkage
comprises of the drying shrinkage strain and the autogenous shrinkage strain. Again these
equations are taken from BS EN 1992-1-1:2004 (2004), so reference should be to this should
further derivations be needed. The value of the total shrinkage strain after 30 days and 70
years is 9.82415× 10−5 and 2.6462× 10−4 respectively.

εcs = εcd + εca (E.5)

εcd (t) = βds (t, ts) khεcd,0 (E.6)

εca = βas (t) εca (∞) (E.7)

In order to calculate the tendon forces displayed in Table E.3, the three time dependent losses
are combined using Equation E.8. See BS EN 1992-1-1:2004 (2004) for more details and
meaning of the symbols. The bending moment in the three span bridge is shown in Figure
E.2. These bending moments are calculated under the quasi permanent loads and hence are
used to determine the stresses used in Equation E.8.

∆Pc+s+r = Ap∆σp,c+s+r = Ap
εcsEp + 0.8∆pr +

Ep
Ecm

φ (t, t0)σc,QP

1 +
Ep
Ecm

Ap
Ac

(
1 + Ac

Ic
x2
cp

)
[1 + 0.8φ (t, t0)]

(E.8)

As a result of the losses calculated, Figure E.3 shows the tendon stresses in each of the tendon
sets throughout the length of the bridge based on the combination of the losses. It shows both
the tendon forces under the cases of 30 day losses as well as 70 year losses.
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Location Tendon force under combined time dependent losses [kN ]
[m] S1 S2 S3 S4 S5 S6 S7
0 0.00 0.00 0.00 0.00 0.00 0.00 0.00
0.4 92.08 0.00 0.00 0.00 0.00 0.00 0.00

0.896565 206.38 0.00 0.00 0.00 0.00 0.00 0.00
2 204.61 0.00 0.00 0.00 0.00 0.00 0.00

2.896565 204.60 202.73 0.00 0.00 0.00 0.00 0.00
4 203.43 201.57 0.00 0.00 0.00 0.00 0.00

4.896565 203.42 201.56 200.37 0.00 0.00 0.00 0.00
6 202.41 200.55 199.36 0.00 0.00 0.00 0.00

6.896565 202.40 200.54 199.35 198.31 0.00 0.00 0.00
8 201.39 199.54 198.35 197.31 0.00 0.00 0.00

8.896565 201.38 199.53 198.34 197.31 196.32 0.00 0.00
10 200.66 198.82 197.63 196.60 195.61 0.00 0.00

10.89657 200.66 198.81 197.63 196.59 195.61 194.92 0.00
12 200.09 198.25 197.06 196.03 195.04 194.36 0.00

12.89657 200.08 198.24 197.06 196.02 195.04 194.36 193.80
17.5 200.08 198.24 197.06 196.02 195.04 194.36 193.80

22.10343 200.08 198.24 197.05 196.02 195.03 194.35 193.80
23 200.08 198.24 197.05 196.02 195.04 194.35 0.00

24.10343 200.65 198.80 197.62 196.58 195.60 194.91 0.00
25 200.65 198.81 197.62 196.59 195.60 0.00 0.00

26.10343 201.37 199.52 198.33 197.30 196.31 0.00 0.00
27 201.37 199.53 198.34 197.30 0.00 0.00 0.00

28.10343 202.38 200.53 199.34 198.30 0.00 0.00 0.00
29 202.39 200.53 199.34 0.00 0.00 0.00 0.00

30.10343 203.40 201.54 200.35 0.00 0.00 0.00 0.00
31 203.41 201.55 0.00 0.00 0.00 0.00 0.00

32.10343 204.57 202.71 0.00 0.00 0.00 0.00 0.00
33 204.59 0.00 0.00 0.00 0.00 0.00 0.00

34.10343 206.35 0.00 0.00 0.00 0.00 0.00 0.00
35 0.00 0.00 0.00 0.00 0.00 0.00 0.00

Table E.3: Tendon force in first span under combined time dependent losses after 30 days
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Figure E.3: Tendon forces across the three continuous spans under permanent loads, with all
losses. Compares losses in the tendons activated in Sections 1, 4 and 7, at the ages of 30 days
and 70 years.



Appendix F

Irregularities

Five specific country PSD functions were found in the literature study. Some only apply to
the vertical irregularity (such as the SNCF and Braun PSDs), whereas other PSD functions
(the FRA, German and Chinese functions), are set such that they can define all four types of
irregularity, not just the vertical profile (Berawi, 2013). This appendix outlines the formulas
used in generating these PSD functions.

F.1 FRA PSD Function

As mentioned in Section 2.5.2, these equations are the most commonly used in literature,
utilising the class of tracks using proposed by the Federal Railroad Administration (FRA)
(Hamid et al., 1983).

Despite claiming to use the FRA model, there appears to be three distinct PSD model for-
mulations used in literature. The original is found in Hamid et al. (1983), which is also used
by Garg and Dukkipati (1984), Frýba (1996), Au et al. (2002), Song et al. (2003) and Dinh
et al. (2009). Alternative formulations, which use roughness coefficients to generate the PSD
function that vary by up to 10 % from the original, are found in White and Cooperrider
(1981) (later used by Fries and Coffey (1990), Yang et al. (2004a), Kargarnovin et al. (2005)
and Majka and Hartnett (2009)) and Sayers and Hedrick (1977) (used by Garivaltis et al.
(1980), Wiriyachai et al. (1982), Zhang et al. (2001), Lei and Noda (2002), Berawi (2013) and
Podworna (2014)). These later two models have been found to vary due to rounding errors
associated with conversion from imperial to metric units.

A slight variation of the Sayers and Hedrick (1977) model is introduced in the papers of Lei
and Noda (2002), Berawi (2013) and Podworna (2014). Here, another constant is introduced,
k, typically equal to 0.25, subsequently reducing the values of the PSD, but no reason is given

344
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for them to be included. The source of this k constant appears to be Lei and Noda (2002). As
a result both have been included in the comparisons between the models, which is shown in
addition to the three models expressed previously in Table F.1. The value of A is a constant
which differs between classes of track and is often referred to as a roughness parameter. The
constants Ωi, where i is an identifier to differentiate different constants, is sometimes referred
to as a break frequency, and these break frequencies change between the different types of
irregularity, but do not significantly change for different track classes. Each PSD tends to be
valid over a certain wavelength of irregularities (λ)[m].
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Name Equation Ω equation Use Values Sources

Hamid

S(Ω) =
AΩ2

2(Ω2+Ω2
1)

Ω4(Ω2+Ω2
2)

[m2/(cycle/m) ]

Ω = 1
λ [1/m]

Profile
A = 0.88× 10−8 [m3]

Hamid et al. (1983)
Garg and Dukkipati (1984)
Frýba (1996)

Ω1=0.0233 [m−1]
Ω2=0.131 [m−1]

Alignment
A = 0.55× 10−8 [m3]
Ω1=0.0328 [m−1]
Ω2=0.1822 [m−1]

S(Ω) =
AΩ2

2

(Ω2+Ω2
1)(Ω2+Ω2

2)
[m2/(cycle/m) ]

Cross level
A = 0.67× 10−8 [m3]
Ω1=0.0233 [m−1]
Ω2= 0.131 [m−1]

Gauge
A = 0.55× 10−8 [m3]
Ω1=0.0293 [m−1]
Ω2= 0.234 [m−1]

White

S(Ω) = AΩ2
c

(Ω2+Ω2
r)(Ω

2+Ω2
c)

[m2/(rad/m) ]

Ω = 2π
λ [rad/m]

Profile A= 1.5 ×10−6 [m]
Ωc=0.825 [rad/m]
Ωr=2.06× 10−2 [rad/m] White and Cooperrider (1981)

Fries and Coffey (1990)
Yang et al. (2004a)
Kargarnovin et al. (2005)
Majka and Hartnett (2009)

Alignment

S(Ω) = (AΩ2
c/la)Ω2

(Ω2+Ω2
r)(Ω

2+Ω2
c)(Ω

2+Ω2
s)

[m2/(rad/m) ]

Cross level A= 1.5 ×10−6 [m]
Ωc=0.825 [rad/m]
Ωr=2.06× 10−2 [rad/m]
Ωs=0.438 [rad/m]
la=0.763 [m]Gauge

Sayers
S(Ω) = 2πAΩ2

c
Ω2(Ω2+Ω2

c)
[mm2m/cycle ]

Ω = 2π
λ [rad/m]

Profile
A= 3.365 [mm2 − rad/m]
Ωc=0.8242[rad/m]
Ωs=0.4395 [rad/m]

Sayers and Hedrick (1977)
Garivaltis et al. (1980)
Wiriyachai et al. (1982)
Zhang et al. (2001)

Alignment

S(Ω) = 8πAΩ2
c

(Ω2+Ω2
c)(Ω

2+Ω2
s)

[mm2m/cycle]
Cross level
Gauge

Lei
S(Ω) = kAΩ2

c
Ω2(Ω2+Ω2

c)
[cm2/(rad/m) ]

Ω = 2π
λ [rad/m]

Profile A= 0.0339 [cm2rad/m]
Ωc=0.8245[rad/m]
Ωs=0.438 [rad/m]
k=0.25 [-]

Lei and Noda (2002)
Berawi (2013)
Podworna (2014)

Alignment

S(Ω) = 4kAΩ2
c

(Ω2+Ω2
c)(Ω

2+Ω2
s)

[cm2/(rad/m)]
Cross level
Gauge

Table F.1: Comparison of the equations used for the FRA PSD functions (S(Ω)), along with values for the class 6 irregularity, where λ is the
wavelength of the irregularity



APPENDIX F. IRREGULARITIES 347

F.2 German Rail PSD Function

There are two types of German Spectra: the German Rail Spectrum of Low Irregularity
(GRSLI) and German Rail Spectrum of High Irregularity (GRSHI). These can simulate the ir-
regularities of modelling a bridge that runs HSR vehicles with design velocities up to 350km/h.
The equations and values needed for the equations of the German PSD functions are shown
in Table F.2. Some variation of the model exists with different coefficients given for the gen-
eration of the PSD, which are generated to match a real line with a Deutsche Bahn Train
travelling at 250 km/h and referred to as ARGER/F models (Claus and Schiehlen, 1998;
Cuadrado et al., 2008).
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Type Equation Constants
Notation GRSHI ab GRSLIac ARGER/F Highd e ARGER/F Low d e

Profile S(Ω) = AΩ2
c

(Ω2+Ω2
γ)(Ω2+Ω2

c)
[m2/(rad/m)]

Ap [m2rad/m]
Ωc [rad/m]
Ωγ [rad/m]

10.8× 10−7

0.82
0.0206

4.032× 10−7

0.82
0.0206

15.9× 10−7

0.8246
0.0206

5.92× 10−7

0.8246
0.0206

Alignment S(Ω) = AΩ2
c

(Ω2+Ω2
γ)(Ω2+Ω2

c)
[m2/(rad/m)]

Aa [m2rad/m]
Ωc [rad/m]
Ωγ [rad/m]

6.13× 10−7

0.82
0.0206

2.12× 10−7

0.82
0.0206

15.9× 10−7

0.8246
0.0206

5.92× 10−7

0.8246
0.0206

Cross Level S(Ω) =
(A/b2)Ω2

2Ω2

(Ω2+Ω2
1)(Ω2+Ω2

2)(Ω2+Ω2
3)

[m2/(rad/m)]

Ap [m2rad/m]
Ωc [rad/m]
Ωγ [rad/m]
Ωs [rad/m]
b [m] f

10.8× 10−7

0.82
0.0206
0.438
0.75

4.032× 10−7

0.82
0.0206
0.438
0.75

15.9× 10−7

0.8246
0.0206
0.438
0.75

5.92× 10−7

0.8246
0.0206
0.438
0.75

Table F.2: Comparison of the PSD functions presented as the German spectra and the similar ARGER/F functions

a Valid for frequency range 0.06283 ≤ Ω ≤ 2.513 [rad/m]
bSource: Zhang et al. (2010), Berawi (2013)
cSource: Li et al. (2005), Berawi (2013)
d Valid for frequency range 0.07 ≤ Ω ≤ 2.1 [rad/m]
e Source: Claus and Schiehlen (1998), Cuadrado et al. (2008)
fhalf of the horizontal distance between two wheels
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F.3 Other PSD functions

The Chinese PSD functions ahve only been found to be published in one English language
source (Berawi, 2013). The function is applicable for specific speeds, with values given for
the speeds of 200, 160 and 120 km/h. This means that it has a higher applicable line speed
than the FRA class 6 track did (177 km/h), yet it is not widely used in literature. The same
formula is used for each of the gauge, cross level, profile and alignment irregularities. Instead
of using Ω = 2π/λ as in most of the the German and FRA spectra, the Chinese spectra uses
f = 1/λ. Also provided is upper, general and lower bounds to the coefficients, representing a
range in the track quality for a certain track operational speed. The Chinese PSD standard
provided cannot be verified against other papers as it has not been found in another English
language print. The equations for this PSD model at 200 km/h is shown in Table F.3.
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Name Irregularity Type Equation Values
Value Upper Lower

China PSD Standard
(200km/h) ab

Profile

S(f) = af2+b
cf2+df4+ef2+k

[mm2/(1/m)]

a
b
c
d
e
k

0.0
0.00353
0.0
1.0
0.00752
0.0

0.0
0.00047
0.0
1.0
0.00783
0.0

Cross level

a
b
c
d
e
k

951.449
2.1747
47442.79
2121.780
25.473
0.0112

238.6205
0.5418
85347.970
3842.441
45.8306
0.02

Alignment

a
b
c
d
e
k

0.0
0.00699
0.0
1.0
0.01893
0.00003

0.0
0.00097
0.0
1.0
0.1893
0.00003

Gauge

a
b
c
d
e
k

362.2681
0.2393
15370.860
681.2174
10.2670
-0.0007

119.2536
0.0783
36295.990
1617.269
24.2936
-0.0018

Braun c d Profile S(f) = A( ff0 )−w [m3]
w [-]
A [m3]
f0 [1/m]

ranges between 1.5 and 3.5
5.0× 10−7

1/2π

ranges between 1.5 and 3.5
1.0× 10−7

1/2π

SNCF e f Profile S(f) = A

(1+ f
f0

)3
,[m3] A [m3]

f0 [m]
550× 10−6

0.307
160× 10−6

0.307

Table F.3: Comparison of other PSD functions

af = 1/λ [1/m] Validity range not known
bSource: Berawi (2013)
cf = 1/λ, [1/m] where λ is the wavelength and f is the cyclic wavenumber. No wavelength range is given
dSource: Berawi (2013)
ef = 1/λ, [1/m] over the range of 0.025 ≤ f ≤ 0.5
fSource: Frýba (1996); Berawi (2013)



APPENDIX F. IRREGULARITIES 351

According to Zhiping and Shouhua (2009), there are PSD functions for the countries of Britain,
Czech Republic, India and Russia in addition to those seen (Frýba, 1996). However, these
have not been able to be sourced. In Berawi (2013), reference is made towards the Braun and
French SNCF PSD spectra that both only apply to the vertical profile. Braun is developed
from a PSD spectra designed for highways, so is probably not as applicable as other sources. No
further references can be found for this PSD, to confirm its viability. The SNCF PSD function
is designed for the French railways and has a higher and lower quality level of irregularities
(Frýba, 1996; Berawi, 2013). Both of these functions are shown in both Table F.3.


