
UILU-ENG-88-2004 

CIVIL ENGINEERING STUDIES 
STRUCTURAL RESEARCH SERIES NO. 541 

II) c 

"I;) CJ II ISSN: 0069-4274 

51/1 
<4fy*3 SEISMIC DESIGN STUDIES OF 

LOW-RISE STEEL FRAM-ES 

By 
seon D. SCHIFF 
WILlIA,i.~ J. HALL 
DOUGLAS A. FOUTCH 

.. : ...... 

A Technical Report of 
Research Supported by the 
NATIONAL SCIENCE FOUNDATION 
Under Grant No. DFR 84-19191 

DEPARTMENT OF CIVIL ENGINEERING 

UNIVERSITY OF ILLINOIS 
AT URBANA-CHAMPAIG-N 

URBANA, ILLINOIS 

AUGUST 1988 

,1/ 

~. , 
/ 





[ 

r 
j 

L 

...: 

50272 -101 

REPORT DOCUMENTATION /1 •. ,.,REPORT NO. 
PAGE UIUC-ENG-88-2004 

4. Title and Subtitle 

SEISMIC DESIGN STUDIES OF 
LOW-RISE STEEL FRAMES 

I. ,. ReoitHnt'a Acc:enion No. 

5. Report Date 

August 1988 

~-------------.- ----------._- .. _-------------
7. Author(s) 

S. D. Schiff. W. J. Hall and D. A. Foutch 
9. Perform Ina Oraanlzation Name and Address 

University of Illinois at Urbana-Champaign 
Department of Civil Engineering 
205 N. Mathews Avenue 
Urbana, IL 61801 

12. Sponsorlna O,...nlzation Name and Address 

National Science Foundation 
Washington, D. C. 20550 

15. Supplementary Notes 

·16. Abstract (Limit: 200 words) 

8. Performlna O,...nlutlon Rapt. No. 

SRS 541 
10. ProjKt/Task/Worlc Unit No. 

11. Contract(C) or Grant(G, No. 

(C) 

(G) D FR 84-191 9 1 

13. Type of Report & Period Covered 

Technical Report 
--.---~ 

14. 

In this investigation, the inelastic behavior of low-rise buildings with steel 
moment-resisting frames providing the lateral resistance for strong ground motions 
was examined. The inelastic behavior of frames is dependent on several parameters 
such as design base shear, beam-to-column strength ratio, moment-resisting connection 
behavior, nonstructural element participation, etc. The influence of these parameters 
was determined by performing inelastic time-history analyses. 

The direct design procedure adopted in the 1988 edition of the Uniform Building Code 
was used in the seismic design of the frames. Provisions regarding the required 
lateral stiffness of the frame and strength and ductility of the members were used 
to proportion the columns, beams and panel zones of each lateral force-resisting 
frame design. The inelastic behavior (maximum story drifts and shears, ductilities, 
energy dissipation) computed in the time-history analysis of each frame model was 
compared to the expected behavior characterized by the code. 

The investigation concludes with observations about the inelastic behavior of the 
frames with regard to the numerical modelling of the assumed load-deformation 
behavior. In addition, the structural performance of frames designed with the direct 
design procedure contained in the 1988 edition of the Uniform Building Code was evaluated 

17. Document Analysis a. D.Krlpto~ 

Earthquake, Resistant Design, Inelastic Behavior, Dynamic Analysis, Building Codes, 
Structural Modelling 

b. Identlfiers/Open·Ended Term~ 

c. COSATI Aeld/Group 

18. Availability Statement 

Release Unlimited 

(See ANSI Z39.18) 

19. Security Class (This Report) 21. No. of Paaes 

UNCLASSIFIED 237 
~----------------~~-----------.----

20. Security Class (This Paae) 

UNCLASSIFIED 
s .. Instructions on Reverse 

22. Price 

OPTIONAL FORM 272 (4-7n 
(Formerly NTIS-35) 
Department of Commerce 





[ , 

] 
. 
,: 

i 

f 
i, 

1 
j 

SEISMIC DESIGN STUDIES 
OF 

LOY-RISE STEEL FRAMES 

BY 

SCOTT D. SCHIFF 

YIllIAH J. HALL 

DOUGIAS A. FOUTCH 

A Report on a Research Project Sponsored by the 

NATIONAL SCIENCE FOUNDATION 

Research Grant No. DFR 84-19119 

UNIVERSITY OF ILLINOIS AT URBANA- CHAKPAIGN 

DEPARTMENT OF CIVIL ENGINEERING 

URBANA: ILLINOIS 

AUGUST 1988 





1 

] 

I 
I 

I 
I 
I 
I 
I 
I 
1 

' . 
...; 

iii 

ABSTRACT 

SEISMIC .DESIGN STUDIES 
OF 

LOY-RISE STEEL FRAMES 

In this investigation, the inelastic behavior of low-rise buildings 

with steel moment-resisting frames providing the lateral resistance for 

strong ground motions was examined. The inelastic behavior of frames is 

dependent on several parameters such as design base shear, beam-to-colwnn 

strength ratio, moment-resisting connection behavior, nonstructural element 

participation, etc. The influence of these parameters was determined by 

performing inelastic time-history analyses. 

The direct design procedure adopted in the 1988 edition of the Uniform 

Building Code was used in the seismic design of the frames. Provisions 

regarding the required lateral stiffness of the frame and strength and 

ductility of the members were used to proportion the columns, beams and 

panel zones of each lateral force-resisting frame design. The inelastic 

behavior (maximum story drifts and shears, ductilities, energy dissipation) 

computed in the time-history analysis of each frame model was compared to 

the expected behavior characterized by the code. 

The investigation concludes with observations about the inelastic 

behavior of the frames with regard to the numerical modelling of the asswned 

load-deformation behavior. In addition, the structural performance of 

frames designed with the direct design: procedure contained in the 1988 

edition of the Uniform Building Code was evaluated. 
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LIST OF SYMBOLS 

The important symbols and notations used in this dissertation are 

defined where they are first used in the text and given below: 

A Cross sectional area of member. 

Q Reduction factor for yield stress of panel zone. 

be Width of column flange. 

C Numerical coefficient to calculate design base shear for direct 
design procedure. 

Ct Numerical coefficient to estimate a structure's fundamental 
period of vibration for direct design procedure. 

DL Axial force in column from design dead load. 

db Depth of beam section. 

de Depth of column section. 

Ox Relative story drift between level x and level x-l. 

EQ Axial force in column from equivalent lateral forces of direct 
design procedure. 

Allowable compressive stress of member. 

Portion of design base shear for direct design procedure that is 
concentrated at top of structure. 

Fx Equivalent lateral force applied to level x for direct design 
procedure. 

Yield stress of member. 

Frequency of vibration, in hertz. 

G Shear Modulus of panel zone web. 

L 
lli,x Height, in feet, above the base to level i or x of structure. 

~ Height, in feet, above the base to top level of structure. 

I Importance factor of structure for direct design procedure. 
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I Moment of inertia of member. 

~ Elastic stiffness of panel zone. 

Strain hardening stiffness of panel zone. 

Elastic stiffness of connection element. 

Ke Strain hardening stiffness connection element. 

LL Axial force in column from design live load. 

Story height of level x. 

Plastic moment of member. 

~b Plastic moment of beam. 

Yield moment of connection element. 

p Axial force of column at panel zone. 

Axial yield force of column at panel zone. 

Rw Response modification factor for direct design procedure. 

s Site coefficient for direct design procedure. 

SA Spectral pseudoacceleration. 

Average spectral acceleration. 

Spectrum intensity. 

SV Spectral pseudovelocity. 

T 

t 

Fundamental period of vibration, in seconds, of the structure in 
the direction under consideration. 

Thickness of panel zone web including any doubler plates. 

tcf Thickness of column flange. 

v Design base shear for direct design procedure. 

Required strength for shear resistance of panel zone. 

Yield strength for shear resistance of panel zone. 

Ultimate strength for shear resistance of panel zone. 
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Weight of structure for direct design procedure. 

Weight of level i or x of structure for direct design procedure. 

z Seismic zone factor for direct design procedure. 

, 

1 
J 



r 

r 
\ 
I 
( 

[ 

( 

I 
i 

f 
i 
t 

L 

r 
r 
\ 
l 



1 

CHAPTER 1 

INTRODUCTION 

1.1 Background 

Competent design of earthquake resistant structures depends on the 

ability to estimate the structural demand associated with the ground 

excitation. However, the demand on a structure from a given earthquake is 

dependent upon the building's supply o'f stiffness and strength. In seismic 

design, it is imperative to accurately assess the stiffness and strength of 

a building, so that judgement as to the worthiness (ability to withstand the 

demand) of the design to resist major earthquakes without endangerment of 

human lives can be made. This study concentrated on the assessment of 

stiffness and strength for low-rise steel frame buildings and the demand on 

the lateral force-resisting systems from severe ground motions. 

A majority of buildings constructed in the United States are low-rise 

in nature. However, becaus~ the structural engineering portion of the total 

building cost is minor as compared to hi-rise construction, sophisticated 

techniques for the seismic design and analysis of low-rise buildings are not 

employed, except under unusual circumstances. Instead, practicing engineers 

rely on simplified design procedures that use equivalent lateral forces to 

represent dynamically induced forces that arise from a major earthquake to 

assess the adequacy of a design. Most building codes, including model 

building codes in the United States, contain provisions for a direct design 

procedure (an equivalent lateral force method) for seismic resistant design 

[3,4,16,23,24,43] . The more recent direct design procedures found in the 

building codes are based in part on principles implicitly related to elastic 
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response spectra for single-degree-of-freedom (SDOF) systems modified for 

inelastic effects, the so-called inelastic spectra [37]. Therefore an 

essential underlying assumption for the usage of any direct design procedure 

is that the dynamic response of the structure should be dominated by the 

first translational (lateral) mode of vibration and is relatable to the 

behavior of a SDOF system. 

It is this underlying assumption as well as other assumptions held by 

the code that form the basis for this investigation. If these assumptions 

are valid for a building, then will the response from a major earthquake be 

similar to the expected response of the code and, more importantly, will the 

design give satisfactory performance? In contrast, if the assumptions are 

invalid to some degree for a building, how will the response compare to the 

expected response anc. will the design perform satisfactorily under severe 

ground excitation? : f the usage of direct des ign procedures result in 

buildings having undesirable behavior, what modifications can be made to the 

direct design procedures to improve the structural performance of buildings 

through better design procedures. Also the seismic design requirements in 

the codes are. :n rart. related to the past performance of buildings which 

formed a "datab.:1s(,~ cCf'.:aining the actual behavior of buildings. Therefore, 

is it real is tic :. 0 ('),;*" c:' good performance of new building designs which are 

not represented ir. t.r,f" t\~storical database? 

In the late l:~ '. S U'1 the aftermath of the February 1971, San Fernando 

Earthquake, the Ap~:~~d Technology Council (ATC) developed a tentative model 

building code for se ~ smic design, encompassing modern structural dynamics 

features [4]. The Structural Engineers Association of California (SEAOG) 

subsequently revised the "blue book", a building code for seismic design, by 
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1 
following some of the recommended design procedures of the ATC code [43]. 

J In addition, the Building Seismic Safety Council (BSSC) prepared for the 

I Federal Emergency Management Agency (FEMA) the NEHRP Recommended Provisions 

for the Development of Seismic Regulations for New Buildings, this latter 

I document is a model building code largely based on the ATC model building 

code [16]. The seismic design provisions in the "blue book" became the 

1 
; cornerstone for the latest edition of the Uniform Building Code (UBC) , which 

i 
was adopted by the International Conference of Building Officials in 1988 

[24] . The Uniform Building Code is adopted by most municipalities west of 

I the Mississippi River. 

The provisions contained in the 1988 UBC regarding the seismic design 

I of s~ructures have been updated to reflect the current views for the demand 

I 
on the stiffness, strength and ductility, and performance of the lateral 

force-resisting system for a building shaken during a major earthquake. The 

I calculation of the design base shear and distribution of the design base 

shear into equivalent lateral forces are presented in a more rational format 

I than in the previous editions of the Uniform Building Code. Although, the 

J 
des ign base shear and distribution of the design base shear for a ductile 

steel moment-resisting frame structure having a short fundamental period of 

,'ibration are the same as that given by the 1985 UBC [23]. 

I 1.1.1 Direct Design Procedure for Seismic Forces 

The Structural Engineers Association of California, as well as most 

other structural engineers, endorse the following philosophy: 

1. A building must resist a minor earthquake without damage; 

2. In moderate earthquakes some nonstructural damage is allowed; 
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3. During a major earthquake, a building must not collapse, but some 

structural as well as nonstructural damage may occur. 

The principal concern of building codes regarding the seismic design of a 

structure is life safety and not mitigation of structural or nonstructural 

damage. The third point given in the above design philosophy pertains to 

life safety, while the first two points pertain primarily to damage 

mitigation. Thus, the provisions given in the 1988 UBC for seismic design 

address the performance and survivability of a structure in the event of a 

major earthquake. However, it is presumed that by adequately addressing the 

third point, the other two points also will be satisfied. 

One of the principal obj ectives of seismic design is to comply with 

this design philosophy in the most cost-effective manner. A structure could 

be designed to have a principally elastic response during a major earthquake 

which would induce distortions that cause little structural or nonstructural 

damage. The cost for such an elastic design probably would be economically 

infeasible, especially considering the rare occurrence of a major earthquake 

during the "lifetime" of a given building. Therefore controlled and limited 

inelastic behavior is permitted by the building code during the response of 

a structure subjected to strong ground motion. Of course, incurred damage 

as a result of inelastic behavior may render the structure unsuitable for 

further occupancy. 

The response during a moderate earthquake should not cause the lateral 

force-resisting system to experience significant inelastic deformations or 

structural damage. Even so, the damage to nonstructural elements can be 

considerable since these elements tend to be less ductile than the lateral 

force-resisting system. Damage to nonstructural elements can be lessened by 
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( 
isolating them from the structural frame. For instance, the attachment of 

I exterior cladding to the structural frame usually tolerates some relative 

lateral movement between adj acent stories to prevent the cladding from 

necessarily being a part of the lateral force-resisting system. However in 

many cases, binding of the connections or insufficient isolation from the 

structural frame cause the cladding to participate in the response of the 

structure which results in the cladding carrying shear forces. 

I 
The advantage of the direct design procedure is that the lateral loads 

can be determined "directlyll with a very IIl:inimum of information about the 

properties of the structure or the expected ground excitation from future 

earthquakes. In the case of dynamic lateral force procedures such as modal 

l or time-history analysis, the design process involves iteration since the 

I 
lateral loads are dependent on the properties of the structure and ground 

motion. Since very little information is required for the direct design 

I procedure, the method is quite general and the factor of safety for any 

particular design is difficult to assess. 

I The direct design procedure adopted by the 1988 edition of the Uniform 

Building Code is limited to the design of "regular" structures, which have 

relatively uniform distribution of building mass and stiffness and no major 

physical discontinuities in plan or elevation. The code explicitly states 

under what conditions a structure is classified as being irregular because 

the dynamic behavior is not adequately characterized by the assumed behavior 

considered in the direct design procedure. A dynamic analysis, either modal 

or time-history, is required for the design of irregular structures and may 

be used for regular structures. 
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An assumption of the direct design procedure is that the distributions 

of lateral stiffness and strength for a structure are proportional to the 

design story shears, so that the inelastic deformations (ductility demands) 

at each story level are fairly uniform throughout the height of the building 

during severe excitation. In practice, there are many reasons why the 

actual distributions of stiffness and strength may not be proportional to 

the design shear forces, which subsequently can cause nonuniform inelastic 

deformations over the height of the structure. If this happens, much larger 

story drifts than anticipated by the code may occur in a few stories and 

much larger member and connection ductilities will be required to dissipate 

the energy demand since fewer elements are sharing the load. 

Ai though inelastic behavior of a structure is anticipated during a 

maj or earthquake, the direct design procedure involves an elastic analysis 

of the structure loaded with the specified combinations of dead, live and 

earthquake loads. As in the construction of an inelastic design spectrum, 

the design of a structure using a set of reduced lateral forces should 

generate inelastic deformations within the desired target deformation under 

the actual loading. The stability and survivability of a structure during a 

major earthquake is presumed to be ensured when the story drifts and member 

forces from the direct design procedure are less than the allowable values 

given by the code. 

The direct design procedure of the code provides a method to calculate 

equivalent lateral forces and check the adequacy of a design. However, the 

overall lateral force-resisting scheme is left to the structural engineer to 

devise. The code also dictates that the structural model for design and 

analysis must be able to represent the behavior of the structure to the 
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level needed to adequately predict the significant feature of the structural 

1 response. However, the code gives no guidance as to how to predict and 

f 
model the structural behavior. 

I 1.1.2 Frame Design and Modelling 

When labor costs were small in comparison to material costs, the least 

1 
~ expensive design generally required the least amount of material. However 

I 
as labor costs have increased more rapidly through the years since, the 

fabrication, erection and inspection costs have had a greater contribution 

i in arriving at the total cost of the design. Therefore the least-weight 

design may not necessarily be the least-cost design. 

I The stiffness and strength requirements of a frame may allow the column 

I 
sections to become lighter in the upper stories of typical buildings, but 

from a cost point of view it may be more economical to continue a column 

I section through adj acent stories. The cost of the additional "unneeded" 

material is offset by the reduction in required column splices and in time 

I of construction. Typically, the length of a section available from the mill 

., dictates the change in sections for a column line. Also, it may be less 
{ 
:i; expensive to use the same section for all the columns of a story and the 

a 
same section for all the beams of a story, since fewer details are required 

i 
for the connec tions and since repe ti tion of fabrication and better bulk 

I 
~ pricing of material are achieved. 

- In years past, all of the frames in a steel frame building generally 
\ 

" .; were designed wi th moment-resisting connections to resist lateral forces . 

This approach provided the greatest amount of redundancy and locations for 

dissipation of hysteretic energy for a building. Presumably this approach 
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also provided a greater margin of safety. However, to reduce the number of 

moment - res is ting connections required and cons truc tion time it has become 

increasingly popular for only the perimeter frames to be designed to resist 

lateral forces. The connections of the interior frames are assumed to be 

pinned, and thus the interior frames resist only vertical forces of their 

tributary area. In fact, some structural engineers in Southern California 

are further reducing the number of moment-resisting connections by employing 

long bay spacings and even restricting the number of bays (sometimes to a 

single bay) in the perimeter frames that resist lateral forces. 

The reduction in total number of moment-resisting connections for a 

structure has two main drawbacks. The first disadvantage is there probably 

will be a reduction in the overall strength of the structure. Even though 
- ~--. 

all of the designs will have to satisfy the requirements of the code, the 

ability to match more closely those requirements will be with designs using 

fewer members to resist lateral loads. The lateral stiffness and strength 

are not independent since rolled I-sections are used as the columns and 

beams. Therefore, an unaccounted for additional margin of safety for the 

strength of the structure is reduced creating more inelastic behavior under 

severe ground excitation. The other disadvantage of reducing the number of 

moment-resisting connections is the decrease in redundancy of the structure. 

Under excitation from a major earthquake, inelastic deformations of the 

lateral force-resisting system may cause damage and eventual failure of the 

members or connections because of the necessity to dissipate a lot of energy 

in a few locations. The inability to redistribute the forces because of 

lower redundancy also may lead to greater instability of the structure. 
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The modelling of the load-deformation behavior for a steel frame 

typically is derived from the stiffness and strength of the columns and 

beams. The beam-to-column connections are assumed to be infinitely rigid, 

which means that there is no relative rotation between the columns and beams 

framing into a joint. The lengths of the column and beams are based on the 

member centerline-to-centerline dimensions of the frame. The contribution 

of the nonstructural elements, such as cladding, interior frames, interior 

walls, etc., to the load-deformation behavior of the structure is ignored in 

the modelling of the structure. 

Even though shear stresses within the panel zone cause distortions, the 

stiffness and strength of beam-to-column connections generally are not 

considered in the analysis of a frame. The flexibility of the panel zones 

is compensated for in an analysis by using the centerline-to-centerline 

dimensions for the lengths of the members instead of the clear spans. More 

important to the load-deformation behavior of the structure is the yield 

strength of the panel zone. If the panel zone yields prior to yielding of 

the columns or beams, the moment acting at the ends of the columns or beams 

may never reach their yield moment. 

Nonstructural elements are those building elements which are not 

designed to contribute to the structural capacity of the building. Even 

though the stiffness and strength of nonstructural elements generally are 

ignored in the design process, these elements can participate in the dynamic 

and, for that matter, in the static response when insufficient isolation 

from the structural system exists. Because the nonstructural elements do 

interact with the structural frame, the dynamic behavior of the building can 

be quite different from the behavior of just the bare structural frame. 
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Typically, only the so-called structural members are considered in the 

direct design procedure. 

1.1.3 Previous Work 

The direct design procedures detailed in codes for the United States 

have evolved over the past eighty years. In the beginning, the design base 

shear was simply a percentage of the building weight without regard to the 

properties of the structure. Many investigators have contributed in the 

years since to revise the direct design procedures into a more rational 

format, which is dependent on the load- deformation relationship of the 

structure, soil-structure interaction and desired response [7,12,20,21,31, 

35,36]. Still, the evolution of the direct. design procedures is not 

completed since investigations into the current design procedures reveal 

deficiencies in the performance of seismically designed structures [4,8,10, 

11,14,19]. As an example, the deformations and ductility demands are larger 

than expected or desired for structures designed in accordance with the 

current direct design procedures. 

In recent years significant attention has been given to the behavior of 

moment-resisting connections under large distortions [6,15,27,28,29,30,38, 

39 ,40] . This research has produce methods for estimating the stiffness, 

strength and hysteretic energy dissipation capacity of the panel zone. The 

inclusion of the behavior of connections in a finite element model of a 

frame can result in better prediction of the overall load-deformation 

relationship. 

The behavior of nonstructural elements and the contribution to the 

overall stiffness and strength of the structure also is a current research 
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topic [5,13,26,42,45,46,47]. This research has shown that nonstructural 

elements can significantly increase the stiffness of a building and affect 

the dynamic properties of the structure. The assessment of the stiffness 

and strength contribution of nons truc tural elements is difficul t , since 

degradation occurs after repeated cyclic motion. 

1 

J 
1.2 Purpose of Study 

To design efficient and effective structures to resist strong ground 

i excitation, a direct design procedure must consider the actual dynamic 

behavior of the structure. In addition, the modelling of a structure must 

sufficiently predict the load-deformation behavior to ensure that resul ts 

from an analysis of a structure predict the actual demand on the structure. 

The purpose of this study is to determine the relationships between seismic 

I design and response and between modelling and response for low-rise steel 

frame structures. If the direct design procedure contained in the 1988 

edition of the Uniform Building Code can be modified to be more sensitive to 

I the actual behavior of structures, then the performance of structures under 

severe excitation should improve. 

Low-rise steel frames, designed in accordance with the direct design 

provisions of the 1988 edition of the Uniform Building Code, were studied to 

identify the above relationships. It was foreseen that the considerable 

inelastic deformations allowed by the code for ductile steel frames may 

result in significant disparity between the assumed behavior of the code and 

the actual response of the frame under severe excitation. Several finite 

element models of each frame design were developed for usage in dynamic 
;. 

.1. 
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time-history analyses to investigate the influence of various parameters on 

the structural performance of the steel moment-resisting frames. 

The parameters selected for this investigation featured the latitude 

allowed by the code in the direct design procedure for a moment-resisting 

steel frame. The influence of beam-to-column strength ratio, beam-to-column 

connection behavior, participation of nonstructural elements, configuration 

of lateral force-resisting frame, design base shear level and building 

height on the dynamic response and behavior were studied. In addition, a 

lateral force-resisting frame with only one bay was selected to investigate 

the influence of defective moment-resisting connections. 

1.3 Scope of Report 

An overview of this investigation has been discussed in this first 

chapter. Background information and the extent of previous research related 

to seismic design and inelastic behavior of steel frame structures indicate 

a need to further study the relationship between direct design procedures 

and dynamic response. Understanding this relationship may lead to better 

seismic performance of lateral force-resisting designs. 

The application of the direct design procedure contained in the 1988 

edition of the Uniform Building Code for the steel moment-resisting frames 

considered in this investigation are given in Chapter 2. Some deviation 

concerning the colwnn-to-beam strength ratio, design base shear level and 

frame configuration are given in this code and these aspects were explored 

in the frame designs. 

The modelling and analysis procedure for the steel frames are presented 

in Chapter 3. Modelling of a structure's load-deformation behavior required 
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making assumptions regarding the individual behavior of the elements. The 

finite element mesh of the frame models and modelling the beam-to-colurnn 

connections and nonstructural elements for the time-history analyses are 

explained in this chapter. Several historical ground excitation records, 

representative of the design earthquake, were used in the time-history 

analyses as the base motion. An explanation for the scaling algorithm for 

the earthquake accelerograms is given in this chapter. 

The development, results and conclusions for each of the parametric 

studies are presented in Chapter 4. The selection of the results from the 

time-history analyses used to quantify the inelastic behavior of the frame 

models also are addressed. Each parametric study was developed to determine 

the influence of a particular parameter on the inelastic response. The 

results of the parametric studies are discussed and presented in graphical 

form. The conclusions of each parametric study focus on the importance or 

influence of the parameter. 

The overall conclusions related to the design, modelling and analysis 

of steel frame structures are detailed in Chapter 5. Since one of the goals 

of this study was to improve the seismic performance of structures through 

better design, recommendations for the direct design procedure of the 1988 

edition of the Uniform Building Code also are given. 
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CHAPTER 2 

APPLICATION OF DIRECT DESIGN PROCEDURE FOR STEEL FRAMES 

2.1 Introduction 

Structural engineers practicing in Southern California were consulted 

for this study to ascertain the current state for the design of low-rise 

steel frame structures. Frame designs in this study were usually consistent 

with the state of practice for low-rise steel frame structures constructed 

in a highly seismic region. However I some frame designs were chosen to 

bound a range for a particular parameter being investigated and may not 

represent current practice or even "good" practice for seismic design. 

In this study, steel moment-resisting frames along the perimeter of the 

structure provided the lateral force resistance and stability. These frames 

were designed to resist seismic induced forces in accordance with the direct 

design procedure contained in the 1988 edition of the Uniform Building Code. 

Provisions pertaining to both torsional and orthogonal (bidirectional ground 

excitation) eff~cts were ignored in the seismic design of these frames since 

the lateral lOdd·d~fo~mation behavior for the time-history analyses of each 

structure was r~prr~~~~ed by planar modelling of the moment-resisting frames 

in a specified ~~r.c:~on. The inclusion of torsional or orthogonal effects 

in the di ree: <:!*, ~. r: procedure probably would have increased the lateral 

stiffness and st r.r.f:r-; of a frame but would have given misleading results 

(unconservativej troa the time-history analyses of this investigation. 

The first s:cF in the direct design procedure is to determine the 

design base shear and vertical distribution of the base shear. A static 

elastic analysis of the structure, loaded with the gravity forces and 
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equivalent lateral forces, is then performed to determine story drifts, 

member forces and overturning moments. The story drifts and member forces 

are checked for code compliance with the lateral stiffness requirements of 

the moment-resisting frame and strength and ductility requirements of the 

columns, beams and panel zones. 

The calculation and distribution of the design base shear for the 

direct design procedure of each frame design considered in this study are 

described in this chapter. The code provisions used to check the lateral 

stiffness requirements of the frame and strength and ductility requirements 

of the columns, beams and panel zones are explained in some detail. And 

finally, the motivation behind the calculation of the design base shear, the 

configuration selected for the lateral force-resisting frame and the rolled 

steel I-sections chosen as the columns and beams for each frame design are 

presented in this chapter. 

2.2 Determination of Equivalent Lateral Forces 

The design base shear, which is the sum total of the equivalent lateral 

forces applied to the structure in the direct design procedure, is given by 

\' _ 21 C\J 
R" 

(2.1) 

The seismic zone factor, Z, represents the effective peak acceleration (EPA) 

of the design earthquake particular to a given site location. Z has a value 

of zero for regions without seismic hazard and ranges up to a maximum value 

of four-tenths for regions of strong seismicity. The factor, I, corresponds 

to the importance of the facility. Standard occupancy structures have an I 
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value equal to unity, while essential occupancy structures have an I value 

equal to one and a quarter. The importance factor, I, raises the factor of 

safety of the design by increasing the required stiffness and strength of 

the structure, which will result in smaller inelastic deformations during 

severe ground excitation. The seismic weight, W, is the dead load plus 

applicable portions of live load and snow load and should correspond to the 

weight of the building mass that can induce inertial forces during ground 

excitation. The response modification factor, Rw, primarily accounts for 

inherent ductility and hysteretic energy dissipation capability of the 

lateral force-resisting system and additional, but unpredictable, strength 

of the nonstructural elements. The response modification factor for lateral 

force-resisting systems increases as the ductility increases. 

coefficient, C, is defined by 

c 1.25 S 
T2/3 

The design 

(2.2) 

where S is dependent on the soil characteristics at the site and T is the 

estimated fundamental period of vibration, in seconds, of the structure in 

the direction under consideration. 

In this study, the value of Z was taken to be the maximum, four-tenths. 

The importance factor, I, was taken to be unity, so that the inelastic 

behavior was not reduced as a result of a more conservative design. The 

response modification factor, Rw, was taken to be twelve, since the lateral 

force-resisting system was assumed to be special moment-resisting space 

frames (S~ffiSF). The calculation of C was based on a value of S taken to be 

1.2, which corresponds to a profile of stiff or dense soil. 
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Shown in Figure 2.1 are plots of the design coefficient, C, verses 

fundamental period of structure for each soil profile classification. The 

value of C generally decreases as the fundamental period of the structure 

increases. C has a maximum value of 2.75 for the stiff soils (types 1 and 

2) and a maximum value of 2.25 for soft soils (types 3 and 4). The code 

allows the usage of C equal to 2.75 without regard to the fundamental period 
- -_. . - .. 

or soil profile. For long period structures, using a value of C equal to 

2.75 generally is quite conservative, especially for structures founded on 

stiff soils. 

2.75 t---..... "" 

2.25 +---+-o¥--..~-......... 

u 

0.00 

0.0 1.0 2.0 

T (sec) 

(s = 1.0) 

(S = 1.2) 

(S = 1.5) 

(S = 2.0) 

8.0 

FIGURE 2.1 Plot of Coefficient, C, for Several Soils 

4.0 

The plots given in Figure 2.1 can be visualized conceptually in the 

context of elastic response spectra, which are used to anchor the design 

spectrum for a given soil type. The design spectrum for this study, S equal 
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to 1.2, is shown in Figure 2.2. The ordinate of Figure 2.2 is the design 

base shear given as a percentage of the building weight. Since the maximum 

value for C need not exceed 2.75 for soil type 2, the design base shear need 

not exceed 9.2 percent of the building weight. The 1988 UBC mandates that 

the ratio of G/Rw shall not be less than 0.075, therefore the minimum design 

base shear for this design spectrum in Figure 2.2 is computed to be 3.0 

percent of the building weight. 

9.2 ~--... - - - - - - - - - - - - - - - - - - - - - - - - - - - - - - - - - - - - - - - - - - -

3.0 

0.0 

0.0 1.0 2.0 3.0 4.0 

T (sec) 

FIGURE 2.2 Design Spectrum for This Study 

The product of ZCW would be the design base shear if the structure was 

to remain elastic from excitation by the design earthquake. Therefore the 

design base shear for a short period structure would need to be at least one 

hundred and ten percent of the building weight (V - 0.4 . 2.75 . W - 1.lW). 

Inelastic behavior is incorporated into the direct design procedure by 
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I 
dividing the "elastic" design base shear by the response modification 

factor, Rw. The expected story drifts, elastic and inelastic contributions, 

I 
implicit in the 1988 UBC are three-eights of Rw times the allowable story 

drifts. 

The reduction from the "elastic" response spectrum to the design 

spectrum is twelve for a special moment-resisting space frame, and yet the 

anticipated story drifts are only four and a half times the allowable story 

drifts. The difference between these two factors is inconsistent with the 

inelastic design spectra concepts applied to single-degree-of-freedorn 

I systems [37], which generally form the basis for current direct design 

procedures. One explanation for this discrepancy is that Rw accounts for 

other factors such as the additional, but unpredictable, strength of 

I 
nonstructural elements, rather than just the innate ductility of the lateral 

force-resisting system. 

Since the fundamental period of a structure is generally unknown at the 

onset of the design process, the following equation is given in the code to 

1 estimate the fundamental period for the initial design phase: 

(2.3) 

where Ct is equal to 0.035 for steel frames and ~ is the height, in feet, 

to the top level of the structure. However, if the value of C is taken to 

be equal to 2.75, then an estimated fundamental period is not needed to 

obtain a design base shear. 

The estimated fundamental period given by Equation 2.3 usually is 

shorter than the actual period of the structure. An expression that was 

1 drawn through the recorded test data of fundamental period of vibration for 

.1 
;. 

.'l. 
-t 
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instrumented steel frame buildings shaken during the 1971 San Fernando 

earthquake is similar to Equation 2.3, except that the coefficient, 0.049, 

is used instead of 0.035 [4,16]. The lower value was selected for the 

direct design procedure, because it will tend to be more conservative by 

giving a larger design base shear when T is substituted into Equation 2.2. 

The equivalent lateral forces or the vertical distribution of the 

design base shear for the direct design procedure are given by 

(V - F t ) Wx~ 

I Wihi 
(2.4) 

where Fx is the equivalent lateral force applied at level x, Wx is the 

weight of level x and hx is the height of level x. concentrated 

force applied to the top of the structure and is given by 

O.07TV . (2.5) 

F t accounts for the participation of higher modes in the response of long 

period structures. Ft can be neglected when T is less than seven-tenths of 

a second (short period structures) and need not exceed twenty-five percent 

of the design base shear for long period structures. The distribution of 

equivalent lateral forces for short period structures with constant story 

heights and weights linearly increases from zero at the base to a maximum 

value at the roof. This distribution corresponds to an assumed linear shape 

for the first lateral mode of vibration. Thus, the dynamic response of the 

structure should be dominated by the first mode, so that the distribution of 

the design forces resemble the maximum story shears obtained during severe 

ground excitation. The effect of F t shifts the vertical distribution of the 
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base shear towards the upper levels of the structure, which translates to 

larger story shears in the upper stories and more overturning moment. 

2.3 Stiffness, Strength and Ductility Requirements 

The direct design procedure entails performing a static elastic 

analysis of the structure-loaded-withany applicable loading combinations 

containing earthquake loads. To safeguard against collapse of the structure 

during the design earthquake, the direct design procedure has two components 

- a drift design and a stress (strength) design - which together are assumed 

to ensure stability of the structure by controlling the story drifts and 

inelastic behavior of the structural members. 

The .computed story drifts for a structure of less than sixty-five feet 

in height shall not exceed 

(2.6) 

where Ox is the maximum allowable story drift of level x and ix is the story 

height of level x. The maximum allowable story drift ratio (story drift 

divided by story height) for a special moment-resisting space frame (SMRSF) 

for which Rw is equal to twelve is computed to be one-third of a percent. 

For special moment-resisting space frames designed in accordance with 

the provisions of the 1988 UBC, the maximum story drift as a result of 

excitation from the design earthquake are expected to be four and a half 

(O.375Rw) times Ox or one and a half percent of the story height. In fact 

regardless of lateral force-resisting system, the expected maximum story 

drift ratios are one and a half percent. This is because the smaller story 
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drift multiplier for a less ductile system (smaller Rw) is offset by a 

larger allowable story drift. Many provisions in the code are based on the 

expected maximum story drifts. For instance at the expected maximum story 

drift, the deformation compatibility of all framing elements not required by 

design to be part of the lateral force-resisting system shall have adequate 

vertical load-carrying capacity when displaced to this level, separation of 

adjacent buildings shall eliminate contact at this level so that pounding is 

prevented during excitation and connections shall allow for this level of 

story drift. Acceptable performance of the structure beyond the one and a 

half percent story drift ratio is not regulated by the code must be avoided 

if collapse of the structure is to be prevented during severe excitation. 

Some of the strength requirements ensure that the calculated stresses 

in the columns and beams from the design forces are less than an allowable 

level. The interaction equations contained in the code, which are identical 

to the equations contained in the AISC l1anual of Steel Construction [2], 

were used to check the design stresses. In this investigation, the loading 

combination of live, dead and earthquake loads controlled the designs, even 

though the allowable stresses for this load combination were increased by a 

factor of one-third. The calculated stresses in the columns of the lateral 

force-resisting frames from vertical dead and live loads were small compared 

to the s tresses from the lateral forces because the tributary area for 

vertical loads was much smaller than the tributary area for lateral forces. 

The code also contains provisions regarding minimum computed strength 

of the columns. The axial force capacity of the columns must be greater 

than the axial forces arising from the design earthquake as a result of 

overturning effects of the structure. The compressive strength of each 
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column must satisfy 

( 1 . 0 ) D L + (0. 8) LL + (0. 375 ~) EQ ~ 1. 7 FaA (2.7) 

and the tensile strength must satisfy 

(0 . 85) DL + (0. 375 ~) EQ ~ F y A , (2.-S) 

where DL is the axial force from the dead loads, LL is the axial force from 

live loads, EQ is the axial force from the equivalent lateral forces, Fa is 

the allowable compressive stress, Fy is the yield stress and A is the cross 

sectional area. 

The strength of the panel zone must have the capacity to resist the 

prescribed shear forces applied to the panel zone. The minimum shear 

strength of the panel zone is derived from the beam bending moments as a 

resul t of the loading combination of gravity loads plus 1.85 times the 

equivalent lateral forces. However, the panel zone need not have the shear 

strength to develop more than eighty percent of the sum total of plastic 

moment for the beams framing into the joint. 

Additional ductility requirements for special moment-resisting space 

frames (SMRSF) are provided to ensure that the structure can experience 

significant inelastic deformation without non-ductile failure modes. If the 

ductility requirements for a special moment-resisting space frames are not 

satisfied, then the moment-resisting space frame is classified as ordinary. 

The response modification factor, Rw, for an ordinary moment-resisting space 

frame is eight. The beams and columns of a special moment-resisting space 

frame must be capable of forming plastic hinges without any local buckling 

of the flanges or web. 
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The determination of the equivalent lateral forces in the direct design 

procedure is rather straight forward. Once the lateral force-resisting 

system and height of the building is selected, and the soil profile of the 

site is determined, the design base shear can be calculated. Because so 

little information is required for a design, the factor of safety for any 

building could have much variance depending on the actual behavior of the 

structure in comparison to the design assumptions. 

2.4 Equivalent Lateral Forces and Member Selections 

All structures considered in this study had plan dimensions of 144 feet 

by 108 feet and had story heights of 14 feet for the first story and 12 feet 

for the upper stories. The perimeter moment-resisting frames were used to 

resist the lateral forces and provide lateral stability of the entire 

structure. The interior frames resisted vertical forces from the gravity 

loads of their individual tributary areao Since the inelastic behavior of 

moment-resisting frames in the direction parallel to the 144 foot, dimension 

(the long direction) was of interest in this investigation, only those 

columns, beams and connections resisting lateral forces in these frames were 

designed and studied. In fact, only one of the exterior frames needed to be 

modelled because of the assumed symmetry of the structure. One-half of the 

design base shear for the direction under consideration was resisted by each 

exterior frame. The floor and roof decks were assumed to be rigid enough to 

transfer the inertia forces in the center of the building to the exterior 

frames in the event of an earthquake. 

The uniform dead loads listed in Table 2.1 were used in the weight 

calculations of each structure. The total seismic weight for buildings 
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typically is calculated from the dead loads and full partition load. The 

parti tion load should account for any live load acting on the structure. 

The story weights, given in Table 2.2 for a five-story model and Table 2.3 

for a two-story model, were determined from the plan area of the floors or 

roof and the vertical tributary area of the exterior cladding. 

TABLE 2.1 Uniform Dead Loads 

Roof Concrete Slab with Decking 42 psf 
Mechanical and Electrical 16 psf 
Ceiling 5 psf 
Structural 15 psf 

I 

Insulation and Membrane 11 psf 

Total 89 psf 
," .. - -

I 
Floor Concrete Slab with Decking 42 psf 

Mechanical and Electrical 16 psf 
I Ceiling 5 psf 
i Structural 20 psf I 
i Partitions 20 psf 

r 
Total 103 psf 

t Facade I Cladding (exterior wall area) II 5 psf I 

:A.t.~.£ 2.2 Story Weights for Five-Story Building 

.",~. 

\J ~, r ()"' ! I 1~4)(108)(0.089) + 2(144 + 108)( 6)(0.005) = 1399 kips 
t..: I : .... )(108)(0.103) + 2(144 + 108)(12)(0.005) ,... 1632 kips .. 

• \.;3 , 1 ..... )(108)(0.103) + 2(144 + 108)(12)(0.005) """ 1632 kips 
W2 : .. 4)(108)(0.103) + 2(144 + 108)(12)(0.005) == 1632 kips 
W1 (144)(108)(0.103) + 2(144 + 108)(13)(0.005) = 1635 kips 

I , 7930 kips 
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TABLE 2.3 Story Weights for Two-Story Building 

W2 (roof) (144)(108)(0.089) + 2(144 + 108)( 6)(0.005) == 1399 kips 
W1 (144)(108)(0.103) + 2(144 + 108)(13)(0.005) - 1635 kips 

I 3034 kips 

Three different design base shear levels were used for the design of 

the five-story structures. The D1 series had a design base shear based on 

an assumed value of C equal to 2.75. The D2 series had a design base shear 

based on the estimated fundamental period of vibration for the building. 

The D3 series was based on more realistic value for the fundamental period 

of vibration determined from the calculated fundamental period of vibration 

for one of the frames in the D1 series. A design. base shear based on the 

estimated fundamental period of vibration for the two-story building was 

used in the D4 series. 

2.4.1 Five-Story Frame Designs: DLA and DIB 

The plan view of the structural layout for either the DIA or D1B frame 

designs is shown in Figure 2.3. The bay spacing in both directions is 18.0 

feet, which probably is smaller than used in practice for typical steel 

frame buildings of today. The elevation view of Frame 1 (or Frame 7) is 

shown in Figure 2.4. The five-story building is classified as a "regular" 

structure since the distribution of mass through the height of the building 

is fairly uniform and there are no irregularities in plan or elevation. In 

fact, the building is symmetric in both stiffness and mass, thus eliminating 

any "calculated" torsion. In accordance with trends in practice and to 
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simplify the loading condition for the corner columns, biaxial bending can 

be eliminated by using pinned connections for the attachment of the beams in 

Frames 1 and 7 to the corner columns. The pinned connections were placed in 

Frames 1 and 7, because these frames had more bays than the Frames A and I 

of the perpendicular direction. Since th~_ lat~~al force-resisting is the 

same in both direction the design base shear for each direction also is the 

same. The interior beam-to-column connections in the end bays of Frames 1 

and 7 also were pinned because moment-resisting connections were not needed 

to satisfy the lateral stiffness and strength requirements of the frame. 

Therefore, the beams in the two end bays resist only vertical gravity loads 

and do not contribute to the lateral stiffness or strength of the frame. 
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FIGURE 2.3 Plan View for the DIA, DIB and D2A Designs 
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FIGURE 2.4 Elevation View of Frame 1 for the DIA, DIB and D2A Designs 

In the DIA and DIB frame designs, the calculation of the design base 

shear was based on an assumed value of C equal to 2.75 (allowed by the 

code), even though a value of C based on the estimated fundamental period 

was smaller. Tnus. the des ign base shear was 9.2 percent of the building 

weight. The usart" of such an assumed value of C is generally conservative, 

especially f 0:- s: r'.~,-- :'...;res having an estimated or actual fundamental period 

longer than 0 5 ~r;onds_ Since the structure was designed with a base shear 

larger than tht- (~(' s: ~n base shear established from the estimated fundamental 

period, as: l t f fI' r .i!r.j stronger structure than would be required if C was 

based on the t .... r:-:!<l!u·ntal period was necessary. Since stiffer structures 

typically base shear during excitation (as illustrated by the 

calculation of C). the additional margin of safety due to the conservative 

value of C is unclear. The design base shear and equivalent lateral forces 

for these designs are shown in Table 2.4. 
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TABLE 2.4 Lateral Forces for the DIA and DIB Designs 

T - 0.035(62)3/4 = 0.77 sec (Estimated) 
C - 2.75 (Assumed) 
V -= 0.4(1.0)(2.75)(7930)/12 = 727 kips (VjW = 0.092) 
F t - 0.07(0.77)(727) = 39.2 kips 

Story Wx . hx Wxhx Wxhx F * x 
Level (kips) (ft) (k-ft) I Wih i (kips) 

5 1399. 62. 86738. 0.29 241.0 
4 1632. 50. 81600. 0.28 189.8 
3 1632. 38. 62016. 0.21 144.3 
2 1632. 26. 42432. 0.14 98.7 
1 1635. 14. 22890. 0.08 53.2 

I 7390. 295676. 727.0 

* Fs includes Ft 

DlA Frame - The member selections for the lateral-force resisting 

frames were controlled by the lateral forces of the seismic design, rather 

than the live loads and dead loads. To satisfy the lateral stiffness 

requirements the in-plane bending stiffness (moment of inertia) of the 

columns was important to controlling the drifts. The I-sections selected 

for the columns were deeper than normal to provide as much stiffness as 

possible for the given cross sectional area. The I-sections chosen for this 

frame design are shown in Table 2.5. These sections satisfied the lateral 

stiffness requirement, and matched as closely as possible the strength 

requirements. Smaller column and beam sections were chosen as allowable 

through the height of the structure. In general, the columns and beams were 

stronger than necessary, because lateral stiffness, not the strength of the 

members, controlled the design of the frame. I-sections having sufficient 

moment of inertia (stiffness) exceeded the requirements for the strength of 
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the section. Although, the shear capacity of the panel zones as a result of 

the column web thickness was not sufficient and doubler plates were needed. 

The dynamic behavior of this design was 11 strong beam-weak columnll
, because 

the sum of the yield moments for the columns at a connection was generally 

less than the sum for the beams. The yield moment of each column was based 

on the interaction between the moment and axial force acting on the column 

(see Appendix A). 

TABLE 2.5 Member Selections for the DlA Design 

Story Column I l\ Beam I l\ 
Level Section (in4) (in-k) Section (in4) (in-k) 

I I 
5 W2lx44 843. 3430. 'W18x40 612. 2820. 
4 \.J2lx68 1480. 5760. 'W24x6-2 1550. 5510. 
3 W2lxlOl 2420. 9110. 'W24x84 2370. 8060. 
2 W2lxlll 2670. 10040. 'W24x94 2700. 9140. 
1 W2lxlll 2670. 10040. 'W24x94 2700. 9140. 

DIB Frame - The D1B frame was similar to the DIA frame, except that 

stronger columns of roughly the same stiffness were chosen to transform the 

dynamic behavior to be "strong column-weak beam ll
• The column sections of 

the DIB frame were not as deep as the columns of the DIA frame. The cross 

sectional area, and consequently the unit weight per foot, of the columns 

increased considerably to acquire a section with the same moment of inertia. 

The I - sec tions chosen for this design are shown in Table 2.6. Again, the 

column and beam sections were reduced as allowable in the upper stories of 

the structure. 
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TABLE 2.6 Member Selections for the D1B Design 

Story Column I ~ Beam I ~ 
Level Section (in4) (in-k) Section (in4 ) (in-k) 

5 W14x74 796. 4540. W18x40 612. 2820. 
4 W14x120 1380. 7630. W24x62 1550. 5510. 
3 W14x176 2140. " 11520. W24x84 2370. 8060. 
2 W14x193 2400. 12780. W24x94 2700. 9140. 
1 W14x193 2400. 12780. W24x94 2700. 9140. 

The inelastic behavior of the DIA and DIB frames was investig"ated in a 

parametric study to determine the influence of the beam-to-column strength 

ratio since this was principal difference between these two frames. The D1B 

frame also was used in parametric studies of beam-to-column connection 

behavior, nonstructural element participation and design base shear level. 

2.4.2 Five-Story Frame Designs: D2A, D2B and D2C 

The value of C for the D2A, D2B and D2C frame designs was based on the 

estimated period given by Equation 2.3 for the sixty-two foot high, steel 

frame structure, instead of the conservative value of C equal to 2.75. Each 

of these D2 frame designs had a different configuration for the lateral 

force-resisting system. The design base shear was the same for each design, 

because the estimation of the fundamental period was independent of frame 

configuration. The design base shear and equivalent lateral forces for all 

three designs are shown in Table 2.7. The design base shear for these three 

frames was 5.9 percent, which is approximately two-thirds of the design base 

shear corresponding to a value of C equal to 2.75. The columns and beams of 

the lower three stories were each of the same section as were columns and 
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beams of the upper two stories. Therefore, both the story drifts and 

stresses from the direct design procedure were generally less than the 

allowable limits. r-

I 

TABLE 2.7 Lateral Forces for the D2A, D2B and D2C Designs 

T = 0.035(62)3/4 .. 0.77 sec (Estimated) 
C = 1.25(1.2)/(0.77)2/3 ... 1.78 
V = 0.4(1.0)(1.78)(7930)/12 = 470 kips (VjW = 0.059) 
Ft = 0.07(0.77)(470) = 25.3 kips 

Story W hx Wxhx Wxhx F * x x 
Level (kips) (ft) (k-ft) I Wih i (kips) 

I 
5 I 1399. 62. 86738. r. t"\("\ 1r:r: 0 

V.L,;} J....J..J.O 

4 1632. 50. 81600. 0.28 122.7 
3 1632. 38. 62016. 0.21 93.3 
2 1632. 26. 42432. 0.14 63.8 -
1 1635. 14. 22890. 0.08 34.4 

I 7390. 295676. 470.0 r 
* F5 includes F t 

[ 
D2A Frame - The plan view of the structural layout and the elevation [ 

view of the frame configuration for the D2A design is identical to the DIA 

or D1B designs (see Figures 2.3 and 2.4). The smaller design base shear 

permitted lighter sections to be used for the columns and beams than the DIA 

frame. The I-sections chosen for this design are given in Table 2.8. The 

sections were not changed as allowed, but the same sections were used for 

the lower three stories and different sections were used for the upper two 

stories. Therefore, both the stiffness and strength requirements of some 

stories were exceeded. Although this selection of members probably is more 

representative of actual practice. 
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TABLE 2.8 Member Selections for the D2A Design 

I Story 

II 
Column I I 

I Mp 
II 

Beam 

I 
I 

I ~ 
I I Level Section (in4) (~....,_lr,\ Section (in4 ) (in-k) \.1.U-~1 

5 'W2lx57 1170. 4644. W2lx44 843. 3434. 
4 W2lx57 1170. 4644. W2lx44 843. 3434. 
3 'W2lx83 1830. 7056. W2lx68 1480. 5760. 
2 'W2lx83 1830. 7056. W2lx68 1480. 5760. 
1 'W2lx83 1830. 7056. W2lx68 1480. 5760. 

D2B Frame - The plan view of the structural layout and the elevation 

view of the frame configuration for the D2B design is shown in Figures 2.5 

and 2.6. The bay spacing of this frame was increased to 28.8 feet, while 

the overall length remained unchanged. The advantage of longer bay spacings 

was a reduction in the number of moment-resisting connections and in the 

number of members that need to be erected. It should be noted that bay 

widths of up to 40 feet in length have been used in modern steel frame 

construction. However, the longer bay spacings increase the effective 

lengths of the columns, which in turn lower the allowable stresses for the 

columns. Therefore, the material efficiency actually may decrease when 

longer bay spacing are used. The total dead weight of the D2B frame with 

28.8 foot bay spacings increased by twenty percent over the D2A frame with 

18.0 foot bay spacings. The increase weight and material cost of the D2B 

frame is offset by the savings in the fabrication and erection costs. The 

I-sections chosen for this design are given in Table 2.9. Again, the same 

sections were used for the lower three stories and upper two stories. In 

this design the same column depth was used throughout the height of the 

structure, but two different beam depths were used. 
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TABLE 2.9 Member Selections for the D2B Design 

Story Column I l\ Beam I ~ 
Level Section (in4) (in-k) Section (in4) (in-k) 

5 W2lx93 2070. 7956. W24x68 1830. 6372. 
4 W2lx93 2070. 7956. W24x68 1830. 6372. 
3 W2lx147 3630. 13428. W27xl02 3620. 10980. 
2 W21x147 3630. 13428. W27x102 3620. 10980. 
1 W2lx147 3630. 13428. W27xl02 3620. 10980. 

D2C Frame - The plan view of structural layout for the D2C design is 

identical to the D2B design (see Figure 2.5). The elevation view of the 

frame configuration for the D2C design is shown in Figure 2.7. Only the 

center bay, which provides all of the lateral resistance and stability, has 

moment-resisting connections. The redundancy of the structure and possible 

yield locations for hysteretic energy dissipation was decreased by the 

elimination of moment-resisting connections. The loss of lateral strength 

of the frame from structural damage to a moment-resisting connection in this 

configuration can have a tremendous impact on the survivability of the 

structure. The I-sections chosen for the center bay of this design are 

given in Table 2.10. The same sections were used for the lower three 

stories and different sections were used for the upper two stories. Since 

only a few members are providing the entire lateral force resistance and 

stability, the size of these members are quite deep and heavy. In fact, 

architectural considerations may be necessary to allow the usage of such 

deep members. The member selections for the other columns and beams would 

be based strictly on the vertical gravity loads and would be much smaller. 
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FIGURE 2.7 Elevation View of Frame 1 for the D2C and D3 Designs 

TABLE 2.10 Member Selections for the D2C Design 

Story Column I Mp Beam I Mp 
Level Section (in4) (in-k) Section (in4 ) (in-k) 

5 w27x146 5630. 16596. w27x146 5630. 16596. 
4 w27x146 5630. 16596. w27x146 5630. 16596. 
3 'W'30x235 11700. 30420. w30x21l 10300. 26964. 
2 'W'30x235 11700. 30420. 'W'30x2ll 10300. 26964. 
1 w30x235 11700. 30420. 'W'30x211 10300. 26964. 

The designs of the D2A, D2B and D2C frames for a five-story building 

were based on the same design procedure. The difference between the three 

frames was the configuration of the lateral-force resisting system. A 

parametric study comparing the inelastic response of the three frames was 

performed. The D2A and D2C frames also were used in a parametric study of 
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design base shear level. In addition, the D2C was used in parametric 

studies which examined the influence of initially defective moment-resisting 

connections and participation of nonstructural elements. 

2.4.3 Five-Story Frame Design: D3 

The design base shear for the D2A, D2B and 1)2Caesigns- was- calculated 

with an estimated period (Equation 2.3) of the structure. However, the code 

permits C to be determined from a more realistic value for the fundamental 

period of the structure. The period given by Equation 2.3 is typically 

shorter than the calcualted period of the bare structure frame, thus the 

design base shear is theoretically larger than necessary. 

The value of C used for the drift design (stiffness requirements) is 

calculated from Equation 2.2, where T is the calculated fundamental period 

of the D2C frame. However, the code specifies the value of C for the stress 

design (strength requirements), may not be less than eighty percent of the 

value obta in by Equations 2.2 and 2.3. Therefore, the D3 des ign has two 

independent sets of equivalent lateral forces one set for checking 

stiffness requirements and one set for strength requirements. The limit in 

the reduct ~on of C for the stress design is to safeguard against using a 

value of T n-.a~ 15 too long and results in a structure of questionable 

(j..-,t" consequence of using a smaller design base shear for the 

drift dt' 50 i p-. l!. t h .. t the stress design may control the selection of members 

and any unac( ot,;.r.~t'd for additional factor of safety for the strength is 

eliminated. A ~ though. the lateral stiffness of the structure is more than 

necessary . The design base shears and equivalent lateral forces for the 

drift and stress design are shown in Tables 2.11 and 2.12, respectively. 
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TABLE 2.11 Lateral Forces for the D3 Design (Drift) 

T = 1.48 sec (Period of D2C) 
C = 1.25(1.2)/(1.48)3/4 - 1.16 (Full reduction) 
V = 0.4(1.0)(1.16)(7930)/12 - 307 kips (V;W = 0.039) 
F t = 0.07(1.48)(307) = 31.8 kips 

Story Wx hx Wxhx Wxhx F * x 
Level (kips) (ft) (k-ft) I Wih i (kips) 

5 1399. 62. 86738. 0.29 112.5 
4 1632. 50. 81600. 0.28 76.0 
3 1632. 38. 62016. 0.21 57.7 
2 1632. 26. 42432. 0.14 39.5 
1 1635. 14. 22890. 0.08 21.3 

I 7390. 295676. 307.0 

* Fs includes Ft 

TABLE 2.12 Lateral Forces for the D3 Design (Stress) 

II 
c = 0.80(1.78) = 1.42 (Reduction from D2C) I 
V = 0.4(1.0)(1.42)(7930)/12 = 375 kips (V /w "'" O. 047) I 

I F t = 0.07(1.48)(375) = 38.9 kips I 
Story W hx Wxhx Wh F * x x x x 
Level (kips) (ft) (k-ft) I Wihi (kips) 

I I 

5 1399. 62. 86738. 0.29 137.5 
4 1632. 50. 81600. 0.28 92.8 
3 1632. 38. 62016. 0.21 70.5 
2 1632. 26. 42432. 0.14 48.2 
1 1635. 14. 22890. 0.08 26.0 

I 7390. 295676. 375.0 

* Fs includes Ft. 

The plan view of the structural layout and the elevation view for the 

frame configuration for the D3 design is the same as the D2C design (see 

Figures 2.5 and 2.7). The D2C design was selected for recalculating the 
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design base shear, because dramatic changes in member sizes occur when fewer 

members exist in the frame. The I-sections chosen for this design are given 

in Table 2. 13 . The same section depths are used in the D2C and D3 frames, 

although the weights per unit length are less for the D3 frame. 

Story 

Level 

In 
I ~ I 

TABLE 2.13 Member Selections for the D3 Design 

Column 

Section 

W27xl14 
W27x114 
W30x191 
T'T') ('\ •• 1 01 
WJVJ<...J..:7.J.. 

W30x19l 

4090. 
4090. 
9170. 
017r1 
:7.J../V. 

9170. 

Mp 

(in-k) 

12348. 
12348. 
24228. 
')/. ') ') Q 
L,....,..L.L.v. 

24228. 

Beam 

Section 

W27x94 
W27x94 
W30x173 
W30x173 

I W30x173 I 

3270. 
3270. 
8200. 
8200. 
8200. 

Mp 

(in-k) 

10008. 
10008. 
21780. 
21780. 
21780. 

The D3 frame, single bay providing the lateral resistance and stability 

for the five - story structure was used in parametric studies investigating 

the participation of nonstructural elements and design base shear level. 

2.4.4 Two-Story Frame Design: D4 

A two-story building, D4 design, was studied in some detail, because 

the fundamental period of a two-story structure is generally shorter than a 

five-story structure. The estimated fundamental period is located on the 

maximum plateau on the design spectra. The plan view of the structural 

layout and the elevation of the frame configuration for the D4 design is 

given in Figures 2.5 and 2.8. The design base shear and equivalent lateral 

forces for this design are shown in Tables 2.14. The I-sections chosen for 

this design are given in Table 2.15. The same column section was used in 
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both stories of the D4 frame, thus eliminating the need for any column 

splices. In addition, the same section was used for all of the beams in the 

frame. The lateral stiffness of the second stories and the strength of the 

members in the story were more than required by the code. 

® © ® ® ® 
B2 B2 B2 B2 B2 
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-""' 

.... .... .... .... 
u u u u 

.. ... ... ... .. . . 
/~/----------------------------------------------~7/ 

5 @ 28.8/ = 144/ 

Note: G = Pinned Connection 

FIGURE 2.8 Elevation View of Frame 1 for the D4 Design 

TAB~ 2.14 Lateral Forces for the D4 Design 

T - 0 0])(26)3/ 4 - 0.40 sec (Estimated) 
C - 1 2)(1.2)/(0.40)2/3 = 2.76 (Use C = 2.75) 
V - 0 .... ( 1 0)(2.75)(3034)/12 ,.. 278 kips (VfW = 0.092) 
Ft - 0 k1.ps (T < 0.7 sec) 

Story ~ ~. hx 'Wxhx 'Wxhx Fx I 

Leve 1 l lJ..l P S (ft) (k-ft) I 'Wi hi (kips) l! 
.J r~"-""'":~-··='!.t -

'j : 3:~ {1 

I 
26. 36374. 0.61 170.6 .. 

1 1 ~ 3') 14. 22890. 0.39 107.4 

I f: :L 1 ... 59264. 278.0 
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TABLE 2.15 Member Selections for the D4 Design 

II 
Story I Column 

I 
I M 

II 
Beam 

I 
I Mp 

II 
p 

Level Section 
,. b, (in-k) Section (in4 ) (in-k) 

I 
\~n' ) 

OJ W18x76 1330. 5868. W18x65 1070. 4788. 
W18x76 1330. 5868. W18x65 1070. 4788. 

The D4 frame design was used in a parametric study that investigated 

the influence of the fundamental period of vibration for a structure. Since 

the estimated fundamental period of the two-story structure was shorter than 

the five-story, the minimum design base shear level as a percentage of the 

building weight was larger for the two-story frame. The participation of 

nonstructural elements, which had the same stiffness and strength as in the 

five-story frames, also was investigated for the two-story frame. 

2.5 Summary 

-
The design of the frames for this study illustrate the wide latitude 

given in the code for the design of the lateral force-resisting system for a 

building. As is generally the case for design, there is not a "correct" 

solut ion. but many possible solutions. However depending on the des ign 

crite~ia. one of the designs may be preferable over other designs. 

The magni tude of the design base shear was the principal difference 

between the Dl, D2 and D3 frame designs for the moment-resisting frames of 

the five-story structure. The design base shear of the Dl frames was 9.2 

percent of the building weight, while the design base shear of the D2 frames 

was 5.9 percent of the building weight. The design base shear of the D3 

frame was 3.9 percent of the building weight for the drift design and 4.7 



42 

L 
percent of the building weight for the stress. The method to calculate the 

design base shear for the D2 frames is typical of current practice. The 

design base shear for the Dl frames is conservative and, as a consequence, 

the expected story drifts should be less than the D2 frames. The D3 design 

may be unconservative because the calculated period used in the design was 
L 

based only on a bare structural frame. The actual period of the structure ,. 
may be greater than the estimated period given by the code, but the actual f 
period is certainly greater than the calculated period of the trial design. 

The magnitude of the design base shear used in the D4 frame design for 

the moment-resisting frames of the two-story structure was 9.2 percent of { 

l: 
the building weight. The design base shear was limited by the given upper 

limit of the code, and therefore a larger base shear need not be used for a 1 
steel frame structure of this height. 

The belief that a stiffer and stronger structure is more conservative I 
(smaller drifts and less inelastic behavior) uses an assumption that the I 
response spectrum of the ground motion does not increase significantly as 

the fundamental periods in the range under consideration decrease. For the 1 
earthquake accelerograms of this study, the elastic response spectra were 

fairly uniform over the frequency range of the lower modes of vibration for 

the various frames investigated. r 
L 

I 
r 
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CHAPTER 3 

ANALYSIS AND KODELLING OF FRAME STRUCTURES 

3.1 Introduction 

In order to determine the probable structural demand on the lateral 

force-resisting system of a building during a major earthquake, a numerical 

modelling of the building and an acceleration-time history of the ground 

motion is necessary. Since neither the "exact" load-deformation behavior of 

a building or the ground motion of future earthquakes is known, several 

alternatives for both need to be explored to determine a range in response. 

The procedure to analyze the structural response and selection of the 

historical earthquake accelerograms are examined in this chapter. In 

addition, the modelling of the beam-to-column connections (panel zones), 

nonstructural elements and P-Delta effects are presented in some detail. 

This chapter also contains a discussion concerning the development of the 

numerical models for the time-history analyses. 

3.2 Analysis Approach 

j Inelastic time-history analyses were employed in this study to compute 

the dynamic response of numerical models for various frame designs excited 

by a set of historical ground acceleration records. The estimation of 

I structural response to a given ground excitation with time-history analysis 

is computationally intensive, especially when inelastic behavior is to be 

J considered. Much information regarding the properties and behavior of a 

structure is required in a time-history analysis. The solution procedure 

for an inelastic time-history analysis assumes that the stiffness of the 
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structure remains constant during each time step and that changes in 

stiffness only can occur between successive time steps. 

The reliability of any time-history analysis is dependent on accurate 

modelling with finite elements of the structure's load-deformation behavior 

and the numerical procedure for solving the nonlinear equations of motion. 

The computer program, DRAIN-2D, was used to calculate the dynamic response 

of the frame models. The behavior of the finite (or more aptly discrete) 

elements used in this study which were available in the DRAIN - 2D element 

library and the solution procedure for the equations of motion are explained 

in some detail in Appendix A. 

3.3 Representation of Design Earthquake 

Earthquake accelerograms, representative of the design earthquake for 

the 1988 edition of the Uniform Building Code, were used in the time-history 

analyses to compute the inelastic response of low-rise buildings using 

moment-resisting steel frames for the lateral force-resisting system. Since 

the ground motion of future earthquakes is unknown and nearly impossible to 

predict. several ground excitation records, which are plausible for a given 

site, generally are used to determine the probable inelastic response of a 

building. The adequacy of a seismic design can be judged after studying the 

response from each of the selected ground motions. For similar reasons, 

three his torical earthquake accelerograms were selected to represent -the 

design earthquake in this study. All of the fr~me models in this study were 

subjected to each of the earthquake accelerograms. 

The SOOE component of the 1940 El Centro earthquake, the N65E component 

of the 1966 Parkfield earthquake and the S69E component of the 1952 Taft 
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earthquake were selected for the base excitation records of the time-history 

analyses. These earthquake records were chosen because of the different 

characteristics in their ground motions. The El Centro record contains a 

broad frequency range of ground acceleration and has several periods of 

strong ground motion. The Parkfield record has a single burst of strong 

ground motion and is composed of lower frequency ground acceleration. The 

Taft record has higher frequency ground acceleration and a long duration of 

moderate ground motion. In these three earthquakes mos t of the strong 

ground motion occurred within the first twenty seconds of excitation. As a 

consequence, the time-history analyses were performed using only the first 

twenty seconds of ground excitation for each record. The accelerograms for 

each of the three earthquakes are shown in Figure 3.1. 

The earthquake accelerograms needed to be scaled to about the same 

level of "intensityll, so that the response calculated from each earthquake 

could be compared. In addition, the scaling of each earthquake record was 

supposed to produce excitation representative of the design earthquake to 

enable comparisons between the calculated response and the anticipated 

response of the code. The "design" earthquake, as characterized by various 

building codes, has the capability to generate significant inelastic 

deformations in the lateral force-resisting system - ductilities in the 

range of four to five for moment-resisting steel frames. An assumption in 

the 1988 UBC is that the chance of exceeding the intensity of the design 

earthquake is estimated to be ten percent in fifty years [4,16,43]. It 

should be noted that this definition of the design earthquake does not 

represent the maximum credible earthquake for the region but only the 

maximum probable earthquake . 
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A smoothed elastic response spectrum is used to anchor the design 

spectrum in the 1988 edition of the Uniform Building Code. In actuality, 

the code only uses equations to obtain the design base shear, but a plot of 

these equations can be thought of as a smoothed elastic response spectrum 

and a design spectrum. The smoothed elastic response spectrum, based on a 

five percent damped single-degree-of-freedom system, has a maximum spectral 

acceleration of 1.1 g for highly seismic regions (zone 4). 

Nau and Hall [33] showed that a scaling procedure based on structural 

response, rather than peak ground motions, gave less dispersion in the 

responses from several records. In a more recent study [1] regarding the 

determination of the design earthquake, one conclusion found from this study 

also was that peak ground motions are not an accurate parameter to classify 

the ~ntensity of a ground motion. Since the design spectrum is anchored to 

an elastic response spectrum, the elastic response spectra of the earthquake 

accelerograms were used to determine the scaling for the selected historical 

accelerograms. The elastic response spectra for a five percent damped 

single-degree-of-freedom system excited by the first twenty seconds of each 

earthquake are shown in Figure 3.2a along with the elastic response spectrum 

used to anchor the design spectrum for this investigation. 

A two step procedure was used to calculate the scaling factors .for the 

acceleration values of each earthquake accelerogram. The first step in the 

scaling procedure was to normalize the earthquake records, so that they all 

had the same spectrum intensity over a specified frequency range. The 

spectrum intensity is given by 

f SV(f) df; (3.1) 
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where SV(J) is the spectral pseudovelocity and f is the frequency in Hertz. 

Housner's definition of spectrum intensity has integration limits of 0.4 and 

10.0 Hertz [22]. However, the integration limits used in this investigation 

were 0.5 and 3.0 Hertz; this range had better correlation with the natural 

frequencies dominating the response of the modelled frame structures and 

also was the region of the response spectra controlled by velocity. The 

spectrum intensities for each earthquake are given in Table 3.1. The values 

given in the column labeled "SF1 " were the scale factors that resulted in 

equal spec trurn intens i ties. The usage of these scale factors tended to 

group together the elastic response spectra. The absolute vertical position 

of the three spectra was determined from the second step of the scaling 

procedure, which shifted the spectra as a group. 
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FIGURE 3.2a Unsealed Elastic Response Spectra for Five Percent Damping 
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TABLE 3.1 Scaling Factors for Earthquake Accelerograms 

1 
Record SIv SF1 SIa SFz SF 

(injsecz ) (g's) 

El Centro 38.8 1.86 1.57 
f 

Parkfield 71.7 1.00 1.30 0.85 0.85 

Taft 19.9 3.59 3.03 

1 

I The second step of the scaling procedure consisted of positioning the 

three response spectra. A new spectrum was created by averaging at each 

I frequency the pseudovelocities of each response spectrum scaled with the 

( corresponding scale factor calculated in the first step of the scaling 

procedure. The average spectral acceleration for the new spectrum was 

I calculated over the frequency range of 2.0 to 4.0 Hertz. The lower limit of 

2.0 Hertz was roughly the location where acceleration begins to control a 

I typical response spectrum. The upper limit was selected, because it bounded 

I 
the desir~d fr~quency range and provided a wide enough frequency range for 

scaling. The average spectral acceleration is defined as 

4.0 Hz 

~ 0 J SA(f) df, (3.2) 
. \ 

2.0 Hz 

I 
where SA (.' ~ s ~. ~,f" spectral pseudoacceleration. 

The .tv .. : .iliFf' spec tral acceleration for the average of the three scaled 

1 
I 

records was cf"~~r~d to be 1.1 g, maximum acceleration for elastic response 
J 

envisioned by the code, but was calculated to be 1.3 g for the average of 

the three scaled accelerograms. Therefore, the second scale factor, SFz , is 
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equal to 1.1 divided by 1.3. The final scale factors for each record, 

given in the column labeled "SF" in Table 3.1, are the product of the scale 

factors, SF1 , calculated in the first step and the scale factor, SFz , of the 

second step. The final position of the scaled elastic response spectra are 

shown in Figure 3.2b along with the elastic response spectrum used to anchor 

the design spectrum. It should be noted that the Parkfield accelerogram was 

scaled down to the level of the design earthquake, because this record was 

very strong in the frequency region under consideration in this study_ 
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FIGURE 3.2b Scaled Elastic Response Spectra for Five Percent Damping 

The maximum response quantities for a frame model with an elastic or 

nearly elastic response would be approximately the same as a result of 

excitation with each scaled record. As would be expected, the differences 

between the calculated responses from each earthquake accelerogram would be 
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more prevalent as the level of inelastic response increased. The variation 

in response can be judged (visually) by noting that the calculated response 

of the frame models in this study ranged from story drifts smaller than the 

design levels to story drifts larger than ten times the design levels. 

3.4 Beam-to-Column Connection Modelling 

The load-deformation behavior of a steel structural frame is dependent 

on the stiffness and strength of the columns and beams, and also on the 

stiffness and strength of the connections between the columns and beams. In 

one of the parametric studies for this investigation, the influence of the 

beam-to-column connections on the inelastic behavior was examined. 

The inherent flexibility and yield strength of the beam-to-column 

connections affect the natural frequencies of a structure and the locations 

of hysteretic energy dissipation during inelastic excursions. The assumed 

behavior of the beam-to-column connections in the time-history analyses was 

dependent on the assumptions made during the modelling phase of each frame. 

The panel zone of a rigid type beam-to-column connection is the length 

of the column located between the beam flanges at a joint. If required to 

satisfy the strength or stability requirements of the code, column web 

stiffeners and/or doubler plates can be added to the panel zone. Shear 

stresses are developed in the panel zone when an unbalanced moment exists 

between the beams framing into the joint. In the case of a single beam 

framing into a joint, the end moment of that beam is the unbalanced moment. 

Shear stresses in the panel zone cause shear deformation and possibly 

yielding of the panel zone. Distortion of the panel zone alters the angle 

between the columns and beams framing into the joint. An exaggerated view 



f • 
52 

of shear deformation in a panel zone from unbalanced beam moments applied to 

a typical interior beam-to-column connection is shown in Figure 3.3. 

i 

f. 
1. 

I 
FIGuRE 3.3 Exaggerated Deformation of a Panel Zone I 

The connec:~,on element available in the DRAIN-2D element library was 
I 

utilized in :ht, ! ra:::l€ models so that, if desired, shear deformation in a I 
panel zone co-~:c.! ~)t· rr.odelled with a bilinear moment-rotation relationship, 

The moment transferred by the connection I 
element was rel.i·f'.~ ~c ::-.e relative rotation between the ends of the columns f 
and beams a: a . :~: 

The par a:!:f': r ~ - s:: udv of connection behavior -was comprised of four 1 
models to prod-,le f'- Ii ] 0 i ot with different stiffness and strength. The 

overall behavior of a joint was dependent on the characteristics of the f 
columns, beams and panel zone located at a joint. The physical meaning of 

each connection model is described next: 

\ 
l 

t 
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1) No Panel Zone (NPZ) model denotes a rigid connection allowing no 

relative rotation between the columns and beams framing into a joint 

and having plastic hinge locations for the columns and beams at the 

intersectipn of the member centerlines of the joint - the typical 

behavior for beam- to-column connections in finite element models of 

moment-resisting frames; 

2) Rigid Panel Zone (RPZ) model denotes a rigid connection allowing no 

relative rotation between the columns and beams framing into a joint 

and having plastic hinge locations for the columns and beams at the 

connection faces of the joint; 

3) Elastic Panel Zone (EPZ) model denotes a flexible connection allowing 

relative rotation between the columns and beams framing into a joint, 

having the elastic strength to develop the full plastic moment of the 

beams framing into each joint and having plastic hinge locations for 

the columns and beams at the intersection of the member centerlines of 

the joint; 

4) 1nelastic Panel Zone (IPZ) model denotes a flexible connection allowing 

relative rotation between the columns and beams framing into a joint, 

having the inelastic strength, after yielding of the panel zone web, to 

deve lop the full plastic moment of the beams framing into each joint 

and having plastic hinge locations for the columns and beams at the 

intersection of the member centerlines of the joint. 

3.4.1 Rigid Connection Behavior 

In both of the rigid connection models designated as NPZ and RPZ, no 

relative rotation occurred at a joint. In the first rigid connection model, 
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the influence of the panel zone was completely neglec ted. The flexible 

lengths of the columns and beams, as shown in Figure 3.4, were taken to be 

equal to the centerline-to-centerline dimensions. The increase in frame 

flexibility due to the usage of centerline dimensions is thought, in common 

practice, to compensate for neglecting the flexibility of the connection. 

The 1988 edition of the Uniform Building Code allows the deformation in the 

panel to be ignored, if centerline dimensions are used in the story drift 

calculations and the strength of the panel zone is above a specified level. 

Member Centerlines 

Face - to - Face Dimension 

FIGURE 3.4 Dimensions for Typical Interior Frame 

Yielding of a column or beam end occurred when the moment acting at an 

end exceeded the yield moment capacity of the section. Depending on the 

relative yield moments of the columns and beams at a j oint, the plastic 
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hinge locations would either form in the column or the beam ends. However, 

this is not the best physical representation of the actual behavior of the 

connection because yielding of either the columns or the beams would occur 

at the connection face where the moment is maximum for the clear span 

portion of the beam. 

The panel zone web of the other rigid connection model was assumed to 

be rigid. The deformation mode of the panel zone was a rigid body motion, 

so no yielding or deformation occurred with the panel zone region. An 

eccentrici ty at each end of the columns and beams equal to half of the 

column depth for the beams and half the beam depth for the columns was 

specified to move the plastic hinge location from the end of the member to 

the connection face. Therefore, the flexible lengths, as shown in Figure 

3.4, of the columns and beams were taken to be equal to the face-to-face 

dimensions (clear span). Face-to-face dimensions produce the stiffest 

modelling of a frame. The increase in stiffness can be quite significant 

for frames with deep sections, since the lateral stiffness of a column is 

inversely related to the flexible length cubed. 

Yielding of a column or beam at the connection face occurred when the 

moment at the connection face exceeded the yield moment capacity of the 

section. A free body diagram of a typical beam element without any forces 

applied along the length of the member is shown in Figure 3.5. In fact, any 

forces along the members are converted to equivalent nodal loads in the 

DRAIN-2D computer program. Since no forces are applied along the member, 

the shear in the member is constant and the moment varies linearly from one 

end to the other. Therefore, the maximum moment and any yielding always 

occur at an end of a member. 
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As shown in Figure 3.5, the moment at the end of the member is applied 

to the node and must be in equilibrium with the other moments acting at the 

node. In addition, the moment at the end of a member is equal to the moment 

at the connection face plus the shear acting at the connection face times , 
) 

the distance between the end node and connection face (end eccentricity). 

The moment acting at the face of the connection is always less than the 

I , moment acting at the end of a member in double (reverse) curvature, which is 

generally the case for the columns and beams of a lateral force -resisting 

frame with small vertical loads. In fact, the end moments for each of the 

beams framing into a joint is approximately the same and acting in the same 

direction, because the external forces applied to the beams are relatively 

I small compared to the lateral forces. 

I 3.4.2 Flexible Connection Behavior 

r 
The connection models designated as EPZ and IPZ were both assumed to be 

flexible. The forces acting at a typical interior beam-to-column connection 

are shown in Figure 3.6a. The forces, Fh and Fv, are the externally applied 

forces (inertia, static or both) to the joint. No axial forces are present 

in the beams of this study because the beams are assumed to be axially 

rigid. A free body diagram of the upper pair of web plate stiffeners for a 

panel zone with plate stiffeners is shown in Figure 3.6b. The shear force, 

VpZ ' acting above and below the panel zone region is resisted by the web of 

the panel zone and the flanges of the columns. It is quite possible that 

J the shear strength of the panel zone can control the amount of moment that 

can be transferred between the columns and beams at a joint. 
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The shear force couple at which yielding of the panel zone web 

initiates is given by 

where O.55Fy is the yield shear stress, de is the depth of the column and t 

is the thickness of the panel zone web including any doubler plates. 

The model for the strength and stiffness calculations of a panel zone, 

shown in Figure 3.7, was developed by Krawinkler [29]. The effective shear 

area for the panel zone web has dimensions of ninety- five percent of the 

column depth and ninety-five percent of the beam depth. The panel zone web, 

which has an elastic-perfectly plastic behavior, yields at the shear force 

given by Equation 3.3. The column flanges contribute to the shear strength 

after yielding of the panel zone web and until the shear deformation reaches 

four times the yield shear strain. 

The equation given in the 1988 UBC to determine the shear strength of a 

panel zone is based on the equation developed by Krawinkler. The maximum 

shear force couple that theoretically can be applied to the panel zone is 

given by 

(3.4) 

where be is the width of the column flanges, te f is the thickness of the 

column flanges. The first term contained in the brackets of Equation 3.4 

corresponds to the strength derived from shearing of the panel zone web, 

while the second term relates to the strength contribution from bending of 

the column flanges at the corners of the panel zone. 
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The behavior given by Equations 3.3 and 3.4 can be expressed with a 

bilinear load-deformation relationship. The elastic shear stiffness for the 

beam-to-column connection, which is the elastic stiffness of panel zone web, 

of the bilinear relationship is defined as 

(0.95dc )tG , (3.5) 

where G is the shear modulus of the panel zone web. The shear-deformation 

realtionship of the panel zone web is assumed to be elasto-plastic. The 

strain hardening shear stiffness for the beam-to-column connection, which is 

the bending stiffness of column flanges, of the bilinear relationship is 

defined as 
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(3.6) 

A vertical force acting above the panel zone reduces the yield shear 

stress of the panel zone web. The reduction factor given by von Mises yield 

criterion is expressed as: 

a (3.7) 

where P is the axial column force at the design level and Py is the yield 

axial force of the column. However, the reduction factor was ignored in 

this study, because axial design force of each column was small in 

comparison to the yield capacity. 

Since the shear load-deformation behavior of a panel zone is modelled 

with a DRAI~-2D connection element (rotational spring), the shear stiffness, 

strain hardening and strength of the beam-to-column connection are converted 

into moment - rotation relationships. As shown in Figure 3.8, the relative 

rotation be~ween the columns and beams framing into a joint is the same as 

the shear d~!ormd:ion in the panel zone. The relative rotation between the 

colurr::1S a~)c t. .. a.:xs. framing into a joint is related to the moment transfer. 

The ro:a:~or..a: elas:ic stiffness of the connection element is defined by 

Ke - {C Ci ~ J K--y - (0.95~)(0.95dc)tG . (3.8) 

The rota: lonA: s:rain hardening stiffness of the connection element is 

expressed as 

(3.9) 
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The yield moment for the connection element is written as 

(3.10) 

v 

v 

FIGURE 3.8 Moment-Rotation Relationship of Connection Element 

In this study, both flexible connection models for the beam-to-column 

connections were designed to have the capability to transfer an unbalanced 

beam moment equal to the sum total of the plastic moment of the beams. The 

design shear force couple acting above and below the panel zone from the 

unbalanced beam moment is defined as 

(3.11) 

where I Hpb is sum total of the plastic yield moment of the beams and O.95db 

is the effective depth of the beams framing into the joint. 

The first modelling of the panel zone for a flexible connection had the 

strength required to develop the full plastic moment of the beams derived 

entirely from the panel zone web. Therefore, the beam-to-column connections 
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1 
virtually remained elastic during the ground excitation. The panel zone web 

thickness was determined from Equation 3.3, where Vy was equal to the shear 

J 
force given by Equation 3.11, and can be expressed as 

1 
t (3.12) 

] 
In the other model of the panel zone for a flexible connection, the 

required strength of the panel zone was developed from both the panel zone 

J web and the column flanges. This beam-to-column connection model yielded 

prior to developing the full plastic moment of the beams, but could develop 

I the moment after the shear strain reached four times the yield strain. The 

I 
panel zone web thickness was determined from Equation 3.4, where Vu was 

equal to the shear force given by Equation 3.11, and can be expressed as 

I I ~b 
(3.13) 

J 
The strain hardening ratios given by Equation 3.9 generally were less 

] than four percent and even as low as one and a half percent. However, test 

"'\ 
results of panel zone yielding typically had strain hardening ratios of more 

1 
J than five percent. Thus, the strain hardening ratios in this study were 

assumed to be five percent, regardless of the properties of the panel zone. 

The phys ical difference between the two flexible connections was the 

thickness of the panel zone web. The web thickness for the elastic panel 

J 
zone was greater than the web for the inelastic panel zone. The elastic 

panel zone had a yield moment equal to the sum total of the plastic yield 

moment of the beams. However, because of the higher strain hardening ratio 

of the panel zone element, the majority of yielding occurred in the beams 
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(assuming strong column-weak beam design) rather than yielding of the panel 

zone web. The inelastic panel zone had a yield value less than the sum 

total of the plastic yield moment for the beams of a jOint. Therefore, 

yielding occurred in the panel zones until the inelastic deformations are 

large enough to cause the yielding to develop in the beams. 

The both flexible connection models of the panel zone had the shear 

strength to develop the full plastic moment of the beams framing into the 

joint. However, the 1988 UBC states that the strength of the panel zone 

need not develop more than eighty percent of the full plastic moment of the 

beams. If the eighty percent limitation was followed, most of the yielding 

at a joint would occur in the panel zone, because the panel zone would most 

likely not have the ability to transfer enough moment to the beams to cause 

them to yield. 

3.5 Nonstructural Element Participation 

The nonstructural elements in a building can be neglected, if the 

nonstructural elements are isolated from the lateral force-resisting frame. 

In most instanc~s, especially during initial excitation, the nonstructural 

elements e ffec t tht> rt"sponse, because the nonstructural elements are not 

completely iso:d~rC and they possess lateral stiffness and strength as 

evident by ac tU.ci: '.'4' r ses calculated periods of vibration, observed damping 

and maximum storY !f.ht'ars. In fact, the 9bserved __ fundametal period of 

buildings can be $lg~ificantly higher prior to any degradation of the 

nonstructural eleme~ts. 

The stiffness and strength of the nonstructural elements (cladding, 

interior walls, interior frames, etc.) were not considered in the direct 
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design procedure for the moment-resisting frames, since the strength of the 

nonstructural elements was not obliged to provide any lateral resistance. 

The nonstructural element contribution is difficult to assess, since the 

nonstructural elements tend to be less ductile than the frame and, thus, 

yield and degrade after limited deformations. In addition, it is believed 

to be conservative to ignore the stiffness and strength contribution of the 

nonstructural elements, since the lateral force-resisting frame would be 

designed to resist all of the equivalent lateral forces. 

Shear panel elements, available in the DRAIN-2D element library, were 

added to selected frame models to account for the participation of the 

nonstructural elements. The load-deformation behavior of the shear panel 

element is explained in Appendix A. The load-deformation behavior of the 

shear panel elements did not model any particular component or material, but 

was suppose to possess the composite characteristics of the relationship 

between the nonstructural elements and the lateral force-resisting system. 

The shear panel element, as shown in Figure 3.9, was attached to the 

frame at the location of the beam-to-column connections. The shear panel 

element did not contribute to the rotational stiffness of a joint and did 

not impinge upon the end rotation of the columns and beams. The lateral 

stiffness of the shear panel element of each story multiplied by the story 

he ight was constant for all stories in a frame model, since the "same 

amount" of nonstructural elements was assumed to be in each story. Thus the 

absolute increase in lateral stiffness and strength for each story was the 

same, but the relative increase was much greater for the upper stories of 
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Member Centerlines 

FIGURE 3.9 Attachment a of Shear Panel Element 

3.5.1 Linear Load-Deformation Behavior 

The initial attempt to determine the impact of nonstructural elements 

on the dynamic response of a frame employed a simple modelling for the 

behavior of nonstructural elements. The load-deformation behavior, as shown 

in Figure 3.10, was taken to be linear with a failure strain (total loss of 

stiffness and strength) of 0.005 inches/inch. After reaching the failure 

strain, the element no longer participated in the response of the frame. 

The desired load-deformation behavior of the nonstructural elements could be 

modelled with a single shear panel element per story. 

The linear shear panel elements were added to the DIB design of a 

five-story frame. The stiffness of the linear shear panel elements was 

chosen to shorten the calculated fundamental period of the five-story frame 

to the estimated value given by the 1988 UBC. The calculated period of the 

bare structural system for the DIB design was around 1.25 while the 
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estimated period given by the 1988 UBC for a five-story building was 0.77 

seconds. To obtain the desired fundamental period, the lateral stiffness of 

the frame model with nonstructural elements was approximately two and a half 

times greater than the lateral stiffness of the bare structural frame model. 
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FIGURE 3.10 Load-Deformation Behavior of Nonstructural Elements 

3.5.2 Trilinear Load-Deformation Behavior 

The linear shear panel elements had a significant influence on the 

response of the frames. Since the failure of this element was rather 

abrupt, the stiffness and strength degradation of the element was refined. 

The load-deformation data from the Nonstructural Element Test Phase of the 

U.S. -Japan Cooperative Research Project on a Full-Scale Steel Test Frame 

[45,46,47] was used to obtain a more realistic behavior of nonstructural 

elements. The data from this test phase was taken from a static cyclic 
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loading of a six-story structure with cladding attached to the exterior 

frames and infill walls along the interior frame. 

The test data for one of the stories is shown in Figure 3.11 for cycles 

of increasing deformation. The stiffness value given in each plot represent 

the slope of line between the maximum excursions in each direction. The 

hysteresis loops shown represent the load-deformation behavior of both the 

structural steel frame and nonstructural elements. Therefore, some of the 

degradation is due to the frame, but most of it is due to the deterioration 

of the nonstructural elements. The contribution of the bare steel frame for 

this story was estimated from the results of another story in the frame 

withouc nonstructural elements. 

Ins tead of us ing one shear panel element-. per story, three elements 

having different load-deformation characteristics were used. Each of the 

shear pane 1 elements had a linear load- deformation behavior and specified 

failure strain. The load-deformation behavior from the combination of the 

three shear panel elements, shown in Figure 3.10, degrades in stiffness and 

strength at predefined deformations. The initial stiffness of the trilinear 

model of nonstructural elements was identical to the initial stiffness of 

the linear model of nonstructural elements. However, the stiffness was 

assumed to decrease by fifty percent after the shear strain reached 0.002 

inches/inch, thereafter the shear strain was taken to be twenty percent of 

the ini t ia 1 value until the shear strain reached 0.004 inches/inch and 

finally at a shear strain of 0.01 inches/inch the trilinear nonstructural 

element was assumed to fail. Unloading after a failure (degradation) of a 

nonstructural element occurred along the dashed line to the origin. 
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The trilinear nonstructural elements were added to the D1B design of a 

five-story frame to examine the influence of this assumed nonstructural 

element behavior. In addition, the trilinear nonstructural elements were 

added to the other frame models, so that the responses of these models with 

and without nonstructural elements could be compared. 

3.6 P-Delta Effects 

P-Delta effects were not accounted for in the direct design procedure 

of the moment-resisting frames in this study, because the provisions of the 

1988 edition of the Uniform Building Code stipulate that structures located 

in zones 3 and 4 of the Seismic Zone Map for the 1988 UBC and satisfying the 

drift limitations of the code need not consider -P-Delta effects. However, 

P-Delta effects, arising from the instability of the interior frames, were 

investigated in this study. 

In low-rise structures in which all of the frames are resisting lateral 

forces, P-Delta effects generally are not of concern, because the axial 

compressive forces in the columns are not large enough to cause significant 

second order displacements. However, the structures in this study utilized 

moment-resisting frames along only the perimeter to resist the lateral 

forces. The interior frames having Gnly pinned beam-to-column connections 

provided no lateral resistance or stability and were designed to carry the 

gravity loads of their tributary area. Therefore, the exterior frames not 

only provided the lateral resistance for the structure, but also acted to 

stabilize the displaced interior frames through diaphragm action of the 

floor and roof slabs. 
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To determine if P-Delta effects were significant, the time-history 

analyses of some of the frame models were performed with and without the 

inclusion of P-Delta effects. As an approximate means to account for 

P-Delta effects, the lateral stiffness of the stories were reduced, so that 

larger story drifts were required to maintain equilibrium of the deflected 

structure. The modelling of P-Delta effects could be thought of as applying 

at each time step an additional shear force at each story level equal to the 

total weight acting on the story times the story drift divided by the story 

height. One advantage of the approximation of P-Delta effects with this 

type of modelling is that no iteration to determine the P-Delta forces is 

required within a time step. 

3.7 Development of Numerical Models 

Since a frame model could have many variations, the development of a 

generic numerical model which could be used by all models would be desired, 

so that the interpretation of the results would be easier. Thus in some 

models, elements that were not necessary to model the desired behavior were 

used. For instance, in frame models with rigid beam-to-column connections, 

a connection element was not necessary, but could be used if the rotation 

stiffness and yield moment was large in comparison to the other elements. 

The element numbering scheme, shown in Figure 3.l2a, was used for all 

frame models of this configuration. The columns and beams of an exterior 

frame, including the members not resisting lateral forces, were represented 

in each frame model. Connection elements, were used in the frame models to 

attach the columns to the beams at the moment-resisting connections. The 

stiffness and strength of the connection elements were dependent on the 
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desired behavior of the beam-to-column connection. Shear panel elements 'for 

the linear behavior of nonstructural elements are shown as the shaded region 

in each story. In the case of the trilinear behavior for nonstructural 

elements, three shear panel elements per story were used. 
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FIGURE 3.l2a Element Numbering for Five-Story, Five-Bay Frame 

The columns in the additional bay, shown with dashed lines, carried the 

vertical forces necessary to obtain P-Delta effects. The element stiffness 

matrix for each of the columns in the additional bay included geometric 

stiffness contributions. As a consequence of the columns in the additional 

bay having pinned end connections, no lateral stiffness resulted from the 

material stiffness of the columns. The overall lateral stiffness of each 

column was negative if the axial force in the column produced compression 

and positive if the axial force in the column produced tension. The 

compressive force acting in a P-Delta column was equal to the weight of the 

story levels located above the column. When P-Delta effects were ignored, 

the axial force in each column was zero, and the P-Delta bay provided no 

contribution to the overall lateral stiffness of the stories. The beams of 

r 
t 
t 

[ 
f 

I 

I 
I 
I 
I 

f 
! 

( 

[ 

I· 



1 

J 

J 

I 
I 
I 
I 
1 
1 

1 
1 

1 
1 

j 

73 

the additional bay acted as a link to transfer the stabilizing forces from 

the actual frame to the P-Delta columns. 

The node numbering scheme, shown in Figure 3.12b, also was used for all 

frame models of this configuration. A pair of nodes was required at the 

connection element locations.· One of the nodes, designated with a 11B", was 

the end node for the beams framing into the j oint and the other node, 

designated with a 11C", was the end node for the columns framing into the 

joint. The vertical translations of each pair of nodes were constrained to 

be identical. The horizontal translations of all the nodes in a story level 

were constrained to be identical, since the axial deformations of the beams 

were ignored. The moment transferred between the columns and beams by the 

connection element at a moment-resisting connection was a function of the 

relative rotation between the pair of nodes. 
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CHAPTER 4 

PARAMETRIC STUDIES AND RESULTS 

4.1 Introduction 

The goal of the parametric studies presented in this chapter was to 

determine if, and by how much, certain parameters influence the inelastic 

response of low- rise steel frame structures arising from strong ground t 
+ 
J 

motion. If it is determined that a particular parameter does impact the 

calculated response of a building, then this parameter may need to be 

considered in the design process and detailed in the mathematical model for 

the analysis of the structure, so that the design process is compatible with 

the expected behavior of the building. Therefore, improvements to direct I 
design procedures may be needed to obtain equivalent lateral forces which 

correlate to the expected inertia forces produced by the design earthquake. I 
Safe and efficient lateral force-resisting systems capable of withstanding 

I the design earthquake are highly dependent on determining the anticipated 

inelastic behavior of structures, so that unnecessary safety factors can be I 
eliminated without sacrificing life safety. 

The direct design procedure given in the 1988 edition of the Uniform 

Building Code is a very simplistic approach to a complicated problem because 
r 

of the difficulty in assessing the stiffness and strength of a building, and 

the inability to forecast the ground excitation of future earthquakes. In 

addition, a structural engineer generally can not justify the cost of a more 

detailed analys is (modal or time -his tory) for a low- rise building. The I 
problem is how to maintain a simple and general design procedure and at the 

r 
t 

same time produce designs that are structurally adequate and economically f 
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feasible. The focus of this study is to determine if the current direct 

design procedure of the 1988 UBC results in buildings that behave in the 

manner expected by the code writers and more importantly that perform 

satisfactorily during a rnaj or earthquake. Therefore, several parameters 

that mayor may not be considered in the direct design procedure, but that 

alter the seismic behavior of a building, will be investigated to determine 

their influence on the structural response. 

In an analytical study of this type the amount of generated output data 

is overwhelming. The challenge is to interpret and process the significant 

data, so that implications as they pertain to practical design applications 

and building codes can be determined. General information related to the 

se lee tion 3nd presentation of the generated data from the time -his tory 

analyses is explained in this chapter. In addition, influence of the ground 

motions selected for this study on the structural response is discussed in 

s orne de t ail . In separate sections of this chapter, the development of each 

parametric s~udy. along with results and conclusions is given. The results 

of each paramf'~ric study focuses on the calculated response arising from 

strong f,rc '..;.nC! tto: lons in order to understand the inelastic behavior of the 

S OOle 0 f the results were compared to the direct des ign 

procedures ~o crtern:ine if the inelastic behavior of the structure was 

represeLta~~vt" o~ the behavior assumed in the code. The chapter has an 

ove r a 11 s '.~'"t!t." i section that reiterates the important conclusions as they 

re la te tot hi" t'f' r f 0 rmance, des ign or analys is of a moment - res is ting frame 

structure of each parametric study and also includes some general 

conclusions about the parametric studies. 
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4.2 Selection and Presentation of Output Data 

f 
After much deliberation, the interpretation of the results from the 

time-history analyses for the frame models was characterized by studying: a) 

the lateral displacement of each story level; b) the total horizontal shear L 

resisted by the members of each story; c) the accumulated input energy and 

dissipation of the input energy; d) distribution of hysteretic energy. 

These quantities were selected, because the story drifts and story shears 

provided an overall picture as to how the structure responded to the ground 

excitation. In addition, the maximum story drifts and story shears obtained 

during each time-history analysis were compared to the allowable story I[ 
drifts for the equivalent lateral forces, the maximum expected story drifts 

from inelastic behavior as a result of excitation_.with the design earthquake I 
and the design story shears arising from the equivalent lateral forces for a 

special moment-resisting space frame (SMRSF). The maximum computed story I 
drifts also were compared to the expected story drifts proposed in the 1988 1 
UBC. The energy quantities, which were a function of the resp.onse and 

.. 
properties of the frame model, gave an indication as to the manner in which I 
a structure dissipated the input ener~y and absorbed the hysteretic energy. 

A substantial amount of data can be generated during each time-history 

analysis of a frame having many degrees of freedom and members. The amount 

of output data generated during the time-history analyses was minimized by 

only writing the results of every fifth time step to the output file. The , 
L 

time step of each analysis was 0.01 seconds, and the corresponding increment 

between saved data points was 0.05 seconds. Even so the analysis of such a ( 
massive volume of data constitutes a major task. f 

! 
i 
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The results are presented in graphical form for easier assessment and 

comprehension of the response and comparison with other frame models. Most 

of the jaggedness contained in the traces of various plots is a consequence 

of only sampling every fifth time step. The corners (locations) of yielding 

and unloading generally are the areas that require more sampling of output 

data to obtain "true" values of response because the stiffness change can be 

very abrupt. In this investigation, the hysteretic energy distributions by 

elements and stories were based on the hysteretic energy dissipated by the 

columns and connection elements of an interior column line of a frame model 

and the beam ends attached to this column line. However, the hysteretic 

energy distributions calculated for this column line are believed to be 

reFr~sentative of the distribution for the entire structure. 

One type of plot made for each parametric study was a time history of 

story drift and the story shear-drift history for the first story. Only the 

results for the first story were plotted so that the general behavior of the 

structure during the analysis could be seen. Since an assumption for the 

di rec t des ign procedure was that the structure would experience roughly 

equal ductilities through the height of the structure, the behavior of the 

first story would be representative of all the stories. However in many of 

the analyses, other lateral modes than the first lateral mode had 

significant contributions to the response. Thus, the behavior of one story 

was not necessarily representative of another story. 

Other plots that were made for each parametric study were envelopes of 

maximum story drifts and shears for each story. Although these plot gave an 

indication of the maximums, they did not relate the number of times that a 

level of ductility was reached or nearly reached during a time-history 
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analysis. However, the information contained in this plot can be directly 

related to the direct design procedure. ., 
j-

Bar charts were generated showing the total input energy and the 

r 
" 

dissipation into damping and hysteretic energy for each analysis. The t 

difference between the total input and the sum total of the hysteretic plus 

damping energy was the kinetic and elastic strain energy associated with the 

structure at the end of the time-history analyses. In most instances, the 

difference was minimal because the ground excitations were small towards the 

end of the twenty seconds. Therefore, the response was diminishing at the , 
i... 

completion of each time-history analysis. 

Another bar chart that was generated showed the distribution of 

hysteretic energy in the selected interior column line by both elements and I 
stories for each parametric study. In addition to this bar chart, the same 

information was displayed in a more graphical form for (perhaps) easier I 
evaluation. An elevation of this interior column line was plotted along 

I with the amount of hysteretic energy dissipated in each location. The 

hysteretic energy for a location was given as a dot in which the area I 
symbolized the percentage of the total hysteretic energy dissipated at that 

location. These diagrams gave a clearer picture as which elements I 
dissipated hysteretic energy and how a certain parameter possibly altered 

the yield pattern for a frame. 

4.3 Influence of Ground Motion on Structural Response 

The time histories for the distribution of input energy into hysteretic ( 
(plastic strain), damping (viscous) and stored (kinetic plus elastic strain) 

energy for a typical five-story frame model subjected to each of the scaled 
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earthquake accelerograms are shown in Figure 4.1. The input energy at any 

point in time was the accumulated energy imparted into the structure during 

the excitation. The input energy increased or decreased between successive 

time steps, depending on whether the ground motion at that particular time 

was or was not opposing the motion of the structure. The hysteretic energy 

was the portion of input energy dissipated by inelastic deformation of the 

members. The damping energy was the amount of input energy dissipated 

through viscous damping in the structure. The difference between the input 

and hysteretic plus damping energy was the amount of energy stored in the 

structure. Since the stored energy was either elastic strain energy or 

kinetic energy, the stored energy was recoverable as the structure came to 

rest. Depending on the frequency content of the ground motion and the 

dominating frequencies of the structure, the stored energy at times had 

large oscillations. The equations implemented in the DRAIN - 2D computer 

program to calculate the various energy quantities during the time-history 

analyses are given in Appendix A. 

The El Centro accelerogram generally caused two regions of significant 

hysteretic energy accumulation separated by a period of lull excitation. 

The Parkfield accelerogram generated one region of substantial inelastic 

behavior in which the structure experienced large drift excursions during 

this interval, and then basically responded elastically thereafter. The 

Taft accelerogram gradually accumulated hysteretic energy over a 

considerable portion of the ground excitation. The excitation from the 

Parkfield record was not that strong for the higher frequency five- story 

frame models and the two-story frame models, because the frequency band was 

not as broad as in the El Centro and Taft. 
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4.4 Development of Parametric Studies 

The various parametric studies undertaken in this investigation are 

shown in Table 4.1, along with the frame designs that were used in each 

study. The first parametric study, beam-to-column strength ratio, actually 

was "unplanned". The goal of the initial design for the five-story frame 

was to have a design with "strong column-weak beam" behavior, but due to the 

interaction between the axial forces and bending moments of the columns 

during the time -history analyses, the strength of the columns at a joint 

generally was smaller than the strength of the beams. Reselection of 

stronger column sections having the same lateral stiffness produced a design 

with "strong column-weak beam" behavior. 

TA~LE 4.1 Usage of Frame Designs for Parametric Studies 

I 
Parametric Study ID1A D1B D2A D2B D2C D3 D4 

Beam-to-Column Strength Ratio * * 
Beam-to-Column Connection Behavior * 
Nonstructural Element Participation * * * * 
Moment-Resisting Frame Configuration * * * 
Defective Moment-Resisting Connections * 
Design Base Shear Level & P-Delta * * * * 
Structure Height (Fundamental Period) * * 

J The second and third parametric studies centered on the variance of 

the assumed lateral load-deformation behavior of the building components 

which ultimately influence the behavior of the structure as a whole. The 
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"strong co lumn-weak beam" frame design of the first parametric study was 

used as the basis for the frame models of these parametric studies. One of 

the parametric studies investigated the influence of the beam- to- column 
r 

connection behavior for the moment-resisting connections, while the other 

parametric study examined the participation of the nonstructural elements in 

resisting lateral forces. 

The fourth parametric study concentrated on the frame configuration for 

the lateral force-resisting system. Since the determination of the design 

base shear and vertical distribution of base shear is independent of frame 

configuration, the required lateral stiffness and strength of each frame 

design were approximately the same. The fifth parametric study compared the 

response of frame designs with identical fra~e configurations, but with i 
different des ign base shear levels. The 1988 UBC has three methods to 

obtain the design base shear level for the direct design procedure. I 
The influence of defective beam-to-column connections was examined in 

the next parametric study. A frame configuration with one bay in the I 
perimeter frames resisting lateral forces was chosen to be studied, because 

the impact of a couple of defective (poor quality) connections per frame 

could be very significant. The last parametric study pertained to the 

inelastic response of a two-story structure. The fundamental period of the 

two-story structure was in the range were the design spectra is a maximum 

and independent of the fundamental period for the structure. l 
One of the key points for this investigation was to determine if the 

in~lastic behavior of the structure was compatible with the assumed behavior I 
of the code. The code expects an even distribution of ductility over the 

height of the structure and maximum story drifts of less than one and a half 
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percent of the story height. Story drifts beyond this level could seriously 

compromise the survivability of the structure because the integrity of the 

connections would be questionable and second order effects may lead to even 

more instability. 

4.4.1 Investigation of Beam-to-Column Strength Ratio 

The direct design procedure of the 1988 edition of the Uniform Building 

Code is not only concerned with the lateral stiffness and strength of the 

I moment-resisting frames, but also the inelastic behavior of the frame. The 

I 
1988 UBC advocates "strong column-weak beam" design for moment-resisting 

frames, although under certain conditions "strong beam-weak column" design 

I is permitted. The rotational strength ratio of the columns and beams at a 

moment-resisting connection must satisfy the following relationship, given 

I in the 1988 UBC: 

I > 1.0 , (4.1) 

I 
where Zc is the plastic section modulus of each column framing into a joint 

and Zb is the plastic section modulus of each beam framing into a joint. 

FyC and FYb are the nominal yield stress of the columns and beams and fa is 

the maximum axial compressive stress in a column for all applicable loading 

combinations. 

The denominator of Equation 4.1 represents the total strength derived 

I 
{ 

J 
from the beams framing into a connection and is simply the sum total of 

plastic moment for the beams. The numerator of Equation 4.1 represents the 

total strength derived from the columns and is the "adjusted" sum total of 

J 
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plastic moment for the columns. The plastic moment of a column is red~.lced, 

when a compressive axial force is present. The reduction factor, fa' is a r 
rather crude (simple) method to determine the portion of the total strength r 
that can be associated with bending. A reduction factor is not needed for 

L 

the beams because it is assumed that their axial forces are insignificant. [ 
If certain beam limi tations for compactness also are applied to the 

columns, the 1988 UBC allows the relationship given in Equation 4.1 to be 

ignored under either of the following conditions: r 
1. The compressive stress (fa) in the columns is less than forty 

percent of Fy for all applicable loading combinations; 

2. The lateral shear strength of the columns in a story are fifty 

percent greater than the story above. I 
The members selected for the D1A frame satisfied the requirements of 

I the first condition given above, and thus the IIstrong beam-weak column ll 

design was permitted. Stronger columns were selected for the D1B frame to I 
force the behavior to be IIstrong column-weak beam". In both of th~ frames, 

the I - sec tions for the columns of each s tory changed as required by the I 
drift des ign. Therefore the distributions of the lateral stiffness and 

strength were quite uniform, although the strength of the D1B frame was more [ 
than required. r 

l 
The axial forces in the columns of the D1A and D1B frame designs 

resulting from the gravity (dead and live) loads and equivalent lateral L 
forces were relatively small. The interaction equation given in the steel 

r 

material section of the code (same as AISC (1.6-2)), governing the design of 1 
steel members having a compressive stress from an applied axial force r 
smaller than fifteen percent of the allowable axial stress, was used in lieu 

L 
I.': 
1:: 
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1 
of the interaction equations having the same form as AISC (1.6-la) and AISC 

(1.6-lb) . In accordance with the 1988 UBC, the allowable stresses are 

J 
increased by a factor of one-third for loading combinations containing 

earthquake forces. 

1 
The primary reason for avoiding plastic hinging of the columns is the 

possibility of local buckling of the columns near the plastic hinge location 

or inelastic buckling of the entire column. Also, buckling (failure) of the 

columns rather than the beams will cause greater lateral instability of the 

frame. Since the axial forces in the columns of the DIA frame design were 

small, and therefore, the columns were stressed primarily in pure bending, 

the allowance of "strong beam-weak column" behavior was justifiable. 

I Th~· finite element models of the DIA and DIB frames were typical for 

I 
the modelling of moment-resisting frames since the influence of "rigid" 

beam-to-column connections and nonstructural elements were ignored. The 

f centerline-to-centerline dimensions were used to define the flexible length 

of the columns and beams. The yielding of the columns and beams occurred in 

] concentrated plastic hinges located at the ends of the members. However, 

the model did not consider degradation of the members as a result of 

inelastic behavior. Thus, yielding of the columns was no more catastrophic 

than yielding of the beams. Although if the behavior of a frame was "strong 

beam-weak column", then the yield moment of a column end fluctuated with the 

axial force acting in the column. 

Comparisons of the time histories for the first story drift of the DIA 
! 

1 and DIB frames subjected to each of the earthquake accelerograms are shown 

in Figure 4.2. The corresponding story shear-drift histories for the first 

story are shown in Figure 4.3. The response of the DIA and D1B frames 
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arising from each earthquake accelerogram were quite similar since, the 

natural frequencies of vibration for the two frames were approximately the 

same as a result of drift controlling the seismic design of both frames and 

minor inelastic deformations. As shown in the first story hysteresis loops, 

the inelastic deformations for the first story of the stronger DIB frame 

were about half as much as in the DIA frame. 

The maximum story drifts and story shears obtained during each of the 

time-history analyses are plotted as envelopes in Figure 4.4. The maximum 

values for an envelope did not occur necessarily at the same time but were 

the maximum values calculated for each story. The envelopes for the maximum 

story drift ratios tended to be similar, since they all had larger drifts in 

the upper stories. In fact, the drifts calculated in the upper stories were 

around four to five times the allowable story drifts for the equivalent 

lateral forces in the direct design procedure and generally exceeded story 

drift ratios of one and a half percent expected by the 1988 UBC from 

inelastic behavior. Perhaps the larger ductilities occurred in the upper 

stories as a result of higher mode participation. The maximum story shears 

of the DIA frame were two times larger than the design story shears and 

three times larger for the D1B frame, although the absolute difference in 

story strength decreased towards the top level of the frame. As expected, 

the stronger DIB frame resisted more shear in each of the stories than the 

DIA frame, even though the D1A frame experienced larger drifts. The 

strength increase above yielding was very small even at large deformations, 

so consequently the yield strength dictated the maximum story shears. The 

actual shear strength of the frame was several times larger than the design 

shears as a result of the working stress design to size the members. 
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The total input energy quantities and dissipation thereof (hysteretic 

and damping) at the end of the dynamic analyses are shown in Figure 4.Sa. 

I 
The total input energies corresponding to each earthquake were nearly the 

same for both frames, although the hysteretic energy dissipated in the DIA 

J 
frame was slightly less than in the DIB frame. Therefore, the larger 

deformations in the DIA frame were offset by the larger height of the 

hysteresis loops for the DIB frame. 

I 
In Figure 4.5b, the distributions of the hysteretic energy dissipated 

along an interior column line are shown by both elements and stories. Not 

I surprisingly, most of the hysteretic energy is dissipated in the columns of 

the DIA frame which was "strong beam-weak column" design and in the beams of 

I the DIB frame .... ·hich was "strong column-weak beam" design. The hysteretic 

I 
energy dissipa:ed at the base was attributable to yielding of the column at 

the assumed rigid connection to the ground. The pattern in the interior 

I column line for hysteretic energy dissipation is given in Figure 4.5c. The 

generally g.rr.a:er yielding in the upper stories and changes in locations for 

I hystere:ic ~nergy dissipation is clearly presented in this figure. 

Tht' Ce: $ ~ r-;, tase shear for the DIA and DIB frames was determined from a 

rather CC~~r~~d:lV~ value of C equal to 2.75, and yet some of the inelastic 

drif:s O:-:S.~·f !~ca: :he "design" earthquake were still larger than expected 

.... the- case of these two frames, the I-sections required for 

"strong column-weak beam" design weighed approximately 

seven:), pf':(t'~.~ mere than the columns of the "strong beam-weak column" 

design. In s~~:e of the increased weight, if hysteretic energy dissipation 

is a good indicator of structural damage, as it is thought to be, and 
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stronger members can safely dissipate more hysteretic energy, then the DIB 

frame may be more attractive in terms of survivability than the DIA frame. 

The question of whether a "strong beam-weak column" design for a frame 

is acceptable depends on the axial forces and bending moments acting on the 

columns. For the case of frames with small axial forces, there appears to 

be Ii ttle difference between the expected deformations of the two frame 

behaviors. Of course, frame designs having both large bending moments and 

axial forces should be avoided because the interaction of the two loading 

conditions reduce the allowable stresses and consequently the efficiency of 

material for the members. One benefit of employing a perimeter lateral 

force-resisting system is that the perimeter frames are principally designed 

to resist bending moments arising from the lateral force, because the 

tributary areas for the gravity forces are much smaller than they are for 

the lateral forces. Therefore, the "strong beam-weak column" behavior seems 

to be permissible in lateral force-resisting schemes that use perimeter 

moment-resisting frames. 

One other issue that should be addressed is the permanent deformations 

that may result from an earthquake of smaller magnitude than the "design" 

earthquake. It is quite possible that slight inelastic behavior may arise 

from a moderate earthquake. Does plastic hinging of the columns, rather 

than plastic hinging of the beams create larger permanent offset in the 

structure and restrict the possible reusage or significantly increase the 

cost for repair of the structure? If so, regardless of magnitude of the 

axial forces, "strong column-weak beam" behavior may be more advantageous to 

the owner of the structure, even though the initial cost can be higher. 
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4.4.2 Investigation of Beam-to-Column Connection Behavior 

In the typical finite element modelling of moment-resisting steel 

frames, the beam-to-column connections are assumed to be rigid. However, 

the meaning of the term "rigid" is somewhat misleading for a beam-to-column 

connection, because deformation in the panel zone does occur from shear 

stresses that develop as a result of unbalanced beam moments. The 1988 

edi tion of the Uniform Building Code requires that the drift calculations 

for the direct design procedure consider bending and shear contributions 

from the clear spans of the beams and columns, axial deformations of the 

columns and rotations and distortions of the panel zones. Howeve r , the 

drift calculations can be based on beam and column centerline-to-centerline 

dimensions and ignore the rotation and distortion of panel zones, if the 

difference between the two calculated drifts is less than fifteen percent or 

the strength of the panel zone can develop eighty percent of the plastic 

moment of the beams framing into a joint. 

The 1988 UBC does not state how the contribution of the panel zone 

should be included in the drift calculations. However, the equation given 

in the code to calculate the strength of the panel zone is based on the 

equations developed by Krawinkler for assessing the stiffness and strength 

of panel zones. The drift calculations for the frame designs of this study 

were based on the centerline dimensions without regard to deformation in the 

panel zone, because the panel zones were designed to develop one hundred 

percent of the plastic moment of the beams framing into a joint. 

The standard modelling of the DIB frame had rigid beam-to-column 

connections and the yielding of the columns and beams occurred at the ends 

of the members. Three other connection models were assumed for the DIB 
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frame to determine the influence of connection behavior on the inelastic 
J 
\ 
t 

1 response of steel moment-resisting frames. One of the connection models not 

1 
only assumed that no relative rotation occurred between the columns and 

beams framing into a joint, but also that yielding of the columns and beams 

t occurred at the connection faces. In other words, the panel zone was a 

rigid element having only rigid body motion. The remaining two connection 

! 
.i models assumed that there was relative rotation between the columns and 

I 
beams framing into a joint and that the yielding of the columns and beams 

occurred at the ends of the members. The difference between these two 

I flexible connection models was principally the yield strength of the panel 

zone as a resul t of different thicknesses for the panel zone web.. The panel 

I zone of the inelastic flexible connection model yielded prior to the 

I 
development of the full plastic moment of the beams, while the panel zone of 

the elastic flexible connection model yielded at the development of the full 

( plastic moment of the beams. A discussion of modelling the beam-to-column 

connections wi th the finite elements available in the DRAIN - 2D computer 

I program is contained in Chapter 3. 

"\ 
The standard model of the DIB frame with rigid connections and yielding 

J of the columns and beams at the ends of the members was designated DlB-NPZ , (No Panel Zone). The frame model with rigid panel zones was designated 
j 

DlB-RPZ. The frame model with flexible connections having the elastic 

I strength to develop the full plastic moment of the beams was designated 

"l 
DlB-EPZ. The other flexible connection model having the inelastic strength , 

i to develop the full plastic moment of the beams was designated DlB-IPZ. 

t Comparisons of the time histories for the first story drift of the 

~ 

DlB-NPZ, DIB-RPZ and DIB-IPZ frames subjected to each of the earthquakes are 

J 

~l 
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shown in Figure 4.6. The corresponding story shear-drift histories for· ·the 

first story are shown in Figures 4.7, 4.8 and 4.9 for each earthquake. The 

time histories of story drift and story shear-drift histories for the DlB 

frame model with elastic panel zones (DlB-EPZ) were quite similar to the 

frame model with inelastic panel zones (DIB-IPZ) and, thus, are not given in 

these figures. The fundamental period of vibration for the frame model with 

rigid panel zones was roughly twenty- five percent shorter than the frame 

models with the other types of connections. As a consequence, the 

dominating period of the drift- time histories for the DIB-RPZ model was 

shorter than the other two shown. The story shear-drift histories of the 

DIB-NPZ and DIB-IPZ were quite similar and again this was due to the limited 

inelastic behavior of the frame. 

The maximum story drifts and story shears obtained during each of the 

time-history analyses are plotted as envelopes in Figure 4.10. The maximum 

story drift and story shear envelopes were nearly identical for the DIB-IPZ 

and DIB-EPZ, thus the DIB-EPZ envelopes are not given in the figures. The 

maximum story drifts, especially in the upper stories, were smaller for the 

DIB-RPZ frame model. The story drifts were quite uniform from excitation 

with the Parkfield record, but the other two records produced larger drifts 

in the upper stories. In fact, the drifts calculated in the upper stories 

of the analysis with the EI Centro and Taft records generally exceeded the 

maximum expected story drifts of one and a half percent of the story height. 

The maximum story shears for each of the frame models were roughly the same 

and usually were three times larger than the design story shears. 

The total input energy quantities and the dissipation thereof are shown 

in Figures 4.lla, 4.12a and 4.13a for the DIB frame modelled with each of 
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the four connection models subjected to each of the earthquakes. The energy 

quantities were approximately the same, except for the DIB-RPZ model. The 

difference between the total input energy for the DIB-RPZ model and the 

other models probably could be contributed to difference in excitation due 

to the interaction between fundamental frequency of vibration for the 

structure-and frequency content of the ground motion. 

The distributions of the hysteretic energy by elements and stories for 

each of the four frame models are shown in Figures 4. lIb, 4.12b and 4.13b 

for each earthquake record. The DIB-NPZ model had most of the hysteretic 

energy dissipated in the beams because of the II strong column-weak beam" 

design. The DIB-RPZ model had even less hysteretic energy dissipated in the 

columns than the DIB-NPZ, because the reduction in moment from the plastic 

hinge location to the end node was greater for the columns than the beams 

(see Figure 3.5). The distributions by stories for the DIB-EPZ and DIB-IPZ 

models were essentially the same. The Parkfield record tended to cause the 

middle stories to dissipate most of the hysteretic energy, while the EI 

Centro and Taft records caused most of the dissipation in the upper stories. 

However, the distributions by elements were different for these two frames. 

The hysteretic energy dissipated by the columns of the DIB-IPZ and DlB-EPZ 

frames were approximately the same, but the relationship between the elastic 

strength of the beams and the elastic strength of the panel zone dictated 

which of these elements dissipated most of the balance of hysteretic energy 

for each frame. The locations of hysteretic energy dissipation for an 

interior column line are shown in Figures 4.llc, 4.12c and 4.13c. As shown 

in these figures, most of the hysteretic energy was dissipated in the upper 

stories. 
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The calculated story drift and shears from the dynamic analyses of the 

frame models with various connection behaviors were quite similar, except 

for the model with rigid panel zones. The frame model with rigid- panel 

zones probably depicts the inelastic behavior of the individual columns and 

beams better than the other frame models. The plastic hinge locations for 

yielding of the columns or beams would most likely be located at the face of 

the connections where the moment is the largest (assuming no external forces 

along the members) for the clear span of the member. However, the total 

disregard for deformation in the panel zone resulted in poor modelling of 

the overall load-deformation behavior of the frame. 

The code states that the strength of the panel zones need not develop 

more than eighty percent of the full plastic moment of the beams. Therefore J 
I 

in a "strong column-weak beam ll design, the panel zone designed to this level 

usually will experience significant inelastic behavior before either of the I 
beams framing into a joint yield. The bending moments acting in each of the 

beams at a joint are essentially the same magnitude and acting in the same I 
direction, since the vertical forces of a perimeter frame are rather small. I 
Research has shown that the panel zone is a good location for dissipation of 

hysteretic energy, except that under severe distortion of the panel zone the 

beam-to-column connections may fail prematurely [27,28,29,30,38,39,40]. 

The structural engineer is in "charge" of determining the location(s) 

for hysteretic energy dissipation at a joint by specifying the thickness for 

the web of a panel zone. If the engineer specifies the minimum strength, 

then the yielding generally will occur in the panel zone. However, if a 
" 

thicker web is specified for the panel zone than the yielding can occur in 

r 
the ends of the beams or columns depending on their relative strengths. L 
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Since the structural engineer has the capability to determine where the 

yielding at a connection will take place, the required ductility can be 

t 
designed into these locations so that non-ductile failures are prevented 

after many cycles of inelastic deformations. The provisions in the 1988 VBC 

r 
encourage the strength of the panel zone to be able to develop at least 

eighty percent of the full plastic moment of the beams. Although at this 

minimum level, the panel zones will dissipate most of the hysteretic energy 

at a joint. 

r It should not be surprising that the calculated story drifts and shears 

were not much different for the three frame models wi thout rigid panel 

zones, because once there was yielding at a joint the net result was the 

l same - the inability to transfer moment from the columns to the beams. The 

placement of plastic hinge locations at the connection face should only be 

f used if deformation in the panel zone can be accounted for in an analysis, 

i 
because the stiffness of the frame would be unrealistically high. However, 

care mus t be taken in developing the numerical model for a j oint so that 

1 calculated response indicates where the yielding would actually occur in the 

structure ~hrn subjected to a major earthquake. It would be quite difficult 

to mode 1 U·... ce! ormation in the panel zone and force the plastic hinge 

locations c! Ut" columns and beams to occur at the connection faces using 
I 

j 
the fini t. t'. "~*,flts currently available with the DRAIN-2D program. One 

limi ta t i or. -. .. :- : he frame models developed for this investigation was the 

inability tc _LCO'",lnt for degradation of the members and connections as a 

result of ineiastic behavior. Perhaps yielding in the columns would cause 

J 
more degradation to the overall stiffness and strength of the frame than 

yielding in the beams. 

1 
} 

j 
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4.4.3 Investigation of Nonstructural Element Participation 

The provisions in the 1988 edition of the Uniform Building Code for the 

direct design procedure for the lateral force-resisting system of a building 

do not specifically address the interaction of the nonstructural elements 

(cladding, interior partitions, mechanical systems, etc.) with the lateral 

deformation of the bare structural frame. The stiffness contribution of 

nonstructural elements is indirectly incorporated in the code equation for 

the estimation of the fundamental period of vibration for'a structure. The 

estimated fundamental period of the building is shorter than the fundamental 

period of the bare structural frame. However, the strength contribution of 

the nonstructural elements is ignored. 

The provis ions in the code regarding the lateral force procedures 

maintain that the mathematical model of the structure should represent, to 

the adequacy required to predict the significant contributions to the 

response. the load - deformation behavior of the structure. However, no 

recornmendatior-iS are given in the code regarding the assessment of the 

lateral stlftnrs5 a~d strength for nonstructural elements or incorporation 

of nons true ~ _: .. ~ .... 1 ernent participation into the design and analysis of a 

structure 

~~~;:~ modelling of the nonstructural elements was employed 

to deterreinr :~~ ~:g~i~icance of these elements in the calculated response. 

Shear panel ~:p~rr~5. modelling nonstructural elements, were added to each 

story of tht, $:an~.:nc! modelling for the DIB frame. The additional lateral 

stiffness from the nonstructural elements reduced the calculated fundamental 

period of the frame model to the estimated value given by the code. The 

load-deformation behavior of the initial modelling of nonstructural elements 
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was linear with a failure s train of one -half of a percent, which also 

corresponds to a one-half of a percent story drift ratio. After studying 

the response of the frame model using the nonstructural elements with a 

linear load-deformation behavior and realizing that the influence can be 

quite profound, an improved model of nonstructural elements was developed. 

This model had a load-deformation relationship with degradation of stiffness 

and strength at three deformation levels. The transition to failure for the 

nonstructural elements of a story was more gentle. A discussion regarding 

the modelling of nonstructural elements is given in Chapter 3. 

In this parametric study, the DlB frame model without nonstructural 

elements was designated DlB-NNE (No Nonstructural Elements). The DlB frame 

model containing nonstructural elements with a linear load-deformation 

relationship was designated as DlB-LNE, while the frame model containing I 
nonstructural elements with a trilinear load-deformation relationship was 

designated as DlB-TNE. In the DlB-LNE and DlB-TNE models, the stiffness and 

strength contribution of the nonstructural elements had a great~r influence 

in the upper stories of the frames because the lateral stiffness and 

strength of the stories decreased from the lower stories to the upper 

stories, while the lateral stiffness and strength contributions of the 

nonstructural elements remained relatively constant throughout the height. 

Therefore the distribution of stiffness and strength, which was fairly 

uniform, was no longer proportional to the story shears from the equivalent 

lateral forces. I 
The comparisons of the time histories for the first story drift for the 

DlB-NNE, DlB-LNE and DlB-TNE frame models are shown in Figure 4.14. The } 
t 

differences between the traces of the three models from excitation with the 
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El Centro accelerogram were small as were the differences between the traces 

from excitation with the Taft record. Although, it should be noted that the 

nonstructural elements degraded or even failed during the first few cycles 

of strong excitation. The Parkfield traces of the models with nonstructural 

elements were roughly the same. However, the general- -amplitude of-the 

response of the bare structural frame model was larger than the other two. 

This dis tinction was attributable to the shifting of frequencies in the 

models, because the models with nonstructural elements had small drifts in 

the upper stories during the response from the Parkfield accelerogram. 

Thus, the general behavior of these frame models was a rigid body movement 

of the uppe.r stories responding on a soft first story. 

The story shear-drift histories from excitation by each earthquake are 

shown in Figures 4. 15, 4. 16 and 4. 17 . The degradation or failure of the 

nonstructural elements can be seen in these traces by the change in slope of 

the elastic portion of the hysteresis loops. The inelastic behavior of the 

models with linear behavior nonstructural elements was greater because of 

the complete rapid failure of the nonstructural elements in the lower 

stories. The shear carried by these elements was transferred abruptly to 

the structure as a shock loading, causing considerable accelerations which 

consequently lead to large story drifts. 

The story drift and shear envelopes of maximum response are plotted in 

Figure 4.18. The maximum story drifts tended to be of similar magnitude for 

the lower stories, while. the story drifts in the upper stories of the bare 

structural frame model tended to be larger than in the frame models with 

nonstructural elements. The addition of nonstructural elements increased 

the lateral stiffness and strength of the softer upper stories of the bare 
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structural frame since the nonstructural elements of these stories did not 

suffer much degradation. In the upper stories, the maximum story drifts for 

the frame models without nonstructural elements approached or exceeded the 

expected inelastic drifts, while the maximum story drifts for the frame 

models with nonstructural elements were smaller than the expected inelastic 

drifts. The differences between the maximum story drifts of the frame 

models with and without nonstructural elements were quite different if the 

nonstructural elements of a story did not fail or suffer much degradation. 

The maximum story shears, especially for the frame models with nonstructural 

elements, were considerably larger than the design story shears. 

The total input energy quantities and the dissipation thereof are shown 

in F i gur e s 4. 19 a , 4 . 20 a , 4 . 2la . The input energy corresponding to each 

earthquake usually ~ere within ten percent of each other. As indicated by J 
the hysteretic energy distributions given in Figures 4.l9b, 4.20b and 4.2lb, 

the dissipation of hysteretic energy from the El Centro and Taft records was I 
mainly in the u;:,?e r stories of the D1B-NNE frame model and mainly in the 

lower stories of the D1B-LNE, while the distribution was more uniform in the 

D1B-TNE. The hvs:eretic energy dissipation for both of the frame models 

with nonstruc:~r.al elements was really concentrated in the lower stories 

from exc ita t 1 ;'. ,. ~ t h the Parkfield record. The locations of hysteretic 

energy dissipa:1C';; also are shown in Figures 4.l9c, 4.20c and 4.2lc. As 

shown in the~e !~~ures, the addition of thenonstructural elements tended to 

reduce the number of locations for hysteretic energy dissipation. t 
The participation of nonstructural elements in this study caused a 

significant change in the dynamic behavior of the model. The nonstructural 

elements with the linear load-deformation behavior provided a considerable 
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increase in lateral stiffness and strength, especially as the story drifts 

approached their failure strain since the bare structural frame had nearly 

reached its maximum shear capacity at one-half of a percent story drift 

ratio. Therefore, the distribution of stiffness and strength for the' frame 

models considering the participation of nonstructural elements was not 

compatible with the assumed distribution of the 1988 UBC. The variance in 

the maximum drift for a story in a frame model wi th linear behavior 

nonstructural elements was dependent on the failure of the nonstructural 

element for that story. If the nonstructural element of a story failed, the 

maximum response of the story was roughly the same as the maximum response 

obtained by the bare structural frame model. 

In many buildings, an attempt is made to isolate the nonstructural 

elements from the bare structural frame. However, because of improper 

ins ta 11 at i on of the nons truc tur al elements or insuffic ient iso la tion from 

the lateral force-resisting system, nonstructur~l elements will ultimately 

participate in the response. Depending on the relationship between the 

lateral stiffness and strength of the bare structural frame and the 

nonstructural elements, the nonstructural elements can have a substantial 

influence on the response. 

The modelling of the nonstructural elements was rather crude, even for 

the more refined model with the trilinear load-deformation behavior. Even 

so t the importance of accounting for the participation of nonstructural 

elements was evident. If sufficient isolation of the nonstructural elements 

from the bare structural frame is not provided, the anticipated behavior of 

the nonstructural elements should be considered in the design for proper 

assessment as to the adequacy of the lateral force-resisting system . 
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4.4.4 Investigation of Frame Configuration 

The calculation for the design base shear used in the direct design 

procedure is independent of the configuration selected for the lateral 

I 
force-resisting system of a particular building. Some factors influencing 

the selection of frame configuration are architectural considerations and 

open space requirements, and material, fabrication and erection costs. 

Three different frame configurations for a five-story structure were studied 

to determine the influence on the inelastic response from severe ground 

excitation. One frame configuration for this building, designated D2A, had 

six 18- foot bays in the lateral force-resisting frame to resist lateral 

I forces and stabilize the building (see Figures 2.3 and 2.4). Another frame 

configuration choice for this building, designated D2B, had five 28.8-foot 

I bays to resist lateral forces (see Figures 2.5 and 2.6). The final 

selection of a frame configuration for this building, designated D2C, was 

I the same as the D2B frame except that only one ~f the bays resisted lateral 

1 forces (see Figures 2.5 and 2.7). 

The same cri teria were used in the direct design procedure for each 

frame configuration. Since the overall building height, story heights and 

story .... e i gh~s of each frame configuration were the same, the design base 

shear and distribution of design base shear were identical for each frame. 

Although, the equivalent lateral forces and allowable story drifts were the 

same for each frame, the lateral stiffness and especially the strength of 

the three frames were different because of the requirements for satisfying 

the provisions of the 1988 UBC. The objective of reconfiguring the lateral 

force-resisting frames was a reduction in the number of moment-resisting 

connections and in the total number of members for the columns and beams. 
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These reductions generally will result in a more economical structure and 

are becoming a prevalent trend for many structural engineers in California. 

The time histories of first story drift, shown in Figure 4.22, were 

quite similar, except for vertical shifting of the traces during unloading 

at peak displacements. The lateral strengths of the stories for each of the 

frame configurations were not the same because the frame designs were based 

on allowable stresses which are determined from the effective lengths of the 

members in a frame. In addition, the ability to match closely the stiffness 

and strength requirements was dependent on the available rolled I-sections. 

Therefore, the strengths of a story for each of the frame configurations 

were different even though the design story shear for that story was the 

same. The frequency content of first story dri"ft traces associated with 

each earthquake record is similar, since the fundamental period of vibration 

for the different frame configurations was nearly the same as a result of 

drift controlling the design of each frame. 

The shear-drift histories for the first story of the three frame 

configurations are plotted in Figures 4.23, 4.24 and 4.25 from each of the 

earthquakes. As evident by the maximum height of the hysteresis loops, the 

first story of the D2B frame had more elastic strength than the other two 

frame configurations, while the D2C frame had the least elastic strength. 

In addi tion, the slope of the elastic portion of the hysteresis loops is 

nearly the same since drift controlled the frame designs. The inelastic 

deformation of the first story generally increased as the yield level of the 

story decreased, since the elastic stiffness of each frame configuration was 

roughly the same. The Parkfield accelerogram caused considerable permanent 

deformation in the first story of the D2A and D2C frame models. 
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The story drift and shear envelopes given in Figure 4.26 had similar 

shapes for the maximum response values obtained from each earthquake. In 

all three frames, the sections used for the columns and beams changed 

between the third and fourth stories. Thus, the conservatism as a result of 

using stiffer-and stronger sections than required for a story followed the 

same pattern for each of the frames. This is probably the main reason why 

the story drifts jumped between the third and fourth stories. The stories 

that had large drifts in one model usually had large drifts in the other 

models. The D2C frame design generally had larger story drifts and smaller 

story shears than the other two frame designs as a result of the smaller 

yield strength. In fact, the strength of a story in the D2B frame was 

sometimes thirty percent larger than the same story of the D2C frame. The 

El Centro accelerogram produced story drifts in the lower stories that were 

smaller than the maximum expected story drifts by the 1988 UBC, but the 

drifts in the upper two stories were larger than. expected. The story drifts 

from the Parkfield record generally were larger than the maximum expected 

drifts. The Taft accelerogram produced fairly even story drifts through the 

height of the frame which were right around the maximum expected. 

The total input energy quantities and distribution thereof are shown in 

Figures 4.27a, 4.28a and 4.29a for each earthquake. The input energy levels 

for each earthquake were within five percent of each other. The D2C frame 

experienced larger inelastic excursions, which made up for the difference 

between the yield levels of the frames. The distributions of hysteretic 

energy, given in Figures 4. 27b, 4. 28b and 4. 29b, were different for each 

earthquake. However in each of the analyses, a disproportional amount of 

hysteretic energy was dissipated at the base of the first story column. The 
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locations for hysteretic energy dissipation are given in Figures 4. 27c, 

4 . 28 c and 4. 29 c . The nonuniform distribution over th~ height of the frame 

for hysteretic energy dissipation, especially from the Taft record, was 

clearly indicated in these figures. 

The advantage of the D2B frame configuration over the D2A frame was 

both a reduction in moment-resisting connections and members. The advantage 

of the D2C frame over the D2B frame was a further reduction in the number of 

moment-resisting connections. Because the bay spacings were longer in the 

D2B frame design than in the D2A frame, the effective length of the columns 

also increased in the D2B frame as a result of the more flexible joints. 

Therefore, the reduction in allowable stresses for the columns in the D2B 

frame decreased the material efficiency of the sections. In fact, the total 

weight of the D2B frame was greater than the D2A frame, even though the 

total length of the columns in the D2A frame was greater. 

One interesting aspect from this parametric study was that the total 

energy levels were nearly identical for each of the frame configurations as 

were the distributions by stories, even though the load-deformation behavior 

for each frame was unique. The frame with the smallest yield strengths 

experienced the largest inelastic deformations in order to dissipate the 

same amount of hysteretic energy. One disadvantage the reduction in the 

number of moment-resisting ·connections is that fewer locations exist for 

dissipating hysteretic energy, especially when the same amount of hysteretic 

energy needs to be dissipated. This increases greatly the possibility of 

connection failure by low-cycle fatigue, since the frames with fewer 

connections and members are forced to dissipated more energy at each 

available location. 
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4.4.5 Investigation of Design Base Shear and P-Delta 

The design base shear for a frame can be significantly different 

depending on the provisions followed in the direct design procedure of the 

1988 edition of the Uniform Building Code. The design base shear for the 

DIE frame design, which had six l8-foot bays, was related to the absolute 

maximum value required by the code. The D2A frame design, which had the 

same configuration as the DIB frame design, had a design base shear based on 

the estimated fundamental period of the structure. The code also allows the 

des ign process to be "recycled" by using a better approximation for the 

fundamental period - generally the fundamental period of the structure from 

a trial design is used. The better approximation generally will result in a 

longer fundamental period, which will lead toa smaller design base shear. 

The response of the D2C frame design, which had a single 28.8 - foot bay 

providing lateral resistance in the perimeter moment-resisting frame, was 

compared to the response of the D3 frame design, which had a design base 

shear established from the calculated fundamental period of the D2C frame. 

In addition to the comparisons between the calculated responses of the 

two sets of frame designs with different design base shear, the P-Delta 

effects and participation of nonstructural elements also were studied for 

frames of different stiffness and strength. The design base shear is 

directly related to the required lateral stiffness and strength of a frame. 

Therefore, the usage of a smaller design base shear produces more flexible 

and weaker frame design. If the "response" spectra for an earthquake was 

uniform over the range of natural frequencies corresponding to the dominate 

modes of frame models based on different design base shears, the inelastic 

response of a frame model would increase as the design base shear decreased. 
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Comparisons of the time histories of the first story drift for the DIB 

and D2A frame models are shown in Figure 4.30. The time histories for each 

earthquake accelerogram were different, although the same general trends 

appeared in the traces for the excitation arising from each accelerogram. 

The P-Delta effects are shown in Figure 4.31 for the DIB frame model and in 

Figure 4.32 for the D2A frame model. The P-Delta effects in the DIB frame 

model were hardly perceivable. However as the story drifts increased as in 

the D2A frame model, the P-Delta effects gave rise to vertical shifting of 

the time histories. 

The story shear-drift histories for the first stories of the DIB and 

D2A frame designs are given in Figure 4.33. The elastic strength, as 

indicated by the height of the hysteresis loops, of the DIB frame design was 

around fifty percent greater. The amount of inelastic deformation increased 

considerably in the first story as the design base shear was reduced and in 

some cases lead to sizeable permanent deformations. 

The story drift and shear envelopes for the maximum response are given 

in Figure 4.34. The shape of the story drift envelopes associated with each 

earthquake tended to be different for the DIB and D2A models; but the same 

general shape existed between a model with and without P-Delta effects. In 

addition, the story drifts for the D2A frame design generally exceeded the 

expected inelastic drifts of one and a half percent of the story height. In 

fact, story drifts exceeded two percent for several locations and even 

reached two and a half percent for the first story drift under the Parkfield 

excitation. The story shear envelopes were almost identical for the frame 

models with and without P-Delta effects. However as expected, the maximum 

story shears for the DIB frame were larger than the D2A frame. 
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The total input energy quantities and distribution thereof, given in 

Figure 4. 35a, corresponding to the El Centro and Parkfield accelerograms 

were larger for the D1B frame design, while the input energy corresponding 
r 
{ 
1. 

to the Taft accelerogram was larger for the D2A frame design. In all cases, 

the hysteretic energy levels were larger for the D2A frame design even [ 
though this structure was not as strong as the D1B frame. This was a 

reflection of the much larger story drifts experienced by the D2A frame as 

previously mentioned. The hysteretic energy distributions are shown in 

Figure 4.35b. The DIB frame design dissipated most of the hysteretic energy 

in the upper stories, while the D2A frame design dissipated a large 

percentage of energy in the base and a fairly uniform amount in the upper 

stories. This same information is conveyed in Figure 4.35c. I 
The comparisons of the time histories for the first story drift for the I 

D2C and D3 frame models are shown in Figure 4.36 and for the D2C and D3 

frame models with nonstructural elements are shown in Figure 4.37. The same I 
modeling of the nonstructural elements was used for both frame models. The 

differences between the traces were greater for the frame models wi thout I 
nonstructural elements because the addition of nonstructural elements tended 

to lessen the difference between the stiffness and strength of the D2C and 

D3 frame models. r 
The story shear-drift histories for the first story are given in 

1 

Figures 4.38 and 4.38 for the frame models with and without nonstructural t 
elements. The first story of the D3 frame had larger inelastic deformations I 
than the first story of the D2C frame. However, the inelastic deformations 

of the first story of the D3-TNE frame were not necessarily larger than the r 
f 

D2C-TNE frame as a result of the interaction between the structure and the 
/, 
I 
L 
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ground motion. In fact, the permanent deformations for the D2C and D3 frame 

models were in the opposite direction as the frame models with nonstructural 

elements. 

The maximum response quantities plotted in the story drift and shear 

envelopes, shown in Figure 4.40, were surprising in that the story shears 

were much more uniform over the height of the structure than the story 

drifts. Many of the story drifts exceeded by as much as twice the expected 

inelastic drifts of one and a half percent of the story height. In general, 

the addition of nonstructural elements significantly reduced the story 

drifts in the upper stories of the D3 frame because of the additional 

stiffness and strength. As evident by the maximum shear envelopes, the 

addi tion of nonstructural elements to the D3 frame increased the shear 

capaci ty beyond the capacity of the bare structural D2C frame, which was 

stronger than the D3 frame. 

The total input energy quantities and distribution thereof are given in 

Figures 4.4la and 4.42a. The total input energies for the D2C and D3 frames 

subj ected to each earthquake were fairly close, especially for the models 

with nonstructural elements. The amount of hysteretic energy dissipated 

with the addition of nonstructural elements, even though the addition of 

these elements increased the maximum story shears. The distributions of 

hysteretic energy are given in Figures 4.4lb and 4.42b. The D3 frame had a 

more even distribution of hysteretic energy by stories than the D2C frame. 

As shown in Figure 4.4lc, the locations of hysteretic energy dissipation for 

the D2C and D3 frame models were generally the same. The addition of the 

nonstructural elements forced the majority of hysteretic energy dissipation 

into the lower stories. In fact, at least fifty percent of the hysteretic 
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energy was dissipated as the base of the first story columns as shown in 

Figure 4.42c. 

The results from this parametric study indicated that the level of 

inelastic response increased as the design base shear decreased. Some of 

the calculated story drifts for the most conservative frame design (DlB) 

approached the expected inelastic story drifts, but the calculated story 

drifts of the other frame designs repeatedly exceeded the expected story 

drifts. The expected story drifts of one and a half percent of the story 

height are quite large, but to have even larger story drifts would cause 

additional instability of structure and deformation incompatibilities. In 

addition, the frames that experienced larger than expected deformations may 

also undergo larger than desired deformations during a more moderate 

earthquake. The increased story drifts could lead to more nonstructural 

damage and possibly structural damage, which is to be avoided for a moderate 

earthquake. 

The influence of P-Delta effects generally were not that significant. 

The inclusion of P-Delta effects. caused more displacements towards the end 

of a large inelastic excursion. However, P-Delta effects also tended to 

oppose the motion of the structure as the structure returned back to the 

undisplaced configuration and, therefore, acted to slow the structure down. 

The inclusion of P-Delta effects should produce a more realistic calculated 

response, since the effect of P-Delta forces are actually present in the 

real structure under excitation. Fortunately, the approximation of P-Delta 

effects can easily be incorporated into a DRAIN-2D time-history analysis, 

although there may not be any significant differences in the calculated 

responses of models with and without P-Delta effects. 
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4.4.6 Investigation of Defective Connections 

The D2C frame had only one bay in the frame resisting lateral forces 

and, consequently, had just two moment-resisting connections per story (see 

Figure 2.7). Since a few members of the D2C frame were required to provide 

all of the lateral resistance and stability, the I-sections used for these 

members were large with flange widths of up to one and a half inches thick. 

The fabrication of this size members is qui te difficult, especially to 

maintain the abili ty to transfer the necessary forces through the "rigid" 

connection after inelastic deformation of the joint. Therefore, the D2C-D 

frame which was essentially identical to the D2C frame except that one 

beam-to-column connection in each of the first and third stories was assumed 

to be initially defective (poor quality). A pinned connection, instead of a 

moment-resisting connection was placed in the frame model. 

The intention of this parametric study was to investigate what would be 

the influence on the inelastic response of a frame without much redundancy 

if some of the moment-resisting connections were defective. Because of the 

limitations of the DRAIN-2D program, the connections had to be assumed to be 

defective from the beginning of the analysis. However, a more realistic 

study would have been possible if the connection model would have degraded 

as a result of low-cycle fatigue after a period of excitation. 

The time histories of the first story drift are plotted in Figure 4.43 

for the D2C and D2C-D frames. The differences between the time histories 

were not that different because the same connections that were assumed 

defective in the D2C-D frame yielded in the D2C frame. Therefore, the end 

result was the same - the inability to transfer moment from the beams to the 

columns. As shown in the story shear- drift histories of the first story 
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given in Figure 4.44, the Parkfield accelerogram, which generally excited 

the lower stories, caused larger inelastic excursions in the first story for 

the frame with defective connections. However, the inelastic deformations 

for the defective frame subjected to El Centro and Taft were not any larger. 

One reason for this is that the D2C-D frame was less stiff initially and, 

therefore, attracted less base she~r than the D2C frame. 

In Figure 4.45, the story driftt and shear envelopes of maximum response 
t 

, 

are shown for the two frame models. The shape of the envelopes were roughly 

the same for the two models. The maximum drifts, especially in the lower 

stories of the frames subjected to the Parkfield accelerogram and in the 

fourth story of the frames subjected to the El Centro and Parkfield 

accelerograms, significantly exceeded the maximum expected story drifts. 

However, the excess deformations were not solely related to the defective 

connection because the D2C frame experienced large deformations. 

The total input energy quantities and distribution thereof, given in 

Figure 4.46a, were similar in magnitude for each earthquake. As expected, 

the percentag~ of hysteretic energy, shown in Figure 4.46b, distributed in 

the stories Wlt~ the defective connection were smaller than the percentages 

of the D2C fra.ll)(- The locations of hysteretic energy dissipation are shown 

in Figure 4 46c TI1E dissipation of hysteretic energy in the beams of the 

first through !o'..irth stories was relatively uniform for the D2C frame, but 

not so for th~ ~::·D frame since the distribution of stiffness and strength 

was not uniform. 

The presence of defective connections can influence the response under 

certain conditions. However if yielding of the connection at a particular 

location is expected, then the impact of having a defective connection at 
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the same location is lessened. Of course, the influence of having defective 

connections may be more important in the response from a moderate earthquake 

[ where significant inelastic deformations of the structural frame are not 

expected. Therefore a moment-resisting connection is not likely to yield 

and the difference between the response from a frame having an undamaged 

connection and a frame having a defective connection could be significant. 

One important fact that is brought out by this investigation is the ability 

l 
i 

to redistribute the forces. Even though one of the connections was assumed 

to be defective the structure was able to maintain some lateral resistance. 

Therefore it is essential for redundancy to exist to ensure stability in the 

I 
event of a premature failure of a member or connection. 
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4.4.7 Investigation of Building Height 

In the direct design procedure of the 1988 edition of the Uniform 

Building Code, an equation is given to estimate the fundamental period of a 

structure. This equation is dependent on the building height and type of 

lateral force-resisting system. The frame configuration of the two-story 

frame design is the same as the D2B frame design, except that there are only 

two stories instead of five stories (see Figure 2.8). The calculation of 

the design base shear for both of these two frame designs was based on the 

estimated fundamental period of the structure. However, the estimated 

fundamental period for the two-story frame design resulted in a design base 

shear equal to the upper limi t of the design spectrum for this study (9.2 

percent of building weight). 

The shear panel elements modelling the trilinear load-deformation 

behavior for nonstructural elements that were used in the D2B frame model 

were added to this two-story model. The fundamental period of the bare 

structural frame model was around one second and was reduced to one-half of 

a second with the addition of the nonstructural elements. The two-story 

frame model was designated D4 and designated D4-TNE with the addition of 

nonstructural elements. The lateral stiffness and strength contribution of 

nonstructural elements were greater for this two- story model than for the 

five-story models, because the lateral stiffness and strength of the bare 

structural frame were less for the two-story building. 

Comparisons of the time histories for the first story drift of the D4 

and D4-TNE frame models are given in Figure 4.47. Degradation of the 

nonstructural elements occurred within the first few cycles of strong 

excitation. The same general trends in the pattern of story drift trace, as 
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in the five-story frames, were prevalent in the response of the two-story 

frame as a result of excitation with each earthquake. 
r 

As shown in the story shear-drift histories for the first story given ! 

in Figure 4.48, the El Centro and Taft accelerograms produced many inelastic 

excursions, while the Parkfield accelerogram resulted in one large inelastic 

excursion. The nonstructural elements in the first story eventually reached 

total failure during the exci tation wi th each of the earthquake records. 

The hysteresis loops for the bare structural frame were more regular than 

the frame model with brittle nonstructural elements. 

The story drift and shear envelopes of the maximum responses are shown 

in Figure 4.49. The story drifts for the first and second stories were more I 
uniform for the bare structural frame model than story drifts of the frame 

model with nonstructural elements. Although, the lateral stiffness of the I 
second story and the strength of the members exceeded the requirements 

because the same sections as in the first story were used. The maximum I 
drifts for both stories of the bare frame model were about twenty percent 

I 
more than the expected maximum story drifts. However, the story drifts for 

the second story of the frame model with nonstructural elements was less I 
than the expected drifts. The maximum story shears for the D4 frame model 

were almost three times as large as design story shears and the maximum 

story shears for the D4-TNE model were even larger. 

As shown in Figure 4.50a, the total input energy quantities and 

distribution thereof produced by the E1 Centro accelerogram were almost I 
twice as much as the quantities from the Parkfield accelerogram, while the 

f 

quantities from the Taft accelerogram were between the two. Apparently, the 1 
'--

fundamental period of vibration for the two-story structure was in a region 
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were the response spectra for the three earthquakes had notable differences 

in the maximum accelerations. The addition of nonstructural elements to the 

frame model eliminated the inelastic behavior of the second story as shown 

in the hysteretic energy distributions given in Figure 4.S0b. In addition, 

most of the hysteretic energy is dissipated in the column end at the base 

connection of both models. In fact, more than least seventy percent of the 

hysteretic energy was dissipated at base connections. 

It would not seen unreasonable to envision that the behavior of the 

two-story frame would be closer to the expected behavior of the code than 

the five-story since the code behavior is based, in part, on the response of 

a single-degree-of-freedom system. However, this was not the case, since 

obtained uniform story drifts for the two-story frame were derived from a 

frame whose lateral stiffness and strength were not proportional to the 

design story shears. 
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4 _ 5 Overall Summary 

The inelastic behavior for most of the frame models in this study was 

not compatible with the behavior assumed by the direct design procedure of 

the 1988 edition of the Uniform Building Code. The story drifts were not 

uniform over the height of the building and certain stories exceeded the 

expected inelastic deformations of the 1988 UBC when the frame model was 

subj ected to severe ground excitation. In fact in some cases, the story 

drifts approached three times the expected level. The larger than expected 

story drifts are disconcerting, especially when the frame design is based on 

the assumption that the story drifts will not exceed one and a half percent 

of the story height. 

The results of the parametric study for the strength ratio of the 

columns and beams indicated that the strength ratio did not influence the 

maximum story drifts or shears as much as the locations of hysteretic energy 

dissipation for a perimeter moment-resisting frames. However, the story 

drifts of the "strong column-weak beam" design usually were smaller than the 

"strong beam-weak column" design because, the strength of the members for 

this design generally exceeded by a larger amount the requirements of the 

code. The column sections chosen for the "strong column-weak beam" design 

had the same moment of inertia as the corresponding column sections for the 

"strong beam-weak co lumn" design, but the strength of the column (plastic 

moment) was larger. 

The behavior of the beam-to-column connections generally did not have a 

significant influence on the story drifts; but again altered the lo"cations 

for hysteretic energy dissipation. The usage of the two connection models 

for a flexible panel zone is a rational method to account for deformation in 
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the panel zone. Of course, the thickness of the panel zone web, including 

doubler plates, is the controlling factor in determining the yield strength 

of the panel zone. 

The participation of nonstructural elements had a very significant 

effect on the dynamic behavior of a building. Even though the distribution 

of stiffness and strength can be rather uniform for the bare structural 

frame, the addition of nonstructural elements can create a "soft" story in 

the lower portion of the building. The ductility demand for a soft story 

can be quite large since most of the hysteretic energy dissipation occurs 

within that story. Therefore, the deformation in this story tends to be 

large while the other stories experience small story drifts. 

The reduction in the number of elements and connections providing the 

lateral resistance and stability by choosing different configurations for 

the lateral force-resisting system lowers the redundancy of the structure. 

Less redundancy and the inability to redistribute the forces possibly could 

lead to total collapse of the structure if a few members or connections fail 

prematurely, since the ductility demand is concentrated in a few locations. 

The design base shear parametric study provided some interesting 

results. The story drifts for the "conservative" design were really not 

that conservative and, in fact, exceeded the expected drifts in the upper 

stories. Therefore, it seems rather questionable to use a smaller design 

base shear for determining the equivalent lateral forces. In the frame 

designs based on a smaller design base shear, the story drifts were more 

often than not larger than the expected story drifts. As the story drifts 

increased, so did the inelastic behavior and nonuniformi ty in ductili ty 

demand over the height of the frame. 
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The study on defective connections was not that revealing because the 

defective connections that were assumed to be defective would have yielded 

if they were not defective. Therefore, the stiffness and strength of the 

joints with and without a defective connection was basically the same during 

inelastic excursions. Perhaps the influence of defective connections would 

be more prominent from the excitation of a moderate earthquake, because the 

seismic design philosophy assumes that the lateral force-resisting system 

will not experience much inelastic behavior. The lateral stiffness of the 

structure is very important in limiting the story drifts during excitation 

when significant inelastic behavior of the lateral force-resisting system is 

not expected. 

The limited investigation of a two-story structure resulted in the same 

deficiencies in the structural performance as in the five-story building. 

The story drifts were slightly larger than expected for both stories. The 

addition of nonstructural elements forced all of the inelastic behavior to 

occur in the first story. 

All these parametric studies revealed the difficulty in determining the 

demand on a building during a major earthquake. In fact, without having an 

accurate prediction of the expected demand, it is extremely difficult to 

provide the necessary supply of stiffness and strength in the seismic design 

of a bui lding. Of course, the design process needs to come "full circle", 

in that the supply of stiffness and strength for a building must be in 

agreement with the assumptions made in determining the demand, so that the 

structure can withstand the demand from a major earthquake. 
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CHAPTER 5 

CONCLUSIONS AND DESIGN IMPLICATIONS 

5.1 Conclusions 

The purpose of this investigation was to increase the understanding of 

the inelastic behavior of ductile steel moment-resisting frames designed in 

accordance with modern design specifications and accepted design practice. 

The perimeter moment-resisting frames considered in this study, which were 

required to provide all of the lateral force resistance and stability, were 

designed in accordance with the direct design procedure adopted in the 1988 

edition of the Uniform Building Code. This direct des ign procedure is a 

convenient and simple method to obtain equivalent lateral forces for seismic 

design and does not require extensive calculations beyond that for normal 

static analysis for vertical (gravity) loads. The direct design procedure 

is based, in part, on ptincJples related to structural dynamics and past 

performance of buildings shaken during major earthquakes. Many parameters 

comprising the load-deformation behavior of the structure and the direct 

design procedure were investigated to determine their influence on the 

inelastic dynamic response of the steel moment-resisting frames arising from 

strong ground motion . 

This investigation has contributed to the understanding of the design, 

analysis and response, and relationships between them for low-rise steel 

frame buildings. Of course, some of the findings are directly applicable to 

other types of lateral force-resisting systems, such as reinforced concrete 

moment-resisting frames or shear walls, or braced frames. In general, this 

study has shown the importance of accurate modelling of the dynamic behavior 
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of a building, so that the results from an analysis are meaningful, because 

the assumptions made in developing the numerical model for a building can 

and will influence the response. The calculation of the energy quantities, 

especially the hysteretic energy, provides another method to assess the 

anticipated demand on a structure from a given ground motion and the ability 

of the structure to distribute the demand throughout the entire structure. 

Several general conclusions related to the application of the direct 

design procedure can be drawn from each of the parametric studies developed 

for this investigation. 

1. Design Base Shear 

• The usage of a larger design base shear resulted in a more conservative 

design (smaller deformations and ductility demands), even though the 

larger design base shear required a stiffer structure that attracted 

more base shear during excitation. However, the maximum drifts in the 

upper stories were slightly larger than the expected maximum drifts. 

• A reduction in the design base shear as allowed by the 1988 UBC 

resulted in larger deformations that in some stories exceeded the 

expected deformations by a factor of two. 

2. Configuration of Lateral Force-Resisting Frame 

• The selection of the frame configuration, which had fewer members and 

connections providing the lateral resistance, primarily controlled the 

number of available locations for hysteretic energy dissipation. 

• The inability to match closely the stiffness and strength requirements 

for a frame configuration when selecting the rolled I-sections for the 
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columns and beams resulted at times in an additional and unaccounted 

for factor of safety. 

3. Participation of Nonstructural Elements 

• The stiffness and strength contribution of nonstructural elements had a 

profound effect on the dynamic behavior of the structure and caused 

considerable increase in the calculated story shears. The maximum 

story drifts were quite small, less than one-half of one percent, if 

the nonstructural elements of a story did not endure much degradation. 

• It was shown that under certain excitations the nonstructural elements 

suffered considerable damage (degradation) in a building with special 

moment-resisting space frames (SMRSF) as the lateral force-resisting 

system as a result of the disparity between the stiffness and ductility 

of the frame and the nonstructural elements. 

4. Beam-to-Column Connection Behavior 

• In general, the assumed connection behavior had little impact on the 

maximum story drifts and shears, or energy imparted into the building, 

since yielding at a j oint regardless of the location prevented the 

transfer of moment between the columns and beams and resulted in the 

same effective stiffness and strength of a joint. 

• The connection behavior did control the locations for hysteretic energy 

dissipation at a joint. In a weak panel zone, the yielding would occur 

in the panel zone prior to yielding of the columns or beams. Further 

research into the relationship between hysteretic energy and structural 
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damage may result in determining the optimum location for hysteretic 

energy dissipation at a joint. 

5. Column-to-Beam Strength Ratio 

• For buildings in which a moment-resisting frames are only used along 

the perimeter to provide the entire lateral force resistance and 

stability for a building, a "strong beam-weak column" design as opposed 

to a "strong column-weak beam" design for the steel moment-resisting 

frames had little influence on the maximum deformation, because the 

stresses caused by the axial forces as compared to the bending moments 

were relatively small for the columns. Thus the interaction between 

the axial force acting on a column and the assumed yield moment at the 

column end was negligeable. 

• Even though the distribution of mass, stiffness and strength was fairly 

uniform for the D1A and D1B frame models., the maximum deformations 

during low levels of inelastic behavior were not that uniform over the 

height of the building. In fact, the maximum story drifts calculated 

in some stories were in some cases twice as large as the drifts in 

other stories. Hence, the dynamic response was not entirely depicted 

by the fundamental frequency which was assumed to have a linear mode 

shape, especially as the frame experienced some inelastic behavior. 

6. Building Height 

e The code provisions to require a greater percentage of the building 

weight to be used as the design base shear produced results from the 
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time-history analyses of the two-story structure that were comparable 

to the five-story structures. 

• The addition of nonstructural elements to a less stiff frame lead to a 

considerable increase in the lateral stiffness and strength. In fact, 

the_re was no inelastic behavior in the second story of the two- story 

frame model. 

7. Defective Connections 

• The response of the frame models with initially defective connections 

(the inability to transfer moment) was basically the same as the frame 

without imperfections (defective connections), since the connections 

that were assumed defective would have yielded under the strong ground 

motion. Therefore, the ability to transfer moment between the columns 

and beams was limited. 

• The influence of defective connections may be more substantial in a 

more moderate earthquake where the expected inelastic behavior of the 

lateral force-resisting system is much less, if any. 

In general, the inelastic behavior for most of the frame models in this 

study was displeasing because the story drifts and ductility demands were 

larger than presumed for reliable structural performance and acceptable life 

safety. The maximum story drifts expected by the 1988 DBC as a result of 

excitation for the design earthquake are one and a half percent of the story 

height. At this story drift level, considerable damage to the nonstructural 

-' 
elements will occur if they are forced to conform to the deformations. In 

! 
fact, if adequate precautions are not taken, the ability of the structural 

., 
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frame to withstand this drift level may be compromised and premature failure 

of the elements or connection may result. In addition, it is desired to 

limit the inelastic story drifts so that second order effects (P-Delta) do 

not cause additional instability of the building. In general, a building 

that experiences controlled and limited deformations during severe ground 

excitation will survive without collapse and possibly be repairable for 

further occupancy. 

The principal reason for the poor structural performance was that the 

dynamic behavior of the frame models generally was not compatible with the 

assumed behavior of the 1988 UBC. In other words, the actual supply of 

lateral stiffness and strength given by the frame model of a building was 

inconsistent with the demand calculated for the frame model arising from 

excitation with the design earthquake. One reason for the disparity between 

the expected response and the calculated response of the frame models can be 

attributed to the fact that the provisions for .the direct design procedure 

are based, in part, on the past performance of buildings shaken during 

strong ground motion. It may be unrealistic to expect building designs 

based on current practice (moment-resisting frames along the perimeter, long 

bay spacings, smaller design gravity loads, etc.) to have the same general 

response of past building designs. 

In view of the poor structural performance for some of the frame models 

of the lateral force-resisting system, improvements to the direct design 

procedure may be necessary. The proper amount of stiffness and strength for 

a building is necessary to ensure survivability of the structure in the 

event of a maj or earthquake. In addition, the design and analysis of a 

building also should be sensitive to the anticipated behavior of the 
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structure, so that sound judgement as to the adequacy of the lateral 

force-resisting system can be made with some reasonable assurance. 

1 
5.2 Design Implications 

On the basis of this study, the suggested improvements to the direct 

design procedure of the 1988 edition of the Uniform Building Code are 

centered on reducing the inelastic deformations and ductility demands for 

J the lateral force-resisting system of a building. Of course, the first 

I 
prerequisite for good seismic design is to eliminate those factors that 

generally have lead to poor performance during past earthquakes; i.e. 

I discontinuous paths for transfer of story shears, nonuniform vertical 

distributions of mass, stiffness and strength, plan and elevation 

I irregularities. etc. The seismic design provisions in the 1988 UBC 

recognize that these factors tend to cause uneven ductility demands in a 

structure and thus disallow the usage of the direct design procedure for the 

] seismic desif:n of said "irregular" buildings. 

The advan':oFf' of the direct design procedure is the simplicity of the 

i 
j method to O~j:"'~;; :.l':eral forces for the seismic design. However, simplicity 

of method !">rlc- .... c ilO: override the objective of meaningful design forces. 

Usage 0 f t ht- d. ~ ~ ~ de sign procedure would be severely limited if detailed 

l 

t 
informatiof' dt,C.~ :~.t' dynamic behavior of a structure was required and would 

·1 
imply a leve: c! accuracy that really is not warranted considering all of 

the unknown fa(~ors Thus, any improvements to the direct design procedure 

should require as little information as possible (that which is readily 

available) and result in an adequate design regardless of the deviation from 

the assumed behavior of the structure. Since there are many factors that 

j 
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influence the behavior of a building and that lead to a deviation from the 

assumed behavior, the design procedure should be conservative enough, so 

that the possible range in the behavior of the building will result in 

satisfactory performance during severe ground excitation. 

The principal concern of the seismic design procedures in the 1988 UBC 

is the protection of life and not mitigation of structural and nonstructural 

damage from excitation arising from a major earthquake. Since significant 

inelastic behavior is permitted to occur during a maj or earthquake, the 

"ultimate" strength (increase in strength beyond minimum required strength) 

of the structure, rather than the stiffness, is more of a controlling factor 

in limiting the overall deformations. In addition, limitations of ductility 

demands for the various elements of the lateral force-resisting system will 

reduce the possibility of premature failure of a component due to low-cycle 

fatigue. The lateral stiffness of the building is important in determining 

the inertia forces applied to the structure during strong ground motions. 

The following recommendations are suggested to improve the performance of 

buildings designed in accordance with the direct design procedures of the 

1988 edition of the Uniform Building Code. 

1. The response modification factor, Rw, is too large for special 

moment-resisting space frames (SMRSF). A reduction of twelve from the 

elastic response level to the design level allows for too much inelastic 

behavior during severe excitation. In addition, the moment-resisting frames 

are required to undergo significant deformations to provide the necessary 

shear resistance thereby forcing failure of the more brittle nonstructural 

elements. Therefore, the usage of a smaller value of Rw would lessen the 
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dispari ty between the ductility of the lateral force-resisting system and 

the nonstructural elements. This may even be more important for limiting 

the nonstructural damage that occurs during a more moderate earthquake. 

2. The direct design procedure recognizes the rare occurrence of a 

major earthquake by permitting inelastic behavior to occur during the event 

that may even render the structure unusable and necessitate demolition. 

However, the stress (strength) design for the direct design procedure also 

accounts for the low probability of having the full load condition for the 

loading combination of dead, live and earthquake forces by allowing for an 

additional one-third increase in the allowable stresses. For the design of 

perimeter moment-resisting frames, the allowable stress increase may be 

unj us t i fied, because the equivalent lateral forces dominate the loading 

combination under any circumstance. Thus the allowable stress increase 

unconservatively reduces the 'required strength of the structure and induces 

larger deformations and ductility demands during severe ground excitation. 

3. The calculation of the design base shear and subsequent equivalent 

lateral forces based on a fundamental period of vibration obtained from a 

trial design is inappropriate, especially when the trial design merely 

considers the stiffness of the lateral force-resisting system. Only after 

performing a dynamic analysis which considers the anticipated behavior of 

the building as a whole and a set of plausible ground acceleration records, 

could a reduction in the lateral stiffness and strength be justified. As 

adopted in the 1988 UBC, any type of reduction should not reduce the design 
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base shear below a specified percentage of the original design base shear 

for the trial design. 

r 
J 
t 

4. Another point of concern for the seismic design of buildings is the 

[ 
increasing trend toward reduction in the number of elements providing the 

lateral force resistance which in effect reduces the redundancy of the 

structure and ability to redistribute forces. The premature failure of a 
" 

few members or connections as a result of defects or low-cycle fatigue could ~ 

i .. 
compromise the entire integrity of the lateral force-resisting system of a 

building and result in its total collapse. Thus, it may be advantageous to 

increase the margin of safety of a design by increasing the design base I 
shear or reducing the allowable stresses as the redundancy is reduced. 

I 
5. The direct design procedure, which typically is dependent on just 

I the stiffness and strength of the lateral force-resisting system, should 

consider the participation of nonstructural elements. As shown by the I 
results of the parametric studies of this investigation, the nonstructural 

elements can alter significantly the dynamic behavior of a building if not I 
isolated sufficiently from the lateral force-resisting system. Therefore, 

the classification of a structure as being regular or irregular should r 
L 

consider the stiffness and strength contribution of the nonstructural [ 
elements. Additional research on the behavior of nonstructural elements is 

required before this can be accomplished. I 
[ 

l 
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APPENDIX A 

DETAILS OF DRAIN-2D COMPUTER PROGRAM 

I 
1 

A.I Introduction 

A commercially available version of the DRAIN-2D computer program, 

which subsequently was modified for this study, was employed to compute the 

dynamic response of each planar modelling for the lateral force-resisting 

1 system of a building. The modifications to DRAIN-2D enabled time histories 

I 
of story shears and energy related quantities to be calculated. Additional 

minor modifications altered the format of the input data and output results. 

1 In order to understand the derivation of the energy equations, the 

beginning sections of this appendix detail the formulation of the mass, 

1 damping and stiffness matrices for the DRAIN-2D analyses, the behavior of 

I 
the finite elements used in the modelling of the frames and the solution 

procedure implemented in DRAIN-2D for the equations of motion. The final 

1 section contains the formulation of the energy expressions that were added 
,,I 

to the DRAIN-2D computer program. 

A.2 DRAIN-2D Program Capabilities 

j 
DRAIN-2D is a general purpose program for computing inelastic dynamic 

responses of structures whose behavior can be represented with planar 

modelling [25,41J. The structural model is an assemblage of planar elements 
1 

J adjoined at nodal points. Each node typically has horizontal, vertical and 

rotational displacement degrees of freedom. However, nodal constraints can 

be imposed to eliminate nodal degrees of freedom from the global degrees of 

j freedom and combine nodal degrees of freedom into one global degree of 

j 
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freedom. The support points of a structure can be excited by independent 

vertical and horizontal acceleration records. Al thought , all support points 

for each of the translations are excited in phase. 

A.3 Formulation of Mass, Damping and Stiffness Matrices 

The formulation of the mass, damping and stiffness matrices influences 

the solution procedure for solving the equations of motion at each time 

step. The latitude on formulation of the mass, damping and stiffness 

matrices can be very broad for inelas tic dynamic analyses. However to 

improve the efficiency of the program and limit the complexity of the 

modelling, several restrictions are imposed in the DRAIN-2D program. 

A.3.1 Mass Matrix 

The mass of a structure is lumped at the nodes (degrees of freedom). 

The mass quantity associated with the vertical and horizontal translations 

and rotation of a node may be different. The displacement constraints are 

used to map the mass of each nodal degree of freedom to the accwnulative 

mass of the global degrees of freedom. The mass matrix has a diagonal form, 

as a result of mass being lumped. A diagonal mass matrix eliminates the 

coupling of degrees of freedom through the mass matrix. 

A.3.2 Damping Matrix 

A modal damping formulation is used to obtain a viscous damping matrix 

for the equations of motion. Although not required for time-history 

analysis, mo da 1 damp ing is a convenient (physically relatable) form for 

specifying the damping associated with the structural response [17,44]. The 
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DRAIN - 2D damping matrix is a linear combination of the mass and stiffness 

I 
matrices and can be expressed as 

c aM+bK, (A.l) 
l 

I 
where C is the viscous damping matrix, a is the mass proportional damping 

coefficient, 11 is the time independent mass matrix, b is the stiffness 

f 
1. 

proportional damping coefficient and K is the time dependent tangent 

stiffness matrix. 

Damping is time dependent if the damping matrix is proportional to the 

stiffness matrix. The proportionali ty constants are determined from the 

initial stiffness matrix. In a nonlinear analysis, the usage of "damping 

ratios" to define damping is deceptive. The stiffness of the structure may 

vary during an analysis and as a consequence the natural frequencies and 

J 

• 
mode shapes are not constant. As shown by Equation A.I, the damping in the 

\ 
! 

structure is reduced as the structure yields. 

T 

.1 
A damping matrix proportional only to the mass matrix produces damping 

ratios which are inversely proportional to the frequencies of vibration. In 

contrast, stiffness proportional damping is directly proportional to the 

frequencies of vibration. Since the contribution of the higher modes is not 

of interest in this study, stiffness proportional damping was used to damp 

out the higher modes. Using both stiffness and mass proportional allows the 

damping ratio of two modes of vibration to be exac tly specified. The 

relationship between the damping of a frequency and the proportionality 

constants for the mass and stiffness matrices is given by 

~i (A.2) 
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where wi is the natural frequency of vibration and ~i is the damping ratio f 

of the ith mode. 

The damping ratios of the lowest two modes of vibration was specified 

to be five percent, since the so-called design spectrum for the direct 

design procedure in each of the various building codes are based on five L 

percent damping [ 4,16,43] . The equations for five percent damping in the 

lowest two modes of vibration are derived from Equation A.2 and may be 

written as 

(A.3a) 

and E z - 0.05 - t L: + bWz) (A.3b) I 
From the above equations, the coefficients, a and b, are dependent on I 

the frequency of vibration of the two modes. The solution of Equations A.3a 

I and A.3b for the proportionality constants gives. 

O. lWl Wz I 
a = (A.4a) 

w1 + Wz 

and b = 
0.1 

(A.4b) 
w1 + Wz 

I 

A.3.3 Stiffness Matrix 

The stiffness matrix of a model is assembled from the material and L 
geometric (P-Delta) stiffness contribution of each element. The stiffness ( 
matrix is formulated and triangulated at the beginning on an analysis. In 

the inelastic time-history analysis procedure, the structure does not have a r 
stiffness change during a time step. However, a change in stiffness can 
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occur between any two time steps. When a change in stiffness is detected, 

the stiffness matrix is reformulated and then triangulated. 

A.4 Behavior of Finite Elements 

The finite elements or discrete elements, contained in the DRAIN - 2D 

element library, are representative of building components. Beam-column and 

beam elements are used to model the behavior of columns and beams. 

Connection elements, which models the panel zone, transfer moment between 

the beams and columns framing into each joint. Shear panel elements account 

for the shear stiffness and strength of the nonstructural elements. 

A.4.l Beam-Column Element 

The three modes of deformation in the beam-column element are axial 

extension, flexural rotation at one end and flexural rotation at the other 

end. The axial stiffness and flexural stiffness are defined by the modulus 

of elasticity, moment of inertia, cross sectional area and length of the 

prismatic member. Yielding only can occur in concentrated plastic hinges 

located at the ends of the member. 

The location of a plastic hinge can be translated along the member 

centerline by specifying an end eccentricity. For example, vertical 

eccentrici ties at the column connections and horizontal eccentrici ties at 

the beam connections can be specified to move the plastic hinge locations 

from the intersection of the beam and column centerlines to the connection 

faces of joint (edges of panel zone). As shown in Figure A.I, the physical 

interpretation of an end eccentricity is a rigid and infinitely strong link 

between the node and the desired hinge location within the element. 
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Location of Detail 

Beam Plastic Hinge 

Rigid Links 

Column Plastic Hinge 

FIGURE A.l Physical Interpretation of End Eccentricities 
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A bilinear curve represents the moment-rotation relationship at the 

ends of the beam-column element. The strain hardening is approximated with 

elastic and elasto-plastic components acting in parallel. At each member 

end the rotation of both components is the same. As shown in Figure A.2, 

the total moment related to the end rotation of a member is equal to the sum 

of the moments for each component. At a time step, the yield moment for the 

elasto-plastic component is governed by an interaction surface relating the 

I axial force and bending moment acting on the element. Unloading 0 f the 

elasto-plastic component occurs along the initial stiffness slope. 

The general shape of an interaction surface is shown in Figure A.3a. 

I The maximum positive and negative yield moments, as well as, the maximum 

tension and compression yield forces can be different. The yield moment 

I coordinate of points A and C is a specified percentage of the maximum 

I 
positive yield moment, and the axial force coordinate of each point is the 

same specified percentage of the respective maximum axial force. The 

] coordinates of points Band D follow the same rules, except for using the 

maximum negative yield moment. 

As shown in Figure A.3b, a suitable interaction surface for modelling 

steel I-sections has maximum positive and negative yield moments equal to 

the plastic moment and tension and compression yield forces equal to the 

1 product of the cross sectional area and yield stress. The bending moment 

coordinate at points A, B, C and D is equal to the plastic moment, while the 

axial force coordinate is equal to fifteen percent of the maximum axial 

force. This surface mirrors the interaction equations for the codes. That 

is, if the axial force is less than fifteen percent of the allowable, the 

interaction between the axial force and moment is ignored [2,4,16,24]. 

j 
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FIGURE A.3a General Shape of Interaction Surface 
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FIGURE A.3b Interaction Surface for Steel I-Section 
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In the beam-column element, the geometric stiffness contribution is a 

linear approximation, since only the axial force acting on the member and 

relative lateral displacement of the element ends are considered [32]. When 

the axial force in the member is compressive, the relative lateral stiffness 

of the element is reduced, while a tensile force increases the stiffness. 

The physical interpretation of the geometric stiffness is an additional 

lateral force couple applied to the ends of the member. The moment from the 

force couple is equal to the axial force times the relative lateral 

displacement. The geometric stiffness matrix of an element is assembled at 

the start of an analyses using the static axial force acting in the member. 

A.4.2 Beam Element 

The properties of the beam element are identical to the beam-column 

element, except for a constant yield moment (independent of the axial force 

acting in member). If an interaction surface was used it would be a set of 

parallel vertical lines, one intersecting the x-axis at the positive yield 

moment and the other at the negative yield moment. The beam element is 

computationally more efficient than the beam-column element, because an 

interaction surface is not needed to determine the yield moment. The 

results from this study would be the same regardless of using beam-column or 

beam elements to model the beams. The beams had no axial deformation and 

consequently no axial force, because the horizontal translations of the 

nodes within each story level were constrained to be identical. The 

location on the interaction surface would have been at the intersection with 

the moment axis (x-axis). 
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A.4.3 Connection Element 

The connection element is essentially a rotational spring element, 

which transfers moment between the columns and beams framing into a joint. 

The connection element is attached to two nodes located at the same point in 

space. One of these nodes is attached to the element(s) modelling the 

columns framing into the joint, while the other node is attached to the 

element(s) modelling the beams. Therefore, the moment transferred by the 

connection element is related to the relative rotation between the columns 

and beams framing into a joint. The vertical and horizontal translations of 

the two nodes are constrained to be identical so that the beam and column 

ends move together. Therefore, one vertical, one horizontal and two 

rotational degrees of freedom exist at each joint. The idealization of a 

typical beam- to - column connection is shown in Figure A. 4. The definable 

properties of a connection element are the rotational stiffness, strain 

hardening stiffness, and positive and negative yield moment. The inelastic 

relationship between the rotational moment and relative rotation between the 

members is represented by a bilinear curve. The strain hardening stiffness 

also is approximated wi th elastic and elasto-plastic components acting in 

parallel. The connection element ignores the actual physical dimensions of 

the rigid beam-to-column connection. 
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~ Connection Element 

Node for Column Elements 

.\·,·:f5 : Both nodes located at same point In space 

FIGURE A.4 Idealization of Beam-to-Column Connection 
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A.4.4 Shear Panel Element 

The shear panel element is a rectangular four-noded element, having 

only shear stiffness. The shear resistance is defined by the shear modulus, 

strain hardening shear modulus, yield shear stress, failure strain and 

phys ical dimens ions. The relationship between the shear stress and shear 

strain may be inelastic. Again a bilinear curve represents the shear 

stress-strain relationship. Shear modulus hardening is approximated with 

elastic and elasto-plastic components acting in parallel. The element also 

can fai 1 upon reaching a prescribed failure strain. Fai lure results in 

either complete loss of stiffness and strength or retairunent of only the 

elastic component of the stiffness and strength. 

A.S Equations of Motion 

For inelastic nonlinear time-history analysis, the solution procedure 

can be thought of as a 'series of solutions for a linear structure with 

vary in g s t iff n e s s . The response quantities at the end of each time step 

become the initial conditions for the succeeding time step. The stiffness 

matrix is reevaluated at the end of each time step based on the calculated 

displacements. I f yielding or hardening of a member has occurred, the 

stiffness matrix is updated, and residual forces are applied to the nodes to 

maintain equilibrium at the end of the time step. The residual forces are 

added to the nodal forces of the succeeding time step. The magnitude of the 

residual forces should remain small in comparison to the other nodal 

1n order to maintain the accuracy of the analysis. 

The solution of the incremental equations of motion is simply the 

change in displacement, velocity and acceleration of the structure from one 
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time step to the next resulting from the change in external loading (ground 

excitation). The incremental form of the equations of motion is given by 

H~U+C~U+K~U -H ~y + P + R (A.S) 

where au is the incremental relative displacement vector (dots over variable 

indicating derivatives with respect to time, namely veloci ty and 

.. 
acceleration), AY is the incremental ground acceleration vector, P is the 

time independent external nodal force vector and R is the residual force 

vector. 

The solution procedure uses Newmark's Beta Method, a step by step 

integration procedure, to solve the incremental equations of motion [34]. 

The fi value of ~, which has an physical interpretation of constant average 

acceleration (average of acceleration at beginning and end of time step) 

through the time step interval is imbedded within the program. The 

acceleration, velocity and displacement within a time step is expressed by 

the following three equations: 

.. t {U(t) + U(t+~t)} ; U(t+r) (A.6) 

U(t+r) UC t) + ~ {U(t) + U(t+T)} CA.7) 

UCt+r) UC t) + r UCt) 
r2 

fU(t) U(t+r)~ (A.S) + I. + 
"+ \.. J 

where r is between zero and ~t, the time step increment. 

The velocity and displacement at the end of a time step are found from 

Equations A.7 and A.8, when T equals nt. The incremental accelerations and 

velocities as a function of the current response quantities and incremental 

1 
I 
I 

. 
l 

I 
r 
J 
t 



r 

., 
I 

f 
i 

j 

., ., 
J 

205 

displacements are found by rearrangement of Equations A.7 and A.8, and can 

be written as 

., 
DoD 

" 

-2 DCt) D.~ UCt) + D.~2 DoD CA.9) 

and 
2 

DoD - -2 UCt) + D.t DoD . (A.IO) 

The equations of motion are rewritten in terms of the unknown incremental 

displacements by substitution of Equations A.9 and A.IO into Equation A.S, 

namely 

K {-2 U(t) - l1~ U(t) + l1~2 l1U} + C {-2 U(t) + ;t t.u} + K t.U 

.. 
-M DoY + P + R . (A. II) 

The above equation can be expressed as a set of equations reassembling the 

displacement method of analysis for static forces using the form: 

K bD P CA.12) 

in which, 

K (A.13) 

and P P + K {-l1Y + 2 U(t) + l1~ U(t)} + 2 C U(t) + R . (A.14) 

K is usually called the effective stiffness matrix or the pseudo-static 

stiffness matrix, while P is called the effective load vector or the 

pseudo-static load vector, since the form of Equation A.12 resembles the 

formulation for a static analysis of a system. 
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Since the form of the damping matrix is a linear combination of the 

mass and stiffness matrices, the substitution of Equation A.l into Equations 

A.13 and A.14 results in equations of the form: 

K (1 + ~~) K + L~~2 + ~~) H (A. IS) 

and P - P + H {-AY + 2 U(t) + (~ + 2a) U(t)} + 2b K U(t) + R . (A.16) 

During a time history analysis, K only needs to be reformulated after a 

change in stiffness, since K is the only time dependent variable in the 

equation. However, P must be reformulated at every time step, since there 

are several time dependent variables. The time required to determine P is 

increased considerably with inclusion of stiffness proportional damping, 

since a vector-matrix multiplication is required. The vector-matrix 

multiplication is eliminated if the following transformation is introduced: 

~u ~u + b ~U (~~ + 1) AU - 2b U(t) (A.17) 

Equation A.17 maybe recast in another form, namely 

(A.18) 

Substitution of Equation A.18 into Equation A.ll leads to the following: 

K ~u p 

in which, 

K = K + ( 4 + 2a~t ) H 
4b.6t + .6.t2 

(A.19) 

(A.20) 
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{ 
.. (4 Sb + 2ab~t). } 

and P - P + H -~y+ 2 U(t) + ~t + 2a + 2b~t + ~t2 U(t) + R . (A.2l) 

The solution procedure for the incremental response of the current time 

step is: 

1) Reformulate K, if stiffness update has occurred (Equation A.20); 

2) Reformulate P for the current time step (Equation A.2l); 

3) Solve for ~ (Equation A.19); 

4) Transform iU into ~ (Equation A.1S); 

5) Calculate ~ and ~ (Equations A.9 and A.10). 

The total response at the end of the current time step is the total 

response from the previous time step plus the incremental quantity or in 

equation form: 

U(t+.6t) U(t) + ~U (A.22a) 

U(t+~t) ~ U(t) + ~U (A.22b) 

.. .. .. 
U(t+~t) U(t) + ~u (A.22c) 

The elemental forces are calculated from the nodal displacements. If 

the current yield state of an element is not compatible with the elemental 

forces, the stiffness matrix is updated and residual loads are applied to 

maintain equilibrium. 

A.6 Energy Expressions 

An energy balance expression is obtained by integration of the terms 

(inertia, damping, resisting and external forces) in the equations of motion 

through the displacements [4S]. The set of forces obtained from the 
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solution to the equations of motion maintains equilibrium at e~ch degree of 

freedom or in others words, the sum of the forces in the set is equal to 

zero. The integration of this set of forces through the same distance gives 

zero energy. However, the energy quantities associated with the individual 

integration of each nodal force through the displacement provides additional 

information to evaluate the response of a structure. 

Instead of integration of the forces through the nodal displacements, a 

more advantageous integration is possible by substituting Udt for dUo The 

energy balance at any time, T, is given by 

T T T 

J UT(t) H D(t) dt + J UT(t) C U(t) dt + J UT(t) K U(t) dt 
0 0 0 

T T T 

-J UT(t) H yet) dt + J UT(t) P dt + J UT(t) R dt . (A.23) 
0 0 0 

The individual integration of the three terms on the left hand side of 

the Equation A.23 represent the kinetic, damping and elastic strain plus 

plastic strain (hysteretic) energies. The terms on the right hand side 

represent the energy imparted into a structure from ground acceleration, 

external nodal forces and residual forces. The energy associated with the 

residual forces is insignificant when the residual forces remain small. 

The kinetic and elastic strain energies are recoverable (stored in the 

vibrating structure), while the damping and hysteretic energies are 

dissipated by the structure during the excitation. The accQ~ulative kinetic 

and elastic strain energies can be calculated at the end of any time step, 

because they are instantaneous quantities (function of the current state of 

response) . However, the input, damping and hysteretic energies must be 
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calculated as the sum of the incremental quantities of each time step. The 

incremental energy quantities can be integrated, because the value of ~ in 

Newmark's method determines the variation of acceleration, velocity and 

displacement through an individual time step interval. In the case of f3 

equal to ~ (constant acceleration), the change in velocity within a time 

step is linear (first order), and change in displacement is parabolic 

(second order). 

The incremental input energy (taken from Equation A.23) for each time 

step is expressed as 

t+~t t+~t t+~t 

~IE -J UT(r) H Y(r) dr + J UT(r) P dr + J UT(r) R dr . (A.24) 
t t t 

Since the mass matrix is diagonal, Equation A.24 to be expanded as 

n (t+~t t+~t t+llt 

llIE ~ I -J ui(r) mii Yi(r) dr + J ui(r) Pi dr + J ui(r) r i 
i=l t t t 

n t+llt ( 1 
J ui (r) l-mi i Y i (r) + Pi + r i J dr, 
t 

(A.25) 

where n equals the number of degrees of freedom and the subscripted terms 

are individual terms within the various matrices. 

The above equation can be integrated by using Equations A.6 and A.7, 

which give the variation of acceleration and velocity through a time step. 

The incremental input energy as a function on the initial and incremental 

response quantities is given by 
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.6.IE 
n 

.6.t I 
i=l 

( 
. 1. ] ( (.. 1.. ) ) ui(t) + 2' .6.ui -mii Yi(t) + 2" 6.Yi + Pi + r i (A.26) 

The input energy calculation added to the DRAIN-2D program disregards 

the residual term, and as a consequence the energy expression does not 

balance when numerical instabilities occur in an analysis. The energy 

balance is used as a check to determine the adequacy of the modelling of the 

structure and time step increment in the solution procedure. 

The kinetic energy at time, T, is expressed as 

T 

KE(T) = I UT(t) M U(t) dt . (A.27) 
o 

Since the mass matrix is diagonal, Equation A.27 may be rewritten in 

summation notation as 

KE(T) 
n T 

I f ui(t) mii ui(t) dt . 
i=l 0 

(A.28) 

Equation A.28, which is uncoupled by the diagonal mass matrix, can be 

directly integrated using partial integration. The integrated expression 

for kinetic energy, which is a function of the initial and final velocities 

of each of the lwuped masses is written as: 

(A.29) 

If the structure is initially at rest, Equation A.29 can be rewritten 

as 
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(A. 30) 

As shown by the above equation, kinetic energy is no longer stored in the 

structure after the excited structure comes to rest. However, during an 

analysis the kinetic energy fluctuates as the structure responds. 

The incremental viscous damping energy dissipated within a time step is 

given by 

t +.6t 

nDE f UT(r) C U(r) dr . (A. 31) 
t 

At this point Eauation A.30 can be rewritten in the following expanded 

form: 

n n t.t.t 
~DE - I I J U 1 (7) C ij U j (r) dr (A.32) 

The abov~ ~quation can be integrated by using Equations A.6 and A.7, 

which give ::~H' .... ariation of acceleration and velocity through a time step. 

The incre:Ile;,~ii: c':l!!:pir'.g energy as a function on the initial and incremental 

response q~a~:~:lrs 15 expressed as 

c . -.. : 

(A. 33) 

Since the damping matrix is proportional to the mass and stiffness 

matrices, Equation A.33 can be restated as 
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n 

b.DE = ab.t I mi i 

i=l 

n 

+ bb.t I 
i=l 

(A.34) 

If f3 equals zero, the incremental damping energy expression can be 

simplified to 

The damping energy is calculated in one of two methods. If the damping 

matrix is proportional to the stiffness matrix, the damping energy is 

calculated as the difference between the input energy and the sum of the 

kinetic, elastic strain and hysteretic energies. Otherwise, the damping 

energy is calculated with Equation A.3S. 

The incremental elastic strain and hysteretic energy of a time step is 

given by 

t +b.t 
b.SE + b.HE f UT(r) K U(r) dr . 

t 

(A.36) 

One shortcoming with Equation A.36 is that the strain and hysteretic 

energy quantities cannot be separated. Instead of using the Equation A.36, 

the strain and hysteretic energy may be calculated individually for each 

f 
J 

f 
i 

J 

I 
I 
I 
I 
I 

1 
I 

l 



I 

I 
.J 

I 

1 
J 

I 
I , 
j 

i 

i 
j 

'} 

) 

j 

213 

element. Since the elastic strain energy is an instantaneous quantity, the 

calculation of elastic strain energy need not be on a incremental basis. 

The elastic strain energy associated with only bending of either a 

beam-column or beam element is given by 

fL~ SE = 2E1 dx, (A. 37) 
o 

where H(x) is the variation of bending moment along the member, E is Young's 

modulus and 1 is the moment of inertia. 

Since the stiffness (El) is constant and the variation of moment is 

linear over the length of the beam, the integration of Equation A.37 gives 

an equation of the form: 

SE - 6il (M2 (O) + M(O) M(L) + M2 (L)) . (A. 38) 

where H(O) is the bending moment at one end and M(L) is the bending moment 

at the other end. 

The elastic strain energy associated with the elasto-plastic and 

elastic components of the bilinear decomposition is given by the following 

two equations: 

/'>. 

SE L (MZ (0) + M(O) M(L) + MZ (L») 6(E-Esh )1 
(A.39a) 

SE L l(MZ(O) + M(O) M(L) + MZ(L)] , 
6Esh I 

where Esh is the strain hardening modulus. 

(A.39b) 

The variables with carats are 

associated with the elasto-plastic component, while the variables with the 



214 

tildes are associated with the elastic component. The maximum value of M(G) 

and M(L) in Equation A.39a is the yield moment of the elasto-plastic 

component. 

The elastic strain energy from rotation of a connection element is 

expressed as 

M2 
SE =-

2K (A.40) 

where M is the bending moment and K is the rotation stiffness of the 

connection element. 

The elastic strain energy associated with the elasto-plastic and 

elastic components of the bilinear decomposition is given by the following 

two equations: 

SE 
M2 

(A.4la) 
2 (K-K. h ) 

. 
- ~z 
SE 

2K. h 
(A.4lb) 

where KSh is the s:~ain hardening stiffness. 

The elas:lc strain energy from shear deformation of a shear panel 

element is g~Y~n by 

SE - 2G 
(A.42) 

where T is the shear stress, G is the shear modulus and V is the volume of 

the shear panel element. It should be noted that the shear panel element 

only can resist shear forces. 
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The elastic strain energy associated with the elasto-plastic and 

elastic components of the bilinear decomposition is given by the following 

two equations: 

SE 
2 (G-Gs h) 

(A.43a) 

- V;2 
SE = 

2G s h ' 
(A.43b) 

where GSh is the strain hardening shear modulus. 

The incremental hysteretic energy from plastic hinge rotation of both 

ends of either the beam-column or beam element is given by 

A A 

LHE - 68(0) My(O) + 68(L) My(L) , (A.44) 

A 

where L8 is the incremental plastic end rotation and My is the yield moment 

of the elasto-plastic component. 

The incremental hysteretic energy from inelastic rotation of the 

connection element is expressed as 

(A.4S) 

The incremental hysteretic energy from inelastic deformation of the 

shear panel element is given by 

(A.46) 

where h is the height, 1 is the length and w is the width of the shear panel 

element, 61 is the incremental plastic shear strain and Ty is the yield 

shear stress of the elasto-plastic component . 



216 

The -elastic strain and hysteretic strain energies, calculated from the 

two components of the decomposition of the load-deformation relationship of 

any of the elements, are an approximation to the energies associated with i 
the bilinear curve of the actual relationship. As shown in Figure A.2, the 

yield moment fo~ the elasto-plastic component is less than the yield moment 

of actual relationship. The calculated hysteretic energy is the area 

enclosed within the load-deformation loops of the elasto-plastic component. 

For small values of strain hardening. the difference between the energies 

associated with the actual relationship and the bilinear decomposition is 
; 
~ 

negligible. t 
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