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Summary 

 
This thesis investigates the performance of composite frame structures with smart 

partially-restrained (PR) concrete filled tube (CFT) column connections through 

simplified 2D and advanced 3D computational simulations. It also provides a design 

methodology for new types of innovative connections based on achieving a beam hinging 

mechanism. These types of connections intend to utilize the recentering properties of 

super-elastic SMA tension bars, the energy dissipation capacity of low-carbon steel bars, 

and the robustness of CFT columns.  

In the first part of this study, three different PR-CFT connection prototypes were 

designed based on a hierarchy of strength models for each connection component. 

Numerical simulations with refined three dimensional (3D) solid elements were 

conducted on full scale PR-CFT connection models in order to verify the strength models 

and evaluate the system performance under static loading. Based on system information 

obtained from these analyses, simplified connection models were formulated by replacing 

the individual connection components with spring elements and condensing their 

contributions. Connection behavior under cyclic loads was extrapolated and then 

compared with the monotonic behavior.  

In the second part of this study, the application of these connections to low-rise 

composite frames was illustrated by designing both 2D and 3D, 4 and 6 story buildings 

for the Los Angeles region. A total of 36 frames were studied.  Pushover curves plotted 

as the normalized shear force versus inter story drift ratio (ISDR) showed significant 

transition points: elastic range or proportional limit, full yielding of the cross-section, 

strength hardening, ultimate strength, and strength degradation or stability limit.  Based 

on the transition points in the monotonic pushover curves, three performance levels were 

defined:  Design Point, Yield Point, and Ultimate Point. All frames were stable up to the 

yield point level. For all fames, after reaching the ultimate point, plastic rotation 

increased significantly and concentrated on the lower levels. These observations were 

quantified through the use of elastic strength ratios and inelastic curvature ductility ratios.  

The composite frames showed superior performance over traditional welded ones in 

terms of ductility and stability, and validated the premises of this research.  
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Chapter 1 

 

Introduction 
 

1.1 Research Background 

 

In this research, three structural design concepts are integrated: the use of 

composite concrete-filled tube columns, the use of partially restrained connections, and 

the introduction of innovative materials (shape memory alloys) in the connection area.  

To understand the integration of these concepts and the scope of this dissertation, a brief 

description of each of these three topics will be given first.  

In recent years, concrete filled steel tube (CFT) columns have become widely 

accepted and used in multistory buildings as well as bridges. These elements provide the 

synergetic advantages of ductility and toughness associated with steel structures and high 

compressive strength associated with confined concrete components. The advantages of 

CFT columns over other so-called mixed or hybrid systems (fully encased or partially 

encased systems) include the fact that the concrete prevents local buckling of the steel 

tube wall and the confinement action of the steel tube extends the usable strain of the 

concrete.  In other words, the advantages of two materials (steel and concrete) can be 

utilized while their disadvantages can be compensated or offset.  In addition, a CFT 

column has improved fire resistance (if properly reinforced) and significant cost 

reductions in comparison with traditional steel construction. Moreover, the steel tubes 

can be utilized as the formwork for casting concrete, giving CFT structures improved 

constructability over conventional reinforced concrete structures.   

Composite CFT columns are especially efficient as the vertical elements in moment 

resisting frames in high seismic areas because they have a high strength to weight ratio, 

provide excellent monotonic and dynamic resistance under biaxial bending plus axial 

force, and improve damping behavior (Tsai et al. 2004). A typical composite frame 

consisting of steel I shape girder and either circular or rectangular CFT (CCFT or RCFT) 

columns tested by Tsai et al (Tsai et al. 2004) is illustrated in Figure 1.1.  
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(a) The prototype 3 story building (6 bay by 4 bay in plane) (b) The CFT composite frame with moment connections

C1: Rectangular CFT (RCFT) C2: Circular CFT (CCFT)

 

(c) Overview of the test frame  
 

 

Typical details of moment connections to RCFT or CCFT columns for this type of 

structure as constructed in the Far East and the USA are shown in Figure 1.2. The 

Figure 1.1 3 story by 3 bay CFT composite frame with buckling restrained braces 

(Tasi, K.C et al. 2003)
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external diaphragm plates are intended to alleviate the severe distortions of the steel tube 

skin during fabrication and provide a simple location for making a welded or bolted 

connection in the field.  

6.4

6.4 AT TOP & BOT. 
DIAPHRAGM

535 x 535 x 13

PLATE TO MATCH FLANGE & 
WEB THICKNESS

115

FOR SPLIT DIAPHRGM PLATE

W14X38

Dia. 19 (A325)

Dia.355.6 X 6.4 STEEL PIPE

TYP. BOTTOM 
FLANGE

TYP.ERW=25

14

16

(a) Moment connection details with diaphragm plates (RCFT, Tasi, K.C et al., 2003 )

(b) Moment connection details with diaphragm plates (CCFT, Schneider, S. P. and Alostaz, Y.M.,1997)

Unit: mm

Unit: mm

 
 

 

To evaluate the performance of a moment frame subjected to lateral-loads, the 

flexural effects on the rotational deformation at the connections are the critical issue. 

Therefore, connection behavior can be generally represented by a moment-rotation curve 

as shown in Figure 1.3. Connections are classified by three main parameters: stiffness, 

strength, and ductility (Leon 1997). For stiffness, connections are classified as fully 

restrained (FR), partially restrained (PR) or simple pinned connections. An ideal pinned 

connection only transmits shear force from the beam to columns. For strength, 

connections are classified as either full strength (FS) or partial strength (PS) depending 

on whether they can transmit the full plastic moment (Mp) of the beam. Finally, 

Figure 1.2 Details of connections to CFT columns



 4

connections are classified as brittle or ductile connections based on their ability to 

achieve a certain plastic rotational demand. The rotational demands at the connections 

vary according to whether they are in use in ordinary, intermediate, or special moment 

frames. For example, in the aftermath of Northridge earthquake, the capacity to undergo 

an elastic rotation of 0.01 radian and a plastic rotation of 0.03 radians under cyclic 

loading has been accepted as the rotational limit between ductile and brittle connections 

for special moment resisting frames.  This limit accepts up to a 20% decrease from peak 

bending resistance at the rotational limit.  

 

PR

FS

PS

Brittle Ductile

FR

Pinned Connections

Plastic  Rotation (radian X10-3)

beamp,

plastic

M
M

plasticM

elasticconnplastic φφφ −=

 
 

Major failures of fully welded moment connections during the 1994 Northridge and 

1995 Kobe earthquakes have led to the conclusion that the traditional fully welded 

moment connections (FR/FS) have several structural disadvantages and that bolted 

connections or combinations of field bolted-shop welded connections (PR/FS or PR/PS) 

pose an attractive solution to this brittle failure dilemma (Swanson and Leon 2000). It 

also has been demonstrated that well-detailed PR structures can provide similar or 

superior seismic behavior to their FR counterparts (Rassati et al. 2004). The improved 

performance is derived from the combination of both (a) the decrease in seismic forces 

stemming from the additional flexibility of the component members owing to the PR 

Figure 1.3 Typical moment-rotation curve 
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nature of the connections and (b) the increase in the structural strength reserve capacity 

owing to the lack of brittle connection failure modes.  

More recently, work at GT on shape memory alloys (SMAs) has explored the 

applications of this material to the design of connections in steel structures subjected to 

large cyclic loads. SMA undergo large deformations with little permanent residual strain 

through either the shape memory effect or the super-elastic effect due to changes in either 

temperature or stress. Super-elastic Nitinol (NiTi) is a type of SMA with the unique 

ability to sustain large strains (e.g. 6 to 8 percents) that are crystallographically 

reversible, thereby maintaining the material without residual deformation as illustrated in 

Figure 1.4 (DesRoches et al.  2004).  

 

 
 

 

Utilizing super-elastic Nitinol tendons as the moment transfer elements in a steel beam-

column connection will create smart structures that automatically adjust to seismic 

activity (Ocel et al. 2004 and Penar 2005). This type of connection (See Figure 1.5) not 

only contains all the advantages of bolted PR connections mentioned above, but also 

provides a recentering capacity because of the lack of permanent residual deformation in 

the tendons due to the SMA material characteristics.  

The ultimate purpose of this research is to develop suitable new design criteria for 

incorporating composite CFT structures into a partially restrained, partially strength 

connections. In addition, this research intends to explore a mixture of steel bars and 

Figure 1.4 Stress-strain-temperature relationships in SMA (DesRoches et al. 2004)
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super-elastic Nitinol bars as connecting elements to CFT columns. It is hypothesized that 

such combinations of CFT columns and SMA connections will achieve excellent 

ductility, high strength, and recentering capability.  

 

A-A 457
305

6 Steel Shim
13 Effective Diameter 

Super-Elastic Nitinol Tendon

W12X14 
Beam

W8X67
Beam

L6X4X5/16 
6mm Angle 
Stiffener

5

5

5

A490 16mm Bolt
51
51

202

10 Long 
Slotted Hole

152X25X13 
Steel Bar

Unit: mm

18 22

5

51

25
127    

Φ19

(a) Auto-CAD detail of the Super-elastic Nitionl tendon connection

Section A-A

 
 

(b) Picture of Nitinol tendon connection  
 Figure 1.5 Super-elastic Nitinol tendon connection (Penar, 2005) 
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The initial studies will use refined 3 dimensional finite element (FE) analyses (ABAQUS, 

Hibbit 2006) of individual connections subjected to static loading. These FE experimental 

works will then be augmented by simpler analytical models of connection behavior under 

cyclic loading using the nonlinear analysis program OPENSEES (Berkeley 2006).  

Finally, parametric studies on large 2D frames will be carried out to assess system 

behavior. 

 

1.2 Research Objectives 

This research intends to synthesize the results of both (a) advanced computational 

full-scale simulations of connection models and frame structures under both static and 

dynamic loading, and (b) simplified connection models for connections using steel and 

super-elastic SMA bars as tension fasteners in smart SMA PR-CFT beam-column 

connections.  In addition, it intends to develop (c) practical design recommendations for 

composite frames suitable for incorporation into design codes.  The overall objectives 

are: 

 

 To develop innovative PR connections that provide superior performance in terms of 

seismic behavior, ductility, and energy dissipation to those of conventional welded 

frames. 

  To investigate the basic failure modes in these connections and how their basic 

yielding and failure mechanisms can be combined into simple models suitable for the 

analyses and design of large frames. 

 Separate connection behavior into ductile and brittle categories and investigate 

methods of ameliorating behavior by delaying brittle modes of failure and promoting 

semi-ductile ones such as slippage of shear bolts and bearing yielding around bolt 

holes. 

 To generate a simple nonlinear cyclic behavior model of PR-CFT connections for the 

OPENSEES program through detailed analytical studies on nonlinear monotonic 

behavior of connection components. 

 To develop new knowledge on building performance and building damage on a 
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composite frame structures including realistic PR joint behavior under earthquake 

motions. 

 To propose design recommendations and performance requirements for these 

composite structures for dependable seismic design. 

 To examine the practicality of using smart SMA PR-CFT connection structures. 

 
 

1.3 Research Methodology 

The following steps will be performed to achieve the objectives of this research: 

Step 1: Through a completely literature review, previous studies done in this research 

area will be examined in order to assess the most beneficial research directions. 

Step 2: Select applicable design specifications and design several complete smart SMA 

PR-CFT connections, including all connection components such as regular steel 

tension fasteners mixed with SMA bars, shear tabs, CFT columns, and shear/web 

bolts.  

Step 3: Investigate the main failure modes for the different connection models. Generally, 

failure modes are divided into ductile and brittle failure modes in seismic design 

of steel components.  These modes should occur in order of desirability, the most 

ductile and desirable failure modes to the most brittle and undesirable failure 

modes. Moment capacities and design requirements for each failure mode are 

discussed in this research. 

Step 4: Implement three dimensional FE models for PR-CFT connections using a 

nonlinear analysis program (ABAQUS) and perform nonlinear static analysis 

under pushover loading. Deformation of components, slippage distance, prying 

forces, and moment-rotation behavior at the connection should be measured to 

determine an envelope for monotonic connection behavior.  

Step 5: Based on the failure modes and envelope of monotonic behavior, develop simple 

analytical models consisting of spring elements in order to simulate the behavior 

of connection components under any load path, either static or dynamic. 

Step 6: Assemble the one dimensional component springs obtained from the 3D 

analytical models into a user joint element for OPENSEES.  
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Step 7: Design and model in 2D several building prototypes, including four- and six-story 

frames with a variety of connections and column configurations.  

Step 8: Perform the frame analyses as summarized in Table 1.1.  

Step 9: Conclude with some discussion of (a) areas where the specification needs 

improvement, (b) step by step procedures to compute the elastic interactive 

strength ratios/inelastic ductility curvature ratios of the individual CFT beam-

columns, and (c) member vs. system performance measures. 

Step 10: Develop a worksheet-based design procedure, examine seismic design criteria 

on the basis of the current code provisions, and calculate the moment capacity for 

each of failure mode for the smart PR-CFT connection models.  

Step 11: Estimate the damage characteristics and distributions for composite frame 

structures with smart SMA PR-CFT connections subjected to large seismic loads.     

 

 

(b) Second Order Inelastic Analysis(b) Second Order Inelastic Analysis

(a) Linear Frame Analysis

Equivalent Static Analysis

Dynamic Analysis (Ground Motion)

Equivalent Static Pushover Analysis

Dynamic Analysis (Ground Motion)
 

 

 

1.4 Outline 

This thesis is composed of ten main chapters and six appendices, and its organization 

is summarized in Figure 1.6.  

The first two chapters are composed of introduction and literature review. Chapter 1 

represents the research background and objectives. Chapter 2 contains a brief literature 

review on topics related to PR connections, CFT columns, and SMA applications.  

The study of local connection models is summarized in Chapters 3 through 6. Chapter 

3 covers detailed design procedures for connection components such as tension bars, 

Table 1.1 Summary of frame analyses 
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shear bolts, web bolts, plate members, connection angle so on. Detailed design examples 

for CFT columns are provided in Appendix A. Chapter 4 describes the individual smart 

SMA PR-CFT connections designed as part of this research. This chapter includes 

general configurations, design principles, failure modes, and data collection. Basic 

background information for the design examples and failure modes is presented in 

Appendix B. Chapter 5 presents 3D finite element work for the PR-CFT connections. It 

focuses on the monotonic behavior of each connection type. Appendix C describes the 

data collected by the history output function in ABAQUS FE that was used to obtain 

connection characteristics such as component deformation and connection rotation. 

Chapter 6 extends the model to include the cyclic behavior of both components and 

connection models.  

Based on the study of local connection models, the analyses and performance 

evaluation of full frames is conducted in Chapters 7 to 9. Chapter 7 describes the 

prototype building configurations and the design results. The detailed calculation 

procedures for design loads and panel zone models are given in Appendix D and 

Appendix E respectively. Chapter 8 deals with the frame analyses under static and 

dynamic loading. The results of frame analyses, such as interstory drift, member forces 

and rotational curvature are described in this chapter in order to assess the behavior of 

frame structure and the deformation of its components. The information on the ground 

motions used for these studies is described in Appendix F. Based on the results of frame 

analyses, Chapter 9 evaluates the seismic performance of the PR-CFT connections in 

accordance with both elastic and inelastic evaluation factors.  

Finally, Chapter 10 presents conclusions at the basis of the major research results and 

suggests research recommendations to perform in future. The Reference part provides a 

list of references related to a research topic.  
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 Figure 1.6 Summary of the research approach 



 12

Chapter 2 
 

Literature Review 
 

2.1 Related Research 

This research is intended to take advantage of the synergetic characteristics of steel 

and SMA tendon bars to develop a flexible (PR) moment resisting connection with 

recentering capabilities. This chapter briefly describes some past experimental and 

analytical research on traditional PR/CFT connections relevant to the innovative types of 

connection models to be developed in this thesis. This chapter does not intend to provide 

a complete and systematic literature search on that topic but rather just present some 

examples of how connections have been investigated in the past. In addition, previous 

research on recentering connections as well as prior practical uses of shape memory 

alloys for seismic applications will be reviewed.  

 
2.1.1 Brief Literature Survey on PR Connection 

Numerous investigations on a wide range of bolted connection types has been 

performed since the early 1900s both to understand behavior of various PR connection 

types and to model the connection behavior in the analysis of entire frames. Table 2.1 

summarizes some of the data available for each type of PR connection. This review of the 

literature will describe the behavior and modeling of typical PR connections in steel 

moment frame construction (Figure 2.1 and Figure 2.2) as the goal of present work is to 

apply PR connections to composite structures.  

 Since the earliest tests aimed at determining the rotational stiffness of PR 

connections by Wilson and Moore (1917), hundreds of tests have been performed to 

establish the relationship between moments and relative rotations in beam-to-column 

connections. Before 1950s, tests of riveted connections were performed by Young and 

Jackson (1934) and Rathbun (1936). PR connections with high strength bolts as structural 

fasteners were first tested by Bell et al. (1958). Thereafter, behavior of header plate (or 

end plate) connections was investigated in twenty tests by Sommer (1969).  
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Extended end-plate and flush end-plate connections have been extensively accepted 

since the late 1960s. Flush end-plate and extended end-plate connections with 

performance close to that of rigid connections were tested by Ostrander (1970) and 

Johnstone and Walpole (1981), respectively. A series of tests on a variety of beam-to-

column connections containing the web-cleat, flange cleat, seating cleat and web cleat, 

flush end-plate and extended end-plate connections were performed by Davison et al. 

(1987).  

The earliest relevant T-stub connection research available was conducted by Batho 

and Rowan (1934). Eighteen beam-to-column tests were performed by Rathburn (1936). 

The work included the result of web angle, clip angle and T-stub connection tests. 

Following this work, forty seven nominally pinned connections were tested by Hechtman 

and Johnston (1947), who concluded that the connection slip contributes greatly to the 

overall rotation of a bolted or riveted connection. Dulty and McGuire (1964, 1965) 

carried out twenty seven component tests of wide flange and built up T-stubs in addition 

to fifteen splice plate tests intended to replicate the interaction between the T-stem and 

beam flange. Azizinamini (1982, 1985) performed an extensive and detailed experimental 

study for top and bottom seat angle connections with double web angles along with pull 

Table 2.1 Available experimental moment-rotational data for several connection types  

(Summarized by Chan and Chui, 2000) 
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tests. Recently, Swanson and Leon (2000) performed tests on forty eight T-stub 

specimens in order to provide insight into failure modes, deformations, and ductility of 

these components. Smallidge (1999) and Schrauben (2000) also conducted tests on ten 

full scale T-stub and thick clip angle connection specimens and compared the results to 

the component tests performed by the SAC project (Swanson 1999). 

The available data on cyclic behavior of PR connections was reviewed by Leon 

(1997)   Similar surveys for monotonic load cases have been given by  Bjorhovde (1984), 

Nethercot (1986), Chen and Lui (1991), and Chan and Chui (2000), among others.  The 

reader is referred to those sources for more detailed descriptions. 

 

(a) T-Stub connection (b) Clip Angle connection  
 

 

(a) Four bolt unstiffened, 4E (b) Four bolt stiffened, 4ES (c) Eight bolt stiffened, 8ES  
 

Figure 2.1 T-Stub and Seat Angle connection configurations 

Figure 2.2 Extended End-Plate connection configurations 
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2.1.2 Literature Review on Steel Beam to CFT Column Connection 

Experimental research on CFT connection details has been conducted on a wide 

variety of configurations depending on the tube shape and the desired connection 

performance. The beam-to-column connections used with CFT columns can be classified 

broadly into two categories. In the first connection category, the most convenient 

connection method is to weld the steel beam directly to the skin of the steel tube (Figure 

2.3 (a)) or through the diaphragm (Figure 2.3 (b)).  For this type of connection, the very 

large stresses and strains due to welding will lead to severe distortions of the tube wall. 

Shakir-Khalil (1992) tested structural steel girders connected to CFT columns using shear 

tabs which were fillet welded to the wall of circular steel tube columns. Many 

configurations for continuity diaphragms were tested by this research group in order to 

reduce severe distortions on the tube skin. Morino et al. (1992) used diaphragm plates 

continuous through square CFT columns at each girder flange location. The steel tube 

column was spliced and rewelded above and below each diaphragm.  

In the second connection method, the beam flange, fastener, web or entire cross 

section goes though the steel tube (See Figure 2.3 (c)) or the girder end-plate is welded 

with embedded elements in the CFT column (See Figure 2.3 (d)). Embedding connection 

components into the concrete core reduces the high shear demand on the tube skin. 

Several tests were conducted by Kanatani et al. (1987) and Prion and McLellan (1992) on 

penetrated bolted connections to square tube columns. Kanatani used T-stub connection 

element by bolting the stem of the T-stub to the girder flanges and attaching the T-stub 

flanges to the column with bolts continuous through the CFT. Prion tested similar bolted 

connections but using end-plates fully welded to the girder. Azizinamini and Prakesh 

(1993) examined behavior of a beam-to-column connection in which the steel beam 

extended continuously through the CFT.  

Alostaz and Scheider (1996, 1997) investigated six types of connection details with 

circular CFTs. These details were arranged in approximate order of increased fabrication 

difficulty. Alostaz and Scheider suggested four kinds of fabrication methods. The first 

one was embedding weldable deformed bars. It was shown through experimental and 

analytical results that the deformed bars could transfer the beam flange force to the

 concrete core. In the second method, headed studs were welded to the inside wall at the 
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(c) Continuous Flange Connection (d) Continuous Cross Section Connection  
 Figure 2.3 Typical welded connections to composite columns (Alostaz and Schneider, 1997) 
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beam flange to alleviate severe distortion of the steel tube wall. In the third method, a 

configuration extending the web plate into the concrete core with attached headed studs 

was investigated. In the fourth method, continuing the beam through the depth of the CFT 

column was considered to be the most rigid connection type. The last connection type 

had the best seismic resistance behavior, but the fabrication difficulties are the main 

disadvantage of this connection type.  

 

2.1.3 Literature Review on Application of SMA in Structures 

Smart structures for civil engineering are described as systems that can automatically 

adjust structural characteristics in response to external disturbances and unexpected 

severe loading. The idea is that the structure can be coaxed towards performance that 

results in improved structural safety, serviceability and extension of structural life (Otani, 

2000). The focus in seismic design and retrofit has been towards performance-based 

design, often leading to structural solutions that make use of passive energy dissipation 

devices in order to mitigate inter-story drift and structural damage. One key avenue to 

achieve these goals is the development and implementation of smart materials. These 

materials exhibit synergetic functions such as sensing, actuating, self recovery and 

healing. One example of smart material is a class of metals known as shape memory 

alloys (SMAs). When SMA are integrated within structures, SMA can act as passive, 

semi-active or active components to reduce damage under strong ground motions.  SMA 

exhibit high power density, solid state actuation, high damping capacity, durability, and 

fatigue resistance.  

The widest use of SMA for seismic applications is for passive structural control and 

self recentering applications in order to reduce the response to external disturbances and 

the resulting residual deformation. Saadat et al. (2002) suggested that SMA could be 

effectively used as the devices for passive structural control through two systems: a 

ground isolation system and an energy dissipation system.  

With regard to a ground isolation system, SMA for isolators which connect a super-

structure to the ground foundation can screen the seismic energy transferred from the 

ground acceleration to the superstructure. These systems have the ability to reduce the 

damage to the superstructure. Wilde et al. (2000) applied a base isolation system using 
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super-elastic SMA bars to elevated highway bridges. Choi et al. (2005) proposed an 

isolation device in which SMA wires were incorporated in an elastomeric bearing to 

improve conventional lead-rubber bearings, which have problems related to instability 

and residual deformation under a strong ground motion. As the part of MANSIDE 

(Memory Alloys for New Seismic Isolation and Energy Dissipation Devices) project to 

study the feasible use of Nitinol wire for vibration isolation, Dolce et al. (2001) proposed 

and tested the three types of Nitinol wire based devices: supplemental recentering devices 

(SRCD), non recentering devices (NRD), and recentering devices (RCD). Uses of SRDC 

and SMA isolation systems in buildings are illustrated in Figure 2.4. Khan and Lagoudas 

(2002) analytically studied SMA springs to isolate a single degree of freedom (SDOF) 

system from a ground excitation simulated by a shake table, while Corbi (2003) proposed 

SMA tendon to isolate a multi-story shear frame from the ground excitation.  

 

Mutually Movable Tubes
Bearing

SMA Wire GroupsGround Foundation

Recentering Device

Super-Structure

(b) Lateral View

(a) Top View

 
 

 

With regard to an energy dissipation system, martensite or super-elastic SMA 

materials integrated into structures absorb vibration energy through hysteretic behavior. 

Some SMA energy dissipation devices that have been used include: braces for framed 

structures, dampers for simply supported bridges, and tendons for connection elements 

and retrofitting devices for historical building.  

Figure 2.4 Isolator system for buildings 
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Casciati et al. (1998) studied the application of the large martensite Nitinol bar in 

seismic protection devices for bridges. They used a finite element model to analyze the 

device under both static and dynamic response. Dolce et al. (2000, 2001) proposed 

Nitinol wire recentering braces and tested several different scale prototypes of the 

devices. Tamai and Kitagawa (2002) proposed a combined steel-SMA type brace as their 

seismic resistance device. DesRoches and Delemont (2002) performed testing on a full 

scale super-elastic SMA bar and applied it to seismic retrofit of simply supported bridges. 

They also performed analytical simulations on a multi-span simply supported bridge with 

the SMA restrainer. Leon et al. (2002) applied martensite SMA tendons to the primary 

bending elements in a steel beam-column connections as shown in Figure 2.5. Tami and 

Kitagawa (2002) suggested an exposed type column base with a SMA anchorage made of 

Nitinol SMA bars in order to resist seismic loading.  

SMAs have been used to retrofit damaged structures. Super-elastic SMA bars were 

used by Indirli et al. (2001) so that they rehabilitated the S. Giorgio Chruch Bell Tower 

seriously damaged by the earthquake of Oct. 15th 1996 as shown in Figure 2.6.  

 

 
 

 

 

Figure 2.5 Test specimen of beam to column connection using martensite Nitinol 

tendons (Ocel et. al. 2002) 
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Steel Bars + SMA

 
 

 

 

2.2 Unique Characteristics of Proposed Research 

Several new types of connection details are proposed in this research. Contrasting 

these proposed configurations with those deecribed briefly in this chapter, it can be said 

that the characteristics of this research that set it apart from previous studies are:  

 

 Complete Design Details for Several Innovative PR-CFT Connections: Several 

types of CFT connections with fasteners penetrating through the steel tube or the 

beam end are designed based on step by step procedures consistent with current 

code provisions. Strength models for connection components such as shear bolts, 

shear tab, web bolts, component angles, and plates are investigated in this 

research. The strength of each connection component obtained from the design 

strength model shold exceed the demand strength based on the full plastic 

capacity of the beam element in order to induce the ideal yielding/failure modes.  

 Smart Structure Systems: The combined use of steel and SMA through bars in 

assemblies that connect beams to columns is examined. Super-elastic SMA bars 

have a strong recentering force to restitute the structure to its original position 

Figure 2.6. Retrofit application using Nitinol devices - The bell tower of the S. 

Giorgio Church in Trignano (Indirli et al. 2001) 
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with little residual strain. Steel bars are used to help dissipate more energy and 

increase damping capacity.  

 Refined FE Analysis Using Three-Dimensional (3-D) Elements: Nonlinear 3-D 

FE studies on a variety of details for smart SMA PR-CFT connections are 

presented in this thesis. Different types of 3-D elements include material inelastic 

and geometric nonlinear behavior. In order to formulate FE models very close to 

real connections in buildings, advanced modeling tools such as surface 

interactions, interface elements and initial pretensions are introduced into the FE 

models.     

 Connection Behavior under Static and Cyclic Response: Behavior of connection 

components has a significant influence on that of full connections. First, behavior 

models for bolted components under either uniaxial static or uniaxial cyclic 

deformations are developed. These models intend to consider interactions 

between angles and bolts such as prying action, slip distance, bearing effects and 

various other possible failure modes. For the computational simulations, the 

behavior of the entire connections can be formulated based on superposition of 

the behavior models of individual components.  

 Frame Analyses and Performance Evaluations: Two-dimensional (2-D) and 3-D 

composite frame structures will be designed and their performance assessed using 

typical PR moment-rotation behavior. Both building performance and new 

findings to estimate the building damage are developed from frame analyses 

consisting of both linear elastic analyses and second order inelastic analyses 

(Refer to Table 1.1). 
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Chapter 3 
 

Design Procedures for Prototype Connections 
 

Several PR moment connections were designed including detailed designs of the 

panel zone, angle, web shear plate, stiffener, shear bolts, and tension fasteners. These 

connections are meant to be pre-qualified to meet the strength and ductility 

requirements in applicable design codes. The pre-qualification will be accomplished 

through the advanced analyses to be discussed in later chapters of this dissertation. The 

term “pre-qualified” implies that the connections will not be subject to the stringent 

physical testing requirements that connections used in steel and composite structures 

must currently undergo (2005 AISC Seismic Provisions). 

The design of these connections is divided into two parts. In Section 3.1 of this 

chapter, the calculation of the resistance of the connection components and the 

composite column are described. In Section 3.2 a series of step-by-step seismic design 

procedures are proposed for PR-CFT connection systems. Appendix A (Interaction 

Strength for CFT Columns) and Appendix B (Design Examples for PR Connections) are 

associated with this section. In Appendix A, it is shown that the 2005 AISC Specification 

accurately evaluates the capacity of composite CFT columns when comparing its results 

with those obtained from numerical experiments. The US unit systems (kip and inch) 

will be used throughout this research because this is the current construction practice in 

US.  

 
3.1 Design Requirement Strength 

This section describes the prequalification design limits and required strength for 

PR-CFT connections. The scope of this section includes overall models, geometric 
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configurations, and rational formulas to estimate the capacity of these connections.  

These are shown, when possible, as step-by-step procedures.   

 

3.1.1 Composite Column Strength 

In steel-concrete composite structures, the advantages of two materials can be added 

while their disadvantages can are compensated by the composite effect. Two systems 

are widely utilized in the vertical members of composite construction: steel reinforced 

concrete (SRC), where a steel section is encased in concrete, and concrete filled tube 

(CFT) columns. Typical cross sections for the composite columns are illustrated in 

Figure 3.1.  

(a) Partially encased I-section (b) Fully encased I-section (c) Rectangular CFT section (d) Circular CFT section  

 

The connection developed in this research are intended to connect CFT columns to 

steel I-shape beams so only CFT column systems will be considered. The current 

applicable design code, the 2005 AISC Specification (AISC 2005 Specification), 

includes design guidelines for composite columns consisting of rolled or built-up 

structural steel shapes, pipe or hollow steel section (HSS) and structural concrete acting 

together as a composite member. To qualify as a composite CFT column, the following 

limits listed in the 2005 AISC Specification should be satisfied: 

• The cross sectional area of HSS shall be at least 1 percent of the total composite 

cross section. 

Figure 3.1 Types of cross sections for composite column system 
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• The maximum width-thickness ratio for a rectangular HSS shall be equal or less 

than yFE26.2 .  

• The maximum diameter-thickness ratio for a circular HSS filled with concrete shall 

be less than or equal to yFE15.0 . Higher ratios are accepted when their use is 

verified by testing or analysis. 

The design compressive strength, ncΡφ , for an axially loaded composite CFT 

columns should be determined for the limit state of flexural buckling based on the 

column slenderness ratio as shown below: 

75.0=cφ (LRFD resistance factor for axially loaded columns) 

(a) If oe Ρ≥Ρ 44.0 , 

[ ]( )eo PP658.0on Ρ=Ρ                                             (EQ 3.1) 

 otherwise,  

en Ρ=Ρ 877.0                                                   (EQ3.2) 

where, 

'
2 ccyrsryso fACFAFA ++=Ρ                                  (EQ 3.3)         

85.02 =C for rectangular CFT sections and 95.02 =C for circular CFT sections 

22 )/()(π KLEI effe =Ρ                                        (EQ 3.4) 
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effEI = effective stiffness of the composite section 

sA = area of the steel section 

cA = area of the concrete section 

srA = area of continuous reinforcing bars 

cE = elastic modulus of concrete= '5.1
cc fw ksi 

sE = elastic modulus of steel=29000 ksi 

'
cf = specific compressive strength of concrete 

yF = specific minimum yield stress of steel 

yrF = specific minimum yield stress of reinforcing bars 

cI = moment of the inertia of the concrete section 

sI = moment of the inertia of the steel section 

srI = moment of the inertia of the reinforcing bars 

K = effective length factor determined in the boundary conditions 

L = laterally untraced length of the members 

cw = weight of concrete per unit volume 

 

The design tensile strength, ntΡφ , for filled composite columns should be determined 

for the limit state of yielding, neglecting the tensile strength of concrete, as shown  

below: 

90.0=tφ  (LRFD resistance factor for columns under tension) 
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yrsryso FAFA +=Ρ                                          (EQ 3.7) 

In addition to the available axial strength, the flexural strength also needs to be 

calculated.  The 2005 AISC Specification adopts a full plastic stress distribution based 

on the assumption of linear strain across the section and perfect elasto-plastic material 

behavior. With these simple assumptions, the nominal strength can be estimated by 

assuming that the steel has reached its yield stress under either tension or compression 

and that the concrete has reached the crushing strength under compression (Figure 3.2).  

The P-M interaction diagram illustrated in Figure 3.3 for a composite section is 

based on a full plastic stress distribution and can be approximated by a conservative 

linear interpolation between five points (Galambos 1998). Points (A) and (B) 

correspond to the crushing axial strength and the flexural strength of the section, 

respectively. Point (C) is anchored to the same plastic neutral axis (PNA) position from 

corresponding to that of Point (B) but on the other side of the centerline, so it contains 

the same flexural capacity as Point (B) and the same magnitude of axial resistance from 

the concrete alone. For Point (D), the PNA is located at the centerline. As a result, this 

point corresponds to the maximum flexural strength and one half of axial strength of 

that determined for Point (C). Point (E) is an additionally arbitrary point to better 

describe the curvature of the interaction diagram at high axial loads. The five points can 

be easily calculated as shown in Table 3.1. For design, a simplified bilinear interpolation 

may be used between Point (A), (C), and (B) as shown in Figure 3.3. The simplified 

interaction equations shown as EQ 3.8 and EQ 3.9 can be used to check the design of 

composite beam-columns. They are reasonably accurate and conservative. Exact 

expressions will be too cumbersome to use in everyday design practice. 
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Figure 3.2 Full plastic stress distributions for RCFT and CCFT at point A,E,C,D, and E. 
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where, 

EA Μ==Μ K = allowable flexural strength (Capital subscript indicates the observed 

Figure 3.3 P-M interaction diagrams for composite beam-columns 
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point) 
rΜ = required flexural strength 

EA Ρ==Ρ K = allowable axial force (Capital subscript indicates the observed point) 

rΡ = required axial strength 

x = subscript referring to symbol related to strong axis bending 

y = subscript referring to symbol related to weak axis bending 
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Table 3.1 Equations for the specific 5 points in the P-M interaction diagram 
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3.1.2 Component Member Strength 

This section presents the determination of the strength for the components which 

connect the I-shape or wide flange beam to the column. Force transfer components 

include tension bolts/bars, shear bolts, shear tabs, web bolts, plates, and angles. The 

prediction of the ultimate strength for connections is a quite complex process because 

the yielding and failure modes of the components interact with one another and are tied 

to uncertainties in material properties and fabrication/construction tolerances. Typical T-

stub, clip angle and end-plate connections, respectively, were shown in the previous 

chapter (See Figures 2.1 and Figure 2.2).  

A complicating factor for both T-stub connection and clip angle connections (See 

Figure 2.1) is the need to include slip in the moment-rotational behavior due to the 

shear force acting on the faying surface between the beam flange and the corresponding 

T-stub stem/clip angle leg. On the other hand, end-plate connections (See Figure 2.2), 

which are fabricated by directly welding the beam to the moment plate, do not produce 

slip for lack of the faying surface. Figure 3.4 shows schematically the influence of slip 

on the monotonic and cyclic behavior of bolted connections. Component member 

strength will be classified according to the existence of slip.   

Rotation

M
om

en
t

Rotation

M
om

en
t

Connection with Slip Connection without Slip

Slip Moment
Bearing Moment

 

 Figure 3.4 Behavior of PR moment connections used in this study 
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3.1.2.1 Components with Slip 

Slip between surfaces of bolted components occurs as the shear force on the slip 

plane exceeds that provided by the clamping force from the pretensioned bolts. Slip 

occurs because construction tolerances require that bolt holes be at least 1/16” larger 

than the nominal bolt diameter. Once this tolerance is exceeded, the bolt begins to bear 

on the plates and the stiffness and strength increase again (Figure 3.4). The amount of 

rotation that will result from a 1/16” slip on a 24 inch deep connection is about 0.005 

radian, a non-trivial value if one assumes that typical connections are assumed to reach 

their yield strength at about 0.01 radian. 

Slip gives rise to temporary loss of stiffness that acts as a fuse during reversed cyclic 

loading (Astaneh-Asl 1995). Slip limits the force which is transmitted though the bolts 

at a given deformation and produces significant energy dissipation and damping. Figure 

3.5 shows typical T-stub and clip angle connections that will exhibit slip. This section 

discusses the existing strength models for components which are cut from standard 

rolled shapes. 

(a) Typical T-stub connection (b) Typical thick clip angle connection

W14X145

(A572 Gr 50)
1/2” Stiffener (4 Plates)

(10) 7/8” A490(Typ)

W24X55

(A572 Gr 50)
1/2” Doubler

(One side)

(8) 7/8” A490(Typ)

E-70(5/16”)

W14X145

(A572 Gr 50) (4) 7/8” A490(Typ)

W18X40

(A572 Gr 50)

(2) 7/8” A490(Typ)

E-70(5/16”)

7/8” A490(Typ)

T-stub cut from W16 X 100 Top and Seat Angle cut from L8X6X1

 

Figure 3.5 Typical connection types with friction slippage (SAC Project) 
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(A) Design Resistance Factor 

The design strength must equal or exceed the required strength ( rΡ , rΜ , and rV ). 

The design strength is computed as the product of the resistance factor ( φ ) and the 

nominal strength ( nΡ , nΜ , and nV ) per the current AISC LRFD provisions (AISC 2001). 

In general, the resistant factor is less than unity. The value usually depends on the 

accuracy of the models used to estimate nominal capacities, the desirability of specific 

failure modes and the scatter on material properties. Representative resistance factors 

for connection design are shown in Table 3.2.  

 

0.75Member rupture

0.75Bolt bearing failure

0.75Net section and block shear failure

0.75Bolt fracture

0.85Compression buckling

0.9Bending and plastic moment

0.9Member yielding

The Value of Design Resistance FactorFailure Modes

0.75Member rupture

0.75Bolt bearing failure

0.75Net section and block shear failure

0.75Bolt fracture

0.85Compression buckling

0.9Bending and plastic moment

0.9Member yielding

The Value of Design Resistance FactorFailure Modes

 

 

(B) Slip Resistance 

Slip is produced by the shear force parallel acting to the faying surface as shown in 

Figure 3.6.  Expressions for the nominal resistance to slip are based on simple friction 

models calibrated to numerous tests on bolted splices. The design slip resistance 

( n,slipRφ ) is given in Section 16.4 - 34 of the LRFD (AISC 2005) as follows: 

0.1=fφ for the slip 

  







−=

bb

u
sbslipn, N1.13T

T1NT13.1R scuh                             (EQ 3.10)  

Table 3.2 Current LRFD design resistance factors 
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where, 

00.1=sch  for standard holes 

85.0=sch  for oversized and short-slotted holes 

70.0=sch  for long-slotted holes transverse to the direction of the load 

where, 

bN = the number of bolts 

sN = the number of shear plane 

bT = specified minimum bolt pretension (i.e. A490 bolt with 1′′=bd  has 64 kips) 

uT = the required strength in tension 

and where,  

u = the mean slip coefficient 

33.0=u  for Class A faying surfaces  

50.0=u  for Class B surfaces  

 

Shear 
Force

Tension 
Force

(a) Tension Bolt (b) Shear Bolt and Slip Distance

Slip distance 
Δ2+ Δ1

Ab

Tension 
Force

Tension 
Force

Tension 
Force

Shear 
Force

Shear 
Force

Shear 
Force

Δ2

Δ1

 

 
Figure 3.6 View of a connection with a bolts in tension and shear 
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(C) Tensile Strength of Bolts  

The design tensile strength of a bolt ( tensionn,Bfφ ) can be taken as (AISC 2001):  

 

tbA FB tensionn, =                                              (EQ 3.11) 

where,  

fφ =0.75 for the bolt fracture 

bA = nominal area of a bolt shank 

and where, 

90F =t ksi for A325 bolts 

113F =t ksi for A490 bolts 

 

Alternatively, the strength of a bolt may be determined by another procedure 

(Swanson 1999): 

 

ubeA FB tensionn, =                                            (EQ 3.12) 

2
9743.0

4 







−=

th
bbe n

dA π
                                       (EQ 3.13) 

where, 

beA = effective tensile area of the bolt’s threaded portion 

bd =  diameter of the bolt’s shank 

thn = number of treads per inch for the bolt (Table 8.7 in LRFD) 

uF = ultimate strength of the bolt 

uF = 105 ksi for A325 bolts larger than 1” in diameter 
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uF = 120 ksi for A325 bolts up to 1” in diameter 

uF = 150 ksi for A490 bolts  

 

(D) Shear Strength of Bolts 

The design shear strength of a bolt ( shearv,Bφ ) is given by (AISC 2001) as:  

 

vshearv, FB bA=                                              (EQ 3.14) 

where, 

fφ =0.75 for the bolt fracture 

bA = nominal area of a bolt shank 

vF = ultimate shear strength  

vF = 48 ksi for A325 bolts with threads included form the shear plane 

vF = 60 ksi for A325 bolts with threads excluded from the shear plane 

vF = 60 ksi for A490 bolts with threads included form the shear plane 

vF = 75 ksi for A490 bolts with threads excluded form the shear plane 

 

(E) Prying Action Mechanism 

Figure 3.7 shows the flange of components prior to the tension bolt failure.  Prying 

action refers to the additional forces due to the reactions at the tip of the uplifting plate 

shown in these photographs; these additional forces increase the tension in the bolts and 

can lead to premature failure.  

The basic prying mechanism and the fundamental equilibrium equation 

( QTB += ) are shown in Figure 3.8 (a). In general, the prying force ( Q ) acting on the 

tip of the flange can be minimized by either increasing the member thickness or 
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reducing the tension bolt gauge length.   

 

(B) Flange prying of T-stub component(a) Flange prying of clip angle component  

 

 

The prying model used in the LRFD (AISC 2001) is based upon one of the most 

widely used models developed by Kulak, Fisher, and Struik (1987). In this model, the 

bolt force is assumed to act at the inside edge of the bolt shank instead of acting at the 

centerline of the bolt shank.  For this model, the moment is shown in Figure 3.8 (b) and 

the geometry in Figure 3.8 (c). 

The ultimate capacity of the component members is computed based upon 

considering three possible failure modes (Figure 3.9). These three failure modes can be 

expressed by EQ 3.15 to EQ 3.17. They correspond to formation of a plastic mechanism 

on the flange, bolt prying mixed with flange yielding (Thornton 1985), and tension bolt 

fracture without the prying force, respectively.  

Plastic mechanism formation:            

9.0=yφ for the plastic flange  

( )
b4

pFδ1
T

2
y

′

+
=

ft
                                           (EQ 3.15) 

Figure 3.7 Components before tension bolt fracture (SAC Project) 
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Plastic Yield Point

(a) The plastic flange failure mode (b) The mixed failure mode (c) The tension bolt failure mode  

 

Figure 3.8 Typical flange prying action 

Figure 3.9 Three possible failure modes
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Bolt prying mixed with the flange yielding: 

75.0=fφ for the bolt fracture and 9.0=yφ for the plastic flange  

b4
pF

ba
aB

T
2

ytensionn,

′
+

′+′

′
= ft

                                       (EQ 3.16) 

 

Tension bolt fracture without the prying force: 

75.0=fφ for the bolt fracture 

tensionn,BT =                                               (EQ 3.17)    

where,  

tb

Clip

tb

stub-T
n

W
n

2W
p ==                                     (EQ 3.18) 

tbn = number of tension bolts connecting the component member 

p = effective width per tension bolt  

stub-TW = width of the T-stub at the flange 

ClipW = width of the clip angle normal to the section area 

 

a = distance from the centerline of the tension bolt to the edge of the flange 

b = distance from the centerline of the tension bolt to the surface of the clip leg/T-

stem 

B = bolt reaction force 

M = moment capacity of the flange 

at = thickness of T-stem 
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ft = thickness of the flange 

tg = gauge length 

T = applied tension force equivalent to one tension bolt 

Q = prying force per bolt 

 

and where, 

p
d

-1δ h=                                               (EQ 3.19) 

2
d

aa b+=′                                               (EQ 3.20) 

2
d

bb b−=′                                                (EQ 3.21) 









−

′
= 1

M
bT

δ
1

α                                             (EQ 3.22) 

δ = ratio of the net section area to the gross flange area 

hd = diameter of the bolt hole 

α = parameter for the level of prying present  

 

The parameter ( α ) is an indicator of the level of prying present (Kulak et al. 1987). 

When α excess unity ( 1.0α ≥ ), the thickness of the flange is sufficient to cause the 

plastic flange mechanism to form as if the flange were a fixed-fixed beam (Figure 

3.9(a)). When 0α ≤ , the flange can separate from the contact surface and the 

combination of bolt fracture due to tension and flange yielding are dominant (Figure 

3.9(b)).  
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(F) Bearing Strength at Bolt Holes 

The bearing strength can be determined by the sum of the strengths of the connected 

material at the individual bolt holes (AISC 2001, Section J3). The design resistance 

( bearingn,Rφ ) due to bearing in a standard bolt hole, oversized bolt hole, or short-slotted 

bolt hole is taken as either: 

 

        ubucbearingn, tFd4.2tFL2.1R ≤=                               (EQ 3.23) 

if deformation of the bolt hole under the service load is a design consideration, or 

 

ubucbearingn, tFd0.3tFL5.1R ≤=                              (EQ 3.24) 

if deformation of the bolt hole under the service load is not a design consideration. For 

both cases, 75.0=fφ  

 

The design resistance ( bearingn,Rfφ ) due to bearing in a long-slotted bolt hole is 

taken as: 

 

ubucbearingn, tFd0.2tFLR ≤=                              (EQ 3.25) 

with 75.0=fφ  for the resistant factor for the bearing failure. 

 

In EQS (3.23) thru (3.25), 

 

uF = specified minimum tensile strength of the connected material 

cL = clear distance (Figure 3.10) 
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s = bolt spacing  

t = thickness of the connected material 

 

eL

s

hd

hc dsL −=

2
d

sL h
c −=

(a) The definition of dimension

cubearingn, tL1.2FR =

cu tL.6F0

(b) The bearing strength  

 

 

(G) Net Section Strength 

In general, the net section is defined as the cross sectional area excluding any area 

lost to drilling or punching of the bolt holes. A stress concentration occurs around the 

edges of bolt holes as shown in Figure 3.11 (a). Yielding is concentrated along the lines 

connected by the shear bolt holes and the tapered edge in the stem. The yielding will 

lead to a fracture of the T-stem along the lines shown in Figure 3.11 (b). The resistance 

of the stem against the net section fracture ( netn,tRφ ) can be taken as follows (AISC 

2001): 

 

Figure 3.10 Bolt bearing strength 
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stemnet,unetn, FR A=                                        (EQ 3.26) 

where,  

( )tdnW hsbeffstemnet, −=A                                 (EQ 3.27) 

stemnet,A = stem net section area 

sbn = number of shear bolts along the effective width 

effW = effective width 

tφ =for the resistant factor for fracture on the net section. 

 

(a) The stress distribution in the T-stub member (b) The typical net section fracture (Swanson, 1999)

W
ef

f

 

 

 

(H) Block Shear Failure 

Block shear failure is a combined failure, with one surface fracturing as the other 

one yields. It consists of either shear yielding plus tensile fracture as shown in EQ 3.28 

or shear fracture plus tensile yielding as shown in EQ 3.29. Components that have failed 

by block shear are illustrated in Figure 3.12. The design resistance against the block 

shear failure ( blockn,Rfφ ) is determined in accordance with the model suggested by the 

Figure 3.11 Stress distribution and net section fracture in T-stub members 
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LRFD (AISC 2001): 

75.0=fφ  for the resistant factor for the fracture 

If nvuntu F6.0F AA ≥  

ntugvyblockn, FF6.0R AA +=                               (EQ 3.28) 

otherwise 

gtynvublockn, FF6.0R AA +=                              (EQ 3.29)  

where, 

gvA = gross section area under shear force 

gtA = gross section area under tension force 

nvA = net section area under shear force 

ntA = net section area under tension force 

(a) The force distribution in T-stub member (b) The typical block shear failure of T-stub member  
 

 

 

 

Figure 3.12 Block shear failure mechanism (Swanson, 1999) 
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3.1.2.2 Components without Slip 

The end-plate connection is composed of a plate shop welded to the tip of the beam 

and tension bolted to the member. End-plate moment connections such as that shown in 

Figure 3.13 are generally referred to as four tension bolt type without slip.  Reliable 

welding can be achieved with end plate connections because they are generally fillet 

welds executed in the shop as compared to complete joint penetration welds executed in 

the field for traditional full moment welded ones (Adey et al. 2000). End-plate 

connections also have advantages such as easy fabrication and fast erection when 

compared to welded connections. Moreover, end-plate connections provide enhanced 

ductility they share some of the deformation modes of typical semi-rigid connection.  

 

 

 

 

As a result of the absence of faying surfaces, end-plate connections exhibit moment-

rotational behavior without slippage and a different main failure mechanism (either a 

Figure 3.13 The detail of end-plate connection (4E, Four-bolt unstiffened type) 
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ductile yielding of the connected beam. Formation of a plate yield mechanism in the 

plate or an undesirable tension fracture of the connecting bolts). The design, detailing, 

fabrication and quality criteria for end-plate connections in this research shall conform 

to the requirement of the 2005 AISC Seismic Provisions (2005 AISC Seismic 

Provisions). The design procedures for finding the adequate size of end-plate and 

tension fastener are as follows: 

 

(A) Required bolt diameter 

The 2005 AISC Seismic Provisions require that the tension fasteners at the end-plate 

connection should be strong enough to resist the maximum probable moment ( prΜ ). 

The maximum probable moment intends to account for both the material over-strength 

and the fact that the material will likely begin to strain harden before failure occurs.  

The bolt force and bending moment mechanism according are shown in Figure 3.14(a) 

to Figure 3.16(a) for three types of end plate connections (4E, 4ES, and 8ES). To 

determine the required bolt diameter ( reqb,d ), the following equations are used: 

 

90.0=φ  for the non-ductile limit state (2005 AISC Seismic Provisions)  

4E and 4ES Connection:     )h(hFπ
2M

d
21nt

pr
reqb, +

=
φ                           (EQ 3.30) 

 

8ES Connection:    )hhh(hFπ
2M

d
4321nt

pr
reqb, +++

=
φ                          (EQ 3.31) 

 

where,  
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eyyprpr ZFRCM =                                          (EQ 3.32) 

1.20
2F

FF
C

y

uy
pr ≤

+
=                                       (EQ 3.33) 

prC = factor to account for the peak connection strength including strain hardening, 

local restraint, additional reinforcement, and other connection conditions.  

ntF = nominal tensile stress of bolt (90 ksi for A325 bolts and 120 ksi for A 490 

bolts) 

uF = specified minimum tensile stress of the type of steel, ksi 

yF = specified minimum yield stress of the type of steel, ksi 

ih = distance from the centerline of the beam compression flange to the centerline 

of the ith tension bolt holes.  

yR = material over strength factor (2005 AISC Seismic Provisions) 

5.1R y = for A36 steel 

3.1R y = for A572-42 steel 

1.1R y = for other types of rolled shapes and bars 

eZ = effective plastic section modulus 

 

(B) Required end-plate thickness 

The behavior of this type of connection is controlled by the thickness of the end 

plate.  Typically end plate connections in seismic areas are designed such that beam 

hinging will occur before a plastic mechanism (yield lines) forms in the plate.  The 



 47

controlling yield line mechanisms for end-plates ( pY ) are illustrated in Figures 3.14(b) 

to Figure 3.16(b). The required end-plate thickness ( reqp,t ) is: 

0.1=φ for the ductile limit state (2005 AISC Seismic Provisions) 

pyp

pr
reqp, YF

1.11M
t

φ
=                                                (EQ 3.34) 

where,  

ypF = specified minimum yield stress of the end-plate material, ksi 

pY = end-plate yield line mechanism parameter from EQ 3.36 to EQ 3.40 

 

The basic spacing parameter (s) is given by:   

gb
2
1s p=  (If spf 2 ≥ , use spf 2 = )                                (EQ 3.35) 

 

For four-bolt unstiffened end-plate connections (See Figure 3.14): 
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For four-bolt stiffened end-plate connections (See Figure 3.15): 

Case 1( sde ≤ ) 
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Case 2( sde > ) 
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For eight-bolt stiffened end-plate connection (See Figure 3.16) 
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Case 2( sde > ) 
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Figure 3.14 Parameters for four bolt extended unstiffened end-plate (4E) yield line mechanism 
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Yield line analysis has proven to be a useful instrument in calculating the ultimate 

capacity of end-plates. This analysis focus on the plastic deformation caused by the 

Figure 3.15 Parameters for four bolt extended stiffened end-plate (4ES) yield line mechanism 

Figure 3.16 Parameters for eight bolt extended stiffened end-plate (8ES) yield line mechanism 
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formation of the plastic hinges or yield lines and neglects the elastic deformation. The 

yield lines are selected from any valid pattern that results in a mechanism. The yield 

lines are assumed as straight and the moment along each line is constant and equal to 

the plastic moment capacity of the plate. The beam web and stiffeners are considered as 

rigid sections that provide boundaries to the yield lines along the end-plate width ( pb ). 

 

(C) Welds 

Welding procedures in this research are assumed to satisfy the requirements of 

section 7.3 and Appendix W of the 2005 AISC Seismic Provisions. Welding of the beam 

to the end-plate shall be in accordance with the following limitations: 

 Welding near to the holes shall not be used. 

 The beam web to end-plate connection shall be fabricated using either fillet welds or 

complete joint penetration (CJP) groove welds.  

 The beam flange to end-plate connection shall be fabricated using a CJP groove 

weld without backing. The CJP groove weld shall be fabricated in that the root of 

the weld lies on the beam web side of the flange.  

 All end-plate stiffener connections shall be fabricated using CJP groove welds.  

 

3.1.3 Composite Panel Zone Strength 

The composite panel zone treated in this research is composted of the steel tube 

and concrete core. In general, the shear strength of the composite panel zone can be 

calculated as the superposition of the shear strengths of the steel and concrete 

components. A mechanical model proposed by Wu et al. (2005 and 2007) is used in this 

research in order to compute the stiffness, the yielding shear strength, and the ultimate 
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shear strength of the composite panel zone. The theoretical equations for this 

mechanical model are driven by using the shear stiffness contributions of both materials.    

  

(A) Steel Tube 

The contribution of the rectangular steel tube to the shear resistance is composed 

of two parts: (a) the column flanges deforming in a flexural mode and (b) the webs 

deforming in a shear mode (Figure 3.17). Therefore, the shear strength and stiffness of 

the panel zone are affected by both deformation mechanisms.  

The two column flanges subjected to shear force can be modeled as columns with 

fixed supports resisting flexural deformations. The shear stiffness of the two column 

flanges ( fK ) is: 

2
bfb

f
)td(

12
2K

−
= fs IE

                                           (EQ 3.41) 

where, 

12
tb 3

fc=fI                                                     (EQ 3.42) 

and where, 

cb = width of the column  

bd = depth of the beam 

fK = shear stiffness for the column flange at the panel zone 

fI = moment of inertia of the column flange 

bft = thickness of the beam flange 
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ft = thickness of the column flange 
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The existence of bolt holes can reduce the shear strength of the tube.. As a result, the 

steel tube column is divided into two regions which are a column web without bolt 

holes and a column flange without bolt holes. The original mechanical model by Wu et 

al. (2005 and 2007) considers this effect. However, only column webs without bolt 

holes will be treated in this study because the specimens shown in the next chapters do 

not contain any bolt holes in the column webs. The shear stiffness of the two column 

webs ( wK ) is as follows: 

Figure 3.17 Schematic figures for deformation of steel tube in the panel zone region 
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( ) sGwfcw t2td2K −=                                     (EQ 3.43) 

where, 

cd = depth of the column 

sG = shear modulus of steel 

wK = shear stiffness in the two column webs 

wt =  thickness of the column web 

 

The shear stiffness ( s1K ) of the rectangular steel tube at the panel zone is the 

superposition of the shear stiffness of the column webs ( wK ) and the shear stiffness of 

the column flanges ( fK ). 

 

wfs1 KKK +=                                                (EQ 3.44) 

The resulting shear yield strength ( wyV ) and yield strain ( wyγ ) at the column web 

are as follows: 

 

     ( ) syτwfcwy t2td2V −=                                        (EQ 3.45) 

w

wy
wy K

V
=γ                                                 (EQ 3.46) 

 

where,  
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3
y

sy
F

τ =                                                      (EQ 3.47) 

syτ = yield shear stress of steel 

 

When the shear strain in the panel zone reaches the yield shear strain ( wyγ ) of the 

column web, the yield shear strength ( syV ) is the superposition of the shear strengths of 

the column webs and that of the column flanges. 

 

wys1sy γKV =                                                (EQ 3.48) 

 

As the external loads increase, the column webs will yield and the stiffness of the 

column webs vanishes. After this yielding occurs, the shear stiffness ( s2K ) is the shear 

stiffness of the column flange ( fK ) alone:  

 

fs2 KK =                                                     (EQ 3.48) 

  

The stress in the column flanges subsequently arrives at the yielding point as the 

external load increases. The resulting shear yield strength ( fyV ) and yield strain ( fyγ ) 

at the column web are as follows: 

( )bfb

fy
fy td

4M
V

−
=                                                (EQ 3.49) 
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f

fy
fy K

V
γ =                                                   (EQ 3.50) 

where, 

6
tb

M
2

fc
fy

yF
=                                              (EQ 3.51) 

fyM = yielding flexural strength of the column flanges 

 

The ultimate shear strength ( suV ) of the panel zone is the summation of the shear 

strengths of the column webs and column flanges when the shear strain of the panel 

zone arrives at the yield strain ( fyγ ) for the column flange.  

 

fywysu VVV +=                                            (EQ 3.52) 

 

 

(B) Confined Concrete Core 

A Mohr-Coulomb failure criterion is adopted to estimate the ultimate shear strength 

of the concrete. The ultimate shear stress ( cuτ ) of the concrete in the panel zone can be 

obtained as: 

 

( ) 22

cu 222
9

11
τ 









 −
−











 +
+

′
= ctcpctcpc fffff

                     (EQ 3.53)   

where,  
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=f                                                    (EQ 3.55) 

 

cA = cross section area of concrete core 

sA = cross section area of steel tube 

P = axial compression loaded on CFT 

T = sum of the forces of the pre-stressed bolts 

 

The shear stiffness ( cK ) and the ultimate shear strength ( cuV ) of the concrete core 

in the panel zone are as follows: 

 

cc AG=cK                                                      (EQ 3.56)  

cAcucu τV =                                                    (EQ 3.57) 

 

The corresponding ultimate shear strain of the concrete in the panel zone is: 

cG
cu

cu
τ

γ =                                                      (EQ 3.58) 

 

(C) Combined Steel Tube and Concrete Core 

The steel tube at the panel zone is divided structurally into webs and flanges. The 

strain and strength at which the steel webs yield is defined as the yielding shear strain 

and strength of the panel zone, while the strain and strength at which the steel flanges 
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yield is defined as the ultimate shear strain and strength of the panel zone. For the 

composite panel zone, the shear stiffness ( K ), the yielding shear strength ( yV ), and the 

ultimate shear strength ( uV ) is the summation of those of the steel tube and the 

concrete core respectively, as follows: 

 

c s1 KKK +=                                                  (EQ 3.59) 

cusy VVV
y

+=                                                 (EQ 3.60)  

cufywy VVVV
u

++=                                           (EQ 3.61) 

 

3.2 Preliminary Design Procedure for Connection Components 

Practical methods for ductile design of components will be presented in this section. 

The ductility and strength of the moment connections should be greater than the demand 

due to the external response in order to satisfy the general requirements of seismic 

design.  Strength requirements can be met by satisfying the strength equations discussed 

in the previous sections and this is a relatively straight forward process based on well-

established limit theories. On the other hand, satisfying ductility (or drift) requirements 

is a difficult task and one not amenable to simplification. As shown by the calculations 

for the shear capacity of the panel zones, strength and deformation capacity need to be 

carefully considered for each component. When several components are merged to 

make a connection, these relationships become complex and simple equations can 

generally not be used to insure that available ductility exceeds demand. In this 

dissertation an approach that emphasizes strength design will be used for the 
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preliminary design, with the deformation checks carried out with the aid of advanced 

analyses. 

In the seismic design of steel components, limit states can be classified as either 

ductile (yielding) or brittle (fractures) modes. The dominant failure modes for steel or 

composite components should be ductile failure modes such as slip, yielding of steel 

and minor local buckling in order to avoid the entire collapse and ensure the survival of 

the structure (Astaneh-Asl 1995). An approach to fulfill this requirement is to require 

that the minimum capacity of all brittle failure modes be greater than that of the 

strongest yielding modes. In this way, several ductile mechanisms will be activated 

before any brittle one can occur. Suitable use of capacity reduction factors and 

reliability approaches will lead to connection designs with a suitable low probability of 

not achieving the desired ductility. Seismic design procedures considering this approach 

for the design of composite PR-CFT connection frames are discussed in the next 

sections.  

 

3.2.1 Composite Column Design 

The 2005 AISC Specification contains revised rules for the design of composite 

columns. As the design of columns is governed by stability effects, the first step is to 

determine the factored design demand including the dead and the live load on the floor 

systems. In the real composite frame structures, the composite column systems behave 

as members subjected simultaneously to axial load and bending moment (So called 

beam-columns). Beam-column behavior as related to the composite frame performance 

will be treated in the following chapters. The second step is to determine the slenderness 

effects.  Finally, the design capacity can be determined by applying the design resistance 
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factor to the nominal strength. A detail step-by-step design procedure for the composite 

columns under the axially compressive load is as follows: 

 

Step 1) Compute the design demand    

The first step for the design is to determine the required design strength for the 

composite columns. The initial design will be based on the highest compressive axial 

load, which is given by the load combination:  

 

LDru 1.6P1.2PPP +==                                        (EQ 3.62) 

 

Step 2) Select the cross section area 

To qualify as a composite filled column, all column elements shall be within the 

limitations as mentioned Section 3.1.1. Note that this step includes a check for local 

buckling that ensures that the plastic capacity of the section can be achieved. 

 

Step 3) Compute effective moment of inertia for the composite section 

Once the cross section selected has been shown to exceed the required design 

strength ( rP ), the modified stiffness ( effEI ) is calculated for the CFT:  

 

ccsrssseff IECIEIEEI 15.0 ++=                                  (EQ 3.5) 
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Step 4) Compute the slenderness ratio 

The limit state global buckling ( oΡ ) is based upon the slenderness ratio (α ) as 

shown below:   

 

e

o

P
P

=α                                                    (EQ 3.63) 

'
2 ccyrsryso fACFAFA ++=Ρ                                 (EQ 3.64) 

22 )/()(π KLEI effe =Ρ                                        (EQ 3.65)  

 

Step 5) Compute the factored design capacity  

To fulfill the general axiom of design, the factored design strength should be equal 

or greater than the design demand as shown below. 

 

uP≥Ρncφ                                                   (EQ 3.66) 

 

The nominal compressive strength should be determined based on the slenderness 

ratio. 

 

When 5.1≤α , 

( )2α
o 0.658P=Ρncφ                                           (EQ 3.67) 

When 5.1>α , 

2o α
0.877P=Ρncφ                                            (EQ 3.68) 
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Extensive numerical examples of composite column design are given in Appendix A. In 

that Appendix, comparisons between the simplified AISC procedure used here and more 

“exact” fiber models are also given. 

 

3.2.2 End Plate Connection 

The ANSI standard (ANSI 358-05) specifies design, detailing, fabrication, limitation, 

and quality criteria for end-plate connections that satisfy the 2005 AISC Seismic 

Provisions (2005 AISC Seismic Provisions) for use with composite moment frame 

structures. The behavior of this type of connections is generally controlled by a number 

of different limit states closely related to the ductile modes such as local buckling of the 

beam flanges, flexural yielding of the beam section, flexural yielding of the end-plate, 

and yielding of the column panel zone. The resistance to brittle failure modes such as 

tension failure of the end-plate bolts, shear failure of the end-plate bolts or tearing of 

various welded connections should be greater than those computed for the ductile 

modes. Example 1 in Appendix B is a complete example of the application of the 

procedure described in the next subsections.  

 

Step 1) Compute the design strength  

The first step is to determine the design strength for the end-plate connection. In 

case of a full strength connection, i.e., one where all the plastic deformations will be 

confined to the framing beam, the required design strength shall be determined by the 

plastic moment specified in the 2005 AISC Seismic Provisions.  

 

xye ZFprdesign CM =                                              (EQ 3.69) 
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where, 
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C pr ≤
+

=
y
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F
FF

                                        (EQ 3.33)  

yFF yye R=                                                (EQ 3.70)  

prC = factor to consider the peak connection strength, typically taken as 1.1 

yeF = factored yield stress at the beam  

yR = material over strength factor (See EQ 3.32) 

xZ = plastic section modulus of the beam 

 

On the other hand, for a partial strength connection requires the advanced analysis 

including second order effect and overall frame stability in order to find the design 

strength. 

 

Step 2) Select the geometric parameters for connection components  

One of the three end-plate moment connection configurations, preliminary value 

for the connection geometric parameters and bolt grades should be selected in this step. 

All connection components shall satisfy the following limitations as shown in Table 3.3 

associated with Figures 3.14 to Figure 3.16 in order to avoid the stress concentrations 

and possible brittle fractures. 

 

Step 3) Determine the tension bar/bolt diameter 

 For an end plate connection, the dominant brittle failure modes that needed to be 
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avoided are the tension/shear fracture of the welds or tension fracture of the bolts. For 

any kind of full strength bolted connections, the connection must insure that the ductile 

limit state given by beam yielding occurs well before tension bolts or welds fail. The 

required bolt diameter ( reqb,d ) can be determined by using EQ 3.30 or EQ 3.31. The 

tension bars designed in this structure consist of the super-elastic SMA tension bars and 

the A490 type tension bars. The nominal strength of the individual tension bar should 

reflect the difference in material properties between steel and SMA as well as the 

different strain demands based on the placement of the bars relative to the centerline of 

the bottom beam flange. The procedure about the averaged strength according to the 

different connection types is illustrated in Figure 3.18. 
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Step 4) Determine the required end-plate thickness 

After the size of the bolt diameter has been determined, the geometric parameters 

for the end-plate should be established. The most significant parameter is the end-plate 

thickness ( pt ). It is necessary to understand the effect of the end-plate geometry on the 

Table 3.3 Prequalification limitations for geometric parameters (ANSI 385-05) 
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response of the connection as the behavior can be highly nonlinear and counterintuitive. 

Based on these considerations, the end plate thickness can be computed from EQ 3.34 

to EQ 3.40. The plate deformations should be consistent with the selected yield line 

mechanism as shown in Figure 3.16 to Figure 3.18.  
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Step 5) Check the shear resistance of the end-plate   

For a full strength connection, the design axial force ( fuF ) at the beam flange can be 

backcalculated by a simple model from the factored plastic moment of the beam as 

mentioned in the 2005 AISC Seismic Provisions. After finding of the factored design 

axial force for the beam flange, that the designer must insure that the shear yielding 

resistance and shear rupture resistance at the end-plate should be equal or larger than 

this design force (See EQ 3.72 to EQ 3.73).  

 

Figure 3.18 Average tensile strength for a bar  
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90.0=φ  for the non-ductile limit state (2005 AISC Seismic Provisions) 
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where, 
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 +−=A                                   (EQ 3.74) 

 

nA = net area of the end-plate when standard holes are used 

pb = width of the end-plate 

d = depth of the beam 

bd = diameter of bolts 

fuF = specified minimum tensile strength of the end-plate 

 

If either EQ 3.72 or EQ 3.73 is not satisfied, the thickness of the end-plate must be 

increased until these relationships are satisfied.  

 

Step 6) Select the thickness of the end-plate stiffener 

In case of either the four bolt extended stiffened end-plate (4ES) or eight bolt 

extended stiffened end-plate (8ES) connection, the end-plate stiffener needs to be 

designed. After the thickness of the end-plate stiffener ( min,,t s ) is determined, the 
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stiffener to beam-flange and the stiffener to end-plate welds are modeled.  

  










=

ys

yb
bwmin, F

F
tt s                                                  (EQ 3.75)  

 where, 

bwt = thickness the beam web 

min,t s = thickness of the end-plate stiffener 

ybF = specified minimum yield stress of beam material, ksi 

ysF = specified minimum yield stress of stiffener material, ksi 

 

The following width to thickness criterion should be satisfied in order to prevent 

local buckling of the stiffener plate:  

 

otan30
hL st

st =                                                (EQ 3.76)  
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F
E0.56
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≥                                              (EQ 3.77) 

where,  

sth =  height of the stiffener 

stL =  width of the stiffener 

 

Step 7) Check the rupture and bearing failure of bolts 

The design shear capacity ought to exceed the design shear strength as follows:  

 

90.0=φ  for the non-ductile limit state (2005 AISC Seismic Provisions) 
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bvbshearn,u AFNBV φφ =≤                                   (EQ 3.78) 

where, 

L
2M

V design
u ′

=                                          (EQ 3.79) 

 

bA = nominal gross area of the bolts 

vF = effective ultimate shear strength (See EQ 3.14) 

L′ = distance between plastic hinges 

 

The tear-out failure at the end-plate and column flange due to bolt bearing is 

required to be checked next. The geometric parameters are shown in Figure 3.10.  

 

90.0=φ  for the non-ductile limit state (2005 AISC Seismic Provisions) 

( ) ( ) nooniibearingn,u RNRNRV φφφ +=≤                      (EQ 3.80) 

where,  

ubucni tFd4.2tFL2.1R ≤=                              (EQ 3.23) 

ubucno tFd4.2tFL2.1R ≤=                              (EQ 3.24) 

and where, 

iN = number of inner bolts (2 for 4E and 4ES, and 4 for 8ES connections) 

oN = number of outer bolts (2 for 4E and 4ES, and 4 for 8ES connections) 

niR = bearing strength at the inner bolts 

noR = bearing strength at the outer bolts 
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3.2.3 T-stub Connections 

A practical design procedure for T-stub connections is presented in this section. The 

LRFD manual (AISC 2001) provides more information on the design and detailing of T-

stub connections. Similar to the design procedure for end-plate connections, the 

governing mode should be ductile failure modes and the required design strength should 

exceed that given by the plastic moment of the beam flange. Some design steps fro T-

stubs are duplicate of those discussed in the design procedures for end-plate connection 

(See Section 3.2.2). Only new design steps pertinent only to T-stub connections will be 

discussed in detail in this section. Example 2 in Appendix B is a complete example of 

the application of the procedure described in the next subsections. 

 

Step 1) Determine the design force 

The design strength should be more than the factored plastic moment of the beam as 

shown in EQ 3.69 to EQ 3.70. 

  

Step 2) Select bolt type and size 

Components for the connecting elements in T-stub connections will be limited to 

high strength structural bars and super-elastic shape memory alloy (SMA) bars. A490 

tension bars have a specific ultimate tensile strength for 150 ksi and will be used 

exclusively in a 1 inch diameter size. They are fabricated from alloy steel and used in 

parallel with super-elastic SMA bars to transfer bending from beam to column panel 

zone. The SMA tension bars are also available in a 1 inch diameter and will be used in 

that size to maintain the geometric consistency.  Bars above 1 inch diameter are difficult 

to pretension and bars smaller than 1 inch cannot provide the required force in a 
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sufficiently small number of bars to make the connection economical.   

As noted earlier, steel and SMA bars are used in parallel as the former provide 

energy dissipation and high strength and stiffness, while the later provide recentering 

capabilities. 

Construction practice dictates that the tension bolts should share the same size and 

grade with the shear bolts. One of the most significant characteristics for the usage of 

shear bolts leads to the slip deformation. Slip is the preferred mode for increasing 

energy dissipation capacity and avoiding catastrophic failure. Therefore, the slip 

resistance should stay in the ductile region between the service load and the ultimate 

load. On the basis of this axiom, it is necessary for tension bars to satisfy the required 

diameter using the Step 3 procedure in the end-plate connection design. The general 

failure of bolts due to shear and tension needs to be checked. The failure modes will be 

illustrated with more details in the next chapter. 

 

Step 3) Determine the configuration of the bolts 

After Step 2, a preliminary configuration of the T-stub, including the spacing, gage 

length and arrangement for bolt holes can be determined. These design parameters have 

a significant influence on the effective width and strength of the T-stub members as 

shown by EQS. 3.15 through 3.22. The shear bolt arrangements should guarantee an 

adequate edge distance for the beam flange so as to avoid stress concentrations in the 

stem. 

 

Step 4) Determine the required stem thickness 

The conventional net section failure calculation adopted in this T-stub component 
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design (See EQ 3.26 and EQ 3.27) can estimate the ultimate strength of the component 

element as the product of the material ultimate strength of the material used and the net 

cross section area defined as the gross section area minus punching area of the bolt 

holes. The required stem thickness can be determined after the configuration of bolts 

and the width of T-stub member are established as shown in below: 

 

75.0=fφ  for the resistant factor for the fracture 

( ) ddnWF
M

t
hsbeffu

design
minstem, −

=
fφ

                                   (EQ 3.81)    

 

The effective width ( effW ) as shown in Figure 3.11 is not valid for the all stem 

tapering configuration and drives the simple approximate estimation.  

   

Step 5) Determine the T-stub flange width and thickness 

The ultimate strength for a T-stub flange subject to prying was described in Section 

3.1.2.1. On the basis of this prying action phenomenon, an adequate T-stub width and 

thickness can be computed. The capacity of the existing T-stub can be determined by the 

failure modes based on the EQ 3.15 to EQ 3.17 which correspond to a pure flange 

mechanism, combined failure mode, and bolt fracture respectively. The balanced load 

( oT ) and critical thickness ( ct ) for a T-stub flange can be derived by using a balanced 

failure approach in which the ultimate strength of the T-stub flange is reached at the 

same time as the bolt force including the prying action becomes critical (Astaneh, 1985). 

The balanced load and critical thickness for T-stub flange can be obtained by: 
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75.0=fφ for the bolt fracture 
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If the balanced load is equal to the design load ( designT ), the value of a ′  is equal to 

b2d , and assuming that the tension bolt gage ( tg ) will be relatively large compared to 

the flange width ( fB ), the required value of b′  and flange width are (Swanson, 2001): 
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mins,bdesign,f t24db2B ++′=                                 (EQ 3.85) 

 

Step 6) Check the T-stub section  

After T-stub section has been selected, the capacity of the T-stub section should be 

checked by comparing the available failure modes which occur in either the flange or 

the stem. In order to ensure a ductile failure with significant deformation, the yielding 

capacity of the stem net section should be nearly equal to the ultimate capacity of the 

flange due to the prying mechanism.  

 

90.0=yφ  for the resistance factor against yielding 

TnF tbstemnet,yy φφ ≤A                                    (EQ 3.86)   
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Step 7) Check the yield and fracture for the component members 

Block shear failure is a combined yield fracture type of failure where the boundary 

of a block of tensile yielding in some area and tensile fracture in the remaining areas. 

(EQ 3.28 and EQ 3.29).  Block shear needs to be checked but it will only be critical is 

the bolt spacing and gages fall below the recommended value of 3db. 

 

Step 8) Design the shear connection 

Finally, the shear connection should be designed. Failure modes for the shear 

connections and reliable design procedures are available in the current LRFD code 

(AISC 2001). In case of the partial strength moment connections, the usage of the short 

slotted holes on the shear tab connections in the loading direction can avoid a complete 

connection failure and reduce the torsion into the connection and beam (Swanson, 2001). 

Failure of the shear connection as the fracture of the net area, web bolts or welds can 

induce the catastrophic collapse of the connection and miss the opportunity to resist the 

gravity loads after the flange failure. Therefore, the shear connection has to endure large 

rotation before the yield failure.  

 

3.2.4 Clip Angle Connection 

A practical design procedure for the clip angle connections with heavy angles t 

( 1t ′′= ) will be presented in this section. The design procedures are very similar to that 

for T-stub connections described in the previous section and for simplicity the procedure 

is summarized in Table 3.4. Example 3 in Appendix B is a complete example of the 

application of the procedure described in the next subsections. 
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Design the shear connection
Use shear tab or double web angle connection with short slotted bolt holes

8

Check the yield-fracture failure (Block shear failure modes)
7

Check the clip angle sectionCheck the T-stub section
6

Determine the clip angle flange width and thickness
Consider L-shape to find the effective width per bolt

Determine the T-stub flange width and thickness
Consider T-shape to find the effective width per bolt

5

Determine the clip angle thicknessDetermine the stem thickness
4

Determine the configuration of the bolts
In general, two rows of the shear bolt arrangement 

Check the gage and bolt spacing (Typ. S=3”)

Determine the configuration of the bolts
In general, four or five rows of the shear bolt arrangement

Check the gage and bolt spacing (Typ. S=3”)
3

Determine the adequate bar diameter
One row of tension bar arrangement

Determine the adequate bar diameter
Two rows of tension bar arrangement

2

Determine the design force
1

Thick Clip Angle Connection TypeT-stub Connection TypeDesign 
Step

Design the shear connection
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8

Check the yield-fracture failure (Block shear failure modes)
7

Check the clip angle sectionCheck the T-stub section
6

Determine the clip angle flange width and thickness
Consider L-shape to find the effective width per bolt

Determine the T-stub flange width and thickness
Consider T-shape to find the effective width per bolt

5

Determine the clip angle thicknessDetermine the stem thickness
4

Determine the configuration of the bolts
In general, two rows of the shear bolt arrangement 

Check the gage and bolt spacing (Typ. S=3”)

Determine the configuration of the bolts
In general, four or five rows of the shear bolt arrangement

Check the gage and bolt spacing (Typ. S=3”)
3

Determine the adequate bar diameter
One row of tension bar arrangement

Determine the adequate bar diameter
Two rows of tension bar arrangement

2

Determine the design force
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3.3 Design Discussion 

The main purpose of this chapter is to provide reliable preliminary design 

procedures for the proposed connections on the basis of strength models. The strength 

models presented here were based upon the current design codes. Design examples are 

presented in Appendix A and Appendix B. The resistance factors for bending, bearing, 

yielding, and fracture can produce overly conservative design strengths. The behavior of 

all types of connections can be generally controlled by a number of different limit states 

closely related to the ductile modes in order to avoid a complete collapse due to the 

brittle modes. Therefore, the required design strength shall be determined by the plastic 

moment of the steel beam. The design principles and specific detailed configurations for 

PR-CFT connections will be illustrated in the next chapter.   

Table 3.4 Summary and comparison of design procedures for T-stub and clip angle connection 
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Chapter 4 
 

Smart PR-CFT Connections 

 
This chapter is describes the specimen design for the smart PR-CFT connections, 

with emphasis on connection materials, geometry, and constructability. Three connection 

models utilizing the components described in Chapter 3 are developed: an end-plate, a T-

stub, and a thick clip angle connection.  Descriptions of the connections are given in 

Table 4.1. Detailed design examples for these connections, using Math-Cad worksheets, 

are provided in Appendix B.  

This chapter will be organized as follows. First, the basic design principles are 

presented and the advantages of using these connections discussed (Section 4.1). Second, 

a description of the connection details, including the material properties, schematic 

drawings, and bolt/bar specifications, are presented (Section 4.2). Third, the governing 

failure modes for each connection are introduced, followed by the discussion of the 

structural characteristics of each component (Section 4.3). Fourth, the processing of the 

analytical data related to computing axial deformations and relative rotations is described 

(Section 4.4 and Appendix C). Finally, summary and conclusion are presented (Section 

4.5). 
 

4.1 Design Principles 

All connections were designed as full strength (FS) connections, meaning that they 

can transfer the full plastic beam moment (Mp,beam) from the beam to the column. They 

fulfill the requirements for connection design given in both the AISC LRFD Standard 

(AISC 2001) and the AISC Seismic Provisions (2005 AISC Seismic Provisions). 

However, the connections transfer the Mp,beam at relatively large rotations and after 

significant yielding of the connection components. Because of results from the flexibility 

of the components, the connections will be considered as partial restraint (PR) ones. The 

primary purpose of this chapter is to develop design methods for the PR composite 

connections that will result in ductile connection behavior. Since some shear yielding and 
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local buckling have been observed in the panel zone of connections to hollow steel 

columns before reaching Mp,beam, the columns’ (and thus the panel zones’) capacity was 

increased by filling the column with concrete. Thus all columns used were concrete-filled 

tubes or CFT columns. 

The design approach used in this research explicitly considered the feasibility of 

integrating shape memory alloys (SMA) and regular steel bars into steel-concrete 

composite connections. Super-elastic Nitinol bars used as tension fasteners and subjected 

to large deformations can provide re-centering capabilities because their permanent 

strains remain small. When combined with A490 steel bars, they will result in 

connections with better energy dissipation and permanent deformation performance as 

compared with connections using either all super-elastic Nitinol bars or all conventional 

steel ones.  

Finally, components such as shear/web bolts, shear tab plates, and clip angles or T-

stubs were designed with the intent to avoid catastrophic losses of stiffness and strength 

due to brittle failure modes. All design strengths were checked against the demand from 

both code-based forces and those given by non-linear analyses. Details of those analyses 

are given in later chapters.  The designs were based on weak beam-strong column 

conditions.  

 

Rectangular 18X18X24.5Rectangular  16X16X24.5Panel Zone Shape & Size

No Sear TabNo Shear TabShear Tab

End-Plate Connection with CCFTEnd-Plate Connection with RCFTUnit: kip, inch

Cir. Confined Concrete (F/Fu=0.2, fc’=4 ksi)Rec. Confined Concrete (F/Fu=0.2, fc’=4 ksi)Inside Concrete Material

End-Plate 15X38.5X1 (8ES Type)End-Plate 15X38.5X1 (8ES Type)Component Members

A 563 Nuts Corresponding to 1” Dia. BoltsA 563 Nuts Corresponding to 1” Dia. BoltsNut Type

No Web BoltsNo Web BoltsWeb Bolt Size

No Shear BoltsNo Shear BotsShear Bolt Size

A 490 BoltsA 490 BoltsBolt Material

58.3651.88Bar Slenderness Ratio

1”1”Bar Diameter

18”16”Bar Gauge Length

Corresponding to A490 BoltsCorresponding to A490 BoltsSteel Bar Material

Super-Elastic NitinolSuper-Elastic NitinolSMA Bar Material

HSS18X500HSS16X16X500Column

W24X103W24X103Beam

Rectangular 18X18X24.5Rectangular  16X16X24.5Panel Zone Shape & Size

No Sear TabNo Shear TabShear Tab

End-Plate Connection with CCFTEnd-Plate Connection with RCFTUnit: kip, inch

Cir. Confined Concrete (F/Fu=0.2, fc’=4 ksi)Rec. Confined Concrete (F/Fu=0.2, fc’=4 ksi)Inside Concrete Material

End-Plate 15X38.5X1 (8ES Type)End-Plate 15X38.5X1 (8ES Type)Component Members

A 563 Nuts Corresponding to 1” Dia. BoltsA 563 Nuts Corresponding to 1” Dia. BoltsNut Type

No Web BoltsNo Web BoltsWeb Bolt Size

No Shear BoltsNo Shear BotsShear Bolt Size

A 490 BoltsA 490 BoltsBolt Material

58.3651.88Bar Slenderness Ratio

1”1”Bar Diameter

18”16”Bar Gauge Length

Corresponding to A490 BoltsCorresponding to A490 BoltsSteel Bar Material

Super-Elastic NitinolSuper-Elastic NitinolSMA Bar Material

HSS18X500HSS16X16X500Column

W24X103W24X103Beam

 
(a) A detailed specification of the smart PR-CFT connection with an end-plate component member 

Table 4.1 Detailed specifications of the smart PR-CFT connections 
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Rectangular 18X18X23.6Rectangular  16X16X23.6Panel Zone Shape & Size

Plate 4.5X9X0.56 (Fillet Welding 5/16”)Plate 4.5X9X0.56 (Fillet Welding  5/16”)Shear Tab

End-Plate Connection with CCFTEnd-Plate Connection with RCFTUnit: kip, inch

Cir. Confined Concrete (F/Fu=0.2, fc’=4 ksi)Rec. Confined Concrete (F/Fu=0.2, fc’=4 ksi)Inside Concrete Material

Cut from W16X100 (T-stub)Cut from W16X100  (T-stub)Component Members

A 563 Nuts Corresponding to 1” Dia. BoltsA 563 Nuts Corresponding to 1” Dia. BoltsNut Type

1X4 (One Washer)1X4 (One Washer)Web Bolt Size

1X4 (One Washer)1X4 (One Washer)Shear Bolt Size

A 490 BoltsA 490 BoltsBolt Material

58.3651.88Bar Slenderness Ratio

1”1”Bar Diameter

18”16”Bar Gauge Length

Corresponding to A490 BoltsCorresponding to A490 BoltsSteel Bar Material

Super-Elastic NitinolSuper-Elastic NitinolSMA Bar Material

HSS18X500HSS16X16X500Column

W24X55W24X55Beam

Rectangular 18X18X23.6Rectangular  16X16X23.6Panel Zone Shape & Size

Plate 4.5X9X0.56 (Fillet Welding 5/16”)Plate 4.5X9X0.56 (Fillet Welding  5/16”)Shear Tab

End-Plate Connection with CCFTEnd-Plate Connection with RCFTUnit: kip, inch

Cir. Confined Concrete (F/Fu=0.2, fc’=4 ksi)Rec. Confined Concrete (F/Fu=0.2, fc’=4 ksi)Inside Concrete Material

Cut from W16X100 (T-stub)Cut from W16X100  (T-stub)Component Members

A 563 Nuts Corresponding to 1” Dia. BoltsA 563 Nuts Corresponding to 1” Dia. BoltsNut Type

1X4 (One Washer)1X4 (One Washer)Web Bolt Size

1X4 (One Washer)1X4 (One Washer)Shear Bolt Size

A 490 BoltsA 490 BoltsBolt Material

58.3651.88Bar Slenderness Ratio

1”1”Bar Diameter

18”16”Bar Gauge Length

Corresponding to A490 BoltsCorresponding to A490 BoltsSteel Bar Material

Super-Elastic NitinolSuper-Elastic NitinolSMA Bar Material

HSS18X500HSS16X16X500Column

W24X55W24X55Beam

 
 

 

Rectangular 14X14X18.1Rectangular  12X12X18.1Panel Zone Shape & Size

Plate 4.5X9X0.56 (Fillet Welding  5/16”)Plate 4.5X9X0.56 (Fillet Welding  5/16”)Shear Tab

End-Plate Connection with CCFTEnd-Plate Connection with RCFTUnit: kip, inch

Confined Concrete (F/Fu=0.2, fc’=4 ksi)Confined Concrete (F/Fu=0.2, fc’=4 ksi)Inside Concrete Material

L6X8X1 (Thick Clip Angle)L6X8X1 (Thick Clip Angle)Component Members

A 563 Nuts Corresponding to 1” Dia. BoltsA 563 Nuts Corresponding to 1” Dia. BoltsNut Type

1X4 (One Washer)1X4 (One Washer)Web Bolt Size

1X4 (One Washer)1X4 (One Washer)Shear Bolt Size

A 490 BoltsA 490 BoltsBolt Material

Steel Bar: 45.39, SMA Bar: 37.84Steel Bar:38.90, SMA Bar: 32.43Bar Slenderness Ratio

Steel Bar: 1” , SMA Bar: 17/16”Steel Bar: 1” , SMA Bar: 17/16”Bar Diameter

14”12”Bar Gauge Length

Corresponding to A490 BoltsCorresponding to A490 BoltsSteel Bar Material

Super-Elastic NitinolSuper-Elastic NitinolSMA Bar Material

HSS14X500HSS12X12X500Column

W18X50W18X50Beam

Rectangular 14X14X18.1Rectangular  12X12X18.1Panel Zone Shape & Size

Plate 4.5X9X0.56 (Fillet Welding  5/16”)Plate 4.5X9X0.56 (Fillet Welding  5/16”)Shear Tab

End-Plate Connection with CCFTEnd-Plate Connection with RCFTUnit: kip, inch

Confined Concrete (F/Fu=0.2, fc’=4 ksi)Confined Concrete (F/Fu=0.2, fc’=4 ksi)Inside Concrete Material

L6X8X1 (Thick Clip Angle)L6X8X1 (Thick Clip Angle)Component Members

A 563 Nuts Corresponding to 1” Dia. BoltsA 563 Nuts Corresponding to 1” Dia. BoltsNut Type

1X4 (One Washer)1X4 (One Washer)Web Bolt Size

1X4 (One Washer)1X4 (One Washer)Shear Bolt Size

A 490 BoltsA 490 BoltsBolt Material

Steel Bar: 45.39, SMA Bar: 37.84Steel Bar:38.90, SMA Bar: 32.43Bar Slenderness Ratio

Steel Bar: 1” , SMA Bar: 17/16”Steel Bar: 1” , SMA Bar: 17/16”Bar Diameter

14”12”Bar Gauge Length

Corresponding to A490 BoltsCorresponding to A490 BoltsSteel Bar Material

Super-Elastic NitinolSuper-Elastic NitinolSMA Bar Material

HSS14X500HSS12X12X500Column

W18X50W18X50Beam

 
 

 

(b) A detailed specification of the smart PR-CFT connection with a T-stub component member

(c) A detailed specification of the smart PR-CFT connection with a clip angle component member
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4.2 Specimen Details 

Three types of smart PR-CFT connections were designed and detailed as shown in 

Appendix B: an end-plate, a T-stub, and a clip angle one. Each connection type was 

designed to connect to both a rectangular concrete filled tube column (RCFT) and a 

circular concrete filled tube column (CCFT) to a wide flange shape. Conventional A490 

bolts were used to connect the flanges, and web bolts and a shear tab were used for the T-

stub and clip angle connections.   

 

 

4.2.1 Typical Configurations 

Typical connection sub-assemblage configurations are shown in Figure 4.1. The 

column and beam lengths were selected for a building with 12.5 ft. floor heights and 29 

ft. bays, and the models developed with the assumption of hinges forming at the mid-

height and mid-span of the columns and beams, respectively, for an exterior bay.  Based 

on a simplified model of a story subjected to lateral loads, column was taken as 12.5 ft. in 

height and the beams as 14.5 ft. long for all the sub-assemblages. These models were 

used to study the behavior of the connection components and the adjacent areas of the 

beam and column.    

The end-plate connection consisted of a concrete filled tube using either a HSS 

16X16X500 (RCFT = rectangular CFT) or a HSS 18X500 (CCFT = circular CFT), and a 

W25x103 beam. Similar columns sections and lengths were used for the T-stub 

connections, but with a smaller beam (W24X55) size and a T-stub cut from a W16X100 

section. The clip angle connection, which provided the smallest design capacity among 

the three types of connections, consisted of a either HSS12X12X500 (RCFT) or HSS 

14X500 (CCFT), W18X50 beams and a clip angle member. The column sections were 

chosen such that the CCFT and RCFT columns had a similar equivalent area and 

capacity.  

Monotonic and cyclic displacements were applied to the tip of beam. These analyses 

were used to investigate the deformation and strength performance of the different 



 78

connections. These analyses or numerical simulations will be discussed exhaustively in 

the next two chapters.  

 

 

4.2.2 Connection Details 

Detailed calculations for all three connection types are shown in Appendix B. The 

resulting configurations for typical interior joints are given in Figures 4.2 to 4.7. The 

specimen identifications for the smart PR-CFT connections are composed of the shape of 

the column (i.e. CCFT or RCFT) and the connection type (i.e. End-plate, T-stub or Clip 

Angle).   

 

Fixed Conditions Fixed Conditions Fixed Conditions 

(a) End-Plate Connection (b) T-Stub Connection (c) Clip Angle Connection

12.5’ CFT Column 12.5’ CFT Column 12.5’ CFT Column

End-Plate T-Stubs Clip Angles

14.5’ W24X103 
Beam

14.5’ W24X55
Beam

14.5’ W18X50
Beam

Loading 
Point

Loading 
Point

Loading 
Point

 
 

 

A572 Grade 50 steel was used for all members and joint components. A490 high 

strength bolt material was used for all bolts, with corresponding washers and nuts. 

Materials with equivalent properties to A490 bolts were sued for the steel tension bars, 

while the material properties for the super-elastic Nitinol (Shape Memory Alloy, SMA) 

Figure 4.1 Typical connection configurations 
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were taken from work of other researchers (Davide 2003). SMA tension bars were placed 

at the farthest practical locations from the centroid of the connection in order to take 

advantage of the re-centering effect during unloading (refer to Figures 4.2 through 4.7 

below).  

The end-plate connection (Figures 4.2 and 4.3), was composed of a 38-1/2”x 15”x1” 

plate welded to the beam by with a 5/16” fillet weld. The design required the use of 

extended stiffener plates welded between the beam flange and the end-plate. They were 

terminated at the beam flange and at the end of the end-plate with landings about 1” long. 

The plate stiffeners had the same material strength (A572-Gr. 50l) as the beam and their 

thickness was equal to the beam web thickness. The tension fasteners that ran through the 

CFT column were sixteen 1” diameter, either 20” long (RCFT column) or 22” long bars 

(CCFT column) with washers at either end.  

The T-stub connection (Figures 4.4 and 4.5) had tension fasteners that also ran 

through the CFT column. These were eight 1” diameter, either 20” long (RCFT column) 

or 22” long bars (CCFT column). Twelve 1” diameter, 4” long A490 bolts were used to 

fasten each T-stub stem to the beam flange and three 1” diameter, 4” long A490 bolts 

were used as web bolts.  

The clip angle connection (Figures 4.6 and 4.7), was composed of thick clip angles 

cut from a L6X8X1 and a 9”X4.5”X9/16” shear tab. The tension fasteners through the 

CFT column were two 1” diameter (SMA bar) and one 1-1/16” diameter (steel bar), 

either 16” long (RCFT column) or 18” long bars (CCFT column). Four 1” diameter, 4” 

long A490 bolts were used to fasten each clip angle leg to the beam flange and three 1” 

diameter, 4” long A490 bolts were used as web bolts. 3D configurations of all three smart 

PR-CFT connections are shown in Figure 4.8.  
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4.3 Failure Modes 

All smart PR-CFT connection models were designed to reach yielding on the 

connection components when the beam produced its probable maximum moment at the 

plastic hinge (ANSI/AISC 358-05, FEMA 2000). This criterion satisfies a weak beam-

strong column design and increases the ductility of the connection. Therefore, no 

fractures should occur even under the most severe ground motion and yielding of the 

components should be the dominating behavior mode. The possible yielding and failure 

modes for smart PR-CFT connections are given in Figure 4.9 and can be categorized as 

follows:  

 

Ductile Failure Modes: 

• Slippage on the shear surface (T-stub and clip angle connections) 

Figure 4.8 3D configurations of SMA PR-CFT connection details 
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• Yielding of the gross area of component members 

• Bearing yielding at the around bolt holes 

• Plastic yielding of the gross area of the beam 

 

Failure Modes with Limited Ductility: 

• Local buckling of component members 

• Local buckling of the beam flange 

• Shearing yielding of the composite panel zone 

• Local buckling of CFT columns including crushing at the inside concrete 

 

Brittle Failure Modes: 

• Fracture of the edge distance or bolt spacing 

• Block shear failure of T-stub/clip angle under direct shear force 

• Fracture of the net section area of component members 

• Block shear failure of the beam flange 

• Shear fracture of the shear bolts 

• Tension fracture of bars connecting the component member to the CFT column 

• Fracture of the welds at the end-plate and plate stiffeners 

• Shear fracture of web bolts and a shear tap 

 

Slippage of the shear bolts is the most desirable failure mode while shear fracture of a 

shear connection is the least desirable failure mode. The smart PR-CFT connection with 

end-plates does not show slippage because of the lack of the shear surface. The feasible 

yielding and failure modes for smart PR-CFT connections are listed below in the order of 

desirability, as suggested by Astaneh-Asl (1995 and 1997). Figure 4.9 (c) shows photos 

of many failure modes achieved in previous experimental work at GT aimed at 

establishing the capacity of the different connection components. The state of stress 

based on Von-Mises failure theory under static loads will be used to determine whether a 

particular yielding or failure mode has been reached.  The results of the numerical 

studies on these connections are shown in the next chapter.  
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(a) Failure modes for the end-plate connection

(b) Failure modes for the T-stub/clip angle connection  
Figure 4.9 Failure modes for SMA PR-CFT connections  
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Flange Yielding (Buckling) Beam Yielding Bearing Yielding PZ Yielding

Tension Bolt Fracture Shear Bolt Fracture Plate Fracture Shear Tab Fracture

Unreasonable
Failure

Block Shear Failure Net Section Failure

(c) Images for the failure modes (Swanson, 2000)  
 

 

4.4 Instrumentations 

All connection models were discretized such that a variety of measurement points 

were available to collect data including the displacement, rotations, strains and reactions 

of the beam-to-column connections. The data from all measurement points was collected 

using the “Set” function associated with the “History Output” option in ABAQUS 6.6-1. 

The data was collected and saved automatically for each “Time” (load) step.  

The distributions of measurement points for the different connections are shown in 

Figures 4.10 through 4.12 below. Measurement points collected data from displacement 

degree of freedoms (DOF U1, U2, and U3) and reaction forces (RF1, RF2, and RF3). The 

identification of each measurement point is tied the position on each component; for 

instance, P1 consists of “P” that indicates to “Panel Zone” as shown in each figure.  

The total applied force with each displacement increment was transformed into an 

equivalent axial force in the connection. This axial force corresponds to the bar reaction 

forces and prying forces shown in Figure 4.13. Based on the force-deformation 

Figure 4.9 Failure modes for SMA PR-CFT connections (Continue) 
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mechanism for all connection components, a simple component spring model for each 

connection model subjected to either monotonic or cyclic loading will be generated (See 

Chapter 6).  

The measurement points for the stress and strain under all time step increments are 

shown in Figures 4.14 to 4.15.  

To summarize, each connection model was “instrumented” so as to identify:  

1. the flexural and axial deformations of the important components 

2. the overall deformation and relative rotations between the beam and column 

3. panel zone deformation 

4. response mechanism for all components, and 

5. investigation of the failure modes.  

Appendix C shows the equations used for the data reduction. 
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Figure 4.13 Response mechanism for each connection model at ultimate 
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4.5 Summary and Discussion 

 

This chapter discussed the specimen designs for the smart PR-CFT connections. The 

basic design principles based on achieving the full moment capacity of the beam were 

introduced in Section 4.1. Structural details related to beam-to-column connection, beam 

and CFT column designs were provided in Section 4.2. The desirable failure modes 

(Section 4.3) and instrumentations for the data collection (Section 4.4) were also treated 

in this chapter. The tests and results of all smart PR-CFT connections using finite element 

(FE) analyses under static monotonic loading will be presented next (Chapter 5).  
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Chapter 5 
 

3D Finite Element Modeling 
 

The ABAQUS (ABAQUS Version 6.6-1, 2006) finite element code was used to 

analyze the proposed PR-CFT connections. These numerical models consisted of a 

combination of elements, springs and constraints conditions.  Amongst these were refined 

3D solid elements incorporating the full nonlinear material/ geometric properties, contact 

elements, surface interaction with friction, constraint conditions using equation points, 

concrete crack conditions and elastic foundation springs. These advanced modeling 

methods were intended to provide a detailed and accurate understanding of the overall 

behavior of the connections, including the stress distributions on the contact surfaces in 

spite of the high computational cost typically associated with this type of data. 

This chapter will be structured as follows. First the detail modeling described in the 

previous paragraph is presented (Section 5.1). The results of the analyses for the FE 

models, including the stress distribution, final deformation of each component model and 

comparison of ultimate strength are described next (Section 5.2). Several behavior 

characteristics under monotonic load are then studied with these models, including the 

stiffness for all components (Section 5.3).  It is then shown that these characteristics have 

a significant influence on the total behavior of the PR-CFT connections. Failure modes 

for the PR-CFT connections are then described based on the response of the FE models at 

different load levels (Section 5.4). The failure strengths obtained by FE model tests are 

then compared with current design methods. Finally, a summary and discussion about 

this chapter are presented (Section 5.5). This chapter deals almost exclusively with 

monotonic behavior. 

 

5.1 3D Solid Modeling Method 

FE models for the PR-CFT connections were constructed using the nonlinear FE 

program ABAQUS 6.6-1. In particular, ABAQUS/CAE was used to generate many of the 

models. ABAQUS/CAE is a dedicated FE preprocessor that offers powerful and flexible 

parametric modeling for users familiar with modern computer aided design (CAD) 
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systems (ABAQUS 2006). In this research, most of the FE work, including the generation 

of parametric geometries and meshes was done using a version of ABAQUS/CAE 

incorporating file-based input to provide more advanced modeling options. A typical 

analysis of a model using a Pentium D 3.00 GHz computer with 1.0 GB of memory 

required between 12 and 96 hour running time.  

 

5.1.1 Modeling Parts and Elements Adopted 

The FE models (i.e. T-stub connections) were subdivided into several independent 

bodies such as two T-stub members, three web bolts, 10 shear bolt-nuts, one beam, 

hollow steel column, and interior concrete that interacted with each other via contact 

definitions (Fig. 5.1). They were modeled as half symmetric models using symmetric 

boundary conditions (See Section 5.1.5). Shear bolts and nuts were modeled as one body 

in order to neglect the surface interaction between theses two surfaces without slippage. 

Merging two independent parts made a significant contribution to saving computational 

cost. The modeling parts of the typical connection with a RCFT column or a CCFT 

column are shown in Figures 5.1 and 5.2 respectively.  

All parts were made up of 3D solid elements. The six basic connection models studied 

are shown as assemblies of 3D solid elements in Figure 5.3. Close-up views of the 

corresponding connection areas are shown in Figure 5.4. An exploded view of Figure 5.4-

A is shown in Fig. 5.5. In this figure, the meshes for the welded end-plate and stiffeners 

to the beam were made up of C3D8I elements, 8 node brick elements with the full 

integration and incompatible modes. These elements provide robust modeling for meshes 

with elements having large aspect ratios, leading to a considerable reduction in the 

number of elements and associated computational efficiencies. For all models, beam 

members also consisted of C3D8I elements. Figure 5.5 shows the component members 

made up of 3D solid elements. The bolts and bars were made up of C3D6 elements for 

the inner core and an outer layer of C3D8 elements as shown in Figures 5.5-A and 5.5-B 

respectively. The two element nodes located on the contact surfaces between the steel 

column and the interior concrete part had the same initial coordinate positions. Contact 

interaction with an initial clearance and direction was generated by using a gap element 

which connects two element nodes. Therefore, the nodal points of all elements located on 
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the inside steel column surfaces corresponded to those of all elements located on the 

inside concrete surfaces as shown in Figures 5.5-C and 5.5-D. CCFT columns welded to 

a rectangular shaped panel zone were modeled using C3D4 elements, a 4 node tetrahedral 

element. Clip angles and T-stubs were made up of layered C3D8 elements, an 8 node 

brick element, with the leading edge of the T-stub stem made up of layered C3D6 

elements, a 6 node wedge element.  
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The Inside Concrete The Steel Column
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Figure 5.1 Partitioned 3D solid models for the SMA PR-CFT connection 
(RCFT case) 

Figure 5.2 Partitioned 3D solid models for the SMA PR-CFT connection 
 (CCFT case) 
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Fig. 5.3-A

Fig. 5.3-B

Fig. 5.3-C

Fig. 5.3-D

Fig. 5.3-E

Fig. 5.3-F  
 

Fig. 5.4-A

Fig. 5.4-B

Fig. 5.4-C

Fig. 5.4-D

Fig. 5.4-E

Fig. 5.4-F  

Figure 5.3 3D solid elements for the PR-CFT connections 

Figure 5.4 3D solid elements for the connection 
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Fig. 5.5-A

Fig. 5.5-C Fig. 5.5-E

Fig. 5.5-B

Fig. 5.5-F

Fig. 5.5-D Fig. 5.5-G  
 

 

 

5.1.2 Material Properties 

The steel material properties for the component members were modeled after A572-

Gr.50 steel with fully nonlinear isotropic characteristics (Figure 5.6 and Table 5.1), while 

the bolt material properties for the bolts and nuts are modeled after A490 bolt material 

(Figure 5.7 and Table 5.2). The true stress-logarithmic strain curve from a tensile test was 

used to specify the plastic part of the isotropic material model for elastic-plastic material 

model that uses a von Mises yield surface. When defining the plastic material data in 

ABAQUS, the true stress and true plastic strain should be used as shown in Tables 5.1 

and 5.2. The plastic strain is obtained by subtracting the elastic strain, defined as the 

value of true stress divided by Young's modulus, from the value of total strain (See 

Figure 5.8). 

 

 

Figure 5.5 3D solid elements for the component members: (A) bolt, (B) bar (C) steel 
column (D) inside concrete (E) end-plate and steel beam (F) T-stub (G) clip angle) 
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Figure 5.6 Tensile stress-strain curves for A572-Gr. 50 Steel 

Table 5.1 ABAQUS Input value for A572-Gr.50 Steel 



 106

 

 

0

30

60

90

120

150

180

0 0.02 0.04 0.06 0.08 0.1

Normal Curve
True Curve

Strain

S
tre

ss
 (k

si
)

 
 

 

 

 

0.07137162

0.02459144.2

0.00872121.56

085.25

True Plastic StrainTrue Stress

0.07137162

0.02459144.2

0.00872121.56

085.25

True Plastic StrainTrue Stress

15085E=29000 ksi

FuFyHigh Strength Bolt (A490)

15085E=29000 ksi

FuFyHigh Strength Bolt (A490)

ABAQUS Input Value

Nominal Stress Value for Design

 
 

 

Figure 5.7 Tensile stress-strain curves for A490 bolts 

Table 5.2 ABAQUS Input value for A490 bolt 
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The constitutive models for confined concrete contain different stress-strain curves 

for tension and compression response. These models incorporated a damaged concrete 

plasticity option, one of the material managers available in ABAQUS (ABAQUS 2006). 

The concrete damaged plasticity model in ABAQUS takes advantage of concepts of 

isotropic damaged elasticity in combination with isotropic tensile and compressive 

plasticity to represent the inelastic behavior of concrete. It assumes that the main two 

failure mechanisms are tensile cracking and compressive crushing of the concrete 

material. This material model also provides a general capability for other quasi-brittle 

materials in all types of structures. It can be defined to be sensitive to the rate of 

straining. Therefore, a small time increment should be used in order to improve the 

convergence rate after the peak strength of the material property (ABAQUS 2006). The 

resulting typical stress-strain curves for the concrete material and the formulas involved 

with confined concrete are shown in Figure 5.9 and Table 5.3.  

In this research, an equivalent uniaxial constitutive model for concrete in tension 

suggested by Torres (Torres et al. 2004) was used. It is simple and easy to implement. In 

Figure 5.9, ctf  and ctε  indicate the mean values of the tensile strength and strain 

respectively. The slope of the loading is cE . This model depends only on the 

dimensionless coefficient 2α . This coefficient ranges from 1 to infinity.  

The material model for confined concrete subjected to an axial compressive force 

suggested by Hu (Hu et al. 2005) was also used. When concrete is subjected to laterally 

confining pressure due to the steel tube, the uniaxial compressive strength ( ccf ′ ) and the 

corresponding strain ( ccε ′ ) are much higher than those of unconfined concrete as shown in 

Figure 5.9. The theoretical equations proposed by Hu et al. are summarized in Table 5.3.  

The lateral confining effect pressure ( lf ) and the material degradation parameter ( 3k ) are 

affected by the shape of the CFT column section (RCFT or CCFT) and the axial load 

ratio (F/Fu). Therefore, the axial load ratio (F/Fu) and the shape of the CFT columns are 

significant parameters to determine the material constitutive models. For instance, the 

lateral confining pressure generally increases with increasing axial load ratio and with a 

decrease of the material degradation parameter. Material examples for RCFT and CCFT 

with F/Fu = 0.2 used in this research are illustrated in Figures 5.10 and 5.11 respectively. 
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Table 5.4 and Table 5.5 indicate the material input codes of the concrete damage 

plasticity for ABAQUS.  
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Figure 5.8 Decomposition of the total  
strain into elastic and plastic strain 

Figure 5.9 Equivalent stress-strain curve for 
concrete (Hu et al. 2005 and Torres et al.2004) 

Table 5.3 Summary of material constitutive models for confined concrete 
(Refer to Notation and Figure 5.9) 
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Figure 5.10 Stress-strain curve for confined concrete (RCFT) 

 Table 5.4 ABAQUS input values for concrete properties 
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The last set of material properties, those for the SMA bars, was generated from the 

material properties of super-elastic Nitinol specimens (DesRoches et al. 2004, 

Figure 5.11 Stress strain curve for confined concrete (CCFT) 

 Table 5.5 ABAQUS input values for concrete properties 
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McCormick 2006). Figure 5.12 shows a representative stress-strain curve for a 1 inch 

diameter SMA bar. These quasi-static tensile tests performed on Nitinol specimens 

provided the required information with respect to deformation under unequal cyclic 

loading.  The complex non-linear behavior shown by SMA materials was idealized as a 

multi-linear stress-strain in ABAQUS.   
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Figure 5.12 Tensile stress-strain curve for super-elastic SMA bar 
(DesRoches et. al. 2004) 
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5.1.3 Interface Conditions 

All interfaces between two contact surfaces were explicitly modeled. The general 

contact formulation used in ABAQUS involves a master-slave algorithm (ABAQUS 

2006). This formulation considers the interactions for surfaces that are in contact, 

interpenetrate or slip and imposes a constraint on the nodes of the slave surface in order 

not to penetrate the master surface (Citipitioglu et al. 2002). Surface interactions with a 

friction coefficient were defined as shown in Figure 5.13 and as below: 

 

End-Plate Connection – Contact surfaces between: 

• The underside of bar heads and end-plate surface surrounding the bolt holes (Surface 1) 

• The end-plate and the CFT column (Surface 2) 

• The bar shank and the hole surface in the CFT column wall (Surface 3) 

 

T-stub Connection – Contact surfaces between: 

• The underside of fastener heads (i.e. bar heads, shear bolt heads, and web bolt heads ) 

and the T-stub/shear tab surface surrounding the bolt holes (Surfaces 1, 2, and 3) 

• The T-stub flange and the CFT column (Surface 4) 

• The shear tab and the beam (Surface 5) 

• The T-stub stem and the beam (Surface 6) 

• The bar shank and the hole surface in the CFT column wall (Surface 7) 

• The shear bolt shank and the hole surface in the T-stub stem (Surface 8) 

• The web bolt shank and the hole surface in the beam web (Surface 9) 

 

Clip Angle Connection– Contact surfaces between: 

• The underside of fastener heads (i.e. bar heads, shear bolt heads, and web bolt heads ) 

and the clip angle/shear tab surface surrounding the bolt holes (Surface 1, 2, and 3) 

• The clip angle flange and the CFT column (Surface 4) 

• The shear tap and the beam (Surface 5) 

• The clip angle leg and the beam (Surface 6) 

• The bar shank and the hole surface in the CFT column wall (Surface 7) 
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• The shear bolt shank and the hole surface in the clip angle leg (Surface 8) 

• The web bolt shank and the hole surface in the beam web (Surface 9) 

 

Surface 1 :

U=0.33

Surface 3 : 

Frictionless Condition 

Surface 2 :

u=0.23

Surface 1,2,3 :

U=0.33

Surface 4,5,6 :

u=0.23

Surface 7,8,9 : 

Frictionless Condition 

Surface 1,2,3 :

U=0.33
Surface 7,8,9 : 

Frictionless Condition 

Surface 4,5,6 :

u=0.23

(a) End-plate connection (b) T-stub connection (c) Clip angle connection  
 

 

The contact behavior at the interface between the steel column surface and the 

interior concrete core was modeled with gap elements. They were defined by specifying 

two nodes with an initial separation clearance (h) and a contact normal direction (n) as 

shown in Figure 5.14. The generation of the gap elements benefited from the input file 

based option in ABAQUS. Microsoft Excel worksheets were used to generate the 

connections between two nodes having the same coordinate position on the interface. 

Two different kinds of gap elements, classified according to the contact situation, were 

used. GAPUNI elements modeled contact between two nodes when the contact direction 

was fixed in space. For instance, GAPUNI elements were used to model the contact 

between two flat planes as shown in Figure 5.14 (a). GAPCYL elements modeled contact 

between two nodes when the contact direction was orthogonal to an axis. For instance, 

GAPCYL elements were used to model the contact between two circular tubes. As a 

consequence, the separation and force between the gap elements was provided as an 

output.  While gap elements are defined along the normal direction, surface interactions 

Figure 5.13 Surface interactions with friction coefficient 
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with a friction coefficient are defined along the shear direction in order to generate the 

real surface condition between steel and concrete interface. The values of the coefficient 

of friction were taken as 0.3. The interface conditions are depicted in Figure 5.14 (c).  

 

n

h1

2
(a) GAPUNI Elements

(b) GAPCYL Elements

n

h

 

Concrete

Steel

Concrete

Steel

Surface 
Interaction

Gap Element

(c) The Interface Conditions between Steel and Concrete  
 

 

 

Figure 5.14 Contact interactions between steel and concrete 
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5.1.4 Special Conditions 

Crushing of the interior concrete generally localizes in areas under high compressive 

stresses, such as the bearing surface between the undersides of the bar heads and the 

bottom flange of the beam. Concrete cracking occurs in the opposite faces to the crushing 

ones due to tensile strains. The current release of ABAQUS Version 6.6-1 contains 

modeling options for fracture mechanics analysis. This modeling method requires several 

fracture specific tools which include those for creating seam cracks, selecting the crack 

front lines, crack directions, and defining singularities (See Figure 5.15). These fracture 

tools are usually created in order to estimate a contour integral for a J-integral type or 

stress intensity factor. The usage of these tools in this research was limited to some 

crushing areas on the grounds that (a) the interior concrete cracking has a negligible 

effect on the total behavior of the composite connection and (b) fracture analysis required 

a considerable amount of computational cost and can result in numerical instabilities. It 

should be noted in this research that the crushing state could be modeled using the pre-

cleavage condition by the “Seem Crack” method available in ABAQUS program.  

 

Crushing 
Modeling

Equation Points for DOF’s

 
 

 

 

In some FE models, the slender beam exhibited extensive distortion when subjected 

to large displacements at its tip. These distortions made the analysis stop as convergence 

could not be achieved (i.e. incomplete full step). Multi-linear constraint equations were 

Figure 5.15 Modeling method for concrete cracks (Left) 

Figure 5.16 Multi-linear constraint equation points (Right) 
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used to constrain degree of freedoms (DOF) in the beams to diminish this distortion. 

Each constraint equation point required a linear combination of nodal variables which 

was set equal to zero. Figure 5.16 shows the multi-linear constraint equation points 

introduced at the top of a beam flange.  

 

5.1.5 Initial Conditions 

Half of PR-CFT connection was modeled by using symmetry about the centerline of 

the web, CFT column, and other components. The half models satisfy the precondition 

that both geometric configurations and loads were perfectly symmetric about the 

boundary plane. The “type” boundary condition available in ABAQUS/CAE was 

specified instead of constraining individual degrees of freedom. An example of 

symmetric boundary conditions for the half model is shown in Figure 5.17. A prescribing 

boundary condition of type XSYMM to the symmetric plane represents the surface on a 

plane of symmetry normal to the X Axis. This boundary condition is identical to 

prescribing a boundary condition using the direct format to degrees of freedom 1, 5, and 

6 in the symmetric plane since symmetry about a plane X=constant indicates u=0, Ry=0 , 

and Rz=0. 

The models were loaded in two steps. The first step was used to pretension the bolts 

while the second step was used to apply the main load with the propagation of the bolt 

pretension. Great care was taken to attempt model the bolt behavior correctly, including 

the oversized bolt holes. The all bolts were pre-tensioned by applying an adjustment 

length/displacement to the center of the bolt shank as shown in Figure 5.18. The direction 

of the pretension force was taken as the normal axis to the loading surface. The 

prescribed bolt displacements were calculated by assuming that bolts remain elastic with 

the axial pretension. In ABAQUS, the prescribed bolt displacement can be converted into 

the pretension force using the ‘History Output” tool.  

 

5.1.6 Loading  

The second step was used to apply the external displacement. For static loading cases, 

the load was generated by imposing a support displacement to the tip of the beam as 

shown in Figure 5.19. A displacement-type boundary condition was used to apply a 
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prescribed displacement magnitude of -10.0” in the Z direction to the middle of the beam 

tip. The postprocessor in ABAQUS automatically calculated the equivalent forces foe 

each displacement step. The force-displacement response of the connections was changed 

into a corresponding moment-rotation response using the equations for the “instruments” 

described in the previous chapter.  
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Figure 5.17 Symmetry boundary conditions for half model (Left) 

Figure 5.18 Initial pretension force in bars and bolts (Right) 

Figure 5.19 Application of the load (end displacement) 
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5.1.7 Steps and Solution 

A sequence of one or more analysis steps had to be defined for each FE model. As 

noted above, two time steps were required to analyze the bolted connection models with 

the time increments. This approach was generally used for stable problems and can 

include linear or nonlinear response but without inertia effects. Multiple analysis steps 

can be assigned during the analysis as shown in Figure 5.20. For each step in the analysis, 

the step manager indicates whether the FE model will account for geometric nonlinear 

effects due to large deformation with the setting of Nlgeom parameter. The initial step 

was used to define boundary conditions, predefined fields, and interactions which are 

applicable at the beginning of the analysis. 

 

 
 

 
 

 

After the initial step, several steps were lumped into step 1 to introduce the pretension 

in the bolts (Figure 5.21). The contact interaction calculations generally converged 

successfully within the maximum number of allowed iterations, typically taken as 12.  

Figure 5.20 Basic step manager 

Figure 5.21 Load manager for bolt pretensions incorporated with time steps 
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Figure 5.22 shows the analysis solution and control for the computations associated with 

the step manager.  Given the many options available in ABAQUS, this section only 

highlights some of the most important parameters used.  It is felt that this is sufficient to 

clearly state the procedures followed and allow reproduction of the analyses. 

 

 
 

 

5.1.8 Comparison and Substitution Models 

Extra models were generated to carry out parametric studies to investigate the effect 

of geometric variables. Figure 5.23 shows the first comparison models, divided into 

concrete-filled (CFT) and hollow steel tube column models. From the results of these 

studies it was possible to clarify the yielding and failure mechanisms influenced by the 

presence of concrete in the columns and assess quantitatively the importance of the 

concrete filling. Figure 5.24 shows another comparison case used to investigate the effect 

Figure 5.22 Solution and control for the computation associated with step manager 
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of the clearance distance between the beam and T-stub flange surfaces. This geometric 

parameter was found to have an influence on the slip and energy dissipation in the T-stub 

connection models (See Section 5.2.1).  

 

(a) The PR-CFT connection with a CFT column (b) The PR-CFT connection with a hollow steel tube column  
 

(a) T-stub connection with the 0.25” clearance 
(Typical Model)

(b) T-stub connection without the clearance

 

Figure 5.23 Comparison models to investigate the effect of concrete filling 

Figure 5.24 Comparison models to investigate the effect of clearance distance 
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Elastic foundations were modeled by defining the elastic foundation stiffness per unit 

area of the selected surface as shown in Figure 5.25. The foundation surfaces were only 

utilized in the bearing area which received most of external force transferred from the 

beam flange. Use of elastic foundations elements allowed reasonable modeling of 

behavior in areas of high stress (contact between the concrete and steel in the column 

directly apposite the beam flange) and avoided numerical convergence difficulties due to 

high contact compressive strains in the surface between the concrete filling and the 

hollow steel tube. The unit area stiffness can be determined from a simple simulation for 

a concrete specimen with a unit area as shown in Figure 5.26. Elastic foundation 

interactions were created in the initial step. 
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Figure 5.26 Load-deflection curve for confined concrete under compression 

Figure 5.25 Elastic foundation model for the CFT column model 
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5.2 FE Test Results 

As noted before, besides the full connection models with the CFT column, additional 

models with the hollow steel section column were modeled in order to investigate the 

effect of the confined concrete. This study employs the modeling combinations shown in 

Table 5.6. FE experiments were performed on 18 full connection models. The 

constitutive model for the confined concrete was the previously described concrete 

damaged plasticity one. It can provide accurate stress distributions, account for the weak 

tensile strength of concrete, and give realistic results for panel zone behavior. However, it 

results in numerical convergence problems, large memory space demands, and excessive 

running time. As above mentioned, a properly calibrated elastic foundation model avoids 

these problems. Comparisons for both models are shown in Table 5.7. A brief summary 

of the FE test results is described in this section. 
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AccurateA little depend on Elastic Stiffness 
(Accurate)

Accurate (Total Deformation)

Ave. 3 GB (Max. 5.6 GB)Less than 1 GBSave Memory (OBD)

Very difficult to arrive at nonlinear rangeEasier to arrive at nonlinear rangeNonlinear Range

Good Not Good! (Much Stiffer)Panel Zone Behavior
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Concrete Damage Plasticity ModelFoundation ModelComparison Item
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Table 5.6 FE model cases for full PR connections  

Table 5.7 Comparisons between foundation models and concrete models  
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5.2.1 Behavior Curves for All Connection Models 

Bending forces are the main contributor to deformations for most FR and PR 

connections. Thus the main aspects of connection behavior (strength, ductility, and 

stiffness) can be represented by a moment-rotation (M-θ) curve. For these FE studies, the 

moment-rotation response of the connections can be calculated by measuring the total 

applied force-displacement at the tip of beam (See Appendix C). Understanding of the 

moment-rotation curve for a given connection is a precondition to grasp the mechanisms 

controlling connection performance.  

The load-displacement behavior at the beam end and the M-θ behavior at the 

connection for three variations of the end-plate connections is depicted in Figure 5.27.  

The figures compare the behavior of a connection to a circular (C) and rectangular (R) 

column, with the column being either steel (H), concrete filled (CFT) and the connection 

using foundation springs (prefix F) or the damaged concrete plasticity model (no prefix).   

The behavior is basically bilinear, with the yield transition point reflecting yielding of a 

connection component: a beam flange, tension bars or the end-plate itself.   The load-

displacement and moment-rotation curves have very similar shape, indicating the 

dominance of bending effects.  

As far as strength is concerned, connection models with the CFT column show about 

twice the strength as those with the hollow section column. This implies that the interior 

concrete can prevent local buckling and yielding of the tube wall under the bar heads. 

This additional strength and stiffness allows the tension bars to reach their full capacity. 

For these connections, the absence of any shear faying surface results in no evidence of 

slip in the moment-rotational curves. Models with foundation springs (prefix F) show 

almost identical behavior to the ones using concrete damage plasticity models, but the 

calculation proceeds for a longer time (displacement) for the former. This implies that 

most of the deformation stems from tensile deformations of the bars rather than panel 

zone shear deformations for connections with CFT columns.  

Similar curves for T-stub connections are depicted in Figure 5.28.  These compare the 

behavior of the hollow columns with and without a 0.25 in. clearance in Fig. 5.28(a) and 

(b).  The existence of the shear faying surface generates a horizontal offset (slip distance) 

in both the load-displacement and M-θ curves and leads to an increase in deformation 
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and energy absorption capacity. The friction coefficient is the most significant parameter 

in determining the strength at which slip occurs (Fig. 5.28(c)). The slip strength for all T-

stub connection models is similar because the same friction coefficient was used. The 

small discrepancy about slip strength levels can be found between connection with RCFT 

column and that with CCFT column. It is caused because the condition of mesh 

generation between the master-slave surface interfaces is slightly different. Slippage of 

bolted components gives rise to a temporary loss of stiffness that acts as a fuse, limiting 

the force input (See Figure 5.28 (d)). Connection models with the CFT column show 

slightly higher strength than those with a hollow tube section column. 

 The yielding of the T-stubs stems is the major component contributing to the 

connection behavior. In addition, for the cases of thin stems a net section failure is likely 

before either local buckling in the beam or tension bar yielding and hardening are 

reached.  

The curves for clip angle connections are depicted in Figure 5.29. This connection 

also includes a slip mechanism. The difference in capacity between the connection with 

or without interior concrete is a product of different failure modes. For the CFTs, the 

interior concrete prevents local buckling, and the full capacity of the tension bars and 

thick clip angle-can be utilized.  

To summarize these results, the behavior curves for all connection models with CFT 

columns are compared in Figure 5.30. The smallest capacity corresponds to the clip angle 

connection, with the smallest ultimate strength and a very low stiffness. Although the T-

stub connections use the same number of tension bars as the end-plate connections, the 

strength of the T-stub connection is controlled by the strength of the T-stub stem. The 

classification of the connection types based on the moment-rotation curves will be 

described in the next section. 
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(a) End-plate connection with the hollow section column
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(b) End-plate connection with the RCFT column  
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Figure 5.27 Non-linear behavior of end-plate connections 
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(a) T-stub connection with the rectangular hollow tube section column  
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(b) T-stub connection with the circular hollow tube section column  
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Figure 5.28 Non-linear behavior of the T-stub connections 

Figure 5.29 Non-linear behavior of the clip angle connection 
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5.2.2 Strength of Tension Bars 

Tension bars are the main force transfer component in these connections. Shear and 

bending moment are assumed not to significantly affect the deformation of tension bars 

and their effect on the bar performance are also ignored during the design and hand 

analysis.  

Force-deformation curves for tension bars in end-plate connections are shown in 

Figure 5.31. In these graphs, the values marked as Byield (exp) correspond to the expected 

yield strength of the bars based on the assumed material properties and the nominal size 

of the bars. The behavior of tension bars is highly dependent on the material properties 

and mimics the behavior of a tensile coupon.  In these connections, SMA bars should be 

placed on the bolt holes farthest from the centerline of beam in order to take advantage of 

their shape memory effect. The forces do not start at zero because the bolts are 

pretensioned and highly stressed at this point. This connection type was designed to 

utilize the full plastic capacity of tension bars, and the curves show good agreement with 

this anticipated behavior.  

 

Figure 5.30 Comparisons of behavior for all connection models with the CFT column 
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Force-deformation curves for tension bars in T-stub connections are shown in the 

Figure 5.32. The behavior of the bars is almost entirely elastic (i.e. not reaching the 

expected yield force of 67 kips) because most of the deformation is produced by yielding 

in the thin T-stub stem. It will be verified by the observation of the force and deformation 

mechanism for T-stub component at section 5.3.2.  

Finally, force-deformation curves for tension bars in the clip angle connections are 

shown in the Figure 5.33. The large deformations in the angle legs due to their relative 

flexibility with respect to the end plate and T-stub connections results in a large 

difference between the behavior of the tension bars in the connection and a typical 

coupon test. 

 

Figure 5.31 Force and deformation in the tension bars (End-plate connections) 
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Figure 5.32 Force and deformation in the tension bars (T-stub connections) 

Figure 5.33 Force and deformation in the tension bars (Clip angle connections) 
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5.2.3 Analyses of Stress Distribution  

The areas of stress concentration, likely failure modes and dominant force transfer 

paths can be gleaned from the stress distributions at the connection. Three parts will be 

discussed: (1) the steel component (wall of the tube, flanges and stems of steel sections), 

(2) tension bar, and (3) interior concrete. To facilitate comparison, each part uses the 

same stress contours based on the used material property (See Figure 5.34).  

 

Von- Mises Stress

(Bar Members)
Von- Mises Stress

(Gr.50 Steel Members)
Von- Mises Stress

(Confined Concrete)

 
 

First, the stress distributions on the steel components at the final displacement (time) 

step are shown in Figures 5.35 to 5.37.  Large stress concentration underneath the tension 

bars, excessive deformation, and high stresses in the panel zone (PZ) can be observed in 

the connections with hollow tube columns. For end-plate connections, a distinctively high 

stress distribution in the beam can be found on those models with the CFT columns 

because of the higher applied force.  This implies that the interior concrete effectively 

limits excessive deformations of the PZ, increases the connection strength capacity and 

leads to yielding of the beam.  This is the preferred mechanism envisioned in the design 

of end plates. 

All T-stub connection cases show high stresses concentrated in the thin T-stem plate.  

Because this yielding/failure mode is common to all cases, they all show similar ultimate 

strength values. For the clip angle connections, significant deformations of the angle legs 

are clear at ultimate. This is the controlling mechanism for these connections with typical 

moderately thin angles. In this research angles much thicker than those typically used are 

utilized. These thick angle connections exhibit higher strength and significantly larger 

stiffness than typical angle connections.  

Figure 5.34 Stress contour levels for each material 
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Figure 5.35 Stress distributions for the end-plate connections at ultimate 

Figure 5.36 Stress distributions for the T-stub connections at ultimate 



 133

T=18 kip

M=3180kip-in

T=18 kip

M=3180kip-in

T=21 kip

M=3820ip-in

T=15 kip

M=2720kip-in

T=19 kip

M=3400kip-in

T=56 kip

M=3400kip-in

T=15 kip

M=2720kip-in

T=21 kip

M=3820kip-in

(a) Clip Angle with RH (b) Clip Angle with RCFT (c) Clip Angle with CH (d) Clip Angle with CCFT  
 

Second, the stress distributions for the tension bars are shown in Figures 5.38 to 5.40. 

A linear gradient of the stress distribution over the cross section due to the bending effect 

can be observed near the bar head. The bending effect is small in comparison with the 

axial effect. This effect is important if the stresses in the bars are near yield, as that will 

lead to localized yielding and possible stress concentrations.  This effect is highly 

dependent on the stiffness of the steel components on which the bolts bear. For end-plate 

and clip angle connections, the interior concrete acts as a stiffener and reduces the rigid 

body motion for tension bars by preventing the local buckling around the high bearing 

bar head, so they can be stretched into the plastic range. On the other hand, tension bars 

for all T-stub connections, even those cases with CFT columns, show an elastic stress 

state because the tension bars are designed to resist an axial force much greater than can 

be generated by yielding of the thin T-stub stem.  

Finally, stress distributions in the concrete are shown in Figure 5.41. Higher stresses 

are concentrated on the bearing areas, such as underneath of tension bars and the contact 

of the beam flange. Crushing due to high compression occurs at some bolt holes.  

Figure 5.37 Stress distributions for the clip angle connections at ultimate 
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Figure 5.38 Stress distributions for tension bars of end-plate connections at ultimate 

Figure 5.39 Stress distributions for tension bars of T-stub connections at ultimate 
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Figure 5.40 Stress distributions for tension bars of clip angle connections at ultimate 
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5.3 Observations of Monotonic Behavior 

For the purpose of these discussions, the total applied force (T) at the tip of beam is 

converted into a concentrated moment using a first order approximation (M=TL). This 

bending moment is transmitted to the connection as the converted axial forces (M=Pd).  

 

5.3.1 End-Plate Connections 
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The force resisting mechanism for an end-plate connections and associated 

deformations are shown in Figure 5.42 for two connections at their ultimate load. The 

converted axial forces consist of tension forces above the centerline of beam and 

compression forces below the centerline of beam when the total applied force (T) acts in 

the gravity direction. The tension force corresponds to the summation of bar reaction 

forces (B), while the compression force corresponds to the bearing force of the beam 

Figure 5.42  Reaction force and deformation for end-plate connections subjected to 

the maximum force (T) at the tip of beam
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flange against the column face.  The prying force (Q) acting on the contact between end-

plate and column surface is negligible as compared to the other forces.  

The PZ behavior of the end-plate connections is shown in Figure 5.43. The detailed 

calculation procedures for developing these graphs are illustrated in Appendix C. The 

converted axial force deforms the panel zone. The yield strength at the PZ can be 

calculated by using Wu’s equations (Wu, 2007) which consider the stiffness loss due to 

bolt holes. For this case, those equations predict shear yielding in the panel zone at a 

shear of about 1630 and 2060 kips for the RCFT and CCFT connections, respectively.  

The panel zones remained in the elastic range even under the ultimate applied loading 

and showed a substantial stiffness. 
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The bar force and deformation are the major contributing parameters to connection 

performance. Relative separation of the end-plate from the column face was estimated by 

subtracting the PZ deformation at the “P2” point (See Figure 4.10) from the displacement 

of the bar head (Figure 5.44).  This separation for the tension bars (ranging from bar 

number 1 (B1) to bar number 4 (B4)) appears to be fairly linear, indicating that the end-

plate is basically a rigid plate as assumed in design. While the maximum separation 

distance is observed at bar number 1 (B1), the maximum bearing effect is observed in bar 

number 7 (B7). Foundation spring models show more bar uplift (30%), less penetration, 

and a more linear distribution of uplift that than the detailed (damaged concrete plasticity 

Figure 5.43 Panel zone behavior of the end-plate connections 



 139

models) models.  The more reasonable distribution of the displacements found from the 

models with the foundation strings was a powerful motivator for selecting this option for 

most analyses. 
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Forces in the tension bars for the end-plate connections are shown in Figure 5.45. As 

the total applied force increase, the reaction force in the SMA and steel bars subjected to 

the tension (i.e. from B1 to B5) also increases. Note that only a very slight amount of 

precompression was present at the beginning of the load history.  The bars were not 

intended to mimic the typical fully-tightened bolt situation, in which the initial pretension 

would be much higher (close to yield).   

Figure 5.44 Measurement of end-plate uplift displacement at location of 
tension bars 
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The relative elevation of the tension bars aligned above the centerline show the linear 

slope at each loading step. It is cased by the rigid end-plate effect due to the thick 

thickness of end-plate component. Though the axial force is increasing, the bearing 

causes the bars aligned below the centerline (except for B5) to reduce the bar force to a 

value lower than the initial pretension force. The B7 bars shows the maximum bearing 

effect as given in Figure 5.44, so the moment arm distance (hi) is taken from this position.  

The internal moment can be computed by the summation of bar reaction force times its 

moment arm distance.  
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Figure 5.45 Reaction force of tension bars in the end-plate connections 

Figure 5.46 Bar prying response for end-plate connections 
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The prying response for the bars in the end-plate connections is shown in Figure 5.46. 

At the beginning of the loading step, the summation of bar reaction forces, except for 

tension bars under the bearing area, corresponds to the summation of the converted axial 

force and prying force (ΣBi = P+Q). However, the effect of prying force is negligible 

after the force in the tension bars exceeds their yield force. Without the initial pretension 

of tension bars, the summation of bar reaction force is equal to the converted axial force 

(ΣBi = P). 

This bar prying response has an influence on both the external moment (M=TL) and 

the internal moment (M = ΣBihi). Comparisons between the external moment and the 

internal moments are given in Table 5.8. The prying forces causes the slightly difference 

shown in the table between the two moments.  
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Table 5.8 Comparisons between external moment and internal moment including 

prying response (End-plate connection) 
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5.3.2 T-Stub Connections 

The forces and deformations for two T-stub connections are shown in Figure 5.47.  
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T-stub connections were designed with four bars on each row. Bars at the same height 

show almost identical behavior as shown in Figure 5.48, so tension bars aligned on the 

same row can be modeled as one equivalent bar by using the parallel system.  
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Figure 5.47 Reaction force and deformation for T-stub connections subjected to 

the maximum force (T) at the tip of beam 
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The force and deformation of T-stub connection components are given in Figure 5.49. 

The behavior of the T-stub located above the centerline and subjected to the tension force 

is depicted on the domain with both positive axes, while that of T-stub located below the 

centerline subjected to the bearing force is depicted on the domain with both negative 

axes. The shear bolts are perfectly aligned in the center of the bolt holes and these bolt 

holes are drilled 1/16” larger than the diameter of the shear bolts. The plateau shown in 

Figure 5.49 (b) indicates the slip along this tolerance distance until the shanks of the 

shear bolts contact the edge of the bolt holes. At the end of the plateau, the slope 

increases again due to the effect of bearing. Generally, the slip behavior is symmetrical 

and the bearing effect is dominant in the T-stub below the centerline of the beam (See 

Figure 5.49 (b) and Figure 5.49 (c)). The total displacement for the components shown in 

Figure 5.49 (a) is mostly the result of the addition of the slip distance (Figure 5.49 (b)) 

and T-stub deformation (Figure 5.49 (c)); These two components are in series and their 

contributions are directly additive. The PZ behavior shown in Figure 5.49 (d) indicates 

that the T-stub connection with CCFT column has a steeper initial slope than that with 

RCFT column because of the larger size of that PZ.  

The T-stub connection share the same trends for the bar force and prying response as 

the end-plate models (See Figures 5.50 and5.51 and Table 5.9). 

 

 

Figure 5.48 Bar alignment position and bar uplift displacement 
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Figure 5.49 Force and deformation of T-stub connection components 
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Figure 5.50 Reaction force in tension bars of the T-stub connections 
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Figure 5.51 Bar prying response for the end-plate connections 

Table 5.9 Comparisons between external moment and internal moment including prying 

response (T-stub connection case)
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5.3.3 Clip Angle Connections 

The forces and deformations for two clip angle connections are shown in Figure 5.52. 

The maximum bearing point occurs near the middle of the clip leg thickness. Forces and 

deformations for the components are given in Figure 5.53. The behavioral characteristics 

of clip angle connections have much in common with those of T-stub connections.  

The forces in the bars and bar prying response for the clip angle connection are given 

in Figure 5.54. At the beginning of the loading step (P1), the effect of prying response 

due to the initial pretension is dominant. The prying force is negligible and the 

summation of the bar reaction forces is corresponding to the applied axial force (ΣBi = P) 

at the P2 loading.  

After these points (P3 and P4), the axial force is larger than the summation of bar 

forces in order to keep the equilibrium as the tension bars are aligned in only one row 

above the beam flange. Comparisons between external moment and internal moment 

including prying response are given in Table 5.10.  
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Figure 5.52 Reaction force and deformation for clip angle connections subjected to  
the maximum force (T) at the tip of beam 
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Figure 5.54 Bar prying response of the clip angle connection 

Figure 5.53 Force and deformation of clip angle connection components 

Table 5.10 Comparisons between external moment and internal moment including 

prying response (Clip angle connection case) 
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The failure modes and pictures listed on Figure 4.9 for all three connections will be 

investigated in this section. As the moment increases, the stresses were monitored at the 

measuring points given in Figures 4.14 to 4.16.  

 

5.4 Observations of Failure Modes 

 

5.4.1 Basic Concepts 

Both the ultimate strength and the rotational capacity of the connections are related to 

complex failure modes that combine several basic mechanisms. However, the design 

procedures are governed by a single idealized failure mode. Based on the results of the 

numerical analyses, the ideal connection design is one in which the design strength is 

governed by the yielding of the beam, followed by the yielding of other component 

members, and finally by the fracture at very large deformations. This situation will 

provide the extra strength to resist the unpredictable seismic demands and the balanced 

behavior to maximize the deformation capacity after first yielding occurs.  

As far as strength is concerned, connections are classified as either full strength (FS) 

or partial strength (PS) depending on whether they can transmit the full plastic moment 

(Mp,beam) of the beam. FS connections take advantage of the ideal yielding mode of beam 

hinging. The classification and moment-rotation curves for all connection models is 

shown in Figure 5.55.  The nomenclature and basis for this classification are given in 

Chapter 1. The plastic rotation is obtained by subtracting the elastic rotation from the 

total rotation (See Appendix C). The design strength of all connection models was based 

on the full plastic moment of the beam. However, the connection models with the hollow 

tube section column did not exceed the full plastic moment due to local buckling. For 

some models with CFT columns, the analysis stopped before reaching the full plastic 

moment because of numerical problems with the concrete model. The column 
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deformation underneath bar heads subjected to the largest bearing force was measured in 

order to check crippling as shown in Figure 5.56.  Note the large difference in the vertical 

scales (a factor of 8) in Figure 5.56.  Excessive deformations of the hollow section tube 

column degrade the ultimate strength capacity.  
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Figure 5.55 Plastic moment and rotation curves for the connections 

Figure 5.56 Investigation of local buckling from deformation measurements 
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5.4.2 Classifications of Failure Modes 

The Von-Mises stress at the column surface, steel tension bars, SMA tension bars, 

angle, plate, and beam were measured and are given in Figures 5.57 to 5.59. In Figures 

5.57 to 5.59, limit states domains calculated from simplified assumptions are also shown,  

The domains are ductile, mixed, or brittle according to whether the yield or ultimate 

resistance are reached.   

For example, in case of the end-plate connection with the RH column (Figure 5.57 

(a)), the stress on the column surface (PS1, see Fig. 4.14) exceeded the yield stress well 

before the external moment reached the full plastic moment of the beam. This indicates a 

large local bending strain in the column flange due to the bearing from the bar; the lack 

of the concrete filling to prevent this behavior mode results in a premature failure (i.e. 

inability to reach Mp,beam as shown in Fig. 5.57(a)). While, stresses on the steel tension 

bars (BS3 point) and beam (GS1 point) are still elastic and below the full plastic moment 

of the beam at the ultimate loading step. Therefore, the dominant failure mode of the end-

plate connection with RH columns is defined as a mixed failure mode occurring at the 

panel zone (Refer to Figure 4.9 (a)). 

For the end-plate connection with F-CFT column as another example, its Von-Mises 

stress on the column surface (PS1 point) did not enter the mixed domain at the ultimate 

loading step and finally enter the ductile domain determined by the beam yielding (See 

Figure 5.57 (a)). It also avoids passing the brittle domain of tension bars and enters the 

ductile domain as shown in Figure 5.57 (b) and (c). Therefore, the end-plate connections 

with F-RCFT column include the ductile failure mode which is one of the ideal failure 

modes. 

This methodology to determine the dominant failure mode can be applied to other 

connection models. In case of the connections with the hollow tube column, the stresses 

on the column surface only enter the mixed domain as shown in Figure 5.58 (e) and 

Figure 5.59 (c). However, the connections with either RCFT/CCFT column or F-

RCFT/F-CCFT column include the stress path on the ductile failure domain or on the 

closest point to the limit state.  
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Figure 5.57 Failure modes for end-plate connections based on the stresses 
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Figure 5.58 Failure modes for T-stub connections based on the stresses 
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Figure 5.59 Failure modes for clip angle connections based on the stresses 
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5.5 Summary and Discussion 

This chapter discussed the detailed FE analytical models and their results.  The 

detailed modeling procedures were described in Section 5.1. The advanced modeling 

methods, such as the refined 3D elements, material models based on the 3D plasticity 

theory, initial pretension, and contact interaction contribute to producing behavior close 

to that of the real connection. This research depends on numerical “experiments” because 

of the absence of real test data. Through the FE “tests”, information on innovative 

structure performance can be obtained economically and efficiently as compared to a real 

experiment.  The key is to have good information on component behavior and robust 

modeling.   

The results of FE tests were described in Section 5.2. The connection models were 

investigated in terms of their moment vs. rotation behavior (See Figure 5.30). These 

curves reflect the strength, stiffness and deformation capacity of the connection. 

Extended end-plate connections have the largest strength. The existence of shear faying 

surface causes T-stub and clip angle connection to slip, resulting in lower stiffness but 

equal or greater deformation capacity.  

Force and deformation of components were described in Section 5.3. This 

measurement provides data to calibrate the simplified stiffness models composed of 

spring elements that will be used in the next chapter.  

The occurrence of yielding/failure modes was determined by the observation of the 

stresses at key measurement points. The methodology to decide the dominant failure 

mode was described in Section 5.4. All connection models were designed with the design 

strength based on the full plastic moment capacity of the beam in order to induce the 

ductile failure mode. This basic design axiom is supported by the measured stresses and 

strains.   
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Chapter 6 
 

Connection Modeling under Cyclic Loads 
 

This chapter will investigate analytically the cyclic behavior of the beam-to-column 

connections to CFT columns proposed in this research. Sections ranging from HSS 

12X12X500 to 16X16X500 (RCFT) and from HSS14X500 to HSS18X500 (CCFT) were 

used in the studies. Based on the observations of the 3D refined FE models subjected to 

monotonic loads and presented in Chapter 5, simple beam-to-column joint models for the 

PR-CFT connections were constructed with the nonlinear finite element (FE) program 

OpenSEES (OpenSEES v. 1.7.3, 2006). These joint models are appropriate for use in 2D 

frame simulations to estimate the inelastic response of both connections and frames under 

cyclic loading. The primary objective is the development and implementation of 

simplified, numerically efficient, and robust joint models reflecting the real connection 

behavior.  

This chapter will be divided as follows. The detailed modeling procedures for spring 

elements, including the inelastic response of the connection components, are described 

first (Section 6.1). A joint model is then constructed, consisting of components defined as 

spring elements. This assemblage of springs can then be modeled as a joint element in the 

nonlinear FE analyses of entire frames (Section 6.2). The results of cyclic analyses are 

shown next in and compared with those of selected experiments to verify the validity of 

the models (Section 6.3.). The next section describes parametric studies aimed at 

assessing the impact of the number of SMA tension bars (Section 6.4). Finally, a 

summary and conclusions of this chapter are presented (Section 6.5).   

 

6.1 Joint Model 

A frame structure should provide adequate stiffness, strength, and energy dissipation 

capacity to withstand the lateral as well as gravity loads.  This must be achieved within 

allowable limits of deformation and strength. The dynamic random seismic inertial forces 

introduced into a building by an earthquake can be converted into the equivalent lateral 

loads for design. This approach accounts for seismic zoning, site characteristics, and 
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structural system and configuration at a level suitable for the preliminary sizing of 

structural members. Figure 6.1 shows the deformed shape for a typical moment frame 

building and corresponding beam-column sub-assemblage under moderate to severe 

earthquake loading. Typically, the members are deformed in double curvature and the 

joints by shear as lateral loads dominate. In addition, the first mode is assumed to 

dominate behavior; higher modes are ignored in design.  The modeling described in this 

chapter is meant to develop connection models that will speed up the non-linear analyses 

of frames subjected to this type of deformation pattern.  

 

EQ Load

Lateral Load

(a) The load distribution of the frame building  

Cruciform Connection 
(Double Curvature)

M

M

(b) The deformed configuration under the seismic load

An idealization of the moment 
distribution

 
Figure 6.1 Load distribution and deformed configuration of the frame building 
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6.1.1 Joint Model of the End-Plate Connection 

Figure 6.2 show the proposed 2 dimensional idealization for a simplified joint model 

for an end-plate connection. The connection components designed to yield, such as 

tension bars and the CFT panel zone, are converted into equivalent spring elements. The 

end-plate, which is designed as a rigid plate, is shown as rigid elements. Detail 

explanations on the assemblage of the joint models will be given in Section 6.2.  

 

B
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C

A1A2

B2
B3
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B5
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B7
B8

DD2 D1

E2

E1

E

F

G

A3

B9

(a) The end-plate connection detail (b) The idealized simple joint model  
 

Figure 6.3 show the idealized force distribution at the perimeter of the joint for an 

end-plate connection subjected to seismic loads. Generally, the beam develops its flexural 

strength (i.e. plastic hinging) while the column carries the axial gravity loads elastically. 

These internal member forces are shown as equivalent concentrated forces acting on the 

joint (blue arrows in Figure 6.3 (a)). The internal reactions in the connection components 

act against these external forces (green arrows in Figure 6.3 (b)) in order to satisfy 

equilibrium.  

The response of the joint element under the shear deformations resulting from the 

bending forces in the framing members is shown in Figure 6.4. It is deformed in a 

scissors-line manner. The internal tension loads are carried by tension bars, which 

correspond to the top springs on the right side of the connection as shown in Figure 6.4 

(a). On the other hand, the internal compression loads resulting from the bearing forces 

Figure 6.2 Idealized joint model of the end-plate connection 
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between the beam flange and the CFT column surface are transferred to the springs on 

the bottom right. The bars inside the compression zone do not make a significant 

contribution to the response mechanism of the joint model as shown in Figures 5.42 and 

6.4. The end-plate is assumed to behave as a rigid plate, resulting in a linear strain 

pivoting about the center of bearing. The latter is determined from the advanced 3D 

analyses.  For end plates, it tends to be lower than shown in the sketch.  

 

(a) Idealized loading distribution at the PZ (b) Idealized loading distribution at the joint model
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Figure 6.3 External and internal forces at the joint for the end-plate connection 

Figure 6.4 Response mechanism of the joint element under bending deformation 
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The assumptions about strain distribution, basic material stress-strain characteristics, 

and basic statics (equilibrium of the force resultants) provide the theoretical basis to 

condense the numerous springs in Figure 6.4(a) into single springs as shown in Figure 6.4 

(b) and Figure 6.5. This parallel system is constrained to maintain force equilibrium 

between the summation of bar reaction force and the converted  axial force (P=ΣB). The 

behavior under tension loading is determined by the theoretical equations shown in 

Figure 6.5 (b), while those under compression (bearing) are determined from 

observations of the 3D FE model described in Chapter 5. The behavior of the components 

is depicted in Figure 6.6. The behavior of the steel tension bars and that of the bearing 

component are generated by using the default material code in the program, with the 

SMA materials utilizing a user defined material code.  
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Figure 6.5 Assemblage procedure for spring elements 

Figure 6.6 Properties of the individual component 
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An algorithm based on incremental displacement control is appropriate for the 

theoretical verification of the equivalent spring element formulation (Figure 6.7). For a 

given displacement of the equivalent spring element, the displacement of each component 

can be computed by using the simple geometric ratios 
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Comparisons between results of this simple algorithm and those of 3D FE model test 

(ABAQUS) are given in Table 6.1. The results show a good agreement. The cyclic 

response of the equivalent spring element is compared with the monotonic envelope from 

the 3D FE analyses in Figure 6.8. The test results from the 3D FE models show also good 

agreement with that of the equivalent spring element. In Figure 6.8, the behavior of the 

equivalent spring element under cyclic loading includes both the shape memory effect 

that reduces the permanent displacement as well as the effect of bearing.  
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*2XΣB (i=1 to 5) obtained by ABAQUS analysis was 710 kip.  
 

Figure 6.7 Algorithm for the formulation of an equivalent spring element 
 

Table 6.1 Comparisons between results of the simplified model and those of 3D FE 
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6.1.2 Joint Model of the T-Stub Connection 

The component model of the T-stub component was developed following similar 

approaches and procedures to those used for the end plate connection (Section 6.1.1). The 

force distribution and deformed configuration of the joint model are depicted in Figures 

6.9 and 6.10, respectively. Unlike the joint model for the end-plate connection, it contains 

a rotational spring for the shear tab and includes a sliding component to model slip. The 

individual spring elements are also assembled into one equivalent spring element. 

 

Figure 6.8 Measuring points and comparisons of results between two tests          
(Cyclic Test vs. Monotonic Test)
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(a) Idealized loading distribution at the PZ (b) Idealized loading distribution at the joint model
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The component model for the OpenSEES program is shown in Figure 6.11. The data 

obtained from comprehensive experiments on T-stub components (Swanson 1999), such 

as that for fracture of the T-stem shown in Figure 6.12, was used to develop the 

component springs.   

Figure 6.9 External and internal forces in the joint model for the T-stub connection 

Figure 6.10 Response mechanism of the joint element under bending deformation 
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(a) A FE component model for the T-Stub connection (b) Deformed shape of a component  model under the axial force (P)  
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(a) T-Stub component detail (TA01 Model) (b) Component test (Swanson 1999)  
 

 

The total force vs. deformation behavior is given in Figure 6.13(d). The total 

displacement is due primarily to three basic mechanisms: (a) bar yielding/uplift and 

flexural deformation of the T-flange (Figure 6.13(a)), (b) T-stem deformation (Figure 

6.13(b)), and (c) slip (Figure 6.13(c)).  The bar uplift resultant is produced by assembling 

all spring elements modeling bar components in the parallel system. The cyclic analytical 

Figure 6.11 Component model for the 3D FE T-stub and its deformed 

 Configuration under axial force

Figure 6.12 Specimen details of T-stub component model 
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and experimental data performed by Swanson (1999) result in a good visual match of the 

shape of the hysteresis loops. 
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The behavior of each component is shown in Figure 6.14. The stiffness for each 

component was developed by observations of experimental results. The bar uplift model 

considers the prying action and yield lines in the flange and results in a tri-linear 

backbone curve: initial elastic behavior, followed by the formation of two yield lines 

and/or yielding of the tension bolts. The stem component has an elastic-hardening model 

for the base material coupled with a slip one to mimic the sliding due to the oversize of 

the holes. The bearing on the column flange is modeled with a compression-only spring.    

 

Figure 6.13 Force vs. deformation of T-stub component model  
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Comparisons between results of T-stub experiments and those of components are 

shown in Figure 6.15. Again, the results show good agreements in terms of initial 

stiffness, shape of the envelope, ultimate capacity, and even location of pinching points.  

The model is not capable of tracking the softening behavior shown in the last cycle of the 

test as this was due to the propagation of the fracture in the stem; this behavior cannot be 

modeled by the simple springs used here. Attempts to model this by some summation of 

total strains (rain flow counting) and similar simple techniques proved unworkable. 

 

 

-600

-400

-200

0

200

400

600

-0.4 -0.2 0 0.2 0.4 0.6 0.8

-600

-400

-200

0

200

400

600

-0.4 -0.2 0 0.2 0.4 0.6 0.8

Bar Uplift Displacement (in) T-Stem Deformation (in)

A
xi

al
 F

or
ce

: P
 (k

ip
)

Bar Uplift Displacement T-Stem Deformation

A
xi

al
 F

or
ce

: P
 (k

ip
)

Opensees
SAC Test (Swanson)

Opensees
SAC Test (Swanson)

 

-600

-400

-200

0

200

400

600

-0.6 -0.4 -0.2 0 0.2 0.4 0.6 0.8

-600

-400

-200

0

200

400

600

-0.4 -0.2 0 0.2 0.4 0.6 0.8

Slip Distance (in) Displacement (in)

A
xi

al
 F

or
ce

: P
 (k

ip
)

Total Displacement

A
xi

al
 F

or
ce

: P
 (k

ip
)

Slip Distance

Opensees
SAC Test (Swanson)

Opensees
SAC Test (Swanson)

 
 

 

 

 

 

Figure 6.15 Comparisons between results of T-stub experiments and those of element tests 
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6.1.3 Joint Model of the Clip Angle Connection 

The component model of the clip angle is shown in Figures 6.16 and 6.17 following 

the same principles outlined for the end-plate and T-stub connections.  Figure 6.18 shows 

a typical clip angle connection, with the large gaps forming at the heel of the angle 

(Figure 6.18(b). The deformation components are shown in Fig. 6.19 (Swanson 1999).  

The main behavior difference, the formation of the gap at the heel of the angle, is 

modeled with the help of an elastic gap element. This gap, which results in appreciable 

vertical displacements, results from the slip of the shanks of the shear bolts before they 

come into contact with the bolt holes. 

 

(a) Idealized loading distribution at the PZ (b) Idealized loading distribution at the joint model
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Figure 6.16 External and internal forces for the joint model of the clip angle connection 
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Figure 6.17 Response mechanism of the joint element under bending deformation 

Figure 6.18 Specimen details for the clip angle component model 
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Figure 6.19 Force vs. deformation of clip angle component model 
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Figure 6.21 Comparisons between results of clip angle experiments  
and those of element tests 
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6. 2 Joint Elements 

The joint models presented above were introduced as 2D joint elements into 

OpenSEES. Figure 6.22 shows the composition of the joint element for a general 

cruciform connection. This element includes (1) four equivalent spring elements (S1) 

which are intended to reproduce the deformations due to the bending forces from the 

framing members; (2) four internal spring elements (S2) which are intended to reproduce 

the axial deformations of the CFT column; (3) four internal shear springs (S3) which are 

intended to reproduce the shear deformations of the panel zone of the CFT column; and 

(4) one shear panel element (C) which is intended to reproduce the failure of the panel 

zone under severe loading. The behavior of the shear panel zone was obtained by 

observation of 3D FE test (See Figure 5.43). Rotational spring elements (R1) are used if a 

shear tab is present.  
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Figure 6.22 Typical joint element for a joint model (Cruciform Connection) 
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The joint element is condensed into four external and four internal nodes.  Contrary to 

the typical displacement-controlled element formulation in which the displacement at the 

external nodes uniquely defines the deformation of the element, the deformation state of 

this joint element is defined based on both the displacements of external and internal 

nodes (Lowes 2003 and Mazzoni 2006). Each external node includes two translational 

displacements and one rotation as available degrees of freedom (DOF), while each 

internal node includes one translational displacement of the panel zone as shown in 

Figure 6.23. This element formulation is appropriate for use in an incrementally 

displacement controlled algorithm as it enables to compute the DOF of each nodal point 

with the load based equilibrium of the element. The spring elements are implemented 

with the interior and exterior planes coincident (zero-length element). 
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The element formulation and joint element of one beam-to-column connection are 

shown in Figure 6.24. The typical beam and CFT column are modeled as nonlinear beam-

column elements with 2D fiber sections (See Figure 6.25). One nonlinear beam-column 

element includes the integration points in which displacement and resultant force are 

measured. 2D fiber sections are also assigned in these points. The characteristics of the 

cross section such as fiber stress, internal fiber force, fiber strain, and curvature are also 

measured. These fiber sections follow the material models shown in Figure 6.26. The 

Figure 6.23 Internal and external displacements and forces 
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monotonic and cyclic material models are assigned to 3D finite elements and to the 

nonlinear beam-column element with 2D fiber sections, respectively.  
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Figure 6.24 Typical joint element for a joint model (One Beam-to-Column Connection) 

Figure 6.25 Nonlinear beam-column element and 2D fiber sections 
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Figure 6.26 Material properties for the analyses 
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6.3 Cyclic Behavior 

The 2D joint element models for the full scale connections consisted of either Smart 

SMA PR-CFT connections, Steel PR connections, or a combination thereof.  These 

models were analyzed under cyclic loads using OpenSEES. For calibration of these 2D 

models, results from the 3D FE connection models under monotonic loads described in 

the previous chapters and SAC test models (Swanson, 2000) under cyclic loads were used. 

A diagram of a full-scale test and the resulting response at ultimate are shown in Figure 

6.27. All loads were applied to the tip of the beam corresponding to the position of a 

loading actuator. The connection details shown in Figure 4.2 to 4.7 were applied to joint 

element models and 3D FE models for comparison.  

 

(a) Full scale test installment (TS05-TA01 Model) (b) Configuration after the loading test

Loading 
Actuator

T, ∆

 
 

 

Comparisons between the monotonic results from the 3D FE models and the cyclic 

results from the 2D joint models are shown in Figure 6.28. These models are for end-

plate connections illustrated in Figure 4.2 and 4.3. The inset figure indicates the loading 

history. The monotonic 3D FE model was performed using ABAQUS as mentioned in 

Chapter 5. For the 2D joint model, the detailed modeling procedures were described in 

Section 6.1.1. The test results show good agreement in terms of initial stiffness, ultimate 

strength and overall envelope. It should be noted that the terminology “good” agreement 

used in this dissertation is meant to indicate that the governing behavior modes and 

controlling points in the monotonic force-deformation and moment-rotation curve match 

well (within 15% for the controlling points). On the other hand, for the cyclic tests, 

Figure 6.27 Test setup for a full scale connection (Swanson, 2000) 



 180

“good” means that the superposition of the cyclic analytical and experimental data results 

in a good visual match of the shape of the hysteresis loops.  Attempts to match test data 

exactly were not carried out as the intent was to verify the general robustness of the 

models.   

Comparisons for moment and rotation curves are given in Figure 6.29 and 6.30 for T-

stub connections. For the joint model, the detailed modeling procedures for the T-stub 

components were described in Section 6.1.2. Figure 6.29 shows comparisons for the 

TA01 T-stub from Swanson (1999), in which beam and stem yielding are the major 

failure modes. The details for the T-stub connections from the SAC programs were 

illustrated in Figure 3.5(a). The results also show good agreement. Comparisons between 

the monotonic result from the 3D FE model and the cyclic result from 2D joint element 

model are given in Figure 6.30 for T-stub connection specimen illustrated in Figure 4.4. 

Force and deformation for connection components (i.e. T-stub and tension bars) can be 

also measured for both models and experiments. Comparisons for component behavior 

are given in Figure 6.31. They also show good agreement.   

Finally, comparisons for moment and rotation curves are given in Figure 6.32 and 

6.33 for clip angle connections. For the joint model, the detailed modeling procedures for 

the clip angle components were described in Section 6.1.3. Figure 6.32 shows 

comparisons for the CA04 clip angle from Swanson (1999), for which beam yielding is 

the major failure mode. The design details for a clip angle connection from the SAC 

programs were illustrated in Figure 3.5 (b). Comparisons between the monotonic result 

from the 3D FE model and the cyclic result from 2D joint element model for this test are 

shown in Figure 6.33 for clip angle connection specimen illustrated in Figure 4.6. 

Comparisons for component behavior are given in Figure 6.34. They also show good 

agreement.   
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6.4 Observations of Model Tests 

Based on the study of the component analyses described in the previous sections, 

parametric studies, especially for the steel and SMA tension bars, will be described in this 

section. Three different combinations of steel tension bars and SMA tension bars were 

chosen: (1) all SMA bars, (b) 50% SMA and 50% steel, and (c) all steel. The second 

option was based on parametric studies that showed that a range between 40%-60% and 

60%-40% for the steel-to-SMA bar ratio by force provided the best compromise between 

recentering and energy dissipation. Two types of analyses were run. In the first type, a 

cyclic axial force was applied in the longitudinal direction of the equivalent spring 

element in order to investigate the behavior of different components.  In the second type 

of analyses, the cyclic force was applied to the tip of the beam element in the 2D joint in 

order to investigate the behavior of the full connection. The equivalent spring element 

and joint element for these parametric studies were designed with the component and 

connection details shown in Figures 4.2 to 4.7.  

 

6.4.1 Observations on End-Plate Connections 

The displacement loading histories used are given in Figure 6.35. The connection 

details were illustrated in Figure 4.2. Due to the large bearing stiffness assigned to the 

equivalent spring element, the displacement in the direction of bearing (negative value) is 

much smaller than that in the direction of tension (positive value) as shown in Figure 6.35 

(a). The displacement loading history for the full connection is symmetric (Figure 

6.35(b)).  

Results for three cases of end-plate connections are given in Figure 6.36. The red 

dashed lines in this figure indicate the plastic limits defined as the plastic axial force (Pp) 

and the full plastic moment of the beam (Mp) respectively. Figures 6.36 (a) and (b) 

clearly show the strong recentering effect of the SMA bars, the phase transformation 

plateau (“yielding”) well below the plastic capacity of the beam, the large deflections 

possible at low loads, and the relatively small energy dissipation capacity. Almost the 

opposite can be said for the all steel case (Figures 6.36(e) and (f)), where large permanent 

deformations, high initial stiffness, and good energy dissipation capacity are seen. The 
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intermediate case (Figure 6.36 (c) and (d)) shows the potential for a combination of the 

two types of tension bars: some reentering and some energy adsorption capacity.   
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(b) Displacement loading history for the test of the joint element model  
 

 

As stated in Section 6.1.1, component models for tension bars are assembled as a 

parallel system in order to obtain one equivalent spring element. Based on the 

incrementally displacement controlled algorithm, analytical predictions for the force vs. 

displacement of this element subjected to cyclic axial loading are calculated based on 

constitutive models that incorporate observations on behavior from tests. One such 

Figure 6.35 Displacement loading history for the models 
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analytical prediction, for the case of a connection with 50% SMA and 50% steel bars, is 

given in Figure 6.37. Each prediction point shown in Figure 6.37(a) corresponds to a 

change in individual behavior of a component model. The prediction points correspond 

to:  

1. The first yielding (points 1 and 2 or P1 and P2 in Figure 6.37 (a)), which occurs in 

the steel tension bars (B3 and B4).  B3 yields first as it is the farthest steel bar 

form the center of rotation, but B4 yields almost immediately after.  It is almost 

impossible to tell the difference between the two points in graphs to the scale 

shown.  Note that because the SMA bars begin their phase transformation at a 

higher strain, it is the steel that “yields” first.   

2. After steel bars yield, the SMA bars reach their phase transformation point at P3 

and P4.  

3. The components reach the maximum deformation at P5; and unloading point (p6) 

is also shown. 
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(a) Axial Force (P) vs. displacement (∆) points computed by the analytical 
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 Figure 6.37 Analytical predictions for the behavior of the component models 
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6.4.2 Observations of Model Tests for T-stub Connections 

The displacement loading histories for the T-stub connections are given in Figure 

6.38. The connection details were illustrated in Figure 4.4. The connection behavior was 

compared with respect to three different combinations for tension bar installations. The 

format of these loading histories is the same as that of displacement loading histories for 

the end-plate connection models.  
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(a) Displacement loading history for the full test of the equivalent spring element  
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(b) Displacement loading history for the test of the joint element model  
 Figure 6.38 Displacement loading history for the model tests 
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Results of model tests for T-stub connections are given in Figure 6.39. Although both 

steel and SMA tension bars are used in the case shown in Figures 6.39(a) and (b), there 

are significant permanent deformation and much of the recentering capability shown in 

the end plate connection is lost.  This is a direct result of the design procedure which 

allows (encourages) yielding of the T-stem. This deformation is not recoverable, but 

leads to high energy dissipation. Yielding of the beam is also reflected in the plastic 

deformation at the moment vs. rotation curve. In many cases, the tension bars remain in 

the elastic state.  

An example of an analytical prediction is given in Figure 6.40.  Since the assembly 

consists of a series of springs in series, the total displacement (∆) is equal to the 

summation of three component deformations (See Figure 6.13).  
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Figure 6.40 Analytical predictions for the behavior of the component models 
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6.4.2 Observations of Model Tests for Clip Angle Connections 

The displacement loading histories and results for clip angle connections are given in 

Figures 6.41 and 6.42 respectively. The details of the clip angle geometry were illustrated 

in Figure 4.6. A detailed example of the analytical prediction is given in Figure 6.43. 
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(a) Displacement loading history for the full test of the equivalent spring element  
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(b) Displacement loading history for the test of the joint element model  
 

 

 

 

Figure 6.41 Displacement loading history for the models 
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Figure 6.43 Analytical predictions for the behavior of the component models 
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6.5 Summary and Discussion 

This chapter discussed the cyclic modeling of the joints developed in this research 

and some selected test results. The component models were investigated in Section 6.1. 

The component model was assigned to a spring element whose properties were defined 

by either its material behavior (tension) or the observation of 3D FE test 

(compression/bearing). Groups of these springs are assembled in series or parallel system 

to simulate the joint behavior. 

The formation of the 2D joint element for a typical PR connection was described in 

Section 6.2. This joint element includes the behavioral properties of the components in 

the form of a simplified model that aims to reflect the global stiffness, strength and 

deformation capacity of the actual connection. This type of joint model results in 

significant savings in running time for frame analyses.  

In Section 6.3, the exact behavior of the connections including slippage, Bauschinger 

effect, and even shape memory effect were observed on the cyclic curves. Comparisons 

between test results and numerical simulations showed good agreement.  

Parametric studies on the effect of different combinations of steel and SMA tension 

bars on the cyclic behavior characteristics were described in Section 6.4. The shape 

memory effect and yielding of other component members were affected by variations in 

this parameter. The decomposition of the contributions to joint deformation provided the 

opportunity to understand the response mechanism of the component models of the 

connection. Up to this chapter, the design procedures, computational modeling, and 

simulation focused only on the local connection models. Based on these previous studies, 

the direction of research will now shift to the analyses of entire composite frames with 

these connection models.   
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Chapter 7 
 

Design of Composite Moment Frames with Smart SMA PR-CFT 

Connections  
 

Three sets of prototype composite partially restrained moment frames (C-PRMF) 

were designed – one with end-plate, one with T-stub, and one with clip angle connections. 

In addition, companion composite special moment frames (C-SMF) with fully rigid (FR) 

welded connections were also designed in order to compare the behavior of both types 

(partially (PR) and fully restrained (FR)) composite frames. All composite moment 

frames presented here are designed in accordance with the AISC 2005 Seismic Provisions 

(AISC 2005 Seismic Provisions) and the IBC 2003 (IBC 2003) for lateral and gravity 

loads, respectively. The gravity and lateral loads were determined following the ASCE 7-

05 guidelines (ASCE 2005). Design limits, system requirements, and seismicity factors 

for these building located on a high seismicity area were determined by these guidelines.  

This chapter will be structured as follows. Typical characteristics of these frames are 

described in Section 7.1. Descriptions of the PR building configurations used in this 

study are given in Section 7.2. Seismic design methods, design limits, and the equivalent 

lateral forces are described in Section 7.3. This section is associated with Appendix D, 

which includes the detailed procedures for computing the equivalent lateral forces. The 

design of the C-SMF specimens is given in Section 7.4. Key attributes for the numerical 

models are described in Section 7.5. The procedure for the numerical modeling of the 

deformations of the panel zones is described in Appendix E. Finally, summary and 

discussion of these frame models are given in Section 7.6. 

 

7.1 Characteristics of Composite Moment Frames 

The frame designs are governed by the AISC 2005 Seismic Provisions.  Four general 

classes of composite moment frame (C-MF) are identified in Part II of the AISC 2005 

Seismic Provisions (AISC 2005 Seismic Provisions) as shown in Table 7.1. The buildings 

were designed to the loads prescribed by ASCE 7-05 (ASCE 2005). The primary purpose 

of the ASCE 7-05 standard is to provide information useful to determine the required 
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strength, maximum inter-story drift, and seismic use groups for a given structure type and 

geographical location. The seismic design category (SDC) assigned to a building is a 

classification based upon the occupancy class (type of occupation and consequences to 

human life in case of collapse) and the seismicity of the site. SDC A, B and C generally 

correspond to structures in zones of low to moderate seismicity or low importance, while 

SDC D, E, and F require special seismic detailing as they address structures in areas of 

high seismic risk and/or critical structures (hospitals, fire stations, emergency response 

centers, for example). For this study, composite PR moment frames (C-PRMF), a 

moderately ductile system, and composite special moment frames (C-SMF), one of the 

most ductile systems, were selected for the trial design of several low-rise (4 to 6 stories) 

moment frames. The designs herein satisfy all the design requirements of C-PRMF or C-

SMF for SDC D, E, or F.  
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Typical composite partially restrained frames (C-PRMF) are composed of I-shape 

steel columns and composite steel beams which are interconnected with PR composite 

connections (Leon and Kim 2004; Thermou, Elnashai, Plumier, and Doneaux 2004). 

However, composite PR frames with concrete filled tube columns and steel beams with 

PR composite connections have been recently proposed (Tsai et al. 2004 and Wu et al. 

2006). PR composite connections use traditional shear and bottom flange connections, 

but take advantage of the floor slab to provide the top connection. Composite connections 

use shear studs to the beams and slab reinforcement in the negative moment regions to 

Table 7.1 General classes of composite moment frame (C-MF) 
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provide additional strength and stiffness as shown in Figure 7.1. A PR composite 

connection has many beneficial characteristics including: 

• The floor slab system results in a more efficient distribution of strength and stiffness 

between negative moment and positive moment regions of the beam. It also 

contributes to the redistribution of loads under inelastic state.  

• In the design of PR composite connections, applied loads can be considered 

separately, with the bending moment assigned to the steel reinforcement in the slab 

and a clip angle or plate on the bottom flange, and the shear force assigned to the web 

angle or plate.  

• PR composite connections can undergo large deformations without fracture. The 

connections are generally designed for less than the full plastic strength of the beam.   

The ductility of the connection comes from deformations of its many components. 

The intent is to delay the occurrence of brittle failures such as web crippling, bolt or 

weld failures, and net section failures. If these brittle failures are avoided, the large 

available connection ductility can guarantee excellent frame performance under large 

inelastic deformations. 

• PR moment frames are better at mitigating the effects of seismically induced loads as 

the lengthening of the natural period due to both the flexibility of the connection and 

its gradual yielding and stable hysteretic behavior of the connections. 

Steel Column
Slab Reinforcement

Web Angle

Composite Beam

Clip Angle

Transverse Slab 
Reinforcement

Longitudinal Slab 
Reinforcement

(a) Elevation View (b) Plan View  
 Figure 7.1 Typical composite partially restrained moment connection 

(AISC 2005 Seismic Provisions) 
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C-PRMF were originally conceived for areas of low to moderate seismicity in SDC C 

and below. However, C-PRMF can be used in areas of higher seismicity (Leon 1990) 

with appropriate detailing and analyses. In addition, the recently developed bidirectional 

bolted connections for CFT columns and I-beams provide superior earthquake 

performance in terms of in stiffness, strength, ductility, and energy dissipation. Recent 

studies demonstrate that the seismic resistance exceeds those requirements specified in 

the seismic design codes of Taiwan and the US (Wu et al. 2007). The structural 

configurations of those connections are very similar to those of end-plate connections 

presented in this research (See Figure 7.2). Therefore, C-PRMF with those connection 

models have excellent seismic resistance, and this structural system can perform well and 

be put into practice. 

 

(a) Connection Details (b) Composite PR Moment Frames using Bidirectional Bolted Connections  
 

 

 

Composite special moment frames (C-SMF) are composed of a variety of 

configurations where structural steel or composite beams are combined with either 

reinforced concrete or composite columns. Schematic connection drawings for C-SMF 

are shown in Figure 7.3. In order to avoid the need for field welding of the beam flange 

adjacent to the critical beam-to-column junction, the steel beam can run continuously 

though the reinforcement concrete column as shown in Figure 7.3 (a). The steel band 

plates attached to the beam are one of possible ways to strengthen the joint by providing 

good confinement to the concrete. As shown in Figure 7.3 (b), connections between steel 

Figure 7.2 Bidirectional bolted connections between CFT columns and H-beams 

(Wu et al., 2007) 
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beams and encased composite columns have been used and tested extensively in Japan. 

One disadvantage of this connection detail is that it requires welding of the beam flange 

to the encased steel column. Composite filled tube column-to-steel beam connections as 

shown in Figure 7.3 (c) have been used less frequency but there has been recent research 

resulting in practical design recommendations (Azizinamini and Schneider 2004) . Based 

on ASCE 7-05, C-SMF were originally designed for use in SDC D and above. C-SMF 

shall be designed with assumption that significant inelastic deformation will occur under 

the design earthquake, primarily in the beams, but with limited inelastic deformation in 

the columns and connections. Therefore, connections in C-SMF satisfy the story drift 

capacity of 0.04 radian as specified in the AISC 2005 Seismic Provisions (AISC 2005 

Seismic Provisions) so that they are not susceptible to weld fracture.  

Stiffener
Band Plates

Longitudinal 
Reinforcement

Steel Beam (Through Joint)

Reinforce Concrete Column

Stiffeners

(a) Reinforce concrete column-to-steel beam connection  

Longitudinal 
Reinforcement

Steel Beam 
(Through Joint)

Composite Encased Column

Face Bearing Plates

(b) Composite encased column-to-steel beam connection  
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(c) Composite filled tube column-to-steel beam connection

Concrete Filled Tube 
or Pipe

Steel Beam 
(Through Joint)

 
 

 

 

7.2 Building Configurations 

This section describes the building configurations for C-PRMF and C-SMF used in 

this study. C-PRMF were designed with three types of moment connections: end-plate, T-

stub, and clip angle connections. The rest of the system comprises structural steel beams 

and CFT columns. On the other hand, C-SMF were designed with welded moment 

connections between composite filled tube columns and steel beams 

  

 

Ordinary StructuresD ClassDead: 100 psf  Live: 80 psfLA Area

Occupancy CategorySDCGravity LoadsLocated Area

Ordinary StructuresD ClassDead: 100 psf  Live: 80 psfLA Area

Occupancy CategorySDCGravity LoadsLocated Area

 
 

Building configurations, materials, and modeling conditions were the same for both 

the C-PRMF and C-SMF in order to compare their inelastic behavior. Four and six story 

configurations with 3 by 5 long bays were used throughout this research. Perimeter 

moment resisting frame systems were used because the intent is to demonstrate the 

economy of this system for a market segment that constitutes about 90 percent of the 

steel frame construction in the USA. Most of all, these moment resisting frames have 

Figure 7.3 Typical composite special moment connection 

(AISC 2005 Seismic Provisions)

Table 7.2 Location, loads, and structural classifications common  to all frames 
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been very popular in many regions of high seismicity because of high ductility and 

excellent architectural versatility. Identical dead loads, live loads, seismic design, and 

occupancy category are used with all buildings, as given in Table 7.2. More detailed 

descriptions are given in the following sub-sections.  

 

7.2.1 Building Description for 4 Story Building 

The configuration for the 4 story buildings is shown in Figure 7.4. The total height is 

52 ft., with a constant height 13 ft. for all stories. This building has 3 bays by 5 bays. 

There are two bay lengths according to the PR moment connections used. Bays with end-

plate connections (5 @ 36’) have longer bay lengths than those with clip angle 

connections (5 @ 25’) because the former connections consist of larger beam and 

columns (Table 7.2). C-SMF having welded moment connections were also designed 

with 36 ft. (5 @ 36’) and 25 ft. (5 @ 25’) bay lengths. In addition, the same member size 

for each C-PRMF was used in the corresponding C-SMF in order to compare the 

behavior of both composite frames.  

Resistance against lateral forces is provided primarily by rigid frame action in the 

perimeter frames. These perimeter frames utilize composite PR connections between the 

CFT columns and beams while the interior CFT columns and beams aligned in one 

direction are interconnected by pinned connections. For the C-SMF, FR connections are 

used in the perimeter frames instead of PR connections. The moment resistant frames 

with either PR or FR connections are presented as thick lines in the building plans for 

each frame type shown in Figure 7.4. The moment connections used in the moment 

resistant frames of the 4 story buildings are given in Figure 7.5.  
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Figure 7.4 Building elevation and plan view for the 4 story building 
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(a) PR Moment Connection 
(End Plate Connection)

(b) PR Moment Connection 
(Clip Angle Connection)

(d) Pinned Connection (Shear 
Tab Connection)

(c) FR Moment Connection (Composite 
Welded Connection)

E70(5/16”)E70(5/16”)

 
 

 

 

 

 

 

 

 

 

 

Figure 7.5 Cruciform connection details for moment frames (4 story building) 
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7.2.2 Building Description of 6 Story Building 

The configuration for the 6 story buildings is shown in Figure 7.6. The total height is 

78 ft in the elevation, with uniform 13 foot heights. This building also has 3 bays by 5 

bays. There are two kinds of bay lengths determined according to the PR moment 

connections used. The bays with end-plate connections (5 @ 36’) have longer bay lengths 

than those with T-stub connections (5 @ 25’) because the former connections consist of 

larger beam and columns. The plan for the 6 story building is the same as that of 4 story 

building. Both buildings share the same conditions given in Table 7.2. C-SMF having 

welded moment connections were designed with five 36 ft. (5 @ 36’) and five 25 ft. (5 @ 

25’) bay lengths. As for the 4 story buildings, the same member size within each C-

PRMF was used in the corresponding C-SMF in order to compare the behavior of both 

composite frames.  

Thick lines in the building plan Figure 7.6) indicate the moment resisting frames. The 

moment resisting frames in 6 story building were located in the same positions as those in 

the 4 story building. However, T-stub connections were used as the PR connections in the 

five 25 ft. (5 @ 25’) bay lengths. T-stub connections provide less inter-story drift as well 

as well as more resistance against to the lateral loads in comparison with clip angle 

connections. For this higher building system, T-stub connections are a better structural 

system than clip angle connections under the same modeling conditions for plan and 

component members. The moment connections use in the moment resistant frames for 

the 6 story buildings are given in Figure 7.7. The detailed design procedures for all frame 

specimens will be described in the next section where the use of the SAP2000 programs 

(CSI, 1984-2004) is described. 
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Figure 7.6 Building elevation and plan view for the 6 story building 
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Figure 7.7 The cruciform connection details for moment frames (6 story building) 
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7.3 Seismic Design Method 

As stated above, the connections and the composite frames were designed as 

structures located in the L.A area in accordance with AISC LRFD (AISC 2001) and AISC 

2005 Seismic Provisions (ANSI/AISC 341-05) respectively. The design of the prototype 

buildings was checked with the SAP 2000 design checking tool (SAP 2000, ver 11, 2007). 

Only Dead (D), live (L), and earthquake (E) loads are considered in this research as 

earthquakes dominate over wind in the L.A. area. The equivalent lateral loads (E) for 

these composite frames are calculated by using 2003 International Building Codes (IBC 

2003).  

 

7.3.1 Load Combinations 

The design dead and live loads for the composite frames are assumed as 100 psf and 

80 psf respectively. A572 Grade 50 steel was used for beams and steel section of CFT 

columns. ASCE 7-05 and LRFD design guidelines for load factors and combinations 

were used, as follows: 

 

• Load Combination 1: 1.4D 

• Load Combination 2: 1.2D + 1.6L + 0.5L 

• Load Combination 3: 1.2D +1.6S + (0.5L or 0.8W) 

• Load Combination 4: 1.2D + 1.6W + L + 0.5S 

• Load Combination 5:1.2D + 1.0E + L 

• Load Combination 6: 0.9D + 1.6W 

• Load Combination 7: 0.9D + 1.0E 

 

The terms related snow load (S) and wind load (W) were ignored in the above 

combinations. The earthquake effect includes the components from both vertical and 

horizontal accelerations. Based on the load combinations, load combination 5 dominated 

over other load combinations.  
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7.3.2 Equivalent Lateral Loads 

Composite moment frames should provide adequate strength, stiffness, and energy 

capacity so that they can withstand not only the lateral loads but also the gravity loads 

within specified limits of deformation and strength. The design utilized equivalent lateral 

load procedures as introduced in the ASCE 7-05 and the IBC2003 codes. The equivalent 

lateral load approach is based on a set of static lateral loads that corresponds to the 1st 

mode shape of deformation. For frame structures, the first mode generally contributes 

upwards of 90% of the effective seismic mass and dominates the behavior of the structure. 

Therefore, those procedures may not always be valid when higher mode shapes 

contribute more than 10% of the effective seismic mass. More details on the calculation 

procedures for equivalent lateral loads are given in Appendix D.  
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The design response spectra for these composite moment frames (CMF) in the LA 

area are summarized in Table 7.3 and Figure 7.8. The site class for the area on which the 

building is located is one of the factors that determine the seismic response coefficients. 

A site class A for 4 story building or C for 6 story building, which corresponds to hard 

rock area or soft rock area respectively, was used in these designs.  The fundamental time 

period of the building is computed by simplified analysis based on the code equations 

(ASCE 7-05 Sec. 9.5.4 and IBC2003 Sec.1617.5). Therefore, the same value of 

fundamental time period can be applied to the buildings with same number of stories and 

Figure 7.8 Design response spectra for CMF in LA area 
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heights regardless of the connection type. The final calculations for the equivalent lateral 

loads are summarized in Table 7.4. The vertical distribution of the equivalent lateral load 

is proportional to the area of the building plan which determines the weight of each story 

level.  
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40.6 kip80 psf100 psf4

59.5 kip80 psf100 psf3

57.6 kip80 psf100 psf2

36.3 kip80 psf100 psf1

Equivalent Lateral 
Load (E)

Live Load 
(L)

Dead Load 
(D)Story

40.6 kip80 psf100 psf4

59.5 kip80 psf100 psf3

57.6 kip80 psf100 psf2

36.3 kip80 psf100 psf1

Equivalent Lateral 
Load (E)

Live Load 
(L)

Dead Load 
(D)Story

23.50 kip80 psf100 psf4

34.44 kip80 psf100 psf3

33.34 kip80 psf100 psf2

21.02 kip80 psf100 psf1

Equivalent Lateral 
Load (E)

Live Load 
(L)

Dead Load 
(D)Story

23.50 kip80 psf100 psf4

34.44 kip80 psf100 psf3

33.34 kip80 psf100 psf2

21.02 kip80 psf100 psf1

Equivalent Lateral 
Load (E)

Live Load 
(L)

Dead Load 
(D)Story

16.45 kip80 psf100psf6

26.39 kip80 psf100 psf5

36.29 kip80 psf100 psf4

34.20 kip80 psf100 psf3

26.20 kip80 psf100 psf2

11.35 kip80 psf100 psf1

Equivalent Lateral 
Load (E)

Live Load 
(L)

Dead Load 
(D)Story

16.45 kip80 psf100psf6

26.39 kip80 psf100 psf5

36.29 kip80 psf100 psf4

34.20 kip80 psf100 psf3

26.20 kip80 psf100 psf2

11.35 kip80 psf100 psf1

Equivalent Lateral 
Load (E)

Live Load 
(L)

Dead Load 
(D)Story

28.42 kip80 psf100psf6

45.61 kip80 psf100 psf5

52.26 kip80 psf100 psf4

49.24 kip80 psf100 psf3

37.73 kip80 psf100 psf2

19.62 kip80 psf100 psf1

Equivalent Lateral 
Load (E)

Live Load
(L)

Dead Load
(D)Story

28.42 kip80 psf100psf6

45.61 kip80 psf100 psf5

52.26 kip80 psf100 psf4

49.24 kip80 psf100 psf3

37.73 kip80 psf100 psf2

19.62 kip80 psf100 psf1

Equivalent Lateral 
Load (E)

Live Load
(L)

Dead Load
(D)Story

(a) The design loads for 4 story composite frame with 
end-plate connections (5 @ 36’ bay length)

(b) The design loads for 4 story composite frame with 
clip angle connections (5 @ 25’ bay length)

(c) The design loads for 6 story composite frame with 
end-plate connections (5 @ 36’ bay length)

(d) The design loads for 6 story composite frame with 
T-stub connections (5 @ 25’ bay length)  

Table 7.4 Design loads for all composite moment frames 

Table 7.3 Design response spectra for CMF in LA area 
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7.3.3 Regulations and Limits 

  The IBC 2003 code is designed to protect public health and welfare in all 

communities through model code regulations. Minimum regulations for building systems 

using both prescriptive and performance based provisions are specified in this 

comprehensive building code.  

IBC 20043 requires that the design story drift (∆ ) should not exceed the allowable 

story drift ( a∆ ) as obtained from Table 1617.3 of the IBC2003 for any story level. The 

design story drift can be calculated as the difference of the deflections ( xδ ) at the center 

of mass at the top and bottom of the story. The deflections ( xδ ) of each story level x and 

allowable story drift are determined as following equations: 

 

E

d

I
C xe

x
δδ =                                                     (EQ 7.1) 

xea h02.0=∆                                                 (EQ 7.2) 

where,  

dC : the deflection amplification factor ( dC =5.5 for C-SMF system) 

xeδ : the deflections determined by an elastic analysis for C-SMF system 

EI : the occupancy importance factor ( EI =1.0 for an ordinary occupancy) 

xeh : the story height at each story level x 

 

The P-∆  effects on the story shears and moments, the resulting member forces and 

moments and the story drift caused by these effects need not be considered when the 

stability coefficient (θ ) is equal to or less than 0.1. The stability coefficient is determined 

by: 

 

dsxx

x

ChV
P ∆

=θ                                                  (EQ 7.3) 

where, 

xP : total un-factored vertical design load at and above story level x 
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xV : the seismic lateral force between story level x and story level x-1 

∆ : the design story drift occurring simultaneously with xV  

 

The stability coefficient shall not exceed maxθ  determined as below: 

25.05.0
max ≤=

dCβ
θ                                            (EQ 7.4) 

where, β  is the ratio of shear demand to shear capacity for the story between story level 

x and story level x-1, generally taken as 1.0.  

Based on these limits, the design checks for deflection and drift limits for the 

composite frames can be conducted by comparing the factored deflections obtained by 

Equation 7.1 and the stability coefficient obtained by Equation 7.3 with the allowable 

story drift and the stability coefficient limit (0.1 or maxθ ) respectively. The design checks 

of deflection and drift limit for C-SMF subjected to the dominant Load Combination 5 

will be shown after the initial selection of member sizes using the SAP2000 programs 

(SAP2000).  
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7.4 Design of Composite Moment Frame Specimens 

The design for all buildings that consist of structural composite columns and steel 

beams are summarized in Table 7.5. As mentioned above, material for all steel 

component members is assumed as A572 Gr. 50. The prototype building has nine 

variations according to the different combinations of connection types and column 

systems. A uniform size for all column members was selected because of fabrication and 

economy considerations. This means that the behavior of the lower columns is 

anticipated as the controlling factor, as the column sizes generally decrease with height. 

On the other hands, smaller beam sizes were selected for the higher stories in order to 

achieve an economical design. In addition, beam and column sizes presented in here are 

very close to those presented in the 3D FE models described in previous chapters in order 

to maintain the ideal failure modes. Other connection details follow those of the 3D FE 

connection models.  

Structural models of both the 4 and 6 story buildings have symmetric configurations 

at all story levels. Because of the assumption that the composite floors behave as rigid 

diaphragms, the perimeter composite moment frames (C-MF) work together with the 

internal frames in resisting the lateral loads. Thus, analyses of a 2D perimeter composite 

moment frame can used to simulate the behavior of the buildings, avoiding the need for 

3D analyses. Figure 7.9 show plan views of the 3D building and perimeter moment 

frames of interest (C-SMF). Moment frames along the W-E direction deform more under 

the equivalent lateral loads because of the larger number of panel zones and members. 

The red dashed rectangular indicate the perimeter C-SMF modeled as 2D models on a 

SAP2000 program. 

Analyses performed by OpenSEES and SAP2000 were used to estimate story drift, 

deflections, and P-Delta effects. After this initial analysis, a design check was run by 

using an AISC-LRFD 2001 code which is available on the design check menu of 

SAP2000. Figure 7.10 shows the results of the design check for structural frame models 

with combined RCFT and CCFT columns. These design checks are described in terms of 

a strength ratio (capacity used/capacity available). The strength ratios are shown on the 

beam elements. The beam elements are deformed by the bending moments as well as the 

axial forces. Therefore, these strength ratios for the beams should include the available 



 216

strength of the members as beam-columns. Larger negative moments adjacent to the 

panel zone are the cause that the strength ratios acting on one end of beam elements are 

generally larger than those acting on the middle of beam elements as shown in Figure 

7.10 (a-1). Other figures ranging from Figure 7.10 (a-2) to Figure 7.10 (d) show the 

largest strength ratio on each beam element. The design check function in SAP 2000 is 

only available for steel sections, so the design check for the composite columns will be 

calculated by other methods presented in Chapter 9. 
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PR Moment Connection using Tension Bars Pin Connection using Shear Tabs

Interesting 
Perimeter C-MF

N

W E

S

Fixed Connection using Welding (Case 7-9)

(a) The plan view of the building with combined RCFT and CCFT columns  
 

Plan view of interesting perimeter C-MF with RCFT

Plan view of interesting perimeter C-MF with CCFT

Plan view of interesting perimeter C-MF with RCFT and CCFT

(b) The plan view of interesting perimeter C-MF  
 

 

 

 

 

 

Figure 7.9 Plan views of the 3D building and perimeter composite moment frames (C-MF) 
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E:0.71 C:0.79 E:1.02

Based on AISC-LRFD 2001 (SAP2000)

E:0.59 C:0.62 E:0.91

E:0.39 C:0.59 E:0.83

E:0.10 C:0.19 E:0.66

E:0.74 C:0.62 E:0.82

E:0.56 C:0.52 E:0.78

E:0.37 C:0.42 E:0.66

E:0.15 C:0.23 E:0.53

E:0.68 C:0.55 E:0.77

E:0.47C:0.43 E:0.69

E:0.22 C:0.27 E:0.54

E:0.14 C:0.22 E:0.52

E:0.61 C:0.49 E:0.71

E:0.35 C:0.30 E:0.60

E:0.18 C:0.22 E:0.51

E:0.12 C:0.19 E:0.51

E:0.74 C:0.57 E:0.65

E:0.32 C:0.26 E:0.55

E:0.16 C:0.21 E:0.47

E:0.11 C:0.28 E:0.48

E: PMM Ratio at the critical section point  C: PMM Ratio at the center of beam

Shear Ratio: 
0.146 to 0.170

W24x103 W24x103 W24x103 W24x103 W24x103

W24x103 W24x103 W24x103 W24x103 W24x103

W24x84 W24x84 W24x84 W24x84 W24x84

W24X84 W24X84W24X84 W24X84 W24X84

(a-1) Moment interaction ratio for beam members under dominant load combination 5 (SAP2000 PMM Ratio, 4END-C9)  
 

 

(a-2) Moment interaction ratio for beam members under dominant load combination 5 (SAP2000 PMM Ratio, 4END-C9)

Maximum is 1.021
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Maximum is 0.943

(b) Moment interaction ratio for beam members under dominant load combination 5 (SAP2000 PMM Ratio, 4CLI-C9)  
 

 

Maximum is 0.955 (OK)

(c) Moment interaction ratio for beam members under dominant load combination 5 (SAP2000 PMM Ratio, 6END-C9)  
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Maximum is 0.842 (OK)

(d) Moment interaction ratio for beam members under dominant load combination 5 (SAP2000 PMM Ratio, 6TSU-C9)  
 

 

Design checks for deflection and drift ratios specified in Chapter 7.3.3 of (what 

reference) are given in Table 7.6. The dominant load combination was applied to all 

frame models. All values from static analyses using the SAP2000 are less than the 

allowable limits. The model trees for all frame specimens are shown in Figure 7.11. 

 

 

 

 

 

 

 

 

 

Figure 7.10 Moment interaction ratio for beam members under load combination 5 
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OK0.0910.0263.121.991

OK0.0910.0156.244.672

OK0.0910.0089.366.493

OK0.0910.00412.487.484

Decision
Max. Stable Coefficient 

(θmax)
Stable Coefficient 

(θ)
Allowable Story Drift 

(Δa)
Factored Story Drift 

(Δ)
Story

OK0.0910.0263.121.991

OK0.0910.0156.244.672

OK0.0910.0089.366.493

OK0.0910.00412.487.484

Decision
Max. Stable Coefficient 

(θmax)
Stable Coefficient 

(θ)
Allowable Story Drift 

(Δa)
Factored Story Drift 

(Δ)
Story

OK0.0910.0273.122.101

OK0.0910.0156.244.632

OK0.0910.0089.366.383

OK0.0910.00412.487.324

Decision
Max. Stable Coefficient 

(θmax)
Stable Coefficient 

(θ)
Allowable Story Drift 

(Δa)
Factored Story Drift 

(Δ)
Story

OK0.0910.0273.122.101

OK0.0910.0156.244.632

OK0.0910.0089.366.383

OK0.0910.00412.487.324

Decision
Max. Stable Coefficient 

(θmax)
Stable Coefficient 

(θ)
Allowable Story Drift 

(Δa)
Factored Story Drift 

(Δ)
Story

(a) Design checks for deflection and drift ratio (4END-C7)

(b) Design checks for deflection and drift ratio (4END-C8)  

OK0.0910.0283.122.261

OK0.0910.0186.245.552

OK0.0910.0109.367.813

OK0.0910.00512.488.964

Decision
Max. Stable Coefficient 

(θmax)
Stable Coefficient 

(θ)
Allowable Story Drift 

(Δa)
Factored Story Drift 

(Δ)
Story

OK0.0910.0283.122.261

OK0.0910.0186.245.552

OK0.0910.0109.367.813

OK0.0910.00512.488.964

Decision
Max. Stable Coefficient 

(θmax)
Stable Coefficient 

(θ)
Allowable Story Drift 

(Δa)
Factored Story Drift 

(Δ)
Story

OK0.0910.0293.122.311

OK0.0910.0186.245.502

OK0.0910.0109.367.713

OK0.0910.00512.488.854

Decision
Max. Stable Coefficient 

(θmax)
Stable Coefficient 

(θ)
Allowable Story Drift 

(Δa)
Factored Story Drift 

(Δ)
Story

OK0.0910.0293.122.311

OK0.0910.0186.245.502

OK0.0910.0109.367.713

OK0.0910.00512.488.854

Decision
Max. Stable Coefficient 

(θmax)
Stable Coefficient 

(θ)
Allowable Story Drift 

(Δa)
Factored Story Drift 

(Δ)
Story

(c) Design checks for deflection and drift ratio (4CLI-C7)

(d) Design checks for deflection and drift ratio (4CLI-C8)  
 

 

 

 

Table 7.6 Design checks for deflection and drift ratio 
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OK0.0910.0423.122.561

OK0.0910.0266.246.142

OK0.0910.0159.369.223

OK0.0910.00912.4811.574

OK0.0910.00615.613.145

OK0.0910.00218.7213.866

Decision
Max. Stable Coefficient 

(θmax)
Stable Coefficient 

(θ)
Allowable Story Drift 

(Δa)
Factored Story Drift 

(Δ)
Story

OK0.0910.0423.122.561

OK0.0910.0266.246.142

OK0.0910.0159.369.223

OK0.0910.00912.4811.574

OK0.0910.00615.613.145

OK0.0910.00218.7213.866

Decision
Max. Stable Coefficient 

(θmax)
Stable Coefficient 

(θ)
Allowable Story Drift 

(Δa)
Factored Story Drift 

(Δ)
Story

OK0.0910.0443.122.711

OK0.0910.0266.246.222

OK0.0910.0159.369.203

OK0.0910.00912.4811.494

OK0.0910.00615.613.025

OK0.0910.00218.7213.726

Decision
Max. Stable Coefficient 

(θmax)
Stable Coefficient 

(θ)
Allowable Story Drift 

(Δa)
Factored Story Drift 

(Δ)
Story

OK0.0910.0443.122.711

OK0.0910.0266.246.222

OK0.0910.0159.369.203

OK0.0910.00912.4811.494

OK0.0910.00615.613.025

OK0.0910.00218.7213.726

Decision
Max. Stable Coefficient 

(θmax)
Stable Coefficient 

(θ)
Allowable Story Drift 

(Δa)
Factored Story Drift 

(Δ)
Story

(e) Design checks for deflection and drift ratio (6END-C7)

(f) Design checks for deflection and drift ratio (6END-C8)  

OK0.0910.0323.121.991

OK0.0910.0216.244.872

OK0.0910.0129.367.363

OK0.0910.00712.489.194

OK0.0910.00415.610.335

OK0.0910.00218.7210.846

Decision
Max. Stable Coefficient 

(θmax)
Stable Coefficient 

(θ)
Allowable Story Drift 

(Δa)
Factored Story Drift 

(Δ)
Story

OK0.0910.0323.121.991

OK0.0910.0216.244.872

OK0.0910.0129.367.363

OK0.0910.00712.489.194

OK0.0910.00415.610.335

OK0.0910.00218.7210.846

Decision
Max. Stable Coefficient 

(θmax)
Stable Coefficient 

(θ)
Allowable Story Drift 

(Δa)
Factored Story Drift 

(Δ)
Story

OK0.0910.0353.122.171

OK0.0910.0216.245.022

OK0.0910.0129.367.453

OK0.0910.00712.489.234

OK0.0910.00415.610.345

OK0.0910.00218.7210.836

Decision
Max. Stable Coefficient 

(θmax)
Stable Coefficient 

(θ)
Allowable Story Drift 

(Δa)
Factored Story Drift 

(Δ)
Story

OK0.0910.0353.122.171

OK0.0910.0216.245.022

OK0.0910.0129.367.453

OK0.0910.00712.489.234

OK0.0910.00415.610.345

OK0.0910.00218.7210.836

Decision
Max. Stable Coefficient 

(θmax)
Stable Coefficient 

(θ)
Allowable Story Drift 

(Δa)
Factored Story Drift 

(Δ)
Story

(g) Design checks for deflection and drift ratio (6TSU-C7)

(h) Design checks for deflection and drift ratio (6TSU-C8)  
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7.5 Modeling Attributes for the Numerical Frame Models 

In this section, the modeling attributes for the 2D numerical frame models which will 

be used for nonlinear analyses are described. This includes, in particular, panel zone 

modeling following mostly OpenSEES (OpenSEES 1.7.3). The general modeling 

methods for the numerical frame models are also introduced in the guidelines given in 

FEMA 355C (FEMA, 2000).  

The composite columns and steel beams were modeled as nonlinear beam-column 

elements. 2D discrete fiber sections placed in the nonlinear beam-column elements 

simulate the columns and beams cross sections as shown in Figure 6.25. The expected 

material strengths were used in accordance with the previous material property models 

shown in Figure 6.26. Nonlinear materials were assigned into these nonlinear elements 

with the 2D discrete fiber sections. All nonlinear analyses were carried out under the 

same condition with the following assumptions: 

 

• A mass corresponding to 1.0DL (Dead Load) + 0.2 LL (Live Load) was applied for 

the nonlinear dynamic analyses 

• Steel material properties included a 1.5% strain hardening 

• A  2.5 % Rayleigh damping was used in the first mode 

• Soil-structure interaction at the ground support was neglected 

• The beams and columns extended from centerline to centerline 

• The uniform loads on the beams were converted into equivalent point loads 

• A beam was modeled as many nonlinear beam-column elements subjected to the 

equivalent point loads 

• Dimensions, strength and stiffness of panel zones are considered 

 

The most significant characteristic of the frame analyses presented in this study is the 

careful consideration of the panel zone modeling. The behavior of composite PR 

connections can be simulated by using the more precise joint elements shown in Figure 

6.22. Nodes and elements located on this numerical frame model are given in Figure 7.12. 

Rectangular boxes labeled from P1 to P24 indicate joint elements for composite PR 

connections. The structural details of the joint element are given in Figure 7.13. The 
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procedures to determine panel zone dimensions, stiffness, and strength are dependent 

upon the previous study for a local joint element model under cyclic loads (See Sections 

6.1 and 6.2). In addition, the properties of panel zones was defined as a tri-linear model 

as shown in Figure 7.14. The joint element includes this panel zone spring. Required 

information for this tri-linear model such as initial stiffness, yield shear, and ultimate 

shear strength were generated by using the equations proposed by Wu (Wu et al., 2007). 

This tri-linear model can be simulated by using the hysteretic material in the OpenSEES 

program. The detail descriptions of calculation procedures to determine the properties of 

panel zones are given in Appendix E. The properties of panel zones for all frame model 

connections are summarized in Table 7.7.  
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Figure 7.12 Numerical frame model composed of joint and nonlinear elements  
(C-PRMF case) 
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The numerical frame models for C-SMF were only composed of nonlinear beam-

column elements without joint elements as shown in Figure 7.15. The beam and columns 

extend from centerline to centerline and meet together at the panel zone. Therefore, panel 

zone dimensions and shear distortions are neglected in these frames. The numerical 

modeling of a panel zone for the welded connections is shown in Figure 7.16. 
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Figure 7.13 Structural details of a joint element (Left) 

Figure 7.14 Tri-linear model of the panel zone (Right) 

Table 7.7 Properties of panel zones for all frame model connections 
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Figure 7.15 Numerical frame model composed of nonlinear beam-column elements 

(C-SMF case) 

Figure 7.16 Numerical modeling of a panel zone for the welding connection 
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7.6 Summary and Discussion 

This dressed three issues: (a) an introduction to the design methodology for the 

composite moment frames, (2) design results and checks for composite moment frames 

and (3) the numerical model attributes including the panel zone models. Four different 

prototypes of composite perimeter moment frames with either PR connections or FR 

connections were designed. Each prototype broke down into nine model cases according 

to the possible combinations of connection types and column systems as shown in Figure 

7.11.  

The characteristics and design for composite moment frames were described in 

Section 7.1. Two types of composite moment frames (C-PRMF and C-SMF) were 

selected in this study. C-PRMF were designed with three different types of PR moment 

connections (end-plate, T-stub, and clip angle connections), while C-SMF were designed 

with welded composite column to steel beam connections as the single FR connection 

system.  

The prototype building configurations were described in Section 7.2, while the load 

generation and design regulations were described in Section 7.3. Design results and 

checks for frame specimens were described in Section 7.4. Modeling attributes for the 2D 

numerical frame models were described in Section 7.5, including panel zone modeling. 

These numerical models will be utilized in the nonlinear analyses presented in the next 

chapter.  
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Chapter 8 
 

Nonlinear Analyses of Composite Moment Frames 
 

For the purpose of generating the behavioral models for smart SMA PR-CFT 

connections, refined 3D FE models and simplified 2D joint models were studied in 

Chapters 5 and 6, respectively. Based on these modeling strategies, building configurations 

and models for entire moment frames were described in Chapter 7. In this chapter, the 

results of both nonlinear pushover and dynamic analyses conducted using a current version 

of the OpenSEES program are described.  The frame response for both C-PRMF and C-

SMF subjected to a set of 10 ground motions each for the Los Angeles (LA) and Seattle 

(SE) areas were examined and results will be discussed. After assessing these nonlinear 

analyses results, the seismic performance and damage evaluation for these systems will be 

described in Chapter 9.  

The primary data collected and nonlinear analysis methods used are described in 

Section 8.1. The results of nonlinear pushover analyses with either monotonic or reversed 

loading are discussed and compared in Section 8.2. The nonlinear dynamic analyses are 

described in Section 8.3. In both Sections 8.2 and 8.3, inter story drift, panel zone 

deformation, and plastic yielding are used as the main indices to compare performance of 

the different structural systems. Finally, a summary and conclusions are given in Section 

8.4. 

 

8.1 Introduction to Nonlinear Analyses 

Numerical frame models which include the 2D joint models described in previous 

chapters are assumed to be accurate and able to replicate the real behavior of PR frames. 

The programs could not model fracture of the connections and connection rotational 

ductility was assumed as infinite; however, peak rotations were checked to ensure that they 

did not reach unusual levels (0.07 radians).  

The overall analysis program and types of data collected are summarized in Table 8.1 

and Figure 8.1. The expected strength and deformation demands for composite frame 
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systems can be estimated by these nonlinear frame analyses. A total of 72 pushover and 

320 non-linear dynamic analyses were carried out. 

The performance data selected for comparisons are the inter story drift ratios (ISDR), 

panel zone rotation angles (PZRA), forces, deformations and fiber stresses for key 

members and nodal displacement. In particular, member forces and deformations measured 

at the integration points of the nonlinear beam-column elements will be used for calculating 

elastic strength ratios (ESR) and inelastic curvature ductility ratios (ICDR) in the next 

chapter. 
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Table 8.1 Overall frame analyses and data measurements 

Figure 8.1Detail information for frame analysis and measurement cases 
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The dominant load combination, Load Combination 5 (See Section 7.3.1), was used to 

perform the nonlinear pushover analyses. The detailed load profiles for each frame model 

are shown in Table 7.4. Equivalent point loads, simulating the uniform dead and live loads, 

were applied to the beam elements in the gravity direction using the Constant Time Series 

function associated with the load pattern in OpenSEES.  The equivalent lateral loads on the 

joints were simulated by using the Linear Time Series function, so these loads can be 

applied in a linearly incremental fashion associated with a predefined time step. For each 

time step, a static analysis was performed through a displacement control algorithm.  

Ground motions selected from the SAC suite of ground motions (Somerville et al. 

1997) were used to perform the nonlinear dynamic analyses. Some selected ground motions 

are shown in Figure 8.2. More information on the ground motions used in this research is 

given in Appendix F. For each time step, a transient analysis was performed using the 

Newmark method (Newmark 1959). A value of 2.5 percent was used for the structural 

damping as defined by the Rayleigh command in OpenSEES.  In order to include second 

order effects (P-Delta effect) due to dead and live loads along the gravity direction, these 

loads were also applied to the beam elements. In addition to the gravity loads to model the 

P-Delta effects, lumped masses were assigned to nodes so as to generate the story shear 

force due to the ground acceleration. Lumped masses consisted of 1.0 times dead loads plus 

0.2 times live loads. The calculation of the lumped mass is described in Appendix D.  
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From these nonlinear analyses, the primary response data were collected by utilizing 

recorder commands in the OpenSEES program. A schematic view of the data collected for 

the composite frame performance is depicted in Figure 8.3. Two types of data recorder 

Figure 8.2 Ground motions used in nonlinear dynamic analysis 
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commands, Node Recorder and Element Recorder, were used to collect the data of interest. 

The Node Recorder function was used to record the response of the global nodes, while the 

Element Recorder function collected data on the local response of members and fiber 

sections. For example, displacement, velocity, acceleration, and reaction force at the 

Record 1 or Record 2 position as shown in Figure 8.3 was monitored by the Node Recorder. 

On the other hand, member forces, deformations, fiber stresses, and strains at Record 3 to 

Record 5 positions were monitored by the Element Recorder. The ISDA shown in Figure 

8.3 (a) was calculated by observations of the global response data. The base shear force 

(Vbase) is the summation of the reaction forces at the column bases, and is another example 

of a global measurement. On the other hand, both the PZRA and stress hinge sequences are 

derived from monitoring local response data. 
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The overall composite moment frame models used to perform the nonlinear analyses 

are shown in Figure 7.11. All models were analyzed for the western US ground motions 

with 2% probability of exceedence in 50 years. The first number of the acronym shown in 

Figure 8.3 The schematic view of data collections 
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Figure 7.11 indicates the total numbers of stories (4 or 6). The letter of the acronym 

following this number represents the connection type (END: End-plate connections, TSU: 

T-stub connections and CLI: Clip angle connections). The last letter indicates the cases 

determined by the model combinations due to column systems, tension bars and connection 

types (See Table 7.5).  For instance, the 6 story composite moment frame with end-plate 

connections having CCFT + RCFT column systems and SMA + Steel tension bars is 

expressed as 6END-C1.  

 

 

8.2 Nonlinear Pushover Analyses 

2D nonlinear pushover analyses were performed to estimate the maximum strength and 

deformation capacities of the composite moment frames designed in the previous chapter. 

The collapse mechanisms were also investigated by tracking the yield or ultimate stress 

state of the prescribed fiber sections. The second order (P-Delta) effects due to the constant 

dead and live loads were tracked by using the Corotational Transformation Command 

available in OpenSEES  

 

8.2.1 Monotonic Pushover Curves 

The resulting monotonic pushover curves plotted in terms of interstory drift ratio vs. the 

normalized base shear force are shown in Figures 8.4 to 8.7. The normalized base shear 

corresponds to the base shear force measured by the Node Recorder. The ISDR on the X-

axis is defined as the roof displacement divided by the total frame height. The design base 

shear force (Vdesign) is defined as the summation of the equivalent lateral loads shown in 

Figure 7.4. These figures show comparisons of pushover curves for frames with the same 

composite column systems but different connection types, including variations in the type 

and layout of the tension bars.  

In all pushover curves shown in Figures 8.4 through 8.7, there are some important 

transition points in the curves which can be related to the ISDR. The limits to determine 

these transition points consist of the elastic range (proportional limit), initial yielding, 

initiation of hardening, ultimate strength, and strength degradation or the stability limit. For 

example, the 6END-C1 model indicates that an ISDR of 0.01 radians is the limit for the 
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elastic range, that 0.02 corresponds to the yielding point, that 0.03 corresponds to strength 

hardening, that 0.05 corresponds to the ultimate strength, and at an approximate value of 

0.09 is the stability limit.  

Overall, composite frames with the same PR connections exhibit almost identical 

pushover curves regardless of the parameters for tension bars (i.e. 6END-C1 vs. 6END-C4). 

This implies that the materials in the tension bars result in an insignificant change in the 

behavior of the composite frame. However, changes in panel zones and composite columns 

type give rise to significant behavioral differences.  

From all curves, the initial slope of the composite moment frames with welded 

connections is steeper than that of the composite moment frames with PR connections (i.e. 

6END-C1 vs. 6END-C7). The stiffness loss due to the oversize bolt holes in the panel zone 

and the structural characteristics of PR connections cause the composite moment frames 

with PR connections (i.e. 6END-C1 and 6END-C2) to have lower initial stiffness. 

Although the three frame models evidence similar ultimate strength, the strength of the 

composite moment frames with welded connections generally deteriorates more rapidly 

than that of the composite moment frames with PR connections after reaching the ultimate 

strength. The welded connections fail by brittle fracture of the welds and increased P-Delta 

effects. In fact, these frames appear to have reached their stability limit. In contrast, 

connections with the more flexible tension bars provide more ductility. Therefore, the 

composite frames with PR connections show more gradual strength degradation after 

reaching their ultimate strength.   

The strength of the composite columns has a major effect on the performance of the 

frames. The axial force and bending moment interaction capacity (P-M interaction) for all 

composite columns is given in Appendix A. Composite frames with end-plate connections 

have larger steel areas and reinforcement (roughly 33% higher) than those with T-stub 

connections (i.e. 6END-C1 vs. 6TSU-C1). These larger column sizes obviously increase 

the resistance against lateral loads. Generally, the capacity of the CCFT columns is 

identical or slightly smaller than that of the RCFT columns. Therefore, the strength of 

composite frames with CCFT columns is identical or slightly smaller than that of 

composite frames with RCFT columns (i.e. 6END-C1 vs. 6END-C2). Composite moment 

frames with CCFT columns are susceptible to stress concentration at the panel zone 
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because the rectangular shape panel zone is welded to the circular columns. This 

characteristic of panel zones causes the strength to deteriorate more rapidly.   

Finally, the strength of the taller frames deteriorates more rapidly than that of the 

shorter frame due to the larger P-Delta effect. Comparisons between the pushover curves 

for 6END-C9 and those for 4END-C9 provide good examples to verify this argument (see 

Figures 8.4 and 8.6).  
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8.2.2. Cyclic Pushover Curves 

The same numerical models that were tested monotonically were also used for cyclic 

pushover analyses. The modeling decisions and data collected, where possible, were 

identical to those for the monotonic pushover tests.  

Figure 8.8 shows the displacement load history for the nonlinear cyclic pushover 

analyses. This load history was applied to the roof of all composite moment frames. The 

use of only one load history aimed at simplifying comparisons for strength, stiffness and 

energy capacity.  
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The cyclic pushover curves for all composite moment frames are shown in Figures 8.9 

to 8.12. Overall, the envelope of the monotonic curve corresponds to that of the cyclic 

curve when the same models are tested. As expected, all transition points and limits 

obtained by the monotonic pushover test are equal to those obtained by the cyclic pushover 

test. This illustrates an important limitation of these analyses, which cannot capture 

substantial degradation unless the monotonic ultimate strength is reached.  

From all cyclic curves, the unloading slopes were taken as equal to the initial slope. 

Composite moment frames with PR connections show smaller residual displacement during 

unloading than those with welded connections. Similarly, composite frames with PR 

connections show gentler strength degradation after reaching their ultimate strength (See 

Figure 8.8 Displacement history for the nonlinear cyclic pushover analysis 
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Figure 8.9 (b) and Figure 8.9 (d)). This results in an increase in the energy absorption 

capacity. Moreover, composite frames with the same PR connection systems evidence 

almost identical cyclic curves regardless of the parameters for tension bars (See Figure 8.9 

(a), (c), and (e)).  

The cyclic pushover curves for 6END models show distinct strength degradation due to 

the large P-Delta effect in comparison with those for 4END models (i.e. 6END-C7 vs. 

4END-C7). A slight slippage during reloads can be found on some cyclic curves as shown 

in Figure 8.12. This implies that the detailed component approach undertaken in this 

research is capable of detecting this subtle but important behavior mode.  
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8.2.3 Results of Nonlinear Pushover Analyses 

The performance levels were defined from the monotonic pushover curves. The 

performance levels result from three transition points on these pushover curves: the Design 

Point, Yield Point, and Ultimate Point as shown in Figure 8.13. The monotonic pushover 

curves measured at the first floor were selected to determine the measurement points 

because the composite columns at this level are the most susceptible to the yielding and 

collapse (i.e., formation of a soft story). ISDR and PZRA at all floors under each 

performance level are investigated in this section. 

 

Inter Story Drift Ratio (rad)

N
or

m
al

iz
ed

 B
as

e 
Sh

ea
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e/V
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ig
n)

Design Point : VBase = VDesing

Yield Point : VBase = VYield

Ultimate Point : VBase = VUltimate

Measured at the 1st Story

 
 

 

The ISDA at the design, yield and ultimate level are shown in Figures 8.14 to 8.17. The 

material properties of the tension bars rarely affected the pushover curves, so composite 

moment frame models with only steel tension bars were omitted in these figures. The 

design story drift shall not exceed the allowable story drift defined as by EQ (7.2). The 

allowable story drift checks for composite moment frames with welded connections (C-

SMF) are shown in Figures 8.14 (a) and 8.15 (a). All stories satisfy the allowable drift 

limits.  

As expected from the design approaches used, all frames are stable up to the yield point 

level. After reaching the ultimate point level, plastic deformations due to bending increase 

Figure 8.13 Measurement points for the performance levels 
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significantly and concentrate on the lower stories as shown in Figures 8.14 (d) and 8.15 (d). 

The maximum ISDR for the 6 story frames occur at the 3rd story until the yield point level, 

but it gradually moves to the lowest level as the lateral loads increased. The increased 

plastic deformations at the lower story cause this phenomenon (See next Section 8.2.4).  

The composite moment frames with welded connections show a stiffer initial slope than 

those with bolted PR connections in the nonlinear pushover curves. Thus, the composite 

moment frames with welded connections show smaller inter-story drift than those with 

bolted PR connections within the elastic range of the pushover curves. Two performance 

levels which are design and yielding point level belong to the elastic range of the pushover 

curve. Therefore, the welded connection systems cause lower ISDR than the PR connection 

systems at both performance levels. For example, the average ISDR for the frames with 

welded connections is about 0.003, while the corresponding ISDR for those with PR 

connections is 0.006 at the design point level (See Figure 8.14 (b)). At the yielding 

performance level (See Figure 8.14 (c) and Figure 8.15 (c)), the value of ISDR at the lower 

story levels starts to increase. The scatter of ISDR at the each story level also start to 

increase.  

For the 4 story frame cases (Figures 8.16 and 8.17), the ISDR at the ultimate point level 

can not be reliably estimated because of the continuous strain hardening of the monotonic 

pushover curves. This implies that the ISDR at the ultimate point level increases 

significantly for shorter buildings. In addition, it is worthwhile to notice that the ISDR for 

the 4 story frames are generally smaller than those of the 6 story frames at both the design 

and the yield point level due to the smaller P-Delta effects.  

The PZRA show the same trend as ISDR for all composite moment frames. The PZRA 

for the 6 story moment frames are shown in Figures 8.18 and 8.19. Circular columns had 

rectangular shapes welded to the panel zone to facilitate the fabrication of the connection 

(See Figure 4.8). This detail gave rise to stress concentrations, so the PZRA of 6END-C2 

deteriorated rapidly, as shown in Figure 8.18 (a). Similarly to the ISDR, all frames exhibit 

stable PZRA behavior up to the yield point level. After reaching the ultimate point level, 

plastic rotations due to bending localize on the lowest story level as shown in Figure 8.18 

(d) and Figure 8.19 (d). 
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8.2.4 Failure Mechanism for Composite Frame Models 

From the pushover results, it can be shown that hinges occurs at the bottom of the 

composite columns as well as other column locations. The occurrence of a hinge, and its 

increasing rotations, can be detected by measuring the stresses and strains in the sections 

during the pushover analysis.  

 

Panel Zone Panel Zone

Stress under Yield State

(Yield Stress Hinge)

Stress under Ultimate State

(Ultimate Failure Hinge)

Column Base Column Base

(a) View of member forces (b) Failure mechanism at the panel zones and column base

Post-Yield Stress under Tension Post-Yield Stress under Compression

Post-Ultimate Stress under Tension Post-Ultimate Stress under Compression

Design Stress Level: 

+54~+55 ksi+73~+74 ksi -54~-55 ksi -73~-74 ksi

(c) The standard design stress levels to determine hinge mechanism

Stress under Yield State

(Yield Stress Hinge)

Stress under Ultimate State

(Ultimate Failure Hinge)

 
 

 

The composite columns subjected to lateral loads accommodate the imposed frame 

deformations through a double curvature deflection mode. The member forces acting on the 

composite frames are shown in Figure 8.20 (a). As the applied lateral loads are increased, 

the bending moments are also increasing at the ends of composite columns. The bending 

Figure 8.20 Determination of the failure mechanism using the failure hinge 
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stress due to the bending moments contributes to creating the hinges as shown in Figure 

8.20 (b). Generally, the shear stresses in the members are negligible in a frame analysis. 

Both hinge levels are defined in Figure 8.20 (c). The yield stress hinge is determined when 

the design yield stress (55 ksi). The ultimate failure hinge is determined when the post 

design ultimate stress (74 ksi) is reached. The design stress level was based on the steel 

materials used in the composite columns.  

The hinging during the nonlinear pushover analysis is shown in Figure 8.21 to Figure 

8.24. Only two performance levels (the yield point and the ultimate points) are shown 

because no yielding occurred at the design point. Hinges start to occur at the column bases 

and extend to the upper stories. The hinges occur due to the combination of axial and 

bending stresses. At the yield base shear force, the number of hinge points due to 

compression is more than that of hinge points due to tension because of the axial stresses 

generated by the gravity loads. However, as the applied lateral loads are increased, the 

bending stresses generated by the bending moments become dominant. Remember, that as 

noted in Figure 9.5, the beam hinges are not shown. Moreover, while many hinges are 

shown in the columns, no complete story mechanisms form, so the structures are still stable. 

Overall, the interior composite columns are more susceptible to failure than the external 

composite columns due to the larger P-Delta effect. The positions of hinges are symmetric 

to the center of the moment frame. Composite moment frames with welded connections 

show more hinges than those with PR connections at the yield point because of the sudden 

brittle failure.  
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Double Curvature (Check Local Coordinates for the fiber section)

(a) Failure hinge formation for 6END-C1 model under yield base shear force (V=634 kip)

Double Curvature (Check Local Coordinates for the fiber section)

(b) Failure hinge formation for 6END-C1 model under ultimate base shear force (V=861 kip)  
Figure 8.21 Failure hinge formation during the nonlinear monotonic pushover analysis 

(6END-C1) 
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Double Curvature (Check Local Coordinates for the fiber section)

(a) Failure hinge formation for 6END-C7 under yield base shear force (V=772 kip)

Double Curvature (Check Local Coordinates for the fiber section)

(b) Failure hinge formation for 6END-C7 under ultimate base shear force (V=882 kip)  
Figure 8.22 Failure hinge formation during the nonlinear monotonic pushover analysis 

(6END-C7) 
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Double Curvature (Check Local Coordinates for the fiber section)

(a) Failure hinge formation for 6END-C2 under yield base shear force (V=564 kip)

Double Curvature (Check Local Coordinates for the fiber section)

(b) Failure hinge formation for 6END-C2 under ultimate base shear force (V=843 kip)  
Figure 8.23 Failure hinge formation during the nonlinear monotonic pushover analysis 

(6END-C3) 
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Double Curvature (Check Local Coordinates for the fiber section)

(a) Failure hinge formation for 6END-C2 under yield base shear force (V=564 kip)

Double Curvature (Check Local Coordinates for the fiber section)

(b) Failure hinge formation for 6END-C2 under ultimate base shear force (V=843 kip)  
 Figure 8.24 Failure hinge formation during the nonlinear monotonic pushover analysis 

(6END-C8) 
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8.3 Nonlinear Dynamic Analyses 

The nonlinear dynamic analyses consisted of two suites of 20 earthquake ground 

motions with 2% probability of exceedence in 50 years for the western USA area (LA21to 

LA30 and SE21 to SE30, Somerville et al., 1997). Information on the ground motions is 

given in Table 8.2 and Appendix F.  

 

 

0.99190849.980.0225001.081.27.41974 TabasLA30

0.80921849.980.0225001.081.27.41974 TabasLA29

1.33001659.980.0230001.616.46.71994 NorthridgeLA28

0.92675859.980.0230001.616.46.71994 NorthridgeLA27

0.94367814.9450.00529901.297.56.71994 NorthridgeLA26

0.86854414.9450.00529901.297.56.71994 NorthridgeLA25

0.47297624.990.0125000.823.571989 Loma PrietaLA24

0.41809724.990.0125000.823.571989 Loma PrietaLA23

0.9206959.980.0230001.153.46.91995 KobeLA22

1.28359.980.0230001.153.46.91995 KobeLA21

(g)(sec)(sec)of PointsFactor(km)MagnitudeName

PGADurationDTNumberScaleDistanceEarthquake
Record

SAC

0.99190849.980.0225001.081.27.41974 TabasLA30

0.80921849.980.0225001.081.27.41974 TabasLA29

1.33001659.980.0230001.616.46.71994 NorthridgeLA28

0.92675859.980.0230001.616.46.71994 NorthridgeLA27

0.94367814.9450.00529901.297.56.71994 NorthridgeLA26
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1.28359.980.0230001.153.46.91995 KobeLA21
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(a) Earthquake ground motions in LA area (LA Motions)  
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1.635834999.9750.02540002.94281985 ValparisoSE29
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(b) Earthquake ground motions in Seattle Area (SE Motions)  
 

Displacements and interstory drift ratios are investigated in this section. As the amount 

of data generated in these analyses was enormous, only the peak responses for some 

composite moment frame models subjected to all ground motions are summarized here.  

 

 

Table 8.2 Earthquake ground motions with 2% probability of exceedence in 50 years 
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8.3.1 Nonlinear Dynamic Behavior 

For a comparison between the behavior of the PR and that of the welded FR frames, 

two ground motions (LA21 and LA26) were selected. The LA 21 ground motion has 

energy concentrated a relatively long period (60 sec.), while the LA 26 ground motion has 

energy concentrated at a relatively short period (15 sec., See Figure 8.2).  

Displacements at the roof level and inter-story drift ratios are shown in Figures 8.25 to 

8.27. The figures compare the behavior of two frame models with different connection 

types. Generally, composite moment frames with PR connections show smaller maximum 

displacements than those with welded FR connections.   

The cyclic behavior of composite frame structures under ground motions will be plotted 

as the normalized shear forces versus interstory drift ratio at the roof.  These plots show the 

influence of  the applied ground motion and P-Delta effect. In general, the 6 story frames 

show higher maximum base shear than the 4 story frames; this is expected given the 

additional height and mass.  There are significant permanent displacements at the ends of 

the analyses for several of the analyses.  
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8.3.2 Peak Responses 

In order to examine the dynamic performance and evaluation effectively, the peak 

responses were investigated. The peak responses acting on the composite moment frame 

models are listed in Tables 8.3 to 8.16. These tables show the results of aplying all 20 

ground motions to selected frames. In general, maximum displacement, velocity, and 

pseudo-acceleration occur at the roof level. The occurrence time for each peak value was 

slightly different for the different frames and lagged behind the peak ground acceleration 

(PGA). The maximum base shear force obtained by the nonlinear dynamic test is 

approximately 5 to 10 percent larger than the ultimate base shear force obtained from the 

nonlinear pushover test. This numerical discrepancy results from the use of lumped masses. 

The 6 story frames have a larger maximum base shear force than the 4 story building due to 

the larger mass effect (i.e. Table 8.3 vs. Table 8.11). The largest maximum pseudo-

acceleration occurs for the record with the strongest PGA (SE27). The bold letters in the 

tables indicate the largest value.  

The graphs of the scatter data for peak inter story drift ratios (ISDR) shown in the 

tables (i.e. Table 8.4) are provided in Figures 8.28 to 8.34. These graphs show the average 

and 84 percentile ISDR together with individual peak data points. The values of the 84 

percentile employed from here on to indicate the statistical values of the peak ISDR as 

defined in FEMA 355C.  Similarly to the ISDR at the ultimate point obtained by the 

nonlinear pushover analysis, the peak ISDR obtained from the dynamic analysis show the 

largest values at the first story level. They are also decrease as one moves up the frame. 

This implies that the composite columns located in the lower story levels are susceptible to 

severe plastic deformations under these ground motions. In addition to the PGA, the 

lumped masses have an influence on the peak ISDR. The larger lumped masses can 

increase the values of the peak ISDR. For example, the average of the peak first story ISDR 

for the 6END-C7 approaches 0.043, while the same parameter at the 6TSU-C7 approaches 

0.032 (See Figure 8.29 and Figure 8.30).  
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0.4819.776.4044.540.4006Standard Dev.

1.7184.8218.831060.200.9709Average

2.3895.8115.4810631.573SE30

2.4183.2216.3410601.636SE29

2.12106.3213.7210741.390SE28

2.43112.9832.3910931.755SE27

1.4569.4010.2010120.821SE26

1.5870.7615.0710680.895SE25

0.8872.0522.1210900.539SE24

1.4577.8314.2110890.605SE23

0.9556.219.159390.485SE22

1.3968.0524.0611000.755SE21

2.2860.9219.7510840.992LA30

1.7660.7712.8110340.809LA29

1.9296.1824.1211201.330LA28

1.4185.3527.5110670.927LA27

1.57120.1827.8910940.944LA26

1.79102.4118.3610430.869LA25

1.4284.2424.5410990.473LA24

1.0662.4211.679820.418LA23

1.8398.6817.5310170.921LA22

2.21112.5319.6810761.283LA21

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)EQ Motion

0.4819.776.4044.540.4006Standard Dev.

1.7184.8218.831060.200.9709Average

2.3895.8115.4810631.573SE30

2.4183.2216.3410601.636SE29

2.12106.3213.7210741.390SE28

2.43112.9832.3910931.755SE27

1.4569.4010.2010120.821SE26

1.5870.7615.0710680.895SE25

0.8872.0522.1210900.539SE24

1.4577.8314.2110890.605SE23

0.9556.219.159390.485SE22

1.3968.0524.0611000.755SE21

2.2860.9219.7510840.992LA30

1.7660.7712.8110340.809LA29

1.9296.1824.1211201.330LA28

1.4185.3527.5110670.927LA27

1.57120.1827.8910940.944LA26

1.79102.4118.3610430.869LA25

1.4284.2424.5410990.473LA24

1.0662.4211.679820.418LA23

1.8398.6817.5310170.921LA22

2.21112.5319.6810761.283LA21

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)EQ Motion

 
 

0.00690.00830.01010.01300.01740.0233Standard Dev.

0.01980.02300.02700.03220.03980.0487Average

0.01610.01910.02290.02830.03680.048230.05SE30

0.01620.01880.02180.02550.02990.033531.65SE29

0.01470.01710.01990.02280.02600.028110.76SE28

0.03450.04030.04660.05370.06070.06628.82SE27

0.01030.01180.01330.01470.01640.01839.4SE26

0.01590.01800.02010.02280.02750.034419.94SE25

0.02360.02760.03310.04130.05470.07323.71SE24

0.01490.01730.02060.02500.03100.04033.72SE23

0.00980.01090.01200.01320.01480.01657.52SE22

0.02560.03020.03650.04580.06030.07533.34SE21

0.02110.02430.02840.03460.04580.062711.72LA30

0.01290.01470.01690.01960.02370.029212.28LA29

0.02570.02990.03580.04470.05810.07544.92LA28

0.02880.03410.04070.04930.06130.07527.22LA27

0.02980.03500.04170.05090.06250.07143.23LA26

0.01850.02170.02510.02880.03210.03293.15LA25

0.02610.03030.03600.04470.06040.084310.14LA24

0.01240.01390.01540.01700.01950.022910.62LA23

0.01870.02110.02270.02280.02180.02028.88LA22

0.02050.02430.03020.03920.05180.066510.06LA21

654321TimeEQ Motion

0.00690.00830.01010.01300.01740.0233Standard Dev.

0.01980.02300.02700.03220.03980.0487Average

0.01610.01910.02290.02830.03680.048230.05SE30

0.01620.01880.02180.02550.02990.033531.65SE29

0.01470.01710.01990.02280.02600.028110.76SE28

0.03450.04030.04660.05370.06070.06628.82SE27

0.01030.01180.01330.01470.01640.01839.4SE26

0.01590.01800.02010.02280.02750.034419.94SE25

0.02360.02760.03310.04130.05470.07323.71SE24

0.01490.01730.02060.02500.03100.04033.72SE23

0.00980.01090.01200.01320.01480.01657.52SE22

0.02560.03020.03650.04580.06030.07533.34SE21

0.02110.02430.02840.03460.04580.062711.72LA30

0.01290.01470.01690.01960.02370.029212.28LA29

0.02570.02990.03580.04470.05810.07544.92LA28

0.02880.03410.04070.04930.06130.07527.22LA27

0.02980.03500.04170.05090.06250.07143.23LA26

0.01850.02170.02510.02880.03210.03293.15LA25

0.02610.03030.03600.04470.06040.084310.14LA24

0.01240.01390.01540.01700.01950.022910.62LA23

0.01870.02110.02270.02280.02180.02028.88LA22

0.02050.02430.03020.03920.05180.066510.06LA21

654321TimeEQ Motion

 

Table 8.3 Peak response of the 6END-C1 case under various EQ motions 

Table 8.4 Peak inter-story drift ratio of the 6END-C1 case under various EQ motions 
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0.5320.146.5633.480.4006Standard Dev.

1.6881.6218.82941.950.9709Average

2.4088.7515.189451.573SE30

2.4276.4716.389351.636SE29

2.3899.7514.039521.390SE28

2.48120.4331.399731.755SE27

1.5565.959.839120.821SE26

1.7964.9015.259610.895SE25

0.8571.4323.359400.539SE24

1.4275.1414.429620.605SE23

0.9055.349.828350.485SE22

1.1269.8324.459730.755SE21

2.2159.6118.709720.992LA30

1.4955.9011.729280.809LA29

1.8898.6226.099781.330LA28

1.2382.5929.369380.927LA27

1.52117.8226.799370.944LA26

1.7593.9315.949560.869LA25

1.2879.8224.579810.473LA24

0.9956.1211.599030.418LA23

1.7994.2918.039220.921LA22

2.07105.7619.529361.283LA21

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)EQ Motion

0.5320.146.5633.480.4006Standard Dev.

1.6881.6218.82941.950.9709Average

2.4088.7515.189451.573SE30

2.4276.4716.389351.636SE29

2.3899.7514.039521.390SE28

2.48120.4331.399731.755SE27

1.5565.959.839120.821SE26

1.7964.9015.259610.895SE25

0.8571.4323.359400.539SE24

1.4275.1414.429620.605SE23

0.9055.349.828350.485SE22

1.1269.8324.459730.755SE21

2.2159.6118.709720.992LA30

1.4955.9011.729280.809LA29

1.8898.6226.099781.330LA28

1.2382.5929.369380.927LA27

1.52117.8226.799370.944LA26

1.7593.9315.949560.869LA25

1.2879.8224.579810.473LA24

0.9956.1211.599030.418LA23

1.7994.2918.039220.921LA22

2.07105.7619.529361.283LA21

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)EQ Motion

 
 

0.00700.00840.01040.01350.01910.0306Standard Dev.

0.01990.02320.02730.03290.04200.0579Average

0.01610.01910.02290.02830.03680.048230.05SE30

0.01750.01990.02280.02660.03210.038633.32SE29

0.01470.01700.01940.02180.02520.029510.72SE28

0.03350.03940.04590.05390.06430.08008.86SE27

0.01020.01160.01310.01470.01700.02109.4SE26

0.01590.01820.02120.02530.03190.043020.2SE25

0.02480.02940.03600.04570.06260.09513.82SE24

0.01540.01770.02050.02440.03130.04634.03SE23

0.01030.01160.01300.01460.01720.02167.58SE22

0.02590.03030.03620.04490.06040.08733.44SE21

0.02000.02340.02790.03460.04640.066711.72LA30

0.01250.01440.01640.01920.02410.034012.36LA29

0.02740.03220.03860.04830.06580.09837.68LA28

0.03110.03670.04360.05340.07010.10359.06LA27

0.02830.03350.04020.05000.06480.08793.26LA26

0.01680.01940.02220.02560.02910.03093.1LA25

0.02550.03000.03620.04590.06400.103610.12LA24

0.01240.01390.01540.01710.02000.025910.66LA23

0.01890.02160.02360.02430.02330.02178.92LA22

0.02040.02400.03000.03940.05290.074710.12LA21

654321TimeEQ Motion

0.00700.00840.01040.01350.01910.0306Standard Dev.

0.01990.02320.02730.03290.04200.0579Average

0.01610.01910.02290.02830.03680.048230.05SE30

0.01750.01990.02280.02660.03210.038633.32SE29

0.01470.01700.01940.02180.02520.029510.72SE28

0.03350.03940.04590.05390.06430.08008.86SE27

0.01020.01160.01310.01470.01700.02109.4SE26

0.01590.01820.02120.02530.03190.043020.2SE25

0.02480.02940.03600.04570.06260.09513.82SE24

0.01540.01770.02050.02440.03130.04634.03SE23

0.01030.01160.01300.01460.01720.02167.58SE22

0.02590.03030.03620.04490.06040.08733.44SE21

0.02000.02340.02790.03460.04640.066711.72LA30

0.01250.01440.01640.01920.02410.034012.36LA29

0.02740.03220.03860.04830.06580.09837.68LA28

0.03110.03670.04360.05340.07010.10359.06LA27

0.02830.03350.04020.05000.06480.08793.26LA26

0.01680.01940.02220.02560.02910.03093.1LA25

0.02550.03000.03620.04590.06400.103610.12LA24

0.01240.01390.01540.01710.02000.025910.66LA23

0.01890.02160.02360.02430.02330.02178.92LA22

0.02040.02400.03000.03940.05290.074710.12LA21

654321TimeEQ Motion

 

Table 8.5 Peak response of the 6END-C2 case under various EQ motions 

Table 8.6 Peak inter-story drift ratio of the 6END-C2 case under various EQ motions 
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0.4118.656.8620.580.4006Standard Dev.

1.5181.4522.07849.800.9709Average

1.7781.6717.848301.573SE30

1.9281.8718.948301.636SE29

2.0965.2914.528481.390SE28

2.24108.4224.328501.755SE27

1.0757.6618.458670.821SE26

1.3166.8115.268330.895SE25

0.8984.9731.088760.539SE24

1.1880.6219.848860.605SE23

0.9852.8912.898330.485SE22

1.1985.8230.628660.755SE21

1.6462.8822.088490.992LA30

1.5652.2917.228320.809LA29

1.9789.7226.598561.330LA28

1.3195.9737.278800.927LA27

1.42120.8127.928330.944LA26

1.5492.8418.838420.869LA25

1.1690.9330.078890.473LA24

1.0966.1211.588370.418LA23

1.9088.5421.128310.921LA22

1.94102.9624.898281.283LA21

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)EQ Motion

0.4118.656.8620.580.4006Standard Dev.

1.5181.4522.07849.800.9709Average

1.7781.6717.848301.573SE30

1.9281.8718.948301.636SE29

2.0965.2914.528481.390SE28

2.24108.4224.328501.755SE27

1.0757.6618.458670.821SE26

1.3166.8115.268330.895SE25

0.8984.9731.088760.539SE24

1.1880.6219.848860.605SE23

0.9852.8912.898330.485SE22

1.1985.8230.628660.755SE21

1.6462.8822.088490.992LA30

1.5652.2917.228320.809LA29

1.9789.7226.598561.330LA28

1.3195.9737.278800.927LA27

1.42120.8127.928330.944LA26

1.5492.8418.838420.869LA25

1.1690.9330.078890.473LA24

1.0966.1211.588370.418LA23

1.9088.5421.128310.921LA22

1.94102.9624.898281.283LA21

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)EQ Motion

 
 

0.00740.00910.01150.01490.02010.0249Standard Dev.

0.02330.02710.03110.03520.04010.0431Average

0.01840.02100.02260.02100.01790.014530.8SE30

0.01980.02280.02580.02750.02580.023131.7SE29

0.01480.01670.01810.01940.02020.018929.92SE28

0.02590.02990.03270.03080.02470.01798.94SE27

0.01970.02260.02580.03020.03810.05359.72SE26

0.01620.01850.02100.02470.03020.03625.26SE25

0.03290.03900.04720.05800.07260.07483.86SE24

0.02100.02460.02920.03520.04560.06164.11SE23

0.01270.01370.01420.01480.01600.01824.12SE22

0.03270.03830.04540.05550.07060.07453.36SE21

0.02340.02670.02990.03470.04210.050911.52LA30

0.01840.02080.02290.02570.03040.034112.44LA29

0.02840.03380.04060.04970.06120.05724.98LA28

0.03970.04690.05530.06500.07440.07497.54LA27

0.02960.03460.03910.03940.03370.02213.19LA26

0.02020.02310.02640.03070.03770.04682.53LA25

0.03160.03720.04450.05350.06810.098211.52LA24

0.01200.01350.01470.01600.01780.019510.18LA23

0.02250.02590.02720.02440.02110.015310.86LA22

0.02660.03160.03920.04830.05440.049310.22LA21

654321TimeEQ Motion

0.00740.00910.01150.01490.02010.0249Standard Dev.

0.02330.02710.03110.03520.04010.0431Average

0.01840.02100.02260.02100.01790.014530.8SE30

0.01980.02280.02580.02750.02580.023131.7SE29

0.01480.01670.01810.01940.02020.018929.92SE28

0.02590.02990.03270.03080.02470.01798.94SE27

0.01970.02260.02580.03020.03810.05359.72SE26

0.01620.01850.02100.02470.03020.03625.26SE25

0.03290.03900.04720.05800.07260.07483.86SE24

0.02100.02460.02920.03520.04560.06164.11SE23

0.01270.01370.01420.01480.01600.01824.12SE22

0.03270.03830.04540.05550.07060.07453.36SE21

0.02340.02670.02990.03470.04210.050911.52LA30

0.01840.02080.02290.02570.03040.034112.44LA29

0.02840.03380.04060.04970.06120.05724.98LA28

0.03970.04690.05530.06500.07440.07497.54LA27

0.02960.03460.03910.03940.03370.02213.19LA26

0.02020.02310.02640.03070.03770.04682.53LA25

0.03160.03720.04450.05350.06810.098211.52LA24

0.01200.01350.01470.01600.01780.019510.18LA23

0.02250.02590.02720.02440.02110.015310.86LA22

0.02660.03160.03920.04830.05440.049310.22LA21

654321TimeEQ Motion

 

Table 8.7 Peak response of the 6END-C7 case under various EQ motions 

Table 8.8 Peak inter-story drift ratio of the 6END-C7 case under various EQ motions 
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0.4118.075.3664.270.4006Standard Dev.

1.6778.8216.51765.650.9709Average

2.0679.615.568101.5726635SE30

2.2498.7113.887371.6358349SE29

2.0576.2813.677431.3904852SE28

2.4482.3619.887521.7549437SE27

1.5259.8510.377140.8209028SE26

1.2777.3710.197510.8948236SE25

1.2568.1420.318240.5390563SE24

1.2272.3913.427840.6048157SE23

1.2856.918.215570.4852179SE22

1.9582.0821.998050.7551332SE21

2.1661.6217.328280.992LA30

1.4759.9310.877460.809LA29

1.5479.1519.568191.330LA28

1.2669.3425.348210.927LA27

1.68108.6126.68060.944LA26

1.68106.0520.187710.869LA25

1.2872.9620.268140.473LA24

1.0853.138.516780.418LA23

1.8694.9815.427520.921LA22

2.05116.9818.648011.283LA21

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)EQ Motion

0.4118.075.3664.270.4006Standard Dev.

1.6778.8216.51765.650.9709Average

2.0679.615.568101.5726635SE30

2.2498.7113.887371.6358349SE29

2.0576.2813.677431.3904852SE28

2.4482.3619.887521.7549437SE27

1.5259.8510.377140.8209028SE26

1.2777.3710.197510.8948236SE25

1.2568.1420.318240.5390563SE24

1.2272.3913.427840.6048157SE23

1.2856.918.215570.4852179SE22

1.9582.0821.998050.7551332SE21

2.1661.6217.328280.992LA30

1.4759.9310.877460.809LA29

1.5479.1519.568191.330LA28

1.2669.3425.348210.927LA27

1.68108.6126.68060.944LA26

1.68106.0520.187710.869LA25

1.2872.9620.268140.473LA24

1.0853.138.516780.418LA23

1.8694.9815.427520.921LA22

2.05116.9818.648011.283LA21

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)EQ Motion

 
 

0.00570.00680.00830.01020.01230.0133Standard Dev.

0.01740.02020.02340.02710.03050.0313Average

0.01660.01930.02260.02670.03100.033329.93SE30

0.01430.01620.01790.01880.01830.016535.13SE29

0.01460.01730.02050.02430.02830.029810.66SE28

0.02120.02470.02840.03150.03320.03238.72SE27

0.01050.01220.01440.01720.02030.021611.18SE26

0.01060.01210.01380.01570.01750.01814.88SE25

0.02150.02530.03000.03610.04330.04633.57SE24

0.01410.01620.01880.02190.02470.02623.63SE23

0.00870.00950.00980.00970.00880.00703.52SE22

0.02290.02690.03220.03920.04580.04723.26SE21

0.01830.02110.02450.02880.03460.037111.48LA30

0.01160.01310.01490.01710.01960.020911.34LA29

0.02020.02360.02750.03170.03670.03844.82LA28

0.02670.03140.03710.04360.04960.05207.22LA27

0.02840.03330.03940.04640.05230.05313.18LA26

0.02140.02480.02880.03270.03520.03543.09LA25

0.02140.02500.02970.03610.04370.04648.92LA24

0.00910.01030.01170.01340.01520.015711.49LA23

0.01650.01880.02100.02190.02100.01828.88LA22

0.01980.02260.02550.02840.03090.031410.76LA21

654321TimeEQ Motion

0.00570.00680.00830.01020.01230.0133Standard Dev.

0.01740.02020.02340.02710.03050.0313Average

0.01660.01930.02260.02670.03100.033329.93SE30

0.01430.01620.01790.01880.01830.016535.13SE29

0.01460.01730.02050.02430.02830.029810.66SE28

0.02120.02470.02840.03150.03320.03238.72SE27

0.01050.01220.01440.01720.02030.021611.18SE26

0.01060.01210.01380.01570.01750.01814.88SE25

0.02150.02530.03000.03610.04330.04633.57SE24

0.01410.01620.01880.02190.02470.02623.63SE23

0.00870.00950.00980.00970.00880.00703.52SE22

0.02290.02690.03220.03920.04580.04723.26SE21

0.01830.02110.02450.02880.03460.037111.48LA30

0.01160.01310.01490.01710.01960.020911.34LA29

0.02020.02360.02750.03170.03670.03844.82LA28

0.02670.03140.03710.04360.04960.05207.22LA27

0.02840.03330.03940.04640.05230.05313.18LA26

0.02140.02480.02880.03270.03520.03543.09LA25

0.02140.02500.02970.03610.04370.04648.92LA24

0.00910.01030.01170.01340.01520.015711.49LA23

0.01650.01880.02100.02190.02100.01828.88LA22

0.01980.02260.02550.02840.03090.031410.76LA21

654321TimeEQ Motion

 

Table 8.9 Peak response of the 6TSU-C1 case under various EQ motions 

Table 8.10 Peak inter-story drift ratio of the 6TSU-C1 case under various EQ motions 



 273

 

0.4115.984.4466.770.4006Standard Dev.

1.6974.8512.961122.600.9709Average

2.0574.2811.3911301.5726635SE30

2.1781.5716.0811061.6358349SE29

2.1269.1210.5611381.3904852SE28

2.3379.3720.3811891.7549437SE27

1.7163.496.6710210.8209028SE26

1.9863.388.210260.8948236SE25

0.9758.6911.4611750.5390563SE24

1.0760.8311.6411570.6048157SE23

1.5161.888.7310060.4852179SE22

1.5689.5113.7411850.7551332SE21

2.0560.7710.7611220.992LA30

1.3560.088.0810190.809LA29

2.1779.7714.1711601.330LA28

1.7673.5714.9412010.927LA27

1.2794.0223.5411710.944LA26

1.6886.3218.7611810.869LA25

1.2463.5710.4611570.473LA24

1.2761.588.7510130.418LA23

1.5896.0715.4411380.921LA22

2.02119.0715.4811571.283LA21

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)EQ Motion

0.4115.984.4466.770.4006Standard Dev.

1.6974.8512.961122.600.9709Average

2.0574.2811.3911301.5726635SE30

2.1781.5716.0811061.6358349SE29

2.1269.1210.5611381.3904852SE28

2.3379.3720.3811891.7549437SE27

1.7163.496.6710210.8209028SE26

1.9863.388.210260.8948236SE25

0.9758.6911.4611750.5390563SE24

1.0760.8311.6411570.6048157SE23

1.5161.888.7310060.4852179SE22

1.5689.5113.7411850.7551332SE21

2.0560.7710.7611220.992LA30

1.3560.088.0810190.809LA29

2.1779.7714.1711601.330LA28

1.7673.5714.9412010.927LA27

1.2794.0223.5411710.944LA26

1.6886.3218.7611810.869LA25

1.2463.5710.4611570.473LA24

1.2761.588.7510130.418LA23

1.5896.0715.4411380.921LA22

2.02119.0715.4811571.283LA21

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)EQ Motion

 
 

0.00710.00940.01360.0199Standard Dev.

0.02070.02580.03380.0456Average

0.01820.02210.02800.038230.45SE30

0.02580.03170.03900.047135.08SE29

0.01660.02070.02720.038810.54SE28

0.03270.04160.05540.07048.72SE27

0.01070.01280.01540.01909.04SE26

0.01300.01530.01810.02187.5SE25

0.01840.02330.03110.04503.38SE24

0.01860.02360.03180.04553.43SE23

0.01380.01630.01930.02223.46SE22

0.02200.02790.03760.05483.24SE21

0.01720.02110.02650.035711.42LA30

0.01290.01570.01930.02398.84LA29

0.02270.02900.03930.05463.82LA28

0.02390.03030.04130.06067.12LA27

0.03770.04820.06680.09713.07LA26

0.03000.03830.05200.07232.98LA25

0.01680.02100.02790.04099.89LA24

0.01390.01640.01910.021210.61LA23

0.02460.03120.04150.05278.84LA22

0.02450.03020.03880.049610.54LA21

4321TimeEQ Motion

0.00710.00940.01360.0199Standard Dev.

0.02070.02580.03380.0456Average

0.01820.02210.02800.038230.45SE30

0.02580.03170.03900.047135.08SE29

0.01660.02070.02720.038810.54SE28

0.03270.04160.05540.07048.72SE27

0.01070.01280.01540.01909.04SE26

0.01300.01530.01810.02187.5SE25

0.01840.02330.03110.04503.38SE24

0.01860.02360.03180.04553.43SE23

0.01380.01630.01930.02223.46SE22

0.02200.02790.03760.05483.24SE21

0.01720.02110.02650.035711.42LA30

0.01290.01570.01930.02398.84LA29

0.02270.02900.03930.05463.82LA28

0.02390.03030.04130.06067.12LA27

0.03770.04820.06680.09713.07LA26

0.03000.03830.05200.07232.98LA25

0.01680.02100.02790.04099.89LA24

0.01390.01640.01910.021210.61LA23

0.02460.03120.04150.05278.84LA22

0.02450.03020.03880.049610.54LA21

4321TimeEQ Motion

 

Table 8.11 Peak response of the 4END-C1 case under various EQ motions 

Table 8.12 Peak inter-story drift ratio of the 4END-C1 case under various EQ motions 
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0.4015.454.4954.620.4006Standard Dev.

1.5870.1713.10984.250.9709Average

2.165.7713.210241.5726635SE30

2.1574.2215.49971.6358349SE29

2.0862.3710.8910121.3904852SE28

2.2676.8419.9110261.7549437SE27

1.4560.927.248970.8209028SE26

1.9356.358.279250.8948236SE25

0.9358.5813.1510280.5390563SE24

0.9760.5411.7710170.6048157SE23

1.2953.688.268820.4852179SE22

1.4981.0514.9710310.7551332SE21

1.7662.899.929940.992LA30

1.2956.377.919040.809LA29

1.765.9615.7210181.330LA28

1.6768.4815.2210250.927LA27

1.3194.3523.4610170.944LA26

1.4684.8218.5610180.869LA25

1.1661.428.559650.473LA24

1.1756.438.398760.418LA23

1.4790.0415.6410040.921LA22

1.87112.315.5110251.283LA21

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)EQ Motion

0.4015.454.4954.620.4006Standard Dev.

1.5870.1713.10984.250.9709Average

2.165.7713.210241.5726635SE30

2.1574.2215.49971.6358349SE29

2.0862.3710.8910121.3904852SE28

2.2676.8419.9110261.7549437SE27

1.4560.927.248970.8209028SE26

1.9356.358.279250.8948236SE25

0.9358.5813.1510280.5390563SE24

0.9760.5411.7710170.6048157SE23

1.2953.688.268820.4852179SE22

1.4981.0514.9710310.7551332SE21

1.7662.899.929940.992LA30

1.2956.377.919040.809LA29

1.765.9615.7210181.330LA28

1.6768.4815.2210250.927LA27

1.3194.3523.4610170.944LA26

1.4684.8218.5610180.869LA25

1.1661.428.559650.473LA24

1.1756.438.398760.418LA23

1.4790.0415.6410040.921LA22

1.87112.315.5110251.283LA21

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)EQ Motion

 
 

0.00720.00960.01430.0232Standard Dev.

0.02080.02630.03530.0517Average

0.02120.02630.03460.052130.55SE30

0.02450.03070.03970.050535.1SE29

0.01740.02220.03030.047010.56SE28

0.03190.04100.05600.07748.72SE27

0.01160.01420.01780.02469.08SE26

0.01280.01580.02030.02814.76SE25

0.02100.02650.03540.05433.46SE24

0.01890.02410.03320.05073.46SE23

0.01310.01550.01850.02233.48SE22

0.02400.03070.04250.07043.26SE21

0.01590.01960.02510.035311.44LA30

0.01260.01540.01910.02538.86LA29

0.02340.03010.04170.06413.84LA28

0.02440.03140.04390.06937.14LA27

0.03760.04900.06970.11123.14LA26

0.02970.03820.05330.08033.01LA25

0.01370.01720.02260.03448.84LA24

0.01330.01570.01860.021810.62LA23

0.02500.03210.04370.05848.84LA22

0.02490.03100.04050.056910.64LA21

4321TimeEQ Motion

0.00720.00960.01430.0232Standard Dev.

0.02080.02630.03530.0517Average

0.02120.02630.03460.052130.55SE30

0.02450.03070.03970.050535.1SE29

0.01740.02220.03030.047010.56SE28

0.03190.04100.05600.07748.72SE27

0.01160.01420.01780.02469.08SE26

0.01280.01580.02030.02814.76SE25

0.02100.02650.03540.05433.46SE24

0.01890.02410.03320.05073.46SE23

0.01310.01550.01850.02233.48SE22

0.02400.03070.04250.07043.26SE21

0.01590.01960.02510.035311.44LA30

0.01260.01540.01910.02538.86LA29

0.02340.03010.04170.06413.84LA28

0.02440.03140.04390.06937.14LA27

0.03760.04900.06970.11123.14LA26

0.02970.03820.05330.08033.01LA25

0.01370.01720.02260.03448.84LA24

0.01330.01570.01860.021810.62LA23

0.02500.03210.04370.05848.84LA22

0.02490.03100.04050.056910.64LA21

4321TimeEQ Motion

 

Table 8.13 Peak response of the 4END-C2 case under various EQ motions 

Table 8.14 Peak inter-story drift ratio of the 4END-C2 case under various EQ motions 
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0.3918.284.8655.020.4006Standard Dev.

1.5276.8915.46894.650.9709Average

1.9272.1313.649161.5726635SE30

2.1995.8616.018791.6358349SE29

1.8872.4814.039181.3904852SE28

2.3881.4416.648891.7549437SE27

1.460.6211.118920.8209028SE26

1.4272.8810.618860.8948236SE25

0.9565.1917.959510.5390563SE24

1.1472.8314.388830.6048157SE23

1.3159.168.737240.4852179SE22

1.8580.4218.579580.7551332SE21

1.4155.2811.969120.992LA30

1.360.429.628620.809LA29

1.6974.1316.789151.330LA28

1.2364.9522.059610.927LA27

1.55108.6927.869630.944LA26

1.3101.320.048870.869LA25

1.1471.1817.328200.473LA24

0.9754.278.058520.418LA23

1.5995.3914.898930.921LA22

1.86119.0818.979321.283LA21

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)EQ Motion

0.3918.284.8655.020.4006Standard Dev.

1.5276.8915.46894.650.9709Average

1.9272.1313.649161.5726635SE30

2.1995.8616.018791.6358349SE29

1.8872.4814.039181.3904852SE28

2.3881.4416.648891.7549437SE27

1.460.6211.118920.8209028SE26

1.4272.8810.618860.8948236SE25

0.9565.1917.959510.5390563SE24

1.1472.8314.388830.6048157SE23

1.3159.168.737240.4852179SE22

1.8580.4218.579580.7551332SE21

1.4155.2811.969120.992LA30

1.360.429.628620.809LA29

1.6974.1316.789151.330LA28

1.2364.9522.059610.927LA27

1.55108.6927.869630.944LA26

1.3101.320.048870.869LA25

1.1471.1817.328200.473LA24

0.9754.278.058520.418LA23

1.5995.3914.898930.921LA22

1.86119.0818.979321.283LA21

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)EQ Motion

 
 

0.00780.01070.01600.0214Standard Dev.

0.02480.03060.03810.0420Average

0.02170.02760.03630.045629.9SE30

0.02560.03020.03370.031135.13SE29

0.02250.02850.03680.046810.61SE28

0.02670.03250.03800.03848.72SE27

0.01780.02060.02220.01909.16SE26

0.01700.01910.01840.014215.94SE25

0.02880.03650.04840.06273.58SE24

0.02300.02820.03460.03383.48SE23

0.01440.01560.01520.01043.52SE22

0.02980.03800.05150.06833.28SE21

0.01880.02330.03000.042111.42LA30

0.01540.01740.01820.01489.32LA29

0.02670.03370.04450.05554.91LA28

0.03530.04570.06130.06997.14LA27

0.04460.05710.07700.08103.17LA26

0.03310.04220.05390.05303.04LA25

0.02770.03490.04680.06928.93LA24

0.01290.01510.01720.018011.88LA23

0.02340.02870.03340.02178.9LA22

0.03010.03700.04460.04528.46LA21

4321TimeEQ Motion

0.00780.01070.01600.0214Standard Dev.

0.02480.03060.03810.0420Average

0.02170.02760.03630.045629.9SE30

0.02560.03020.03370.031135.13SE29

0.02250.02850.03680.046810.61SE28

0.02670.03250.03800.03848.72SE27

0.01780.02060.02220.01909.16SE26

0.01700.01910.01840.014215.94SE25

0.02880.03650.04840.06273.58SE24

0.02300.02820.03460.03383.48SE23

0.01440.01560.01520.01043.52SE22

0.02980.03800.05150.06833.28SE21

0.01880.02330.03000.042111.42LA30

0.01540.01740.01820.01489.32LA29

0.02670.03370.04450.05554.91LA28

0.03530.04570.06130.06997.14LA27

0.04460.05710.07700.08103.17LA26

0.03310.04220.05390.05303.04LA25

0.02770.03490.04680.06928.93LA24

0.01290.01510.01720.018011.88LA23

0.02340.02870.03340.02178.9LA22

0.03010.03700.04460.04528.46LA21

4321TimeEQ Motion

 

Table 8.15 Peak response of the 4END-C7 case under various EQ motions 

Table 8.16 Peak inter-story drift ratio of the 4END-C7 case under various EQ motions 
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To obtain more insight into the behavior of these frames, all composite moment frame 

models were subjected to two ground motions, LA21 (relatively strong PGA = 1.283 g) and 

LA23 (the relatively weak PGA = 0.418 g). The peak responses and the peak ISDR under 

the selected ground motions are shown in Table 8.17 to Table 8.20 and Figure 8.35 to 

Figure 8.38, respectively. The peak responses obtained between the PR connection frame 

and the welded FR connection frame are compared in these tables and figures. The 

maximum base shear forces for the end-plate connection frames are larger than those of the 

welded connection frames as listed in tables. This holds regardless of the PGA. The 

maximum pseudo-accelerations show the same trend. In the nonlinear pushover analyses, 

welded connection frames have the steep initial slope of the pushover curves and show the 

rapid strength degradation after the ultimate point.  

As expected, within the elastic range of the pushover curves, the composite moment 

frames with welded connections show a faster initial slope for the same ISDR than those 

with PR connections. However, these frames also show faster strength degradation after 

reaching their stability point. Owing to these structural characteristics, composite moment 

frames with welded connections reach larger ISDR under relatively strong ground motion 

(LA21) and smaller ISDR under relatively weak ground motion (LA23) in comparison with 

the ISDR of the PR connection frames. It can be concluded that welded frames are 

relatively stiffer under the ground motion with weak PGA in comparison with PR 

connection frames and that the amount of PGA divided by the building mass (i.e. elastic 

behavior) for nonlinear analyses is equivalent to that of base shear force. However, welded 

connection frames are more susceptible to deformation and rapid strength degradation 

under ground motions with a large PGA. This indicates a susceptibility to complete 

collapse for this structural system under severe external forces.  
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1.96103.2424.188701.2836END-C9

2.12110.1219.6810281.2836END-C3

1.97102.3123.788491.2836END-C8

2.07105.7619.529361.2836END-C2

1.94102.9624.898281.2836END-C7

2.21112.5319.6810761.2836END-C1

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)Model

1.96103.2424.188701.2836END-C9

2.12110.1219.6810281.2836END-C3

1.97102.3123.788491.2836END-C8

2.07105.7619.529361.2836END-C2

1.94102.9624.898281.2836END-C7

2.21112.5319.6810761.2836END-C1

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)Model

 
 

 

1.0866.111.718300.4186END-C9

1.0659.2811.749600.4186END-C3

1.0563.6611.687920.4186END-C8

0.9956.1211.599030.4186END-C2

1.0966.1211.588370.4186END-C7

1.0662.4211.679820.4186END-C1

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)Model

1.0866.111.718300.4186END-C9

1.0659.2811.749600.4186END-C3

1.0563.6611.687920.4186END-C8

0.9956.1211.599030.4186END-C2

1.0966.1211.588370.4186END-C7

1.0662.4211.679820.4186END-C1

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)Model

 
 

 

1.88110.518.879281.2834END-C9

2.07117.0815.4511141.2834END-C3

1.91109.3618.169291.2834END-C8

1.87112.315.5110251.2834END-C2

1.86119.0818.979321.2834END-C7

2.02119.0715.4811571.2834END-C1

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)Model

1.88110.518.879281.2834END-C9

2.07117.0815.4511141.2834END-C3

1.91109.3618.169291.2834END-C8

1.87112.315.5110251.2834END-C2

1.86119.0818.979321.2834END-C7

2.02119.0715.4811571.2834END-C1

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)Model

 
 

 

0.9953.287.988450.4184END-C9

1.2559.558.629700.4184END-C3

0.9951.228.168180.4184END-C8

1.1756.438.398760.4184END-C2

0.9754.278.058520.4184END-C7

1.2761.588.7510130.4184END-C1

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)Model

0.9953.287.988450.4184END-C9

1.2559.558.629700.4184END-C3

0.9951.228.168180.4184END-C8

1.1756.438.398760.4184END-C2

0.9754.278.058520.4184END-C7

1.2761.588.7510130.4184END-C1

Max. Pseudo-Accel.(g)Max. Vel(in/sec)Max. Displ.(in)Max. Base Shear (kip)Max. PGA(g)Model

 

Table 8.17 Peak response of the 6END case under the LA21 motion 

with relatively strong PGA 

Table 8.18 Peak response of the 6END case under the LA23 motion  

with relatively weak PGA 

Table 8.19 Peak response of the 4END case under the LA21 motion  

with relatively strong PGA 

Table 8.20 Peak response of the 4END case under the LA23 motion 

with relatively weak PGA 
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8.3.3 Failure Mechanism for Composite Frame Models 

The damage to composite moment frames under large ground motions can be 

investigated by tracing the failure hinge sequence. Similar to the pushover analyses, the 

hinge formations were investigated in only CFT column sections. Hinge points for some 

selected frame models at the columns are shown in Figures 8.39 to 8.40. The most severe 

damage occurs immediately after the occurrence of the PGA. The hinge shown in the 

figures are computed at the time of the highest demand on the frame. The determination of 

the failure hinge level is also shown in Figure 8.20. Similarly to results of the pushover 

analyses at the ultimate point, the composite columns located on the lower story undergo 

the most severe damage and plastic deformation. A larger number of hinges were found in 

the dynamic analyses. The position of the hinge points is also symmetric to the center of 

the composite moment frame.  

 

 

 
 Figure 8.39 Hinges for 6END-C1 at RCFT columns under LA21 Motion (t=10.04sec) 
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Figure 8.40 Hinges for 6END-C7 at RCFT columns under LA21 Motion (t=10.22sec) 

Figure 8.41 Hinges for 6END-C2 at CCFT columns under LA21 Motion (t=9.96sec) 
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Figure 8.42 Hinges for 6END-C1 at RCFT columns under LA26 Motion (t=3.10sec) 

Figure 8.43 Hinges for 6END-C2 at CCFT columns under LA26 Motion (t=3.10sec) 
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8.4 Summary and Discussion 

Two types of nonlinear analyses, (1) nonlinear pushover analyses and (2) nonlinear 

dynamic analyses, were performed by using 2D simplified frame models. This chapter 

mainly focused on analysis of the data collected from these analyses, the behavior of frame 

models, summaries of the peak responses, and investigations of the failure mechanism after 

analyses. These are preliminary steps to conduct the performance and damage evaluations 

which will be shown in next chapter.  

From the nonlinear pushover analyses, structural characteristics of welded connection 

frames were compared with those of PR connection frames. From the cyclic pushover tests, 

as well as the monotonic pushover curves, it is shown that the connection types play a 

significant role. PR frames showed more flexible behavior at the design and yield level. 

More gradual strength degradation was evident for these composite moment frames when 

compared to fully welded ones.  

From the nonlinear dynamic analyses treated in Section 8.3, it was shown that 

considerable plastic deformations occurred at the lower story composite columns 

immediately after the PGA of the ground motions had been reached. When welded 

connection frames were compared with PR ones, welded frames show stiffer behavior and 

larger resistance at low to moderate base shears but they collapse rapidly after reaching 

their ultimate resistance.  

With the data obtained by these nonlinear analyses, the performance and damage 

evaluations for the composite columns are described in Chapter 9.  
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Chapter 9 
 

Seismic Performance and Damage Evaluation 

 
The principal objective in conventional seismic design is to provide sufficient 

strength and deformation capacity on a member-by-member basis so that collapse does 

not occur under the maximum credible ground motion. It should be noted that seismic 

design addresses this objective primarily through prescriptive strength design provisions 

and requires neither local checks for deformation capacity of the members nor a complete 

structural system approach to the design. Because conventional design software does not 

deal with composite members, this chapter begins with an examination of the 

significance of pseudo-elastic design interaction equations and the plastic ductility 

demand ratios due to combined axial compressive force and bending moment in 

composite members. The member demands expressed as the local forces and 

deformations are obtained from the nonlinear analyses described in Chapter 8. The 

specific levels of building damage will be evaluated based on the ratios of the required 

member response to the applicable strength capacity of the member section. The primary 

purpose of this chapter is to investigate both building performance and damage for four 

prototype composite moment frames (C-MF). 

The chapter is organized as follows.  Section 9.1 presents the basic definition and 

background for the limit states, seismic performance, and damage evaluation. Based on 

results of the nonlinear analyses in Chapter 8, the seismic performance and the damage 

evaluations for all composite moment frames are discussed in Section 9.2 and Section 9.3. 

Comparisons of structural damage between frames with welded and PR connections are 

described in Section 9.4. Finally, a summary and discussion of these frame models are 

given in Section 9.5. 

 

9.1 Introduction 

The basic design objective for the frames designed in this research was to enforce a 

strong column-weak beam mechanism, i.e., reaching the full plastic moment capacity of 

the steel beam before any other failure mode was reached.  In addition to strength, this 
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requires large hinge rotational capacity in the critical sections. Exceedance of any 

ultimate limit state in the columns indicates the most severe type of damage for the 

building as it can lead to complete collapse. Therefore, a careful investigation of the 

structural damage for the composite columns is emphasized in this chapter.  

The more popular available design-oriented programs do not provide, in general, the 

correct design checks for the beam-columns and composite sections in particular. The 

checks provided for beam-columns are generally very conservative and strength based as 

this process requires subjective judgment and is thus impossible to automate.  Even if it 

were possible to automate them, these checks would not provide any information on 

actual performance.  Finally, it should be noted that there were no investigations on either 

seismic performance or damage evaluation for composite moment frames similar to those 

studied here found in the technical literature. This chapter will focus on the seismic 

performance and the damage evaluation for the composite CFT columns because of these 

reasons.  

There are two major steps in order to perform the damage evaluation, one associated 

with determining the capacity and the other with assessing the demand.  In the first step, 

the cross-sectional capacity of the hinging regions must be carefully determined.  In the 

second step, the demand at these critical sections must be established from careful 

numerical and detailed analyses of entire structures subjected to large ground motions.  

To accomplish the first step, monotonic and cyclic behavior of CFT beam-columns 

subjected to combined axial and moment loading was studied in an attempt to estimate 

both the maximum strength and ductility for doubly-symmetric and axis-symmetric 

composite cross sections. From these studies it can be shown that design ultimate 

capacities for rectangular/circular CFT beam-columns can be estimated with reasonable 

accuracy using the simplified axial and moment (P-M) interaction formulas provided by 

2005 AISC Specification for composite systems. The P-M interaction formations are 

given in Appendix A.  

To accomplish the second step, advanced computational simulations were carried out 

on a series of composite moment resisting frames. The structural damage was evaluated 

in this research through the comparison of elastic strength ratios (ESR) and the inelastic 

curvature ductility ratios (ICDR). ESR are defined as the ratios of the member response 
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to the strength capacity for the member cross section. ICDR are defined as the ultimate 

required rotation divided by the rotation at the nominal yield point, as taken from the 

moment-ductility curve for the member cross section. ESR and ICDR can be calculated 

by using the analytical studies of CFT cross-sectional strength and ductility, respectively.  

These concepts are taken from the work by Hajjar et al. (Hajjar 1998). 

The P-M interaction diagram for a composite section based on a full plastic stress 

distribution can be generated as a linear interpolation between five points. The theoretical 

background for determining these five points were given in Section 3.1.1 (See Figure 3.2 

and Table 3.1). For the damage evaluation, a simplified bilinear interpolation may be 

used between three points as shown in Figure 9.1. The simplified expressions shown as 

Equations 3.8 and 3.9 can be used for determining the member capacity to use in the 

calculation of the elastic strength ratios (ESR) for composite columns. This approach is 

reasonably accurate for steel columns and should provide a conservative estimation for 

composite structures.  

The value of ESR can be determined by the position of the required strength on the 

domain of a simplified P-M interaction diagram. Two regions can be identified insofar as 

axial strength is concerned.  If the axial load is low (R1), the behavior is controlled by 

yielding in tension due to bending and will be very ductile if the cross-section is properly 

detailed.  If the axial load is high (R2), the behavior will be dominated by compression 

due to the axial loads and will result in only limited ductility even for a well-detailed 

member.  A poorly detailed member in R2 is likely to fail in a brittle, catastrophic manner. 

If the required strength exceeds the member resistance capacity (ESR >1.0), the 

possibility of failure is high and both the inelastic rotational demand and the ability of the 

column to sustain axial loads must be carefully established. It should be noted that the 

term elastic as used in the ESR definition is a misnomer as it assumes a bilinear elasto-

plastic behavior and not to the capacity when the cross-section first exceeds the 

proportional limit.  
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As another index of damage, the concept of the inelastic curvature ductility ratio 

(ICDR) is illustrated in Figure 9.2. The ICDR is based on the monotonic moment-

curvature diagram for a section. This envelope is used to determine the ultimate moment 

capacity ( uΜ ), the initial flexural stiffness ( iΚ ) and the Inelastic Curvature Ductility 

Ratios (ICDR). iΚ  is defined as the initial secant stiffness corresponding to the 

serviceability level of moment (arbitrarily taken as uΜ6.0 ). ICDR are defined as uφ  

divided by yφ . yφ  indicates the curvature at nominal yield, defined as uΜ divided by iΚ . 

Under large rotations due to bending, the ultimate curvature ( uφ ) is located on the post-

peak path generated by the hardening effect of the composite materials. The ultimate 

curvature may change according to cross-sectional and material properties as well as the 

type of loading.  

Figure 9.1 Basic concept for the elastic strength ratio (ESR) 
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The available limit states to conduct the damage evaluations are listed in Table 9.1. 

Three performance levels as shown in Figure 8.13 were used to estimate the ESR for the 

pushover analyses. Overall, the composite cross sections stay in the elastic level without 

any plastic deformation up to the design point level, so ISDR are available only at other 

two levels as shown in the table. For the dynamic analyses, it was impossible to check 

each and every time step. Arbitrarily, but based on selected examination of the data, the 

evaluation was made at the time of occurrence of the maximum base shear.  

In addition, only data at some key locations can be examined in detail.  Identification 

for nodes and members to be used in this discussion are given in Figure 9.3. The 

distribution of the damage ratios was determined according to the structural shape (CCFT 

vs. RCFT) and the loading type (monotonic vs. seismic). All frame models are symmetric 

in plan and subjected to uniform gravity loads along all bays and stories. As a result, the 

values for damage evaluation show a similar distribution along the representative lines of 

Figure 9.2 Basic concept for the inelastic curvature ductility ratio (ICDR) 
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the composite columns. For example, the column line connected by interior columns 1C3, 

2C3, 3C3, and 4C3 shown in Figure 9.3 (b) results in data representative of the same 

results along other interior column lines such as that for columns 1C2, 2C2, 3C2, and 

4C2. Therefore, ESR and ICDR along typical column lines boxed by the red lines in 

Figure 9.3 can be considered representative of damage to the whole frame.  
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Table 9.1 Available information on damage evaluations for the composite columns 
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Figure 9.3 Identification for nodes and elements on the composite moment frames 
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9.2 Seismic Performance and Damage Evaluation  

The two dimensional composite moment frames designed for this research were first 

evaluated using an equivalent static lateral load procedure (pushover) and then using 

nonlinear dynamic analysis for the LA21 ground motion (1995 Kobe earthquake). Based 

on the analytical results, the available damage evaluations for the whole frames were 

conducted based on the limit states given in Table 9.1. Detailed explanations for the 

computation of the damage ratios will be presented in the form of examples. In addition, 

the distribution of the damage ratios on the frames will also be investigated in this section. 

As mentioned above, ESR are defined as the ratio of the required member strength to 

the member capacity under combined axial force and bending moment. Specific 

examples for ESR calculations are given in Figure 9.4 for several members in a 6-story 

frame with end plate connections and RCFT columns (Frame 6END-C1). The required 

member forces corresponding to each performance level were obtained by collecting the 

local member forces from the pushover tests, and the values corresponding to each ESR 

are shown by a blue star (design point level), magenta star (yield point level) and a red 

star (ultimate point level). For the ultimate level, in particular, note that the ESR can 

exceed the value of 1.0 because the denominator of the ESR is based on a simplified 

biaxial approximation to the real interaction surface (see region marked as conservative 

in Fig. 9.1 – the difference between the surfaces can be quite significant).  

The required member forces acting on the composite columns consist of a combined 

axial force and bending moment (P-M). ESR corresponding to the local member forces 

were calculated by using the simplified equations (See Equations 3.8 and 3.9). The ESR 

can not exceed the applicable limit state at the design point level, so values less than or 

equal to 1.0 must be obtained at this stage. The interior columns hold larger gravity loads 

than the exterior columns. Thus, P-M interaction forces for the interior columns (See 

Figure 9.4 (b) and Figure 9.4 (d)) are the higher on the P-M interaction diagram in 

comparison with those for the exterior columns (See Figure 9.4 (a) and Figure 9.4 (c)). 

Thus the ESR for the interior columns are generally larger than those for the exterior 

columns. Similarly, the ESR for the first floor columns are larger than those for the 

second (and upper) floor columns due to the larger gravity load effect (Figure 9.4 (b) vs. 

Figure 9.4 (d)). As the pushover loads increase, the local moment acting on the composite 
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columns increases significantly as compared to the axial load because of drift and 

second-order effects. As a result, the star signs under performance levels become aligned 

with the horizontal axis. P-M interaction forces acting on the composite columns under 

either the yield point level or the ultimate point level exceed the limit state, so the values 

of ESR result in more 1.0.  

The relationship between ESR values at the basement of interior CFT column and 

hinge progression is illustrated in Figure 9.5. For combinations at axial loads and bending 

moments, the ESR can be defined as: 

 

If Dr Ρ≤Ρ  

BM
M

ESR =                                              (EQ 9.1) 

otherwise,  

BDA

D

M
M

ΡP
ΡPESR +
−
−

=     .                                  (EQ 9.2) 

 

Because the simplified equation line is taken conservatively as being bilinear instead 

of multi-linear, the value of ESR from the analysis can exceed 1.0 as the design level is 

exceeded. As shown by the lines labeled “Fiber Yield” and “Fiber Ultimate” in Figure 9.5, 

large differences in capacity can be found between the normal design (“Bilinear 

Conservative”) and conditions that more closely reflect the initial plastic stress (“Fiber 

Yield”) and ultimate strength (“Fiber Ultimate”). The latter includes strain hardening and 

the only limited deterioration of the concrete strength as the sections are well confined.  

Because it was at interest to study the connection behavior, beam hinges are not 

shown in Figure 9.5. Since the frames were designed with a strong-column weak-beam 

philosophy, all beams adjacent to where column yielding is shown are well into their 

inelastic range.  
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Figure 9.5 Relationship between ESR values at the basement of  
interior column lines and hinge formation 
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ICDR are defined as the ratio of the current ultimate member curvature ( uφ ) to the 

nominal yield curvature ( yφ  ). Specific examples for ICDR calculations are given in 

Figure 9.6. Figure 9.6 (a) shows the curve for monotonic pushover loads, while Figure 

9.6 (b) shows the hysteretic loops under the given ground motion. The largest curvature 

occurs at the column base of the first floor shown for 1C3(B). Except for the column 

bases, the curvature is not always at its maximum at the time of the maximum base shear 

force. Overall, the members which undergo significant deformations show larger value of 

ESR and ICDR.  

The most severe damage occurs at the column bases of the first floor. The damage 

evaluations along the column bases are given in Tables 9.2 to 9.5. The interior columns 

undergo more severe damage than the external columns under the same performance 

levels as shown in the computation examples. The ESR for the interior column bases of 

the first floor are more than 1.55 for the ultimate point level. A high ESR is often 

accompanied by a high ICDR at the same performance level. The considerable amount of 

curvature due to the increasing external forces causes these damage ratios to increase 

very rapidly.  

PMM ratios were computed by using the design check tool in SAP 2000 at the design 

point level. PMM are moment interaction ratios for beam members under combined axial 

and bending forces. The values of ESR for the column bases at the design point level are 

smaller than the average PMM ratios for the steel beams as shown in Figure 7.10. It can 

be shown that the design strength for the composite frame is based on the plastic strength 

of the beam.  
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16.07--Dynamic

18.83.24-Pushover
ICDR

1.55--Dynamic

1.621.210.57Pushover
ESR

1C3(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

16.13--Dynamic

18.813.41-Pushover
ICDR

1.56--Dynamic

1.631.210.58Pushover
ESR

1C2(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

14.2--Dynamic

15.411.81-Pushover
ICDR

1.43--Dynamic

1.481.100.38Pushover
ESR

1C1(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

16.07--Dynamic

18.83.24-Pushover
ICDR

1.55--Dynamic

1.621.210.57Pushover
ESR

1C3(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

16.13--Dynamic

18.813.41-Pushover
ICDR

1.56--Dynamic

1.631.210.58Pushover
ESR

1C2(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

14.2--Dynamic

15.411.81-Pushover
ICDR

1.43--Dynamic

1.481.100.38Pushover
ESR

1C1(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

 
 

15.61--Dynamic

17.072.35-Pushover
ICDR

1.51--Dynamic

1.601.180.37Pushover
ESR

1C6(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

16.15--Dynamic

19.213.38-Pushover
ICDR

1.55--Dynamic

1.621.200.57Pushover
ESR

1C5(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

16.1--Dynamic

18.813.27-Pushover
ICDR

1.55--Dynamic

1.621.210.58Pushover
ESR

1C4(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

15.61--Dynamic

17.072.35-Pushover
ICDR

1.51--Dynamic

1.601.180.37Pushover
ESR

1C6(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

16.15--Dynamic

19.213.38-Pushover
ICDR

1.55--Dynamic

1.621.200.57Pushover
ESR

1C5(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

16.1--Dynamic

18.813.27-Pushover
ICDR

1.55--Dynamic

1.621.210.58Pushover
ESR

1C4(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

LA21 ground motion was used in case of dynamic analysis B: The bottom of CFT column members  
 

 

Table 9.2 Damage evaluations for RCFT columns (HSS 16X16X500) 
 for the 6END-C1 model case 

Table 9.3 Damage evaluations for CCFT columns (HSS 18X500)  
for the 6END-C2 model case 
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19.39--Dynamic

18.262.76-Pushover
ICDR

1.67--Dynamic

1.621.310.68Pushover
ESR

1C3(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

19.67--Dynamic

18.322.76-Pushover
ICDR

1.71--Dynamic

1.631.310.68Pushover
ESR

1C2(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

16.72--Dynamic

14.881.72-Pushover
ICDR

1.55--Dynamic

1.401.140.45Pushover
ESR

1C1(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

19.39--Dynamic

18.262.76-Pushover
ICDR

1.67--Dynamic

1.621.310.68Pushover
ESR

1C3(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

19.67--Dynamic

18.322.76-Pushover
ICDR

1.71--Dynamic

1.631.310.68Pushover
ESR

1C2(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

16.72--Dynamic

14.881.72-Pushover
ICDR

1.55--Dynamic

1.401.140.45Pushover
ESR

1C1(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

 
 

18.2--Dynamic

17.781.99-Pushover
ICDR

1.60--Dynamic

1.541.230.49Pushover
ESR

1C6(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

19.21--Dynamic

18.342.78-Pushover
ICDR

1.65--Dynamic

1.601.290.68Pushover
ESR

1C5(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

19.32--Dynamic

18.292.76-Pushover
ICDR

1.67--Dynamic

1.621.310.68Pushover
ESR

1C4(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

18.2--Dynamic

17.781.99-Pushover
ICDR

1.60--Dynamic

1.541.230.49Pushover
ESR

1C6(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

19.21--Dynamic

18.342.78-Pushover
ICDR

1.65--Dynamic

1.601.290.68Pushover
ESR

1C5(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

19.32--Dynamic

18.292.76-Pushover
ICDR

1.67--Dynamic

1.621.310.68Pushover
ESR

1C4(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

LA21 ground motion was used in case of dynamic analysis B: The bottom of CFT column members  
 

 

 
Table 9.4 Damage evaluations for RCFT columns (HSS 16X16X500)  

for the 6END-C7 model case 
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14.97--Dynamic

19.852.47-Pushover
ICDR

1.43--Dynamic

1.651.200.50Pushover
ESR

1C3(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

15.03--Dynamic

19.622.61-Pushover
ICDR

1.43--Dynamic

1.651.210.50Pushover
ESR

1C2(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

11.29--Dynamic

15.921.77-Pushover
ICDR

1.28--Dynamic

1.461.080.33Pushover
ESR

1C1(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

14.97--Dynamic

19.852.47-Pushover
ICDR

1.43--Dynamic

1.651.200.50Pushover
ESR

1C3(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

15.03--Dynamic

19.622.61-Pushover
ICDR

1.43--Dynamic

1.651.210.50Pushover
ESR

1C2(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

11.29--Dynamic

15.921.77-Pushover
ICDR

1.28--Dynamic

1.461.080.33Pushover
ESR

1C1(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

 
 

13.78--Dynamic

18.561.94-Pushover
ICDR

1.36--Dynamic

1.581.170.32Pushover
ESR

1C6(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

14.87--Dynamic

20.012.45-Pushover
ICDR

1.41--Dynamic

1.641.200.49Pushover
ESR

1C5(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

14.96--Dynamic

19.852.43-Pushover
ICDR

1.43--Dynamic

1.651.210.49Pushover
ESR

1C4(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

13.78--Dynamic

18.561.94-Pushover
ICDR

1.36--Dynamic

1.581.170.32Pushover
ESR

1C6(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

14.87--Dynamic

20.012.45-Pushover
ICDR

1.41--Dynamic

1.641.200.49Pushover
ESR

1C5(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

14.96--Dynamic

19.852.43-Pushover
ICDR

1.43--Dynamic

1.651.210.49Pushover
ESR

1C4(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

LA21 ground motion was used in case of dynamic analysis B: The bottom of CFT column members  
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17.83--Dynamic

21.982.60-Pushover
ICDR

1.67--Dynamic

1.801.300.60Pushover
ESR

1C3(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

17.82--Dynamic

21.982.55-Pushover
ICDR

1.67--Dynamic

1.801.290.60Pushover
ESR

1C2(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

16.54--Dynamic

18.021.64-Pushover
ICDR

1.56--Dynamic

1.561.120.38Pushover
ESR

1C1(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

17.83--Dynamic

21.982.60-Pushover
ICDR

1.67--Dynamic

1.801.300.60Pushover
ESR

1C3(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

17.82--Dynamic

21.982.55-Pushover
ICDR

1.67--Dynamic

1.801.290.60Pushover
ESR

1C2(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

16.54--Dynamic

18.021.64-Pushover
ICDR

1.56--Dynamic

1.561.120.38Pushover
ESR

1C1(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

 
 

17.24--Dynamic

18.432.05-Pushover
ICDR

1.60--Dynamic

1.621.200.40Pushover
ESR

1C6(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

17.82--Dynamic

21.882.58-Pushover
ICDR

1.65--Dynamic

1.801.290.60Pushover
ESR

1C5(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

17.82--Dynamic

21.962.60-Pushover
ICDR

1.67--Dynamic

1.801.300.60Pushover
ESR

1C4(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

17.24--Dynamic

18.432.05-Pushover
ICDR

1.60--Dynamic

1.621.200.40Pushover
ESR

1C6(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

17.82--Dynamic

21.882.58-Pushover
ICDR

1.65--Dynamic

1.801.290.60Pushover
ESR

1C5(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

17.82--Dynamic

21.962.60-Pushover
ICDR

1.67--Dynamic

1.801.300.60Pushover
ESR

1C4(B)6END-C1

UltimateYieldDesign

Measuring Points (Base Shear)
AnalysisEvaluationMemberModel

LA21 ground motion was used in case of dynamic analysis B: The bottom of CFT column members  
 

Table 9.5 Damage evaluations for CCFT columns (HSS 18X500)  
for the 6END-C8 model case 
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The damage evaluations for the whole buildings subjected to either pushover loads or 

the earthquake ground motions are shown in Figures 9.7 to 9.10. Two performance levels, 

the yield point and the ultimate point, were used. The letter T on the figures indicates the 

top and B the bottom of the column element. According to the performance levels - 

design (1), yield (2), and ultimate (3) - indicate the available damage evaluations 

expressed as the numbers on the frames (See Figure 9.7 to Figure 9.10). At the yield 

point level, damage ratios which exceed the limit state are limited to the first floor. The 

most severe damage occurs at the interior column bases of the first floor, whose ESR 

ranged from 1.20 to 1.30 under this performance level. As the pushover continues, 

damage ratios over 1.0 spread to the higher stories. Simultaneously, the amount of plastic 

deformation is also increasing. Therefore, structural damage associated with member 

yielding and ultimate failures moves gradually from the first to the third floor as the loads 

approach ultimate. The values of ICDR rise very rapidly because of material hardening, 

which is associated with a small tangent slope of the stress-strain curve. The ratios for 

structures with symmetric configurations show a symmetric distribution. For example, 

the damage ratios on the selected interior column line (from 1C3 to 6C3 columns) show a 

similar distribution with those on the neighbor interior column line (from 1C2 to 6C2). 

The same trend for the damage ratios is clear for the exterior column lines. 

Hinges were detected by investigating the stresses at the fiber sections in the column 

elements. Consistent with the description in Figure 9.5, the composite columns with large 

ESR also show the largest damage. Relationships between damage evaluations by ESR 

and mechanisms are shown in Figure 9.11. The distributions of ESR and ICDR shown in 

Figures 9.7 to 9.10 correspond to those of failure hinges presented in Figures 8.21 to 8.24. 
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(1) ESR under pushover analysis T: The top of the CFT column members

(2) ICDR under pushover analysis B: The bottom of the CFT column members
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(a) Damage Evaluations for RCFT Columns under Yield Base Shear Force (V=634 kip)
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(1) ESR under pushover analysis T: The top of the CFT column members

(2) ICDR under pushover analysis B: The bottom of the CFT column members

(3) ESR under dynamic analysis with LA21 motion

B: 1.48

15.42

1.43

Loading Direction

(b) Damage Evaluations for RCFT Columns under Ultimate Base Shear Force
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 Figure 9.7 Damage Evaluations of the 6END-C1 model 



 304

(1) ESR under pushover analysis T: The top of the CFT column members

(2) ICDR under pushover analysis B: The bottom of the CFT column members
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(a) Damage Evaluations CCFT Columns under Yield Base Shear Force (V=564 kip)
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(1) ESR under pushover analysis T: The top of the CFT column members

(2) ICDR under pushover analysis B: The bottom of the CFT column members
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(1) ESR under pushover analysis T: The top of the CFT column members

(2) ICDR under pushover analysis B: The bottom of the CFT column members
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Figure 9.11 Relationship between ESR and failure hinges during the pushover analyses 
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9.3 Comparisons for Damage Evaluation 

One of the objectives in this study is to verify that composite PR frames show 

structural advantages over welded FR frames. To this end, interstory drift ratios (ISDR) 

for PR frames will be compared with those of corresponding welded frames.  ISDR at the 

interior column line next to the centerline of the frame and at one exterior column line 

were selected as representative of typical ISDR ratios observed.  

ISDR are generally accepted as a significant parameter related to structural and non-

structural damage as well as overall building stability. For steel frames, the ISDR are 

matched to global performance levels in accordance with the FEMA 273/356 criteria: 

Operational (OP), Immediate Occupancy (IO), Life Safety (LS), and Collapse Prevention 

(CP). The levels are discrete points on a continuous scale reflecting the expected 

performance, economic loss, damage and disruption for the building structure due to a 

series of progressively more damaging events. However, the performance levels for 

composite frames based on ISDR are not specified in any design guide. Therefore, the 

performance levels used in this section were determined by results of the pushover tests 

shown in Figure 8.4 to Figure 8.7 (See also Figure 8.13).  

In order to compare the seismic performance of the PR frames with that of the welded 

frames, performance levels with identical ISDR regardless of the frame model case 

should be used. Two ISDR limits were selected as the performance levels after 

examination of the monotonic pushover curves for the welded frames. A 1.5 percent and 

a 3.0 percent ISDR limit were applied to the 6 story moment frames, while a 2.5 percent 

and 5.0 percent ISDR limits were applied to the 4 story moment frames. These ISDR 

limits correspond roughly to the middle of the hardening range and the ultimate point, 

respectively, for the monotonic pushover curves. These pushover curves were measured 

at the roof level of the welded frames. After they reach at 3.0 or 5.0 percentile inter-story 

drift ratio (ISDR) at the 6 or 4 story frame building respectively, the welded frames show 

a rapid strength deterioration and become unstable. The performance levels on the 

pushover curves are shown in Figure 9.12.  
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PR frames are compared with welded frames in terms of ESR for the same 

performance level in Figures 9.13 to 9.20.  In each of these figures, the two frames shown 

for comparison share the same member sizes but differ on the connection type. Overall, 

welded frames show larger ESR throughout the height than PR frames at the same inter-

story drift level.  The larger bending moments acting on the welded connections cause 

more severe damage to the composite columns and cause the sudden failure at the 

connections. Severe damage is indicated by the larger ESR concentrated on the lower 

story of the building.  The red dashed lines in these figures indicate the unit value of ESR. 

ESR at the column bases exceed the red lines even at the first performance level (1.5 or 

2.5 percent ISDR). Welded frames show more severe damage than PR frames at this first 

performance level.  

The difference in ESR between any two frame models in these comparisons decreases 

at the second performance level (3.0 or 5.0 percent ISDR for the 4 and 6 story frames, 

respectively), with larger ESR along the story height still found for the welded frames. It 

can be concluded that welded frames are more susceptible to severe damage than PR 

frames under a reasonable range of story drifts.  

The smaller P-M interaction capacities for CCFT columns used contribute to the 

larger damage ratios, so composite moment frames with CCFT columns show larger ESR 

than those with RCFT columns (i.e. 6END-C1 vs. 6END-C2, see Figure 9.13 and Figure 

Figure 9.12 The performance levels on the pushover curves 
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9.14). ESR distributions for interior columns are closer to the red limit lines than those 

for exterior columns. The larger gravity loads assigned to interior columns is the cause of 

these increased damage ratios. It is also shown that ESR for end-plate connection frames 

are generally larger than those for T-stub connection frames (i.e. 6END-C2 vs. 6TSU-C2) 

due to the larger mass converted from dead loads and partial live loads.  This is true in 

spite of smaller capacities of composite columns used in T-stub connection frames.  
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Figure 9.13 Comparisons of ESR under pushover loads (6END-C1 vs. 6END-C7) 

Figure 9.14 Comparisons of ESR under pushover loads (6END-C2 vs. 6END-C8) 
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Figure 9.15 Comparisons of ESR under pushover loads (6TSU-C1 vs. 6TSU-C7) 

Figure 9.16 Comparisons of ESR under pushover loads (6TSU-C2 vs. 6TSU-C8) 



 313

0

0.4

0.8

1.2

1.6

1C1(B) 1C1(T) 2C1(B) 2C1(T) 3C1(B) 3C1(T) 4C1(B) 4C1(T)

4END-C1(PR)

4END-C7(Weld)

0

0.4

0.8

1.2

1.6

1C1(B) 1C1(T) 2C1(B) 2C1(T) 3C1(B) 3C1(T) 4C1(B) 4C1(T)

4END-C1(PR)

4END-C7(Weld)

0

0.4

0.8

1.2

1.6

1C3(B) 1C3(T) 2C3(B) 2C3(T) 3C3(B) 3C3(T) 4C3(B) 4C3(T)

4END-C1(PR)

4END-C7(Weld)

ESR under 2.5 Percentile ISDR at the Roof ESR under 5.0 Percentile ISDR at the Roof 

Exterior CFT Columns Exterior CFT Columns

E
S

R
 V

al
ue

E
S

R
 V

al
ue

ESR under 2.5 Percentile ISDR at the Roof

Interior CFT Columns

E
S

R
 V

al
ue

0

0.4

0.8

1.2

1.6

1C3(B) 1C3(T) 2C3(B) 2C3(T) 3C3(B) 3C3(T) 4C3(B) 4C3(T)

4END-C1(PR)

4END-C7(Weld)

ESR under 5.0 Percentile ISDR at the Roof 

Interior CFT Columns

E
S

R
 V

al
ue

 
 

0

0.4

0.8

1.2

1.6

1C1(B) 1C1(T) 2C1(B) 2C1(T) 3C1(B) 3C1(T) 4C1(B) 4C1(T)

4END-C2(PR)

4END-C8(Weld)

0

0.4

0.8

1.2

1.6

1C1(B) 1C1(T) 2C1(B) 2C1(T) 3C1(B) 3C1(T) 4C1(B) 4C1(T)

4END-C2(PR)

4END-C8(Weld)

0

0.4

0.8

1.2

1.6

1C3(B) 1C3(T) 2C3(B) 2C3(T) 3C3(B) 3C3(T) 4C3(B) 4C3(T)

4END-C2(PR)

4END-C8(Weld)

0

0.4

0.8

1.2

1.6

1C3(B) 1C3(T) 2C3(B) 2C3(T) 3C3(B) 3C3(T) 4C3(B) 4C3(T)

4END-C2(PR)

4END-C8(Weld)

ESR under 2.5 Percentile ISDR at the Roof ESR under 5.0 Percentile ISDR at the Roof 

Exterior CFT Columns Exterior CFT Columns

E
S

R
 V

al
ue

E
S

R
 V

al
ue

ESR under 2.5 Percentile ISDR at the Roof 

Interior CFT Columns

E
S

R
 V

al
ue

ESR under 5.0 Percentile ISDR at the Roof 

Interior CFT Columns

E
S

R
 V

al
ue

 

Figure 9.17 Comparisons of ESR under pushover loads (4END-C1 vs. 4END-C7) 

Figure 9.18 Comparisons of ESR under pushover loads (4END-C2 vs. 4END-C8) 
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Figure 9.19 Comparisons of ESR under pushover loads (4CLI-C1 vs. 4CLI-C7) 

Figure 9.20 Comparisons of ESR under pushover loads (4CLI-C2 vs. 4CLI-C8) 
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Finally, the nonlinear dynamic analyses performed using 20 ground motions were 

evaluated with respect to their damage potential. ESR along the column lines were 

evaluated as shown in Figures 9.21 to 9.23. Rather than using the concept of performance 

levels as done for the pushover cases, ESR were calculated at the time when the 

maximum base shear force occurred. The most severe damage for the composite columns 

appears to correspond to this time step for the vast majority of cases.  

Similarly to the results for the ESR evaluations performed for the pushover analyses, 

the most severe damage concentrated on the lower story levels. The column bases fail as 

their ESR exceeds 1.50.  As expected, the frames with larger masses show larger ESR. 

From the damage evaluation for the interior columns, it can be seen that the ESR 

exceeded its limit values even at the third story level (Figure 9.21 and Figure 9.23).  As 

for the pushover case, the weaker capacities of the CCFT columns as compared to the 

RCFT ones enabled the 6END-C2 model to have larger ESR than the 6END-C1 model.  
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Figure 9.21 ESR under various ground motions (6END-C1 & 6END-C2) 
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Figure 9.23 ESR under various ground motions (4END-C1 & 4END-C2) 

Figure 9.22 ESR under various ground motions (6TSU-C1 & 6TSU-C2) 
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9.4 Summary and Discussion 

The damage evaluations for the composite moment frames were conducted by 

investigation of either strength or deformation capacity of the composite cross sections. 

The degree of structural damage in composite moment frames subjected to seismic 

loading was expressed as the ratios of the required member response to the member 

capacity. The required member response was obtained by the computational simulations 

for a series of composite moment frames. Damage ratios presented in this research were 

divided into elastic strength ratios (ESR) and inelastic curvature ductility ratios (ICDR). 

The basic member capacity to determine damage evaluations are defined as the limit state 

based on CFT cross sectional strength or ductility. The P-M interaction strength capacity 

for the composite section was utilized for ESR as the limit state, while the ductility 

capacity for the section deformation was utilized for ICDR.  
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Chapter 10 
 

Summary and Conclusions 
 

10.1 Summary 

The two primary purposes of this dissertation were to develop new types of 

composite bolted connections utilizing smart materials and to assess the performance of 

these connections in low-rise composite moment frames.  These objectives were achieved 

first through the development of moment-rotation curves for these PR connections 

utilizing refined 3D finite element analyses. These refined models led to simplified 2D 

joint elements capable of capturing the main components of response for these new 

connections. In the second step, the system performance was assessed through pushover 

and non-linear time history analyses of a series of low-rise frames.   

The flowchart summarizing the research is shown as Figure 10.1. This approach was 

intended to provide and integrated approach that combined connection designs, failure 

modes, numerical models, frame design checks, computational nonlinear analyses, and 

performance evaluations. In order to illustrate these approaches systematically, the 

dissertation can be divided into two parts. Smart SMA PR-CFT connections were 

described in Chapters 3 to 6, while composite moment frames were described in Chapters 

7 to 9.  The first part includes design procedures, design strength models, failure modes, 

connection types, FE model analyses, and simplified 2D joint models related to smart 

SMA PR-CFT connections. The second part includes frame designs, nonlinear analyses, 

and damage evaluations for composite moment frames. A summary of the overall 

approach is given in Figure 10.1.  
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In the first step in Part I (Fig. 10.1), end-plate, T-stub, and clip angle connections 

were designed using the 2001 AISC LRFD and 2005 AISC Seismic Provisions 

(ANSI/AISC 358-05, ANSI/AISC 341-05). These designs followed state-of-the-art 

design procedures based on assessing the strength of the different components and their 

governing failure modes.  For example, the rectangular (RCFT) and circular concrete 

filled tube columns (CCFT) were designed following the P-M interaction diagrams 

generated based on the full plastic strength of the composite cross section (Chapter 3 and 

Appendix A). 

In the second step, all possible failure modes for the proposed connections were 

studied and addressed based on their deformation and stiffness properties. This included 

the governing modes for connections with SMA tension bars running through the 

composite column (Chapter 4). 

In the third step, 3D finite element (FE) analyses were performed in order to generate 

the monotonic behavior curves for smart SMA PR-CFT connections. These FE 

connection models incorporated material plasticity, surface interactions, contact elements, 

Figure 10.1 Summary of the overall procedures in the dissertation 
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bolt pretension, equation constraints, and symmetric boundary condition to provide as 

accurate and robust models as possible.  The responses obtained were used to develop 

stiffness models for simple spring elements to be used in developing a 2D joint element 

suitable for full frame analyses (Chapter 5).  

Numerical tests with the 2D simplified joint elements were performed using 

OpenSEES to simulate the cyclic behavior of smart SMA PR-CFT connections. 

Connection components were modeled as spring elements (Step 4) and the model 

extended to cyclic behavior (Step 5).  One equivalent spring element including behavior 

from all connection components was formulated by assembling spring elements in either 

parallel or series. Different parametric effects were investigated with numerical 

simulations using this 2D joint element model (Chapter 6).  

In the first step of Part 2, composite moment frames were designed in accordance 

with the AISC 2005 Seismic Provisions (AISC 2005 Seismic Provisions) and the IBC 

2003 (IBC 2003) for gravity loads and lateral loads respectively, for the loads prescribed 

by ASCE 7-05 (ASCE 2005). Perimeter moment resisting frame systems were used in the 

prototype 4 and 6 story buildings with either PR or welded connections. A total of 36 

frames were studied with models that included the behavior of the panel zones by 2D 

simplified joint elements (Chapter 7).  

In the second step of Part 2, nonlinear pushover analyses and nonlinear dynamic 

analyses were performed using the current version of the OPENSEES program. From the 

nonlinear pushover analyses, either monotonic behavior or cyclic behavior for all 

composite models subjected to the lateral loads was investigated (Chapter 8). 

In the last step of Part 2, the structural damage was evaluated in accordance with the 

ratio of the required response to the member capacity. These structural damage 

evaluations were established through the elastic strength ratios (ESR) and the inelastic 

curvature ductility ratios (ICDR) in this research (Chapter 9).  
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10.2 Conclusions 

The main conclusions of this research will be summarized in five subsections.  

 

10.2.1 Smart SMA PR-CFT Connection Design 

From the design results for the smart SMA PR-CFT connections (Chapters 3 and 4), 

the following conclusions were reached: 

• All composite filled columns designed in this research satisfied the limits listed in the 

2005 AISC Specification.  These designs showed that this approach is conservative 

and that linear interpolation based on obtaining a few points on the P-M interaction 

curve provides excellent match to the results generated by the a more complex fiber 

analysis with hardening materials.  

• The strength models for PR connection components were capable of assessing the 

influence of slip and prying action of the bolts with more than sufficient accuracy for 

design.   

•  A refined composite panel zone models was developed. The strength of the 

composite panel zone was based on the superposition of the shear strengths of the 

steel and concrete materials, including the strength loss due to bolt holes in the 

column flanges.  A similar approach was used to generate the stiffness of the panel 

zone.  

• Careful identification and quantification of individual yielding/failure modes led to 

design governed by yielding of the girder, the intended governing mechanism for 

strong column-weak beam framing systems.  

• The combination of steel and SMA bars should provide a good balance between 

energy dissipation and recentering capabilities.  This requires careful consideration of 

the deformation characteristics of the two materials so that their size and placement 

within the connection maximizes their synergistic properties.     
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10.2.2 Numerical Analyses  for Smart SMA PR-CFT Connections  

Numerical analyses were performed using the ABAQUS and OPENSEES programs. 

From the results of the numerical analyses for smart SMA PR-CFT connections, the 

following conclusions were reached (Chapters 5 and 6): 

• 3D finite element (FE) models that include nonlinear material properties, surface 

interactions and bolt pretension can be used to accurately simulate the monotonic 

behavior for PR-CFT connections if sufficient development time and computational 

resources are available. These types of analyses are required for the development of 

new systems but cannot be required for design. 

• As expected, end-plate connections showed the largest strength and stiffness capacity 

as the lack of slip benefited their performance in these categories. T-stub and clip 

angle connections showed slip, which was extremely sensitive to the shear bolt 

alignment and clearance.  

• The force distributions from the stem/angle leg into the flange were approximately 

uniform across the width of the T-stub/clip angle.  Deformation models for the 

components were sensitive to bar pretension. Tension bars in the T-stub connections 

were not sufficient to fully develop an adequate plastic mechanism due to the large 

deformation in the thin stem. Inadvertent bending of the tension bars as the result of 

prying action in the clip angle reduced their capacity.  

• Stress distributions indicated stress concentrations and severe deformations 

underneath the tension bar heads.  Nevertheless, all PR-CFT connections showed 

ductile beam failure modes as the confining action of the CFT prevented brittle 

concrete failures.   

• The cyclic behavior of smart SMA PR-CFT connections was generated using 2D joint 

element models on the OPENSEES program. Based on the results of 3D FE analyses, 

the stiffness models for the component behavior, including slippage, prying response, 

and force-deformation response were generated and assigned to spring elements. 

These spring elements were used to build a 2D joint element whose properties were 

extended to cover cyclic behavior, including the recentering effect from the SMA 

bars. These analytical predictions showed good agreement with cyclic test data for a 

variety of failure modes.  
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• It was concluded that both 2D and 3D numerical analyses could model sufficiently 

well the behavior of smart SMA PR-CFT connections so that the number of 

experimental tests needed to pre-qualify these connections could be minimized.  

 

10.2.3 Composite Frame Design 

From the results of the composite moment frame designs, the following conclusions 

were reached (Chapter 7): 

• Composite moment frames were designed as either PR frames (C-PRMF) or special 

moment frames (C-SMF). C-PRMF were detailed for three types of smart SMA PR-

CFT connection systems: end-plate, T-stub, or clip angle connections. The composite 

moment frames with end-plate connections provide the largest strength capacity, 

allow for the use of larger beam, and column sizes with a resulting increase in bay 

length.  

• The design of the prototype buildings should be accompanied with advanced FE 

frame analyses in order to select adequate column and beam sections and 

check/satisfy all design limits.    

• 2D numerical frame models were used for the nonlinear analyses. The exact behavior 

for the composite panel zone was simulated using 2D joint elements with a tri-linear 

backbone curve. The required information for this model such as initial slope, yield 

shear force, and ultimate shear force at the panel zone was provided by the strength 

model proposed by Wu et al. (2007).  

 

10.2.4 Nonlinear Analyses for Frame Models 

Pushover analyses and dynamic analyses with 20 ground motions were performed 

with OPENSEES. From the results of these analyses, the following conclusions were 

reached (Chapter 8): 

• Both monotonic and cyclic pushover analyses utilizing the equivalent lateral load 

pattern used for design were carried out. Pushover curves plotted as the normalized 

shear force versus inter story drift ratio (ISDR) showed significant transition points:  

elastic range or proportional limit,  full yielding of the cross-section, strength 
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hardening, ultimate strength, and strength degradation or stability limit. These limits 

were affected by member slenderness ratios and level of the gravity loads.  

• Overall, the initial stiffness of the frames with welded connections was larger than 

that of those of the frames with PR connections. However, strength after reaching its 

maximum value deteriorated very rapidly because the welded connections were 

susceptible to brittle failure and P-Delta effects. In contrast, the use of flexible tension 

bars provided extra deformation capacity, so composite frames with PR connections 

showed more gradual strength degradation. The strength of the taller frames 

deteriorated more rapidly than that of the shorter frame because of the large P-Delta 

effect due to the heavier gravity loads.  

• Composite moment frames with PR connections showed smaller residual 

displacements than those with welded connections due to the recentering effect. In 

addition, composite frames with PR connections showed a more gradual strength 

degradation.  Overall, the envelope of the monotonic curves corresponded to that of 

the cyclic curves when the same models were compared. 

• Based on the transition points in the monotonic pushover curves, three performance 

levels were defined:  Design Point, Yield Point, and Ultimate Point. All frames were 

stable up to the yield point level. After reaching the Ultimate Point, plastic rotation 

increased significantly and concentrated on the lower levels. This led to severe 

deformations at the column bases eventually resulting in the complete plastification 

of the columns at these locations.  

• The nonlinear dynamic analyses consisted of two suites of 20 earthquake ground 

motions with 2% probability of exceedence in 50 years for the western USA. 

Composite moment frames with welded connections showed the largest roof 

displacements. The outstanding energy dissipation properties of the PR connections 

resulted in lower drifts. The base shear forces were affected by lumped masses 

converted from the gravity loads, so the 6 story frames showed higher maximum base 

shears than the 4 story frames. 

• Overall, maximum displacement, velocity, and pseudo-acceleration occurred at the 

roof. The occurrence time for each peak value subjected to the same ground motion 
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was slightly different and trailed the occurrence of the peak ground acceleration 

(PGA).  

• Statistical distributions of the peak ISDR were obtained from the dynamic analyses. 

The peak ISDR showed the largest values at the first story level. They ISDR 

decreased as one moved up the structure.  The position of the failure hinge points was 

symmetric with the center of the frames.  

 

10.2.5 Seismic Performance and Damage Evaluation  

Damage evaluations were conducted by comparing elastic strength ratios (ESR) and 

inelastic curvature ductility ratios (ICDR). From these results, the following conclusions 

were reached (Chapter 9): 

• The specific levels to evaluate the building damage were determined from the ratios 

of the required member response to the corresponding member capacity.  The value 

of the ESR was determined by the position of the required strength on the P-M 

domain with a simplified bilinear interpolation. ICDR levels were selected arbitrarily 

and changed according to the nominal yield curvature and the type of loading.  

• All frame models were designed with a symmetric configuration and uniform gravity 

loads along all bays and stories. As a result, a regular distribution of the damage 

ratios was found along both the interior and the exterior column lines. The ESR for 

the interior columns were generally larger than those for the exterior columns. The 

high ESR were accompanied by high ICDR, so the members which underwent 

significant deformations showed larger values of both ESR and ICDR. The most 

severe damage occurred at the column bases.  

• Welded frames are more susceptible to severe damage than PR frames at a reasonable 

range of the story drift because higher bending moments acting on the welded 

connections cause an increase of the damage ratios.  

• Failure hinge mechanisms are related to the damage ratios. Yield failure hinges were 

generated at the ends of the column elements where ESR were more than unit value.  

• Statistical approaches with 20 ground motion data were derived from the nonlinear 

dynamic analyses. ESR were calculated at the time when the peak base shear force 

occurs at the column bases. Similarly to ESR evaluations performed by the pushover 
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analyses.  The most severe damage, which was expressed by a distribution with large 

ESR, were concentrated on the lower story levels.  
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10.3 Recommendations for Future Work 

From the research conclusion presented in this dissertation, four original 

contributions to create innovative designs and integrated approaches for composite frame 

structures were suggested as summarized in Figure 10.2. Besides, some additional 

interesting items should be investigated in the future:  

• In order to generalize the results described herein, the numerical analysis results 

should be compared with corresponding experimental test results. Limited 

comparisons between numerical models for T-stubs and angle connections developed 

based on experimental data (Swanson 1999) showed good results. However, more 

comparison work is necessary to generalize modeling methods suggested in this 

research.  

• In spite of lots of structural advantages, more practical applications and experimental 

programs for composite PR connections are absolutely necessary. 

• There is little work on probabilistic evaluation of composite moment frames. 

Performance levels based on the probabilistic approaches are not clearly defined in 

any design codes. More research in this area is necessary.  
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New Connection Design

• Challenges in Infrastructure 

• PR Connection Design

• Composite Structure System

• Breakthroughs in New Material

• Systematic Design Procedures

Numerical Analyses
• 3D FE Connection Modeling 

• Advanced Modeling Methods

• Exact Instrumentation

• Observations of Failure Modes

• Component Strength Models

• 2D Simplified Joint Modeling

• Parametric Observations

• Accurate Behavior Simulations

Frame Design
• Design based on New Codes

• New PR Connection Applications 

• Practical PZ Strength Model

•Various C-MF Models

• Numerical Frame Models

• Advanced Modeling Methods

Seismic Evaluations
• Evaluations with Analysis Data

• Simplified Equations for Limit State

• New Evaluation Methods  for C-MF

• Representative Sample Lines

• Performance Levels

• Statistical Approaches 

Innovative and Integrated 
Approaches

for New Composite Frame 
Structures

Research Contributions

 
 

 

 

Figure 10.2 Original contributions for this research 
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Appendix A 

 

Detailed Design Examples for CFT Columns 

A-1: Introduction 

Detailed calculation procedures for the P-M interaction diagram of CFT beam-

columns in accordance with the AISC 2005 Specifications are presented in this Appendix.  

The basic background, including the necessary notation and basic calculations, were 

described in Chapter 3.  Examples for CFT columns used in this research are summarized 

in Section A-2 section with four case-by-case procedures. The CFT column details are 

summarized in Table A.1. In addition, the P-M interaction diagram using a straight line 

interpolations between five points are described in Section A-3. The necessary equations 

to calculate these points are summarized in Tables A-2 and Table A-3.   

 

 

 

4550.50016HSS 16X500CCFT 16X500

4550.50014HSS 14X14X500RCFT 14X14X500

4550.37518HSS 18X375CCFT 18X375

4550.37516HSS 16X16X375RCFT 16X16X375

4550.50014HSS 14X500CCFT 14X500

4550.50012HSS 12X12X500RCFT 12X12X500

4550.50018HSS 18X500CCFT 18X500

4550.50016HSS16X16X500RCFT 16X16X500

tdSteel SectionColumn ID

4550.50016HSS 16X500CCFT 16X500

4550.50014HSS 14X14X500RCFT 14X14X500

4550.37518HSS 18X375CCFT 18X375

4550.37516HSS 16X16X375RCFT 16X16X375

4550.50014HSS 14X500CCFT 14X500

4550.50012HSS 12X12X500RCFT 12X12X500

4550.50018HSS 18X500CCFT 18X500

4550.50016HSS16X16X500RCFT 16X16X500

tdSteel SectionColumn ID yF cf ′

 
 

 

 

 

 

 

 

 

Table A.1 The Summarization of the CFT columns 

Unit: kip and inch
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Table A.2 Equations for the specific 5 points in the P-M interaction diagram 

(RCFT columns)
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Table A.3 Equations for the specific 5 points in the P-M interaction diagram 

(CCFT columns)
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A-2: Calculation Examples 

 

Case 1: RCFT 16 X 16 X 500 Column 

Develop an axial load-moment (P-M) envelope for a HSS 16X16X500 concrete filled 

with f’c = 4 ksi strength.  The effective length of the member is 12.5 ft. Assume A572 

steel (Swanson 2002, Use the nominal stress value shown in Table 5.1: Fy = 55 ksi and Fu 

= 73 ksi). The units are kips and inches. Use the dimensions shown in Table A.1. 

 

Limitation: 

1) The cross-sectional area of the steel core shall comprise at least one percent of the 

total composite cross section. 

 

As = 31.0 in.2 > (0.01) (162) = 2.56 in2, (O.K.) 

Note that 121.0
256
31

==ρ , or 12.1 % which is high ratio.  

2) The slenderness of the tube wall is: 

90.51
55

2900026.226.20.31
5.0

5.016
==≤=

−
=








yF
E

b
t  (O.K.) 

 

C1.1 Point A (MA=0)  

 Determine the available compressive strength 

 '85.0 ccyrsryso fAFAFA ++=Ρ  

 225)5.0216()2( 22 =⋅−=⋅−= tbAc in2 
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The results are summarized in Section A-3.  
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Case 2: CCFT 18 X 500 Column 

Develop an axial load-moment (P-M) envelope for a round HSS 18X500 concrete 

filled with f’c = 4 ksi strength.  The effective length of the member is 12.5 ft. Assume 

A572 steel (Design Strength: Fy = 55 ksi and Fu = 73 ksi). The units are kips and inches. 

Use the dimensions shown in Table A.1. 

 

Basic Geometrical Property:  
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Limits: 

3) The cross-sectional area of the steel core shall comprise at least one percent of the 

total composite cross section. 
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C2.1 Point A (MA=0)  

 Determine the available compressive strength 
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C2.2 Point B (PB=0) 

From definitions of Point C in Table A-3: 
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C2.3 Point C  
 
From calculations for Point B (above): 
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Case 3: RCFT 12 X 12 X 500 Column 

Develop an axial load-moment (P-M) envelope for a HSS 12X12X500 concrete filled 

with f’c = 4 ksi strength.  The effective length of the member is 12.5 ft. Assume A572 

steel (Design Strength: Fy = 55 ksi and Fu = 73 ksi). The units are kips and inches. Use 

the dimensions shown in Table A.1. 

 

Limitation: 

5) The cross-sectional area of the steel core shall comprise at least one percent of the 

total composite cross section. 

 

As = 23.0 in.2 > (0.01) (122) = 1.44 in2, (O.K.) 

Note that 160.0
144
23

==ρ , or 16.0 % which is high ratio.  
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C3.1 Point A (MA=0)  

 Determine the available compressive strength 
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 40.1676=Ρo kips 

 

920.0
23121

2326.026.03 =







+
+=








+

+=
sc

s

AA
AC  

( ) ( ) 508
12

5.0212
12
12

12
2

12

4444

=
⋅−

−=
⋅−

−=
tddIs in4 
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( ) ( ) 1220
12

5.0212
12
2 44

=
⋅−

=
⋅−

=
tdIc in4 

' 57000   57000 4000 /1000  3605 ksic cE f= = =  

ccsrssseff IECIEIEEI 35.0 ++=  

61078.181220360592.050829000 ⋅=⋅⋅+⋅=effEI  kip-in2 

 

( )
( ) ( )

( )
8237

125.121
1078.1814159.3P 2

62

2e =
⋅⋅

⋅
==

kL
EIeffπ

 kips 

25.2203.0
8237

40.1676
P
P

e

o ≤==  or 44.0.4
2470

21593
P
P

o

e ≥==  

∴ Use EQ 3-1 
 

( ) 60.1539658.040.1676658.0 203.0 ==












Ρ=Ρ









Ρ
Ρ

e

o

on kips 

( ) 69.115460.153975.0 ==Ρncφ kips 
 

 

C3.2 Point B (PB=0) 

 Determine location of nh  

 ( ) 2485.02
85.0 2

1

h
Fthf

Afh
ywc

cc
n ≤

+′
′

=  

 ( )( ) 40.1
555.045.0212485.02

121485.0
=

⋅⋅+⋅−⋅⋅
⋅⋅

=nh in 6
2

12
=≤ in (O.K.) 

 30.99=sZ in3 

 ( ) 75.3320
4

5.0216192.0
4

3
3

2
21 =−

⋅−
=−= ic rhhZ in3 

 ( ) ( ) 38.6027485.075.3322
15530.9985.02

1M =⋅⋅+⋅=′+= ccysD fZFZ kip-in 

 96.140.15.022 22 =⋅⋅== nwsB htZ in3 
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 ( )( ) 21.4240.15.0212 22
1 =⋅−== ncB hhZ  in3 

 ( )ccBysBD fZFZM ′−−= 85.02
1MB

 ( ) 30.5848485.021.422
15596.138.6027MB =⋅−⋅−=  kip-in 

 47.526330.58389.0MBB =⋅=φ  kip-in 

 

C3.3 Point C (MC = MB; PC =0.85 fc’Ac) 

 ( ) 40.411485.012185.0PC =⋅=




 ′= cc Af kips 

 30.5848MC =Μ= B kip-in 
 

C3.4 Point D 

 ( ) 70.205
2

485.0121
2

85.0
PC =

⋅
=






 ′

=
cc Af

kips 

 
 28.6027=ΜD kip-in (See computations for Point B) 
 
 

C3.5 Point E 

 70.3
4

12
2
40.1

42
=+=+=

dh
h n

E in 

 ( ) EwyEcccE htFhhfAf 485.085.0
2
1

1 +′+′=Ρ  

 ( ) 75.75070.35.055470.311485.0121485.0
2
1

=⋅⋅⋅+⋅⋅⋅+⋅⋅=ΡE kips 

 
 
 ( )( ) 41.15070.311 22

1 === EcE hhZ in3 

 ( )( ) 67.1341.15070.311 22 =−=−= cEEsE ZbhZ in3 

 ( ) 32.1007485.047.1502
15567.1385.02

1 =⋅⋅⋅+⋅=′+=∆Μ ccEysEE fZFZ kip-in 

 44.5019=∆Μ−Μ=Μ EDE  kip-in 
 

The results are summarized in Section A-3.  
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Case 4: CCFT 14 X 500 Column 

Develop an axial load-moment (P-M) envelope for a round HSS 14X500 concrete 

filled with f’c = 4 ksi strength.  The effective length of the member is 12.5 ft. Assume 

A572 steel (Design Strength: Fy = 55 ksi and Fu = 73 ksi). The units are kips and inches. 

Use the dimensions shown in Table A.1. 

 

Basic Geometrical Property:  

14=d  in 

5.0=t  in 

132 =−= tdh  in 

( ) 75.6
2

=
−

=
tdrm  in 

21.212 =⋅⋅= trA ms π  in2 

73.132
4

2

==
hAc
π  in2 

94.153=+= csg AAA  in2 

' 57000   57000 4000 /1000  3605 ksic cE f= = =  

( )[ ] 76.4832
64

44 =−−= tddI s
π  in4 

( ) 98.14012
64

4 =−= tdIc
π  in4 

74.1885=+= csg III  in4 

 

Limits: 

7) The cross-sectional area of the steel core shall comprise at least one percent of the 

total composite cross section. 
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01.0138.0
73.13221.21

21.21
≥=

+
=

+ cs

s

AA
A (O.K.) 

8) The slenderness of the tube wall is: 

10.79
55

2900015.015.00.27
5.0

5.014
=






=










≤=

−
=








y

s

F
E

b
t  (O.K.) 

 

C4.1 Point A (MA=0)  

 Determine the available compressive strength 

C2 = 0.95 

876.026.0,9.0min3 =















+

⋅+=
sc

s

AA
AC  

 '
2 ccyrsryso fACFAFA ++=Ρ  

ccsrssseff IECIEIEEI 35.0 ++=  

 60.1617473.13295.005521.212 =⋅⋅++⋅=′++=Ρ ccyrsryso fACFAFA kips 

 60.1617=Ρo kips 

 

ccsrssseff IECIEIEEI 35.0 ++=  
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Ρ
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e
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( ) 64.111552.148775.0 ==Ρncφ kips 

 

C4.2 Point B (PB=0) 

From definitions of Point C in Table A-3: 

676134 22 =⋅=′= hfK cc kips 

625.1855.075.655 =⋅⋅== trFK mys kips 

( )20.0260 2 0.8570.0260 2
0.0848 0.0848

c s c sc s

c c

K K K KK K
K K

θ
⋅ + ⋅ + ⋅ ⋅⋅ − ⋅

= +
⋅ ⋅

 

deg78.154rad70.21 ===θθ  

54.34062sin 13 =












= θhZcB  in3 

79.8462sin 13 =−












= cBsB ZdZ θ  in3 

( ) 10.524285.02
1 =′+=Μ ccBysBB fZFZ kip-in 

80.471710.52429.0 =⋅=Μ Bbφ  kip-in 

 
C4.3 Point C  
 
From calculations for Point B (above): 
 

28.45185.0PC =




 ′= cc Af kips 

10.5242MC =Μ= B kip-in 
     
 
C4.4 Point D  

( ) 64.2252
85.0 =′=Ρ cc

D
Af kips 
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6

3

==
hZc in3 

79.84
6

3

=−= cs ZdZ  in3 

( ) 65.563685.02
1 =′+=Μ ccysD fZFZ kip-in 

 
 

C4.5 Point E  

96.342 =+= dhh n
E in 

deg90.104rad83.12arcsin22 ==




−== h

hEπθθ  

90.18262sin 233 =












= θhZcE  in3 

54.4562sin 233 =−












= cEsE ZdZ θ  in3 

 

( ) ( ) ( )[ ] 46.12332
sin

285.02
1

2
185.0 22222 =



 −′+−−+′= θθhfhdFAFAfP cysyccE  kips 

46.281585.02
1 =





 ′+= ccEysEE fZFZM kip-in 

 

The calculations for other four cases were repeated with the same procedures 

mentioned above, so the procedures to calculate five points for other composite column 

cases were omitted. Instead, all results for five points in P-M interaction diagrams are 

summarized in Table A-4.  

 
 

36481507694197133351589705111302815123350197514576180321661218(E)

756530084552877862397906239556362266027206981638611389383(D)

691560181305756688795841379152424515848411881577110935765(C)

69150813006688084130524205848088150109350(B)

0194002060019360207901618016760237402470(A)

MPMPMPMPMPMPMPMP

HSS 
16X500

HSS 
14X14X500

HSS 
18X375

HSS 
16X16X375

HSS 
14X500

HSS 
12X12X500

HSS 
18X500

HSS 
16X16X500Point

36481507694197133351589705111302815123350197514576180321661218(E)

756530084552877862397906239556362266027206981638611389383(D)

691560181305756688795841379152424515848411881577110935765(C)

69150813006688084130524205848088150109350(B)

0194002060019360207901618016760237402470(A)

MPMPMPMPMPMPMPMP

HSS 
16X500

HSS 
14X14X500

HSS 
18X375

HSS 
16X16X375

HSS 
14X500

HSS 
12X12X500

HSS 
18X500

HSS 
16X16X500Point

 

Table A.4 All calculation results for five points in P-M interaction diagram 
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A-3: P-M Interaction Diagram 

The 2005 AISC Specification endorses the use of the full plastic stress distribution to 

calculate cross-sectional strength. The P-M interaction diagram for estimating the 

composite sectional strength based on this full plastic stress distribution can be generated 

as a conservative linear interpolation between five points summarized in Table A.4. The 

P-M interaction diagrams for all composite columns presented here are plotted in this 

section.  

The cross-sectional strength for a composite column can be also estimated by 

performing a fiber analysis using the OPENSEES program. Relatively stocky cross 

sections for the CFT columns were modeled as numerical fiber sections (i.e. quadrilateral, 

circular and triangular shapes) as shown in Figure A.1 (a). The numerical CFT beam-

column specimen was made up of the zero-length section elements with a nonlinear 

stress-strain material response with discrete fiber sections. This section element is defined 

by the two nodes at the same position and the discrete fiber based section shown in 

Figure A.1 (b).  

P-M interaction points were also obtained from these fiber analyses. The model was 

subjected to various levels of axial force, roughly corresponding to the axial load levels 

of the five interpolation points given by the code provisions. The axial load was applied 

first and then the moment was increased. Both element forces and deformations 

( ε−Ρ and φ−M ) for the zero-length elements were recorded by using the Element 

Recorder. Therefore, corresponding moment-curvature diagrams for each axial force 

level were obtained as shown in Figures A.2 to A.9.  

The monotonic analyses were carried out utilizing a (a) uniaxial bilinear stress-strain 

behavior with small kinematic hardening for the steel tube and (b) uniaxial compressive 

Kent-Scott-Park stress-strain behavior model for the confined concrete.  The latter 

includes a degrading linear unloading/reloading stiffness. For the cyclic simulations, the 

stress-strain behavior of the steel fibers includes the effects of isotropic strain hardening, 

local buckling and biaxial stress.  The cyclic stress-strain model for the concrete fibers 

includes the effects of stress degradation and crack opening and closing.  The summary 

of P-M interaction diagrams for all CFT column cases are given to Figure A.2 to Figure 

A.9.  
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(a) Fiber based beam column elements  
 

1

2

P

M

X

Y
Steel Fiber Section

Fixed BC’s
(b) Geometry of zero-length section element

Concrete Fiber Section

 
 

 

 

 

 

 

 

 

 

Figure A.1 Numerical models and test setup for the fiber analyses  
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Figure A.2 Fiber analyses results and P-M interaction diagrams (RCFT 16X16X500)  

Figure A.3 Fiber analyses results and P-M interaction diagrams (CCFT 18X500)  
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Figure A.4 Fiber analyses results and P-M interaction diagrams (RCFT 12X12X500)  

Figure A.5 Fiber analyses results and P-M interaction diagrams (CCFT 14X500)  
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Figure A.6 Fiber analyses results and P-M interaction diagrams (RCFT 16X16X375)  

Figure A.7 Fiber analyses results and P-M interaction diagrams (CCFT 18X375)  
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Figure A.8 Fiber analyses results and P-M interaction diagrams (RCFT 14X14X500)  

Figure A.9 Fiber analyses results and P-M interaction diagrams (CCFT 16X500)  
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Appendix B 

 

Design Examples and Failure Modes 
 

B-1: General Introduction 

Idealized strength models for each connection component provide the basic 

background for connection design. The strength models and design procedures were 

described in Chapter 3, but specific design examples for them were omitted because of 

the limited space. Therefore, design procedures for the smart PR-CFT connections 

specified in Figures 4.2 to 4.7 are described in Section B-2.  

In design, brittle failure modes such as bolt fracture, weld failure, and plate fracture 

should be avoided in order to prevent a potential collapse of the structure. The criteria for 

the design strength were determined by relatively ideal failure strength models based on 

achieving full yielding of the beam. The available failure modes for the connection 

components were described in Section 4.3. The necessary design checks, including 

strength models and different reduction factors, are shown in Section B-3.  
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B-2: Design Examples 
 

Strength models and design procedures for connection components were described in 

Section 3.2 and Section 3.3, respectively. The detailed design procedures are described in 

this section.  

 
Case 1: End-Plate Connection 

The geometric details for end-plate connections were described in Figures 4.2 and 4.3. 

The connection components were designed in accordance with AISC-LRFD 2001 and 

AISC/ANSI 358-05. The design procedures for the end-plate connection are described in 

this section, with the design criteria based on ideal limit states. The US unit system (kip 

and inch) was used in this case.  

 

Step 1: Check the basic information 

 

(1) Determine prequalified limits and geometric dimensions 

Table B.1 represents a summary of the range of the geometric parameters that have 

satisfactorily tested. The geometric parameters are given in Figure B.1.  

 

tp

tbf

Lst

hst

7.7512.256969.25bbf

0.59310.3750.750.3750.75tbf

18.53613.75242555d

3.53.75----Pb

1.7521.755.51.54.5Pf1, Pf2

563.25646g

91510.7510.75710.75bp

0.752.50.51.50.52.25tp

Min.Max.Min.Max.Min.Max.

8ES4ES4E

7.7512.256969.25bbf

0.59310.3750.750.3750.75tbf

18.53613.75242555d

3.53.75----Pb

1.7521.755.51.54.5Pf1, Pf2

563.25646g

91510.7510.75710.75bp

0.752.50.51.50.52.25tp

Min.Max.Min.Max.Min.Max.

8ES4ES4E
Parameter

Unit: inch

dc

de

d

Pb
Pf1

Pf2

Pb

g bbfbc

bp

 
 

 

Figure B.1 8 bolt stiffened extended end-plate connection geometry (8ES) 

Table B.1 Prequalification dimension limits 
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(2) Determine dimensions (Refer to Table B.1 and Figure B.1) 

Choose 8 bolt stiffened extended end-plate connection system (8ES) 

0.1tp =  The thickness of the end-plate (in) 

0.15bp =  The width of the end-plate (in) 

0.6g =  The horizontal distance between bars (in) 

75.1PP f2f1 ==   The vertical distance between beam flange and the  

  center of bar holes (in) 

5.3Pb =  The distance between the centerline of bar holes (in) 

5.24d =  The depth of the beam (in) 

98.0tbf =  The thickness of the beam flange (in) 

0.9bbf =  The width of the beam flange (in) 

56.0tbw =  The thickness of the beam web (in) 

75.1de =  The edge distance (in) 

280Zx =  The plastic section modulus for the steel beam (in3) 

 

 

OK97.7512.25bbf

OK0.980.591tbf

OK24.518.536d

OK3.53.53.75Pb

OK1.751.752Pf1, Pf2

OK656g

OK15915bp

OK10.752.5tp

DecisionDesignMin.Max.Parameter

Eight Bolt Stiffened (8ES)

OK97.7512.25bbf

OK0.980.591tbf

OK24.518.536d

OK3.53.53.75Pb

OK1.751.752Pf1, Pf2

OK656g

OK15915bp

OK10.752.5tp

DecisionDesignMin.Max.Parameter

Eight Bolt Stiffened (8ES)

 
 

Determine the position of the tension bars 

75.29h1 =  

25.26h2 =  

5.24h3 =  

0.21h4 =  

Figure B.2 The limit check for the geometric parameters 
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where, ih : the distance from the centerline of the beam compression flange to the   

centerline of the ith tension bar row (in) 

 
(3) Determine material properties  

Use A572 Steel and A490M Bolt Materials (Swanson 2002, See Table 5.1) 

55=yF  The design yield stress (ksi) 

55Fyp =  The design yield stress for the end plate (ksi) 

73=yF     The design ultimate stress (ksi) 
 

Step 2: Calculate the design strength 

 

(4) Determine the factor to consider the peak connection strength 

20.1164.1
2

Cpr ≤=
+

=
y

uy

F
FF

 (OK.)  Generally taken as 1.1Cpr =  

 (5) Determine the design strength based on the full plastic strength of the beam 

16960RCM prdesign == xyy ZF  kip-in ( 1.1R y= for the material over strength factor) 

 

Step 3: Determine the required bar diameter 

 

(6) Determine the average tensile strength for bars (Refer to Figure 3.20) 

5.101h
4

1i
i =∑

=

 in 

80F SMAnt, =  ksi The nominal strength of the SMA bar 

160F Steelnt, =  ksi The nominal strength of the high tension steel bar 

86.115hhFF
i

i
i

iint,nt == ∑∑  ksi 

(7) Choose the required bar diameter ( reqb,d ) 

985.0
)hhh(hF2π

4M
d

4321nt

design
reqb, =

+++
=

nφ
in ( 0.9=nφ for non-ductile limit state) 

Take 0.1d b =  in (OK.) 
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Step 4: Determine the thickness of the end-plate 

 

(8) Calculate the yield line mechanism for the end-plate ( PY See Figure B.5) 

74.4gb
2
1s p ==  in  

Use case 1 ( 74.475.1 =≤= sde ) 

ge +







+






 ++






 ++






 ++






 ++


















+








+








+








=

2
b

b
4

b
23

b
12

b
1

21e
1

p
P

p
4

3psh
4

ppfh
4

3ppfh
4

pdh
g
2

s
1h4

pf
1h3

pf
1h2

2d
1h

2
b

Y
 

86.462YP = in  

(9) Choose the required thickness of the end-plate 

932.0
YF

1.11M
t

pyp

pr
reqp, ==

bφ
 in ( 0.1=bφ for ductile limit state) 

Take 0.1t p = in (OK.) 
 

Step 5: Check the shear resistance  

 
(10) Compute the tensile axial force ( fuF ) 

72.685
td

M
F

bf

design
fu =

−
= kip 

(11) Check the shear resistance for the end-plate 
 

5.445tb0.6FR ppypshearn, == nn φφ  kip 

75.12t
16
1d2b pbpn =














 +−=A in2 

605.5020.6FR nupshearn, == Ann φφ kip 
 

shearn,
fu R9.342
2

F
nφ≤=  (OK.) 

 
 
This connection type did not require the shear bolt system. The design check for the 

shear bolt is not necessary.  
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Figure B.3 Geometry summary and yield line failure mechanism (4 Bolt Unstiffened, 4E) 

Figure B.4 Geometry summary and yield line failure mechanism (4 Bolt Stiffened, 4ES) 
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Step 6: Determine the size of the end-plate stiffener 

 

(12) Determine the thickness of the stiffener ( st ) 

56.0
F
F

tt
ys

yb
bwmin, =










=s  in 

Take 56.0t =s  in 

 (13) Check the length of the stiffener ( stL ) 

51.6
2

t7h bf
st =






 −=  in The height of the stiffener 

27.11
tan30

hL st
st ==

o
 in 

86.12
F
E0.5613.20

t
h

yss

st =≥=  Prevent the local buckling (OK.) 

Figure B.5 Geometry summary and yield line failure mechanism (8 Bolt Stiffened, 8ES) 
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Step 7: Check the rupture and bearing failure at the bars 

 

(14) Check the tearing out failure at the end-plate 

1.20
16
1

2
ddL b

ec =





 +−=  in  

2.175Ftd4.25.104FtL2.1R upbupcni =≤==  kip (OK.) 

2.175Ftd4.25.104FtL2.1R upbupcno =≤==  kip (OK.) 

174L = in  The length of the beam 

4.185
L

2M
V design

u ==  kip 

( ) ( ) 1261RNRNRV nooniinbearingn,u =+=≤ nn φφφ  kip (OK.) 

 

Step 8: Check the steel column strength 

 

I-shape steel columns require other design strength checks such as flexural yielding of 

the column flange, stiffener forces, local yielding of the column web, unstiffened column 

web buckling strength, and unstiffened column web crippling strength. CFT column 

systems were used in this connection system. These columns satisfied these design 

strength checks and these design checks are omitted in the design procedure.  

 

 

 

 

 

 

 

 

 
 
 
 



 362

Case2: T-Stub Connection 

The geometric details for T-stub connections were described in Figures 4.4 and 4.5. 

The connection components were designed in accordance with AISC-LRFD 2001 and 

AISC 2005 Seismic Provisions. The design procedures for the T-stub connection are 

described in the next section based on ideal limit states. The US unit system (kip and 

inch) was used in this case.  

 

Step 1: Determine the required design strength 

 

(1) Determine the design strength ( designM ) based on the full plastic strength of the steel 

beam in accordance with 2005 AISC Seismic Provisions. 

1.1R y=  (For the types of rolled shapes and bars made by A572-Gr.50 steel) 

55=yF  kis The design yield stress of the beam 

1.1Cpr =  Factor for the design strength 

134Z =x  in3 The plastic section modulus for the steel beam 

8918RCM prdesign == xyy ZF  kip-in 

 (2) Calculate the required axial force ( reqP ) acting on the beam flange 

23.57d =  in  The depth of the beam 

378
d

M
P design

req ==  kip 

 

Step 2: Select the diameter of tension bars 

 

(6) Determine the average tensile strength for bars (Refer to Figure 3.20) 

26.57h1 =  in 

20.57h2 = in 

14.47h
2

1i
i =∑

=

 in 

80F SMAnt, =  ksi The nominal strength of the SMA bar 



 363

160F Steelnt, =  ksi The nominal strength of the high tension steel bar 

45.97hhFF
i

i
i

iint,nt == ∑∑  ksi 

 (7) Choose the required bar diameter ( reqb,d ) 

83.0
)h(hF4π

4M
d

21nt

design
reqb, =

+
=

nφ
in  

( 0.9=nφ for non-ductile limit state, 4 bars arrangement in each row) 

For easy of the construction, the same size of the tension bars should be used. 

Take 0.1d b =  in (OK.) 
 

Step 3: Layout the shear bolts and tension bars 

 

(8) Determine the gage length and bolt spacing for the shear bolts 

For the easy construction, the same grade and size of bolts should be used for the 

shear bolts. Ten high strength bolts (A490) were used. Use lesser maximum gage that is 

permitted by the beam flange. The enough edge distance more than the required distance 

for 1” diameter bolts was used. The details for the shear bolt arrangement are given to 

below. 

 

4@3” 1.75”

4.
0”

8.
0”

1.063”

 
 

 
Figure B.6 The arrangement of the shear bolts on the T-stub 
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0.4L2b0.4g efs =⋅−≤=  in (OK.)  The gage length 

3d3s b ==  in (OK.) The bolt spacing 

(9) Determine the arrangement for the tension bars 

Use 6 inch center spacing to allow extra clearance: 50.15Weff =  in 

 

Steel Bar

SMA Bar

6”3” 3”

Weff =15.50”

g t
=6

”

b f
=1

0.
37

5” dh=1.063”

 
 

 

Step 4: Determine the thickness of the T-stem 

 

(10) Check the design strength model for the net section 

stemnet,ufnetn,f FR Aφφ =   ( 75.0f =φ for the fracture failure) 

 (11) Determine the thickness of the T-stem based on the design strength model 

2nsb =  The number of shear bolts along the T-stem width 

dh=db+1/16 =1.063 in 

( ) 516.0
ddnWF

M
t

hsbeffuf

design
minstem, =

−
=
φ

 in ( 166FF usu == ksi, ASTM A490 Bolts) 

Check for minstem,t  based on the bearing failure 

288.0
ddFn2.4m

M
t

busbf

design
minstem, =

⋅
=
φ

in ( 5m = sbnm ⋅ : Total number of shear bolts) 

56.0tstem =  in (T-stub: Cut from W16X100, OK.) 

Figure B.7 The arrangement of the tension on the T-stub flange 
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Step 5: Determine the bf and tf for the T-stub flange 

 

(12) Determine the thickness of the T-stub flange 

8n tb =  The total number of tension bars 

875.3
n

2Wp
tb

eff == in The effective flange width per tension bar 

726.0
p

d-1δ h ==  The ratio of the net section area to the flange area  

                                                      (See Figure 3.10) 

The average bolt force should be used to estimate the bolt capacity. It causes to make 

design calculation easy. 

25.47
n
P

T
tb

req
req ==  kip The required force at each tension bar 

Compare the required factored bar strength assuming a 40 percent prying and 8 

tension bars.  

45.97F15.66
n

1.40P
B nt

tb

req
req =≤==φ kip (OK.) 

91.1d2
δ
δ1

T
B

b b
req

reqf
reqf, =⋅






 +
⋅









=′

φ
 in 

94.4t2b2g stemreqf,reqt, =+′= in 

Take 6gt =  in (OK.) 

25.1L mine, = in  The minimum distance between the center of the  

                                                      bar hole and the edge 

5.8L2gb mine,treqf, =+=  in 

0.10d4gb btreqf, =+=  in 

Take 375.10bt = in (OK.) 

(13) Determine the with of the T-stub flange 

Use adjusted geometric parameters ( a′ and b′ , See Figure 3.10) 
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69.2
2

daa b =+=′  in 

22.2
2
dbb b =−=′  in  

Find the range for ft  

31.2
pF

b4T
t

yb

req
maxf, =

′
=

φ
in ( 75.0=bφ for bolt bearing or fracture) 

( )( )
03.1

pFd3.75
b2ddb8dT

t
ybb

bbbreq
minf, =

′+−′
=

φ
in 

Take minf,f t0.1t ≈= in (OK.) 

 

Step 6 & Step 7: Check the T-stub section and failure modes 

 

After the T-stub section has been determined, the capacity of the T-stub section 

should be checked by looking at failure modes in either the flange or the stem. The 

failure mode checks in order to avoid brittle failure modes (net section failure at the T-

stem, block shear failure, and shear bolt failure) are shown in Section B-3. The failure 

strength due to the brittle failures should be larger than the design strength based on the 

yielding of the beam.  

 

Step 8: Determine the shear connection 

 

(14) Calculate the required shear force at the connection 

5.102
L

2M
V design

u == kips 

0.9L2.13bdL platefmaxplate, =≥=−=  in (OK.) 

(15) Design the shear plate 

Use four 1” diameter A-490N bolts and two 0.56 inch thick plate would be sufficient 

with a capacity, 176R2 n =φ kip. The connection detail is given to Figure D.8.  
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(10) 1” A490(Typ)

W24X55

(A572 Steel)

(8) 1” Tension Bars 

(Steel and SMA)

E-70(0.56”)

T-stub cut from W16 X 100

Web Bolts

(3) 1” A490(Typ)

(2) Web Plate

0.56”X4.5”X9”

RCFT

HSS

16X16X500

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure B.8 The connection details (T-stub connection) 
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Case3: Clip Angle Connection 

The geometric details for clip angle connections were described in Figures 4.6 and 

4.7. The connection components were designed in accordance with AISC-LRFD 2001 

and AISC 2005 Seismic Provisions. The design procedures for the clip angle connections 

are described based on ideal limit states. The US unit system (kip and inch) was used in 

this case.  

 

Step 1: Determine the required design strength 

 

(1) Determine the design strength ( designM ) based on the full plastic strength of the steel 

beam in accordance with 2005 AISC Seismic Provisions. 

1.1R y=  (For the types of rolled shapes and bars made by A572-Gr.50 steel) 

55=yF  kis The design yield stress of the beam 

1.1Cpr =  Factor for the design strength 

101Z =x  in3 The plastic section modulus for the steel beam 

6722RCM prdesign == xyy ZF  kip-in 

 (2) Calculate the required axial force ( reqP ) acting on the beam flange 

0.81d =  in  The depth of the beam 

373
d

M
P design

req ==  kip 

 

Step 2: Select the diameter of tension bars 

 

(6) Determine the average tensile strength for bars (Refer to Figure 3.20) 

25.40h1 =  in 

40.25h
1

1i
i =∑

=

 in  

Tension bars are aligned on one row.  

80F SMAnt, =  ksi The nominal strength of the SMA bar 
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160F Steelnt, =  ksi The nominal strength of the high tension steel bar 

107hhFF
i

i
i

iint,nt == ∑∑  ksi 

 (7) Choose the required bar diameter ( reqb,d ) 

07.1
)(hF3π

4M
d

1nt

design
reqb, ==

nφ
in  (More than 1.0 inch diameter) 

( 0.9=nφ for non-ductile limit state, 4 bars arrangement in each row) 

For increasing the bar strength, it is effective to use the steel bars with lager diameters 

than those of the SMA bars. 

Take 0.1d SMAb, =  in and 07.1d Steelb, =  in (OK.) 
 

Step 3: Layout the shear bolts and tension bars 

 

(8) Determine the gage length and bolt spacing for the shear bolts 

For the easy construction, the same grade and size of bolts should be used for the 

shear bolts. Four high strength bolts (A490) were used. Use lesser maximum gage that is 

permitted by the beam flange. The enough edge distance more than the required distance 

for 1” diameter bolts was used. The details for the shear bolt arrangement are given to 

below. The arrangement was satisfied with the limits. 

 

3”2.25”1”

8”

4” 9.
5”

 
 Figure B.9 The arrangement of the shear bolts on the clip angle 
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0.4L2b0.4g efs =⋅−≤=  in (OK.)  The gage length 

3d3s b ==  in (OK.) The bolt spacing 

(9) Determine the arrangement for the tension bars 

Use 6 inch center spacing to allow extra clearance: 0.9Weff =  in 

 

SMA Bar Steel Bar

dh=1.063” dh=1.125”

6”

Weff =9.0”
g t

=4
.0

”

b f
=6

.0
”

2.
0”

 
 

 

Step 4: Determine the clip angle leg thickness 

 

(10) Check the design strength model for the net section 

stemnet,ufnetn,f FR Aφφ =   ( 75.0f =φ for the fracture failure) 

 (11) Determine the thickness of the clip angle leg based on the design strength model 

2nsb =  The number of shear bolts along the T-stem width 

dh=db+1/16 =1.063 in (Include the bolt clearance) 

( ) 44.0
ddnWF

M
t

hsbeffuf

design
minleg, =

−
=
φ

 in ( 166FF usu == ksi, ASTM A490 Bolts) 

Check for minstem,t  based on the bearing failure 

312.0
ddFn2.4m

M
t

busbf

design
minleg, =

⋅
=
φ

 in ( 2m = sbnm ⋅ : Total number of shear bolts) 

00.1tleg = in (Clip Angle: L6X9X1 angle, Use thick clip angle) 

Figure B.10 The arrangement of the tension on the T-stub flange 
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Step 5: Determine the bf and tf for the clip angle flange 

 

(12) Determine the thickness of the T-stub flange 

3n tb =  The total number of tension bars 

0.3
n

Wp
tb

eff == in The effective clip angle width per tension bar 

646.0
p

d-1δ h ==  The ratio of the net section area to the flange area  

                                                      (See Figure 3.10) 

The average bolt force should be used to estimate the bolt capacity. It causes to make 

design calculation easy. In order to estimate the bar prying action, the required force at 

each tension bar ( reqT ) should be assumed as below. 

3.124
n
P

T
tb

req
req ==  kip  

Compare the required factored bar strength assuming zero percent prying (Q=0) with 

three tension bars due to the heavy thickness of the clip angle. 

3.124TB reqreq ==φ kip  

Using moment equilibrium between reqT and reqBφ  

nt
1

req F253.88
h
dT ≤= (OK.) 

548.2d
δ
δ1

T
B

b b
req

reqf
reqf, =⋅






 +
⋅









=′

φ
 in 

548.3tbg legreqf,reqt, =+′= in 

Take 4gt =  in (OK.) 

25.1L mine, = in  The minimum distance between the center of the  

                                                      bar hole and the edge 

25.5Lgb mine,treqt, =+=  in 

0.6d2gb btreqt, =+=  in 
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Take 0.6bt = in (OK.) 

(13) Determine the with of the T-stub flange 

Use adjusted geometric parameters ( a′ and b′ , See Figure 3.10) 

5.2
2
daa b =+=′  in 

5.2
2
dbb b =−=′  in  

20.3
pF

b4T
t

yb

req
maxf, =

′
=

φ
in ( 75.0=bφ for bolt bearing or fracture) 

Take 0.1t f = in (OK.) 

 

Step 6 & Step 7: Check the clip angle section and failure modes 

 

After the size of the clip angle has been determined, the capacity of the clip angle 

section should be checked against failure modes which can occur either in the flange or in 

the clip angle leg.  The checks should verify that brittle failure modes (net section failure, 

block shear failure, and shear bolt failure) will not govern. These checks will be 

performed in Section B-3. The failure strength due to the brittle failures should be larger 

than the design strength based on the yielding of the beam.  

 

Step 8: Determine the shear connection 

 

(14) Calculate the required shear force at the connection 

26.77
L

2M
V design

u == kips 

0.9L0.18dL platemaxplate, =≥==  in (OK.) 

(15) Design the shear plate 

Use four 1” diameter A-490N bolts and two 0.56 inch thick plate would be sufficient 

with a capacity, 176R2 n =φ kip. The connection detail is given to Figure D.8.  
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RCFT

HSS 

12X12X500

(4) 1” A490(Typ)

W18X40

(A572 Steel)

Steel and SMA Bars

E-70(5/16”)

Web Bolts

(3) 1” A490(Typ)

Clip Angle cut from L9X6X1

(2) Web Plate

0.56”X4.5”X9”

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure B.11 The connection details (Clip angle connection) 
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B-3: Failure Mode Checks 

The behavior of PR connections can be controlled by a number of different limit 

states including flexural yielding of the beam section, flexural yielding of the end-plates, 

yielding of the column panel zone, tension failure of the endplate bolts, shear failure of 

the end-plate bolts, or failure of various welds (See Figure 4.9). The intent of the design 

criteria presented here is to provide sufficient strength in the components of the 

connections to ensure that the inelastic deformation of the connection is achieved by 

beam yielding.  

 
Case 1: End-Plate Connection with RCFT Columns 

 

End-plate connection design check  

Refer to AISC/ANSI 358-05 Manual 

Refer to AISC-LRFD 2001  

Refer to Eurocode 4 (Composite Column Design) 

Refer to Steel Tip Manual (Astaneh-Asl, 1995) 

Satisfy the prequalification limits: Table 6.1 in ANSI 358-05 (See Table B.1) 

Use material properties for A.572 steel and A490 bolt based on the material test 

performed on SAC test models (Swanson, 2002).  

 

Given Values 

 

80 ksi60 ksiSMA Bar

162 ksi85 ksiSteel Bar

4 ksi3.2 ksiConcrete

73 ksi55 ksiPlate

73 ksi55 ksiColumn

73 ksi55 ksiBeam

FuFy Materials

80 ksi60 ksiSMA Bar

162 ksi85 ksiSteel Bar

4 ksi3.2 ksiConcrete

73 ksi55 ksiPlate

73 ksi55 ksiColumn

73 ksi55 ksiBeam

FuFy Materials

 
 

Beam: W24X103  

Column: HSS16X16X500 

 

Table B.2 Material properties for the end-plate connection (Case 1) 
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(From the standard shape in the AISC-LRFD 2001 specification) 

 

29000E = ksi  The elastic modulus for the steel material 

55Fy = ksi The yield stress for the steel material  

73Fu = ksi The ultimate stress for the steel material 

162F steelu, = ksi The ultimate strength for the steel bar 

80F SMAu, = ksi The ultimate strength for the SMA bar 

 

24.5d = in The depth of the beam 

98.0t f =  in The thickness of the beam flange 

0.9bf =  in  The width of the beam flange 

56.0t w = in  The thickness of the beam web 

245Sgy = in3 The section modulus of the beam 

285Zgy = in3 The plastic section modulus of the beam 

0.61h = in The height or width of the column 

5.0t c = in The thickness of the column 

0.15bp = in The width of the end-plate 

5.38d p = in  The depth of the end-plate 

0.1t p =  in  The thickness of the end-plate 

5558
4
db

Z
2

pp
py ==  in3 The plastic section modulus of the end-plate 

0.1db = in The diameter of the tension bar 

06.1dh = in  The diameter of the bar hole 

Geometric parameters were illustrated in Figure B.1 

 

5.6τcu = ksi The ultimate strength of the confined concrete in PZ 

2m=  The number of tension bars per row 

8n =  The number of rows for the bar arrangement 
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A. Determine the Design Strength  

The design strength ( PM ) should be based on the full plastic strength of the beam.  

15400FZM ygyP == kip-in 

The design capacity for other component with the reduction factor (φ ) should be 

larger than the factored design strength in order to achieve the ideal failure at the 

connection.  An overstrength factor, taken as 1.25, was suggested in Astaneh-Asl (1995) 

in order to ensure that a ductile mode of behavior was reached.  

 

B. Ductile Failure Modes 

 

B.1 Slippage at the Shear Faying Surface 

The check for the slippage strength is not available for the end-plate connections due 

to the lack of the shear faying surface.  

 

B.2 Bearing yielding around the Shear Bolt Holes 

The check for bearing strength around the shear bolt holes is not available for the 

end-plate connections due to absence of the shear bolt.  

 

B.3 Yielding Failure of the Gross Section of the End-Plate ( -plateendP,M ) 

9.0=φ  Design reduction factor for the yielding failure 
5

ypyplate-endP, 10057.3FZM ⋅== kip-in 

pplate-endP, M1.25M ⋅≥⋅φ  (OK.)  

Satisfy the limit to occupy the ductile failure due to yielding of the beam 

 

C. Mixed Failure Modes 

 

C.1 Local Buckling at the beam flange 

592.4
t2

b

f

f =
⋅
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726.8
F
E0.38λ

y
p ==  The compact slenderness ratio 

p
f

f λ
t2

b
≤

⋅
(OK.) 

 

C.2 Local Buckling at the Composite Column 

32
t
h

c

=  

061.33
F

34.0842ε42
y

==⋅  Local buckling check (Eurocode 4, 2004) 

ε42
t
h

c

⋅≤  (OK.) Compact column case 

 

C.3 Shear Yielding of the Panel Zone (PZ) 

Check shear yielding of the rectangular shaped panel zone (Wu et al., 2005) 

( )
( )2f

3
pc

f td
tt2Eh

K
−

+⋅
=  The stiffness of the generalized column flange 

3
f 10662.5K ⋅= kip/in 

0.858
2th

dm1r
c

h
A =

−
−=  The area reduction factor due to bar holes 

0.897
rd

nd2
d

nd21r
1

Ab

h

b

h
C =








+−=

−

 The reduction factor 

0.946
rd

nd
d

nd1r
1

Ab

h

b

h
w =








+−=

−

 The reduction factor for bar holes 

( )
7

3Et2th2K ccw −=  The stiffness of the column web 

5
w 10864.1K ⋅=  kip/in 

( ) 2252thA 2
cc =−=  The area of the inside concrete 

Compute the yield shear strength ( yV ) and ultimate shear strength ( uV ) at the panel 

zone 
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( )
1734Aτr

Kr
K1

3

Ftmd2th2
V ccuC

ww

fychc
y =+








+

−−
=  kip 

( ) ( )
( ) 1777

td3
Ftt2h

Aτr
3

Ftmd2th2
V

f

y
2

pc
ccuC

ychc
u =

−
+

++
−−

=  kip 

786
d

M
1.251.25V p

p == kip 

8.0=φ  The design reduction factor 

yp V1.25V φ≤  (OK.)   

Satisfy the limit to occupy the ductile failure due to yielding of the beam 

 

D. Brittle (Fracture) Failure Modes 

 

D.1 Block Shear Failure at the Shear Component 

The check for block shear failure is not applicable to the end-plate connection due to 

absence of a plate under direct shear force. 

 

D.2 Net Section Failure 

The check for the net section failure is not applicable to the end-plate connection due 

to absence of a plate under direct tension force.  

 

D.3 Fracture of the Tension Bars 

Apply the AISC/ANSI 358-05 specifications 

0.785
4
πdA

2
b

b ==  in2 The section area of the tension bar 

75.29h1 =  in   

25.26h2 =  in 

5.24h3 =  in 

0.21h4 =  in 

Here, ih  (i = 1 to 4) is the distance from the maximum bearing to each center of the 

bar hole (See Table B.5).  
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266AFB bsteelu,steeln, ==  kip The ultimate capacity for the steel tension bar 

128AFB bSMAu,SMAn, ==  kip The ultimate capacity for the SMA tension bar 

Calculate the ultimate moment capacity due to the tension bars ( barp,M ) 

( ) ( ) 19280hh2Bhh2BM 43steeln,21SMAn,barp, =+++= kip-in 

barp,p M1.25M ≤ (OK.) 

For the non-ductile design for the tension bars, the design factor which is 1.25 

occupies the enough safety against the bolt fracture failure (Check the reqb,d , Section B.2).   

 

D.4 Shear Rupture Failure at the Tension Bar 

bvbs AFnB =  The capacity of the tension bar under shearing 

The nominal shear capacity of the SMA bar ( SMAv,F ) is not provided on the 

specification. The check for the shear rupture failure shall be performed only at the steel 

tension bars with that of the steel bar ( steelv,F ).  

75.0=φ  

2.44F steelv, =φ ksi Single shear plane case (AISC 2001, Table 7-10) 

8n b =  The number of steel tension bars 

278AFnB bsteelv,bs == φφ kips 

175Lb =  in The distance from the tip of the beam to the center 

of the column 

s
b

p B118
L

1.25M
φ≤=  (OK.) 

 

D.5 End-Plate Rupture Failure 

1.22
2

ddL h
ec =−=  in 

107Ft1.2L upc =  kip 

186Ft2.4dr uphi ==  kip 

uphupc Ft2.4dFt1.2L ≤  (OK.) 
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14898rR itearn, == kip 

75.0=φ  

tearn,
b

p R
L

1.25M
φ≤  (OK.) 

 

D.6 Fracture at the Welding Area 

Refer to the AISC 2001 specification (Section 16-J2) 

Use submerged arc welding 

100Fexx = ksi Electrode Strength (E100) 

396b0.6t0.75FR ffexxw1n, ==φ  kip                   The welding capacity of the flange section 

( ) 9942td0.6t0.75FR fwexxw2n, =−=φ  kip         The welding capacity of the flange section 

( ) 20540
2
2tdRtdRM f

w2n,fw1n,weldp, =
−

+−= φφφ  kip-in    Moment Capacity at the welding 

weldp,p M1.25M φ≤  (OK.) 

Satisfy the limit to occupy the ductile failure due to yielding of the beam 

 

E. Comparisons with FE Analysis 

The Von-Mises stress at the column surface, the middle of the steel tension and SMA 

bars, and the beam were monitored as the applied static moment increased, are shown in 

Figure B.12.  Based on the behavior modes of the components, safe and unsafe behavior 

zones can be established and the performance of the individual components checked. The 

stress paths should avoid entering the unsafe zone. This implies that the connections 

behaved in a ductile manner and exceeded the full plastic strength of the beam (Mp).   
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Case2: End-Plate Connection with CCFT Columns 

 

End-plate connection design check  

Refer to AISC/ANSI 358-05 Manual 

Refer to AISC-LRFD 2001  

Refer to Eurocode 4 (Composite Column Design) 

Refer to Steel Tip Manual (Astaneh-Asl, 1995) 

Satisfy the prequalification limits: Table 6.1 in ANSI 358-05 (See Table B.1) 

Use material properties for A.572 steel and A490 bolt based on the material test 

performed on SAC test models (Swanson, 2002).  

 

Given Values 

 

 

80 ksi60 ksiSMA Bar

162 ksi85 ksiSteel Bar

4 ksi3.2 ksiConcrete

73 ksi55 ksiPlate

73 ksi55 ksiColumn

73 ksi55 ksiBeam

FuFy Materials

80 ksi60 ksiSMA Bar

162 ksi85 ksiSteel Bar

4 ksi3.2 ksiConcrete

73 ksi55 ksiPlate

73 ksi55 ksiColumn

73 ksi55 ksiBeam

FuFy Materials

 
 

Beam: W24X103  

Column: HSS18X500 

(From the standard shape in the AISC-LRFD 2001 specification) 

 

29000E = ksi  The elastic modulus for the steel material 

55Fy = ksi The yield stress for the steel material  

73Fu = ksi The ultimate stress for the steel material 

162F steelu, = ksi The ultimate strength for the steel bar 

80F SMAu, = ksi The ultimate strength for the SMA bar 

Table B.3 Material properties for the end-plate connection (Case 2) 
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24.5d = in The depth of the beam 

98.0t f =  in The thickness of the beam flange 

0.9bf =  in  The width of the beam flange 

56.0t w = in  The thickness of the beam web 

245Sgy = in3 The section modulus of the beam 

285Zgy = in3 The plastic section modulus of the beam 

0.81h = in The height or width of the column 

5.0t c = in The thickness of the column 

0.15bp = in The width of the end-plate 

5.38d p = in  The depth of the end-plate 

0.1t p =  in  The thickness of the end-plate 

5558
4
db

Z
2

pp
py ==  in3 The plastic section modulus of the end-plate 

0.1db = in The diameter of the tension bar 

06.1dh = in  The diameter of the bar hole 

Geometric parameters were illustrated in Figure B.1 

 

5.6τcu = ksi The ultimate strength of the confined concrete in PZ 

2m=  The number of tension bars per row 

8n =  The number of rows for the bar arrangement 

 

A. Determine the Design Strength  

 

The design strength ( PM ) should be based on the full plastic strength of the beam.  

15400FZM ygyP == kip-in 
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B. Ductile Failure Modes 

 

B.1 Slippage at the Shear Faying Surface 

The check for the slippage strength is not available for the end-plate connections due 

to the lack of the shear faying surface.  

 

B.2 Bearing yielding around the Shear Bolt Holes 

The check for bearing strength around the shear bolt holes is not available for the 

end-plate connections due to absence of the shear bolt.  

 

B.3 Yielding Failure of the Gross Section of the End-Plate ( -plateendP,M ) 

9.0=φ  Design reduction factor for the yielding failure 
5

ypyplate-endP, 10057.3FZM ⋅== kip-in 

pplate-endP, M1.25M ⋅≥⋅φ  (OK.)  

Satisfy the limit to occupy the ductile failure due to yielding of the beam 

 

C. Mixed Failure Modes 

 

C.1 Local Buckling at the beam flange 

592.4
t2

b
f

f =
⋅

 

726.8
F
E0.38λ

y
p ==  The compact slenderness ratio 

p
f

f λ
t2

b
≤

⋅
(OK.) 

 

C.2 Local Buckling at the Composite Column 

36
t
h

c

=  

16.37
F

34.0806ε60
Y

2 =







=⋅   Local buckling check (Eurocode 4, 2004) 
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2

c

ε60
t
h

⋅≤  (OK.) Compact column case 

 

C.3 Shear Yielding of the Panel Zone (PZ) 

Check shear yielding of the rectangular shaped panel zone (Wu et al., 2005) 

( )
( )2f

3
pc

f td
tt2Eh

K
−

+⋅
=  The stiffness of the generalized column flange 

3
f 10369.6K ⋅= kip/in 

0.875
2th

dm1r
c

h
A =

−
−=  The area reduction factor due to bar holes 

0.910
rd

nd2
d

nd21r
1

Ab

h

b

h
C =








+−=

−

 The reduction factor 

0.953
rd

nd
d

nd1r
1

Ab

h

b

h
w =








+−=

−

 The reduction factor for bar holes 

( )
7

3Et2th2K ccw −=  The stiffness of the column web 

5
w 10113.2K ⋅=  kip/in 

( ) 2272thA 2
cc =−=  The area of the inside concrete 

Compute the yield shear strength ( yV ) and ultimate shear strength ( uV ) at the panel 

zone 

( )
1830Aτr

Kr
K1

3

Ftmd2th2
V ccuC

ww

fychc
y =+








+

−−
=  kip 

( ) ( )
( ) 1878

td3
Ftt2h

Aτr
3

Ftmd2th2
V

f

y
2

pc
ccuC

ychc
u =

−
+

++
−−

=  kip 

786
d

M
1.251.25V p

p == kip 

8.0=φ  The design reduction factor 

yp V1.25V φ≤  (OK.)   

Satisfy the limit to occupy the ductile failure due to yielding of the beam 
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D. Brittle (Fracture) Failure Modes 

 

D.1 Block Shear Failure at the Shear Component 

The check for the block shear failure is not available for the end-plate connection due 

to absence of the plate under the direct shear force. 

 

D.2 Net Section Failure 

The check for the net section failure is not available for the end-plate connection due 

to absence of the plate under the direct shear force.  

 

D.3 Fracture of the Tension Bars 

Apply the AISC/ANSI 358-05 specifications 

0.785
4
πdA

2
b

b ==  in2 The section area of the tension bar 

75.29h1 =  in   

25.26h2 =  in 

5.24h3 =  in 

0.21h4 =  in 

Here, ih  (i = 1 to 4) is the distance from the maximum bearing to each center of the 

bar hole (See Table B.5).  

266AFB bsteelu,steeln, ==  kip The ultimate capacity for the steel tension bar 

128AFB bSMAu,SMAn, ==  kip The ultimate capacity for the SMA tension bar 

Calculate the ultimate moment capacity due to the tension bars ( barp,M ) 

( ) ( ) 19280hh2Bhh2BM 43steeln,21SMAn,barp, =+++= kip-in 

barp,p M1.25M ≤ (OK.) 

For the non-ductile design for the tension bars, the design factor which is 1.25 

occupies the enough safety against the bolt fracture failure (Check the reqb,d , Section B.2).   
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D.4 Shear Rupture Failure at the Tension Bar 

bvbs AFnB =  The capacity of the tension bar under shearing 

The nominal shear capacity of the SMA bar ( SMAv,F ) is not provided on the 

specification. The check for the shear rupture failure shall be performed only at the steel 

tension bars with that of the steel bar ( steelv,F ).  

75.0=φ  

2.44F steelv, =φ ksi Single shear plane case (AISC 2001, Table 7-10) 

8n b =  The number of steel tension bars 

278AFnB bsteelv,bs == φφ kips 

175Lb =  in The distance from the tip of the beam to the center 

of the column 

s
b

p B118
L

1.25M
φ≤=  (OK.) 

 

D.5 End-Plate Rupture Failure 

1.22
2

ddL h
ec =−=  in 

107Ft1.2L upc =  kip 

186Ft2.4dr uphi ==  kip 

uphupc Ft2.4dFt1.2L ≤  (OK.) 

14898rR itearn, == kip 

75.0=φ  

tearn,
b

p R
L

1.25M
φ≤  (OK.) 

 

D.6 Fracture at the Welding Area 

Refer to the AISC 2001 specification (Section 16-J2) 

Use submerged arc welding 

100Fexx = ksi Electrode Strength (E100) 
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396b0.6t0.75FR ffexxw1n, ==φ  kip                   The welding capacity of the flange section 

( ) 9942td0.6t0.75FR fwexxw2n, =−=φ  kip         The welding capacity of the flange section 

( ) 20540
2
2tdRtdRM f

w2n,fw1n,weldp, =
−

+−= φφφ  kip-in    Moment Capacity at the welding 

weldp,p M1.25M φ≤  (OK.) 

Satisfy the limit to occupy the ductile failure due to yielding of the beam 

 

E. Comparisons with FE Analysis 

The Von-Mises stress at the column surface, the middle of the steel tension and SMA 

bars, and the beam were monitored as the applied static moment increased, are shown in 

Figure B.13.   
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Case3: T-Stub Connection with RCFT Columns 

 

T-stub connection design check  

Refer to AISC-LRFD 2001  

Refer to Eurocode 4 (Composite Column Design) 

Refer to Steel Tip Manual (Astaneh-Asl, 1995) 

Use material properties for A.572 steel and A490 bolt based on the material test 

performed on SAC test models (Swanson, 2001).  

 

Given Values 

 

 

80 ksi60 ksiSMA Bar

162 ksi85 ksiShear Bolt

162 ksi85 ksiWeb Bolts

162 ksi85 ksiSteel Bar

4 ksi3.2 ksiConcrete

73 ksi55 ksiT-Stub

73 ksi55 ksiColumn

73 ksi55 ksiBeam

FuFy Materials

80 ksi60 ksiSMA Bar

162 ksi85 ksiShear Bolt

162 ksi85 ksiWeb Bolts

162 ksi85 ksiSteel Bar

4 ksi3.2 ksiConcrete

73 ksi55 ksiT-Stub

73 ksi55 ksiColumn

73 ksi55 ksiBeam

FuFy Materials

 
 

Beam: W24X55  

Column: HSS16X16X500 

T-stub: Cut from W16X100  

(From the standard shape in the AISC-LRFD 2001 specification) 

 

29000E = ksi  The elastic modulus for the steel material 

55Fy = ksi The yield stress for the steel material  

73Fu = ksi The ultimate stress for the steel material 

162F steelu, = ksi The ultimate strength for the steel bar 

80F SMAu, = ksi The ultimate strength for the SMA bar 

Table B.4 Material properties for the T-stub connection (Case 3) 
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23.6d = in The depth of the beam 

505.0t f = in The thickness of the beam flange 

04.7bf =  in  The width of the beam flange 

395.0t w = in  The thickness of the beam web 

115Sgy = in3 The section modulus of the beam 

135Zgy = in3 The plastic section modulus of the beam 

0.61h = in The height or width of the column 

5.0t c = in The thickness of the column 

5.15Weff = in The effective width of the T-stub 

0.6g t = in  The gage length 

375.10bf = in  The height of the T-stub 

0.1t tf = in  The thickness of the T-stub flange 

56.0tstem = in The thickness of the T-stem 

0.1db = in The diameter of the tension bar 

06.1dh = in  The diameter of the bar hole 

0.1ds = in The diameter of the shear bolt 

Geometric parameters were illustrated in Figure B.7 

 

5.6τcu = ksi The ultimate strength of the confined concrete in PZ 

4m=  The number of tension bars per row 

4n =  The number of rows for the bar arrangement 

46Tm =  The initial pretension force for the shear bolt  

                                                      (AISC-LRFD 2001, Table 8.1) 

785.0Ab =  in2 The cross section area of shear bolt 

  

A. Determine the Design Strength  

The design strength ( PM ) should be based on the full plastic strength of the beam.  

7425FZM ygyP == kip-in 
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B. Ductile Failure Modes 

 

B.1 Slippage at the Shear Faying Surface 

0.33u =  The mean slip coefficient (Class A coating)  

13.1Du =  The multiplier 

64Tm = kip The specified minimum pretension  

                                                       (AISC Table 7.15) 

129AFT bsteelu,u == kip The required strength in tension  

10N b =  The number of shear bolts 

0.1=φ  The reduction factor for the standard hole 

The nominal strength for the slip resistance ( slipn,R ) can be calculated.  

961
NTD

T1NTuDR
bmu

u
bmuslipn, =








−=  kip 

6304dRM slipn,slipp, == kip-in 

5940M8.0M pslipp, =≤φ  kip-in (OK.) 

 

B.2 Bearing Yielding around the Shear Bolt Hole 

9.0=φ  Design reduction factor for the yielding failure 

786tNdF42.R stembhybearingn, == kips   

18540dRM slipn,bearingp, == kip-in 

9281M25.1M pbearingp, =≥φ kip-in (OK.) 

 

B.3 Yielding Failure of the Gross Section of the T-stem ( stemP,M ) 

9.0=φ  Design reduction factor for the yielding failure 

8.68tWA stemeffstem == in2 The gross section area of the T-stem 

478AFR stemystemn, == kip 

11270dRM stemn,stemP, == kip-in 

pstemP, M1.25M ⋅≥⋅φ  (OK.)  
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Satisfy the limit to occupy the ductile failure due to yielding of the beam 

 

C. Mixed Failure Modes 

 

C.1 Local Buckling at the beam flange 

97.6
t2

b

f

f =
⋅

 

726.8
F
E0.38λ

y
p ==  The compact slenderness ratio 

p
f

f λ
t2

b
≤

⋅
(OK.) 

 

C.2 Local Buckling at the Composite Column 

32
t
h

c

=  

061.33
F

34.0842ε42
y

==⋅  Local buckling check (Eurocode 4, 2004) 

ε42
t
h

c

⋅≤  (OK.) Compact column case 

 

C.3 Shear Yielding of the Panel Zone (PZ) 

Check shear yielding of the rectangular shaped panel zone (Wu et al., 2005) 

( )
( )2f

3
tfc

f td
tt2EhK

−
+⋅

=  The stiffness of the generalized column flange 

3
f 10872.5K ⋅= kip/in 

0.717
2th

dm1r
c

h
A =

−
−=  The area reduction factor due to bar holes 

0.875
rd

nd2
d

nd21r
1

Ab

h

b

h
C =








+−=

−

 The reduction factor 

0.934
rd

nd
d

nd1r
1

Ab

h

b

h
w =








+−=

−

 The reduction factor for bar holes 



 394

( )
7

3Et2th2K ccw −=  The stiffness of the column web 

5
w 10864.1K ⋅=  kip/in 

( ) 2252thA 2
cc =−=  The area of the inside concrete 

Compute the yield shear strength ( yV ) and ultimate shear strength ( uV ) at the panel 

zone 

( )
1633Aτr

Kr
K1

3

Ftmd2th2
V ccuC

ww

fychc
y =+








+

−−
=  kip 

( ) ( )
( ) 1723

td3
Ftt2h

Aτr
3

Ftmd2th2
V

f

y
2

pc
ccuC

ychc
u =

−
+

++
−−

=  kip 

933
d

M
1.251.25V p

p == kip 

8.0=φ  The design reduction factor 

yp V1.25V φ≤  (OK.)   

Satisfy the limit to occupy the ductile failure due to yielding of the beam 

 

D. Brittle (Fracture) Failure Modes 

 

D.1 Block Shear Failure at the Shear Component 

Check the block shear failure at the T-stub 

4s =  in  The shear bolt spacing 

24.2tsA stemgt =⋅=  in2 The gross area subjected to tension 

( ) 645.1tdsA stemhnt =⋅−= in2 The net section area subjected to tension 

75.1de = in  The edge distance 

( ) 4.15t43d2A stemegv =⋅⋅+=  in2 The gross area subjected to shear 

( ) 05.10t4.5d-43d2A stemhenv =⋅⋅+=  in2 The net section area subjected to shear 

Check the failure condition 

440A0.6F120.1AF nvuntu =≤=  kip (OK.) 

2.563AFA0.6FR gtynvublockn, =+=  kip 

Check the design reduction factors 
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75.0f =φ  The design reduction factor for the fracture 

90.0y =φ  The design reduction factor for the yielding 

4.422R blockn,f =φ  kip 

blockn,f
p

y R353.95
d

M
1.25 φφ ≤=  (OK.) 

 

D.2 Net Section Failure 

 6.633AFR stemunetn, ==  kip 

26.570R netn,f =φ  

netn,f
p

y R353.95
d

M
1.25 φφ ≤=  (OK.) 

 

D.3 Fracture of the Tension Bars 

Apply the AISC/ANSI 358-05 specifications 

0.785
4
πdA

2
b

b ==  in2 The section area of the tension bar 

133AFB bsteelu,steeln, ==  kip The ultimate capacity for the steel tension bar 

64AFB bSMAu,SMAn, ==  kip The ultimate capacity for the SMA tension bar 

Calculate the ultimate moment capacity due to the tension bars ( barp,M ) 

72301
2
t

2
gd4B

2
t

2
gd4BM ft

steeln,
ft

SMAn,barp, =





 −−+






 −+= kip-in 

12920M barp,f =φ  kip-in 

barp,fpy M8353M1.25 φφ ≤= (OK.) 

 

D.4 Shear Rupture Failure at the Tension Bar 

bvbs AFnB =  The capacity of the tension bar under shearing 

The nominal shear capacity of the SMA bar ( SMAv,F ) is not provided on the 

specification. The check for the shear rupture failure shall be performed only at the steel 

tension bars with that of the steel bar ( steelv,F ).  
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75.0=φ  

2.44F steelv, =φ ksi Single shear plane case (AISC 2001, Table 7-10) 

8n b =  The number of steel tension bars 

278AFnB bsteelv,bs == φφ kips 

175Lb =  in The distance from the tip of the beam to the center 

of the column 

s
b

p B05.35
L

1.25M
φ≤=  (OK.) 

 

D.5 Shear Rupture Failure at the Shear Bolts 

75.0=φ  

2.44Fv =φ ksi Single shear plane case (AISC 2001, Table 7-10) 

01ns =  The number of shear bolts 

0.785
4
πdA

2
s

s == in2 The cross section area of the shear bolts 

350AFnR svsshearn, == φφ kips 

s
py B95.353

d
M1.25

φ
φ

≈=  (OK.) 

 

D.6 T-Stub Rupture Failure 

75.1de =  The edge distance (Refer to Figure B.6) 

1.22
2

ddL h
ec =−=  in 

85.95Ft1.2L ustemc =  kip 

29.041Ft2.4dr ustemhi ==  kip 

uphupc Ft2.4dFt1.2L ≤  (OK.) 

34.348r01R itearn, == kip 

75.0=φ  
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tearn,
p R

d
1.25M

φ≤  (OK.) 

 

D.7 Shear Tab Failure 

 Refer to AISC-LRFD 2001 (Table 10.1) 

Use 4.5X9.5X0.56 double plate for shear tab. 

Shear tab has enough strength to resist the applied shear force ( 53.05L1.25M bp =  kip).  

Satisfy the limit to occupy the ductile failure due to yielding of the beam 

 

D.8 Fracture at the Weld Area 

There are no welds used in this connection. Thus, the weld failure checks are not 

available for this connection system.  

 

E. Comparisons with FE Analysis 

The Von-Mises stress at the column surface, the middle of the steel tension and SMA 

bars, the beam and the T-stem were monitored as the applied static moment increased, are 

shown in Figure B.14.   
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Case4: T-Stub Connection with CCFT Columns 

 

T-stub connection with CCFT columns were designed with the same component as 

that with RCFT columns except for the panel zone and composite columns. Both cases 

show the same capacity against the failure modes. Thus, the procedures to estimate the 

identical failure strength with Case 3 are omitted in this section. Only mixed failure 

modes for the panel zone and composite columns will be investigated.  

 

C. Mixed Failure Modes 

 

C.1 Local Buckling at the beam flange 

97.6
t2

b

f

f =
⋅

 

726.8
F
E0.38λ

y
p ==  The compact slenderness ratio 

p
f

f λ
t2

b
≤

⋅
(OK.) 

 

C.2 Local Buckling at the Composite Column 

Use HSS 18X500 size columns 

36
t
h

c

=  

16.37
F

34.0806ε60
Y

2 =







=⋅   Local buckling check (Eurocode 4, 2004) 

2

c

ε60
t
h

⋅≤  (OK.) Compact column case 

 

C.3 Shear Yielding of the Panel Zone (PZ) 

Check shear yielding of the rectangular shaped panel zone (Wu et al., 2005) 

( )
( )2f

3
pc

f td
tt2Eh

K
−

+⋅
=  The stiffness of the generalized column flange 
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3
f 10369.6K ⋅= kip/in 

0.875
2th

dm1r
c

h
A =

−
−=  The area reduction factor due to bar holes 

0.910
rd

nd2
d

nd21r
1

Ab

h

b

h
C =








+−=

−

 The reduction factor 

0.953
rd

nd
d

nd1r
1

Ab

h

b

h
w =








+−=

−

 The reduction factor for bar holes 

( )
7

3Et2th2K ccw −=  The stiffness of the column web 

5
w 10113.2K ⋅=  kip/in 

( ) 2272thA 2
cc =−=  The area of the inside concrete 

Compute the yield shear strength ( yV ) and ultimate shear strength ( uV ) at the panel 

zone 

( )
1830Aτr

Kr
K1

3

Ftmd2th2
V ccuC

ww

fychc
y =+








+

−−
=  kip 

( ) ( )
( ) 1878

td3
Ftt2h

Aτr
3

Ftmd2th2
V

f

y
2

pc
ccuC

ychc
u =

−
+

++
−−

=  kip 

786
d

M
1.251.25V p

p == kip 

8.0=φ  The design reduction factor 

yp V1.25V φ≤  (OK.)   

Satisfy the limit to occupy the ductile failure due to yielding of the beam 

 

E. Comparisons with FE Analysis 

The Von-Mises stress at the column surface, the middle of the steel tension and SMA 

bars, the beam and the T-stem were monitored as the applied static moment increased, are 

shown in Figure B.15.   
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Case5: Clip Angle Connection with RCFT Columns 

 

Clip angle connection design check  

Refer to AISC/ANSI 358-05 Manual 

Refer to AISC-LRFD 2001  

Refer to Eurocode 4 (Composite Column Design) 

Refer to Steel Tip Manual (Astaneh-Asl, 1995) 

Use material properties for A.572 steel and A490 bolt based on the material test 

performed on SAC test models (Swanson, 2001).  

 

Given Values 

 

 

80 ksi60 ksiSMA Bar

162 ksi85 ksiShear Bolt

162 ksi85 ksiWeb Bolts

162 ksi85 ksiSteel Bar

4 ksi3.2 ksiConcrete

73 ksi55 ksiClip Angle

73 ksi55 ksiColumn

73 ksi55 ksiBeam

FuFy Materials

80 ksi60 ksiSMA Bar

162 ksi85 ksiShear Bolt

162 ksi85 ksiWeb Bolts

162 ksi85 ksiSteel Bar

4 ksi3.2 ksiConcrete

73 ksi55 ksiClip Angle

73 ksi55 ksiColumn

73 ksi55 ksiBeam

FuFy Materials

 
 

Beam: W18X50  

Column: HSS12X12X500 

Clip Angle: L6X8X1 

(From the standard shape in the AISC-LRFD 2001 specification) 

 

29000E = ksi  The elastic modulus for the steel material 

55Fy = ksi The yield stress for the steel material  

73Fu = ksi The ultimate stress for the steel material 

162F steelu, = ksi The ultimate strength for the steel bar 

Table B.5 Material properties for the T-stub connection (Case 5) 
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80F SMAu, = ksi The ultimate strength for the SMA bar 

0.81d = in The depth of the beam 

57.0t f = in The thickness of the beam flange 

50.7bf =  in  The width of the beam flange 

89.88Sgy = in3 The section modulus of the beam 

101Zgy = in3 The plastic section modulus of the beam 

0.21h = in The height or width of the column 

5.0t c = in The thickness of the column 

0.9Weff = in The effective width of the clip angle 

0.6g t = in  The gage length 

0.6bf = in  The height of the clip angle 

0.1t tf = in  The thickness of the clip angle flange 

0.1t leg = in The thickness of the clip angle leg 

07.1d steelb, = in The diameter of the steel tension bar 

0.1d SMAb, = in The diameter of the SMA tension bar 

13.1d steelh, = in  The diameter of the steel bar hole 

06.1d SMAh, = in  The diameter of the SMA bar hole 

0.1ds = in The diameter of the shear bolt 

06.1dh = in  The diameter of the shear bolt hole 

Geometric parameters were illustrated in Figure B.7 

 

5.6τcu = ksi The ultimate strength of the confined concrete in PZ 

3m=  The number of tension bars per row 

2n =  The number of rows for the bar arrangement 

46Tm =  The initial pretension force for the shear bolt  

                                                      (AISC-LRFD 2001, Table 8.1) 

785.0Ab =  in2 The cross section area of shear bolt 
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A. Determine the Design Strength  

The design strength ( PM ) should be based on the full plastic strength of the beam.  

5555FZM ygyP == kip-in 

 

B. Ductile Failure Modes 

 

B.1 Slippage at the Shear Faying Surface 

0.33u =  The mean slip coefficient (Class A coating)  

13.1Du =  The multiplier 

64Tm = kip The specified minimum pretension  

                                                       (AISC Table 7.15) 

129AFT bsteelu,u == kip The required strength in tension  

4N b =  The number of shear bolts 

0.1=φ  The reduction factor for the standard hole 

The nominal strength for the slip resistance ( slipn,R ) can be calculated.  

98.52
NTD

T1NTuDR
bmu

u
bmuslipn, =








−=  kip 

954dRM slipn,slipp, == kip-in 

4444M8.0M pslipp, =≤φ  kip-in (OK.) 

 

B.2 Bearing Yielding around the Shear Bolt Hole 

9.0=φ  Design reduction factor for the yielding failure 

561tNdF42.R bhybearingn, == leg kips   

10100dRM slipn,bearingp, == kip-in 

6944M25.1M pbearingp, =≥φ kip-in (OK.) 

 

B.3 Yielding Failure of the Gross Section of the T-stem ( stemP,M ) 

9.0=φ  Design reduction factor for the yielding failure 
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0.9tWA legeffleg == in2 The gross section area of the T-stem 

495AFR yn,leg == leg kip 

8910dRM legn,legP, == kip-in 

plegP, M1.25M ⋅≥⋅φ  (OK.)  

Satisfy the limit to occupy the ductile failure due to yielding of the beam 

 

C. Mixed Failure Modes 

 

C.1 Local Buckling at the beam flange 

58.6
t2

b
f

f =
⋅

 

73.8
F
E0.38λ

y
p ==  The compact slenderness ratio 

p
f

f λ
t2

b
≤

⋅
(OK.) 

 

C.2 Local Buckling at the Composite Column 

24
t
h

c

=  

061.33
F

34.0842ε42
y

==⋅  Local buckling check (Eurocode 4, 2004) 

ε42
t
h

c

⋅≤  (OK.) Compact column case 

 

C.3 Shear Yielding of the Panel Zone (PZ) 

Check shear yielding of the rectangular shaped panel zone (Wu et al., 2005) 

( )
( )2f

3
tfc

f td
tt2EhK

−
+⋅

=  The stiffness of the generalized column flange 

3
f 10732.7K ⋅= kip/in 

0.710
2th

dm1r
c

h
A =

−
−=  The area reduction factor due to bar holes 
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0.912
rd

nd2
d

nd21r
1

Ab

h

b

h
C =








+−=

−

 The reduction factor 

0.954
rd

nd
d

nd1r
1

Ab

h

b

h
w =








+−=

−

 The reduction factor for bar holes 

( )
7

3Et2th2K ccw −=  The stiffness of the column web 

5
w 10367.1K ⋅=  kip/in 

( ) 1212thA 2
cc =−=  The area of the inside concrete 

Compute the yield shear strength ( yV ) and ultimate shear strength ( uV ) at the panel 

zone 

( )
980Aτr

Kr
K1

3

Ftmd2th2
V ccuC

ww

fychc
y =+








+

−−
=  kip 

( ) ( )
( ) 1022

td3
Ftt2h

Aτr
3

Ftmd2th2
V

f

y
2

pc
ccuC

ychc
u =

−
+

++
−−

=  kip 

583
d

M
1.251.25V p

p == kip 

8.0=φ  The design reduction factor 

yp V1.25V φ≤  (OK.)   

Satisfy the limit to occupy the ductile failure due to yielding of the beam 

 

D. Brittle (Fracture) Failure Modes 

 

D.1 Block Shear Failure at the Shear Component 

Check the block shear failure at the T-stub 

4.24s =  in  The shear bolt spacing 

24.4tsA leggt =⋅=  in2 The gross area subjected to tension 

( ) 188.3tdsA leghnt =⋅−= in2 The net section area subjected to tension 

75.1de = in  The edge distance 

( ) 5.9t13d2A legegv =⋅⋅+=  in2 The gross area subjected to shear 

( ) 313.6t1.5d-13d2A leghenv =⋅⋅+=  in2 The net section area subjected to shear 
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Check the failure condition 

5.762A0.6F7.322AF nvuntu =≤=  kip (OK.) 

3.510AFA0.6FR gtynvublockn, =+=  kip 

Check the design reduction factors 

75.0f =φ  The design reduction factor for the fracture 

90.0y =φ  The design reduction factor for the yielding 

7.382R blockn,f =φ  kip 

blockn,f
p

y R2.473
d

M
1.25 φφ ≤=  (OK.) 

 

D.2 Net Section Failure 

 657AFR legunetn, ==  kip 

492R netn,f =φ  

netn,f
p

y R353.95
d

M
1.25 φφ ≤=  (OK.) 

 

D.3 Fracture of the Tension Bars 

Apply the AISC/ANSI 358-05 specifications 

0.785
4

πd
A

2
SMAb,

SMAb, ==  in2 The section area of the SMA tension bar 

899.0
4

πd
A

2
steelb,

steelb, ==  in2 The section area of the steel tension bar 

64AFB bSMAu,SMAn, ==  kip The ultimate capacity for the SMA tension bar 

148AFB bsteelu,steeln, ==  kip The ultimate capacity for the steel tension bar 

Calculate the ultimate moment capacity due to the tension bars ( barp,M ) 

6072
2
t

2
gdB

2
t

2
gd2BM ft

steeln,
ft

SMAn,barp, =





 −++






 −+= kip-in 

4454M barp,f =φ  kip-in 

6072M5555M barp,p =≤=  kip-in 
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The diameter of the tension bar was designed in accordance with AISC/ANSI 358-05. 

For the non-ductile design for the tension bars, the diameters were determined by 

including the enough safety factor (Check the reqb,d , Section B.2).   

 

D.4 Shear Rupture Failure at the Tension Bar 

bvbs AFnB =  The capacity of the tension bar under shearing 

The nominal shear capacity of the SMA bar ( SMAv,F ) is not provided on the 

specification. The check for the shear rupture failure shall be performed only at the steel 

tension bars with that of the steel bar ( steelv,F ).  

75.0=φ  

2.44F steelv, =φ ksi Single shear plane case (AISC 2001, Table 7-10) 

2n b =  The number of steel tension bars 

58.59AFnB steelb,steelv,bs == φφ kips 

175Lb =  in The distance from the tip of the beam to the center 

of the column 

s
b

p B69.39
L

1.25M
φ≤=  (OK.) 

 

D.5 T-Stub Rupture Failure 

75.1de =  The edge distance (Refer to Figure B.6) 

1.22
2

ddL h
ec =−=  in 

06.89Ft1.2L ulegc =  kip 

71.185Ft2.4dr uleghi ==  kip 

uphupc Ft2.4dFt1.2L ≤  (OK.) 

85.742r4R itearn, == kip 

75.0=φ  

tearn,
p R

d
1.25M

φ≤  (OK.) 
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D.6 Shear Tab Failure 

 Refer to AISC-LRFD 2001 (Table 10.1) 

Use 4.5X9.5X0.56 double plate for shear tab. 

Shear tab has enough strength to resist the applied shear force ( 69.93L1.25M bp =  kip).  

Satisfy the limit to occupy the ductile failure due to yielding of the beam 

 

D.7 Fracture at the Welding Area 

There are no welds used in this connection. Thus, the weld failure checks are not 

available for this connection system. 

 

E. Comparisons with FE Analysis 

The Von-Mises stress at the column surface, the middle of the steel tension and SMA 

bars, the beam and the clip angle were monitored as the applied static moment increased, 

are shown in Figure B.16.   
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Case6: Clip Angle Connection with CCFT Columns 

Clip angle connections with CCFT columns were designed with the same components 

as those with RCFT columns except for the panel zone and composite columns. Both 

cases show the same capacity against the failure modes. Thus, the procedures to estimate 

the identical failure strength with Case 5 are omitted in this section.  Only mixed failure 

modes shown at the panel zone and composite columns will be investigated.  

 

D. Mixed Failure Modes 

 

C.1 Local Buckling at the beam flange 

58.6
t2

b

f

f =
⋅

 

73.8
F
E0.38λ

y
p ==  The compact slenderness ratio 

p
f

f λ
t2

b
≤

⋅
(OK.) 

 

C.2 Local Buckling at the Composite Column 

Use HSS 14X500 size columns 

28
t
h

c

=  

16.37
F

34.0806ε60
Y

2 =







=⋅   Local buckling check (Eurocode 4, 2004) 

2

c

ε60
t
h

⋅≤  (OK.) Compact column case 

 

C.3 Shear Yielding of the Panel Zone (PZ) 

Check shear yielding of the rectangular shaped panel zone (Wu et al., 2005) 

( )
( )2f

3
pc

f td
tt2Eh

K
−

+⋅
=  The stiffness of the generalized column flange 

3
f 10021.9K ⋅= kip/in 
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0.755
2th

dm1r
c

h
A =

−
−=  The area reduction factor due to bar holes 

0.929
rd

nd2
d

nd21r
1

Ab

h

b

h
C =








+−=

−

 The reduction factor 

0.963
rd

nd
d

nd1r
1

Ab

h

b

h
w =








+−=

−

 The reduction factor for bar holes 

( )
7

3Et2th2K ccw −=  The stiffness of the column web 

5
w 10616.1K ⋅=  kip/in 

( ) 1692thA 2
cc =−=  The area of the inside concrete 

Compute the yield shear strength ( yV ) and ultimate shear strength ( uV ) at the panel 

zone 

( )
1350Aτr

Kr
K1

3

Ftmd2th2
V ccuC

ww

fychc
y =+








+

−−
=  kip 

( ) ( )
( ) 1398

td3
Ftt2h

Aτr
3

Ftmd2th2
V

f

y
2

pc
ccuC

ychc
u =

−
+

++
−−

=  kip 

853
d

M
1.251.25V p

p == kip 

8.0=φ  The design reduction factor 

yp V1.25V φ≤  (OK.)   

Satisfy the limit to occupy the ductile failure due to yielding of the beam 

 

E. Comparisons with FE Analysis 

The Von-Mises stress at the column surface, the middle of the steel tension and SMA 

bars, the beam and the clip angle were monitored as the applied static moment increased, 

are shown in Figure B.17.   
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Appendix C 
 

Instrumentation 

 
An important issue in comparing results from different analytical programs is to 

ensure that the measurement locations, type of measurement and equations used to 

process the raw data are consistent.  As mentioned in Section 4.4, more details of how 

that was achieved in this research are given in this appendix.  In this discussion, the 

measurements will be collected by “instrumentation” as if this were an actual physical 

test.      

 

C-1: Data Collection Points 

There are many contributions to the displacement and rotation of beam-to-column 

connections. The deformations corresponding to the applied force can be measured at the 

data collection points shown in Figures C.1 and C.2.  The main “instrumentation” 

discussed in the following sections is related to: (1) overall moment and rotation of the 

connection (Point G), (2) applied force and displacement of the beam (Point G), (3) the 

axial forces and relative deformations between connection components (Point B and T), 

and (4) shear deformation of the panel zone (Point P).  Each connection component was 

instrumented in order to measure the stiffness and deformation capacity as the loads 

increased. Measurement points were installed on the corresponding positions of FE 

models by using the “Set” tool in ABAQUS. The detailed procedures on how data points 

on the FE models were selected are described in Section C-2.  

Stresses inside the confined concrete and tension bars, which are difficult to access in 

a physical test, can be easily measured on FE models. Failure modes can be determined 

by tracking strains and stresses in the connection components under static load 

increments (See Section 5.4). The points selected for strain and stress measurements are 

shown in Figures C.3 and C.4. Von-Mises stresses at the location of the integration points 

were used to quantify stresses in this research.  
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U3,RF3

U2,RF2

P1 P2

P3 P4

B1
B2

B3
B4

B5
B6

B7
B8

G1

U: Displacement

RF: Reaction Force

P: Panel Zone Area

B: Bolt Area

G: Girder (Beam) Area

 
 

 

 

U3,RF3

U2,RF2

P1 P2

P3 P4

B1 and B2

B3 and B4

B5 and B6

B7 and B8

T1 T2

T3 T4

G2

G3

G1

P: Panel Zone Area

B: Bolt Area

T: T-stub Area

G: Girder (Beam) Area

U: Displacement

RF: Reaction Force

 
 

 

 

 

Figure C.1 The measurement points for displacements and reaction forces 

 in the end-plate connection (without slippage) 

Figure C.2 The measurement points for displacements and reaction forces  

in the T-stub connection (with slippage) 
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GS2

GS1

BS4

BS2

BS3

BS1

PS1
PS2

PS: Panel Zone Area

BS: Bolt Area

GS: Girder (Beam) Area

 
 

 

TS1

GS1

BS1 and BS2

PS2
PS1

BS3 and BS4
PS: Panel Zone Area

BS: Bolt Area

TS: T-stub Area

GS: Girder (Beam) Area

 
 

 

 

 

Figure C.3 The measurement points for strains and stresses in the end-plate connection 

Figure C.4 The measurement points for strains and stresses in the T-stub connection  
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C-2: Instrumentation Install 

 

The modeling procedures on the ABAQUS/CAE program follow a series of modules 

to define the geometry of the model and other physical properties. This data is then 

ported and submitted for analysis. The step by step module procedures are given in 

Figure C.5. ABAQUS computes the value of many variables at every increment of the 

given time step. The only a small subset of this data was collected by using output 

requests. Output requests were defined in the “Step” module. These output requests 

generally consist of history output request and filed output request. History output was 

generated to obtain the data at specific points in the FE models, while filed output was 

generated to obtain the data that are the spatially distributed over the entire model or over 

an element portion.  

In order to measure reaction forces and relative deformations at specific points in the 

components under every loading increment step, the corresponding measurement points 

on the FE models should be selected as shown in Figure C.5. The red point on the head of 

the FE bar model shown in Figure C.5 corresponds to the “B3” measurement point shown 

in Figure C.2. The filed output does not require the definition of the set points. This 

definition was conducted in the “Step” module. 

 
Figure C.5 The definition of the set points 
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Lists of all of the output requests that are desired are defined by the output request 

manager. The history and filed output managers are shown in Figure C.6. Edit buttons 

allow the user to edit lists of output requests. The displacement (U) and reaction force 

(RF) variables were requested using the history output request to a specific measurement 

point. On the other hand, the stress variables were requested using the field output request 

for the whole model. The definition of the output requests is given to Figure C.7.  

 

(a) History output request manager (b) Field output request manager  
 

 

(a) History output request (b) Field output request  
 

Figure C.6 The output request manager 

Figure C.7 The definition of the output request 
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The results of the analyses can be checked in the “Visualization” module which is the 

post-processor in the ABAQUS program. The creation of the results for the output 

request is shown in Figure C. 8. Using the OBD history output, the reaction forces and 

displacements on the special set points were plotted with the loading time increments. 

The stress distributions over the whole models or over the element portions were 

displayed by using OBD filed output. The creation of the stress at every time increment is 

shown in Figure C.9. The highlighted element in red on the T-stem of the FE model 

corresponds to the “TS1” measurement point shown in Figure C.4. All stress components 

at the numerical integration points on the highlighted element were measured.  

 

 
 

 

(a) The corresponding point on the FE T-stem to the TS1 point (b) The creation of the stress output request  
 

Figure C.8 The creation of the results for the output requests 

Figure C.9 The stress measurement at the T-stem 
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C-3: Data Reduction Equations 

The following equations were used in reducing the force and displacement data 

measured by the OBD history output results in order to simulate the (a) stiffness 

properties for the connection components and (b) moment and rotation characteristics for 

the whole connection.  

 

C-3.1 Moment and Rotation 

The moment generated at the connection of the FE model was calculated by: 

 

bLTM ⋅=                                                    (EQ C-1) 

where, T is the total applied force obtained by using the history output request and bL  is 

the beam length measured from the tip of the beam to the centerline of the column.  

 

The total rotation of the connection was calculated by: 

 

b

G1
c L

U3θ =                                                     (EQ C-2) 

where, G1U3  is the relative displacement at the tip of the beam corresponding to the point 

“G1”. It was also obtained by using the history output request.  

 

The elastic rotation of the connection was calculated by: 

 

e
el K

Mθ =                                                     (EQ C-3) 

where, eK is the elastic stiffness.  

 

The plastic rotation of the connection was calculated by: 

 

elcpl θθθ −=                                                 (EQ C-4) 
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C-3.2 Force and Deformation  

The converted axial forces of the connection components were calculated by: 

 

b

b

b d
TL

d
MP ==                                                 (EQ C-5) 

where, bd  is the depth of the beam.  

 

The converted axial forces are almost equal to the summation of the bar reaction 

forces with the prying effect negligible.  

 

∑= BP                                                     (EQ C-6) 

The relative deformation of the tension bar due to the converted axial force was 

calculated by: 

 

P1BiBi U2U2∆ −=                                          (EQ C-7) 

where, 6,2,1i L= . Subscript “ i ” represents the bar number at the end-plate connection. 

These equations were available for the bars under the tensile axial force instead of the 

bearing force. As shown in Figure C.1, BiU2  and P1U2  are the displacements at the 

tension bars (B1 to B6 points) and the panel zone (P1 point), respectively. There were 

obtained by using the history output request.  

 

The displacement at the bottom flange under the bearing force was calculated by: 

 

P4Bearing U2∆ =                                              (EQ C-8) 

where, P4U2  is the displacement at the steel tube surface corresponding to the point “P4”.  

 

The relative deformation of T-stem due to the converted axial force was calculated 

by: 

T1T2-stemT U2U2∆ −=                                      (EQ C-9) 
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where, T1U2  and T2U2  are the displacements at the T-stem corresponding to the points 

“T1” and “T2”, respectively.  

 

The relative slip distance of the T-stub component due to the converted axial force 

was calculated by: 

 

T2G2Slip U2U2∆ −=   (Top)                                   (EQ C-10) 

T4G3Slip U2U2∆ −=  (Bottom)                                 (EQ C-11) 

where, G2U2  and G3U2  are the displacements at the beam corresponding to the points 

“G2” and “G3”, respectively. Slippage occurred due to the tensile axial force or the 

bearing axial force.  

 

C-3.3 Panel Zone Deformation 

 

The panel zone deformation expressed as the average shear strain was calculated by: 

 

b

P3P1P4P2

2d
)U2(U2)U2(U2 −+−

=γ                             (EQ C-12) 

Displacements along the 3 direction (U3) were negligible in comparison with those 

along the 2 direction (U2). Therefore, the simplified equation was used for calculating the 

shear deformation.  
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Appendix D 

 

The Equivalent Lateral Force Procedures 

 
The design base shear forces were selected based on the equivalent lateral load 

procedures outlined in ASCE 7-05 and IBC 2003. Based on these codes, calculation 

procedures and examples for the seismic design of composite frames are described in this 

appendix.  

 
D-1: Calculation Procedures in accordance with IBC 2003 

Both codes share the same formulation procedures to calculate the equivalent lateral 

loads, so only the IBC 2003 code procedures are described in here. 

 

D-1.1 Design Response Spectrum 

According to Section 1615 and Section 1616 of the IBC 2003, ground motion 

accelerations which are represented by design response spectra shall be determined in 

accordance with these following procedures. 

• The mapped maximums considered earthquake spectral response accelerations for the 

short period (SS) and at the 1-second period (S1) are determined from either a seismic 

hazard map or the USGS web site. SS and S1 for Los Angles area (Zip code 90045 

L.A area 33.96 Lat. / -118.4 Long.) were obtained from the web site (http: 

eqint.cr.usgs.gov ) in this study. IBC 2003 provides the hazard map in Section 1615.1.  

• L.A areas have larger values of the short period spectral acceleration and those of the 

1 second period spectral response acceleration in comparison with other areas. Next, 

the site shall be classified as one of the site classes shown in Table 1615.1.1 in IBC 

2003. For this study, good site conditions, corresponding to site classes A and C were 

chosen because of strong ground motion accelerations in L.A areas.  

• The maximum considered earthquake spectral accelerations for the short periods 

(SMS) and the 1-second period (SM1) adjusted for site class effect shall be determined 

by Equation (D-1) and Equation (D-2), respectively: 
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SaMS SFS =                                                     (EQ D-1) 

1vM1 SFS =                                                      (EQ D-2) 

where, aF : the site coefficient defined in Table 1615.1.2(1) in IBC 2003 

            vF : the site coefficient defined in Table 1615.1.2(2) in IBC 2003 

SS : the mapped spectral accelerations for the short period as defined in 

Section 1615.1.2 in IBC 2003. 

1S : the mapped spectral accelerations for 1-second period as defined in 

Section 1615.1.2 in IBC 2003 

The site coefficient for the site class A and C can be determined by the tables. Good 

site class conditions have smaller values for both coefficients.  

• Five percent damped design spectral acceleration at the short period (SDS) and 1-

second period (SD1) shall be determined by Equation (D-3) and Equation (D-4), 

respectively: 

MSDS S
3
2S =                                                    (EQ D-3) 

M1D1 S
3
2S =                                                    (EQ D-4) 

where, MSS : the maximum considered earthquake spectral response accelerations for 

the short period as determined in Section 1615.1.2 in IBC 2003 

            M1S : the maximum considered earthquake spectral response accelerations for 

1-second period as determined in Section 1615.1.2 in IBC 2003 

• The general design response spectrum curves shall be developed as indicated in 

Figure B.1 and as following equations: 

DS
o

DS
a 0.4ST

T
S0.6S +=                                      (EQ D-5) 

T
SS D1

a =                                                      (EQ D-6) 

where, aS : the design spectral response acceleration at the short period as determined 

in Section 1615.1.3 in IBC 2003 



 425

 aS : the design spectral response acceleration at 1-second period as       

determined in Section 1615.1.3 in IBC 2003 

For periods less than or equal to oT , the design spectral response acceleration ( aS ) 

shall be determined by Equation D-5. For periods grater than or equal to oT , and less 

than or equal to sT , the design spectral response acceleration ( aS ) shall be taken 

equal to DSS . For periods greater than sT , the design spectral response acceleration 

( aS ) shall be determined by Equation D-6.  The period limits are given to following 

equations. 

DS

D1
o S

S0.2T =                                                (EQ D-7) 

DS

D1
s S

ST =                                                   (EQ D-8) 

 

D1S

DSS

oT sT 1.0 Period T
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D-1.2 Seismic Design Category 

Figure D.1 Design Response Spectrum 
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All structures shall be assigned to a seismic design category (SDC) based on their 

seismic use group and the design spectral acceleration coefficients, SDS and SD1, 

determined in accordance with Section 1615.1.3 or 1615.2.5 in IBC 2003. Seismic design 

categories are adopted in this design code in order to determine permissible structural 

systems, limitations on height and irregularity, those components designed with seismic 

resistance, and the types of the lateral force analysis. Each group structure shall be 

assigned to the most severe seismic design category in accordance with Tables 1616.3 (1) 

and (2) in IBC 2003, irrespective of the fundamental period of vibration of the structure, 

T. Seismic Use Group I for the ordinary building was assumed for this study. According 

to the tables 1616.3(1) and (2) in IBC 2003, SDC D was selected for this study.  

 

D-1.3 Minimum Design Lateral Force and Related Effects 

The seismic load effect, E and Em, for use in the load combinations includes the 

components form both vertical and horizontal accelerations shall be determined as 

following equations: 

D0.2SρQE DSE ±=                                          (EQ D-9) 

D0.2SQΩE DSEom ±=                                      (EQ D-10) 

where, D: the effect of the dead load 

            E: the combined effect of horizontal and vertical induced forces 

            Em: the maximum seismic load effect 

            ρ : the reliability factor based on the system redundancy  

           oΩ : the system over-strength factor as given in Table 1617.6 in IBC 2003 

           QE: the effect of horizontal seismic forces 

A reliability factor (ρ ) all be assigned to all structures based on the extent of structural 

redundancy inherent in the lateral force-resisting system. A redundancy factor results in 

1.0 for structures assigned to SDC A, B, or C. In case of structures in SDC D, E, or F, the 

reliability factor shall be taken as the largest value of iρ calculated at each story “i” of the 

structure in accordance with Equation D-11 as follows. 
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iAmaxi
i r

202ρ −=                                             (EQ D-11) 

for SI unit system: 

( ) iimax
i r

202ρ
A

−=                                            (EQ D-11) 

where, imax )(r : the ratio of the design story shear resisted by the most heavily loaded     

single element in the story to the total story shear 

             iA : the floor area in square feet immediately above the story 

For moment frames, imax )(r  shall be taken as the maximum of the summation of the 

shears in any two adjacent columns in the plane of a moment frame divided by the story 

shear. For columns common to two bays with moment resisting connections on opposite 

sides at the level under consideration, 70 percent of the shear in that column may be 

permitted in the column shear summation. The value of ρ shall not be less than 1.0 and 

need not exceed 1.5.  

 

D-1.4 Equivalent Lateral Force Procedures for Seismic Design 

Section 1617.4 and Section 1617.5 in IBC 2003 provide required standards for the 

equivalent lateral force procedure to perform seismic analysis of structures. An 

equivalent lateral force analysis shall consist of the application of equivalent static lateral 

forces to a linear mathematical model of the structure. For purposes of this analysis 

procedure, the building structures are considered to be fixed at the base. The seismic base 

shear (V) in a given direction shall be determined in accordance with the following 

equation.  

WCV s=                                                  (EQ D-12) 

where, sC : the seismic response coefficient 

            W: the effective seismic weight of the structure including total dead loads plus 20   

percents of total live loads 

The seismic base shear (V) obtained by the simplified analysis procedure for seismic 

design is given to the following equation. 
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W
R

1.2SV DS=                                              (EQ D-13) 

where, R: the response modification factor 

The seismic response coefficient ( sC ) is determined using equations shown below: 

R
ISC EDS=s                                                   (EQ D-14) 

It must satisfy 

RT
ISC ED1=s  and EDSs I0.044SC =                             (EQ D-15)      

where, IE : the occupancy important factor 

           T: the fundamental period of the building  

The fundamental period of the building (T) in direction under consideration shall be 

established using the structural properties and deformational characteristics of the 

resisting element in a properly substantiated analysis or shall be determined as the 

approximate fundamental period (Ta) using following equations: 

( ) 8.0
nTa hCT =                                               (EQ D-16)  

or 

N1.0Ta =                                                  (EQ D-17) 

where, CT: building period coefficient  

            hn: the height above the base to the highest level of the building 

            N: the number of stories 

The calculated fundamental period (T) shall not exceed the product of the coefficient for 

upper limit on calculated period (Cu) and the approximate fundamental period (Ta).  

After the seismic base shear force is calculated, the distribution of the forces to all the 

floors is determined from the following equations: 

VCF vxx =                                                (EQ D-18) 

∑
=

= n

1i

k
ii

k
xx

vx

hw

hwC                                            (EQ D-19) 

where, vxC : the vertical distribution factor 
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               k: a distribution exponent related to the building period (k=1 for T≤ 0.5, k=2 for 

T≥ 2.5, k=0.5T+0.75 for 0.5<T<2.5) 

               hx: the height from the base to level i or x 

               V: Total design lateral force or design base shear force calculated by Equation 

D-12 or Equation D-13 

               wx: the portion of the total gravity load of the building (W) located or assigned 

to level i or x 

The seismic design story shear in a story (Vx) shall be determined from the following 

equation: 

∑
=

=
n

1i
ix FV                                                (EQ D-20)         

where, Fi: the portion of the seismic base shear (V) induced at level i or x       
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D-2: Calculation Examples 

 

Case 1: 4END Frames 

The equivalent lateral loads acting on the 4 story composite moment resisting frames 

with end plate connections were calculated in accordance with the IBC 2003 code. The 

US unit system was used in this section. Four-13 feet story heights and five-36 feet bay 

lengths were used in the moment resisting frames. In case of the gravity loads, 100 psf 

(pound per square feet) and 80 psf applied as uniform loads at all story levels were used 

for dead loads and live loads, respectively. The detailed geometric configurations for the 

frames were given in Figure 7.4. The step-by-step calculation procedures are given  

below: 

 

Step 1: Calculation for the Gravity Loads 

 

Table 1607.1 in the IBC 2003 handles the minimum distributed live load and the 

minimum concentrated live load limits. General case demands more than 80 psf.   

 

DL=100 psf The uniform dead load 

LL=80 psf The uniform live load 

h=13’ Each story height 

a= 30’ One bay length at the NS direction on the plan view  

b=36’ One bay length at the EW direction on the plan view 

 

Total gravity weight including dead and live loads 

( ) ( ) ( ) ( ) 2700365305.0bna0.5plan =⋅⋅⋅=⋅⋅⋅=A feet2 

270
1000
DLDead Plan == A kips Total dead load at each story 

216
1000
LLLive Plan == A kips Total live load at each story 

313.2Live0.2DeadWTi =⋅+= kips        Total weight including some portion of LL 
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Total mass at each story including some portion of live loads 

2sec/inkip811.0
386.4

0.2LiveDeadMass ⋅=
+

=  

 

Summation of weight and mass for all stories 

kips

313.2
626.4
939.6

1252.8

WT1
WT2
WT3
WT4

WT



















=



















⋅
⋅
⋅
⋅

=  2sec/inkips

811.0
622.1
433.2
244.3

1
2
3
4

MT ⋅



















=



















⋅
⋅
⋅
⋅

=

Mass
Mass
Mass
Mass

 

 

Step 2: Calculate the Seismic Shear 

 

8IE =  The important occupancy factor (Table 1604.5) 

5491.1SS =  g USGS zip code (90045 L.A Area) 

5897.0S1 = g USGS zip code (90045 L.A Area)  

0.1Fa =  Soft rock area (Site Class C)  

3.1Fv =  Soft rock area (Site Class C) 

 Use the stable site class to satisfy SDS D class 

 

Compute the design response spectrum  

5491.1SFS SaMS =⋅=  

7666.0SFS SaM1 =⋅=  

033.1S
3
2S MSDS =⋅=  

5110.0S
3
2S M1D1 =⋅=  

0989.0
S
S0.2T

D1

DS
o == sec 

4947.0
S
ST

D1

DS
o ==  sec 
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Calculate seismic response coefficient by using simplified analysis 

8.0R =  Response modification factor (S-CMF case) 

15495.0
R

1.2SC DS
S ==  

8.1252WTW
i
==∑  kips 

054.941WCV S ==  kips Total design base shear force 

 

Step 3: Calculate the Fundamental Period  

 

0.028CT =  Building period coefficient  

25413H =⋅= ’ Total height of the building 

( ) 0.661HCT 0.8
Ta ==  sec 

an TT =  

 

Figure D.2 Design Response Spectrum (4END Case) 
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Step 4: Calculate the Lateral Forces  

 

08.1
2

0.5T1K n =
−

+=  (If  0.5 < Tn < 2.5 ) 

∑
=

= n

1i

k
ii

k
xx

ivx,

hWT

hWTC  The vertical distribution factor 



















=

209.0
307.0
297.0
187.0

C ivx,  1.0Cvx =∑  (OK.) 

 

Calculate the equivalent lateral force 



















===

604.40
515.59
609.57
326.36

VCFF ivx,i  kips 054.194VFi ==∑  kips (OK.) 

 

The equivalent lateral loads for 4END frames based on these calculation procedures are 

summarized in Table 7.4 (a).  
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Case 2: 6END Frames 

The equivalent lateral loads acting on the 6 story composite moment resisting frames 

with end plate connections were calculated in accordance with the IBC 2003 code. The 

US unit system was used in this section. Six-13 feet story heights and five-36 feet bay 

lengths were used in the moment resisting frames. In case of the gravity loads, 100 psf 

(pound per square feet) and 80 psf applied uniformly loads at all story levels were used 

for dead loads and live loads, respectively. The detailed geometric configurations for 

these frames were shown in Figure 7.4. The step-by-step calculation procedures are given 

below: 

 

Step 1: Calculation for the Gravity Loads 

 

Table 1607.1 in the IBC 2003 handles the minimum distributed live load and the 

minimum concentrated live load limits. General case demands more than 80 psf.   

 

DL=100 psf The uniform dead load 

LL=80 psf The uniform live load 

h=13’ Each story height 

a= 30’ One bay length at the NS direction on the plan view  

b=36’ One bay length at the EW direction on the plan view 

 

Total gravity weight including dead and live loads 

( ) ( ) ( ) ( ) 2700365305.0bna0.5plan =⋅⋅⋅=⋅⋅⋅=A feet2 

270
1000
DLDead Plan == A kips Total dead load at each story 

216
1000
LLLive Plan == A kips Total live load at each story 

313.2Live0.2DeadWTi =⋅+= kips        Total weight including some portion of LL 

 

Total mass at each story including some portion of live loads 
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2sec/inkip811.0
386.4

0.2LiveDeadMass ⋅=
+

=  

 

Summation of weight and mass for all stories 

kips

2.313
4.626
6.939
8.1252
0.1566
2.1879

WT1
WT2
WT3
WT4
WT5
WT6

WT



























=



























⋅
⋅
⋅
⋅
⋅
⋅

=  2sec/inkips

0.811
1.622
2.433
3.244
4.055
4.866

Mass1
Mass2
Mass3
Mass4
Mass5
Mass6

MT ⋅



























=



























⋅
⋅
⋅
⋅
⋅
⋅

=  

 

Step 2: Calculate the Seismic Shear 

 

8IE =  The important occupancy factor (Table 1604.5) 

5491.1SS =  g USGS zip code (90045 L.A Area) 

5897.0S1 = g USGS zip code (90045 L.A Area)  

8.0Fa =  Hard rock area (Site Class A)  

8.0Fv =  Hard rock area (Site Class A) 

 Use the very stable site class to satisfy SDS D class 

 

Compute the design response spectrum  

2393.1SFS SaMS =⋅=  

4718.0SFS SaM1 =⋅=  

8262.0S
3
2S MSDS =⋅=  

3146.0S
3
2S M1D1 =⋅=  

076.0
S
S0.2T

D1

DS
o == sec 

381.0
S
ST

D1

DS
o ==  sec 
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Calculate seismic response coefficient by using simplified analysis 

8.0R =  Response modification factor (S-CMF case) 

1240.0
R

1.2SC DS
S ==  

2.1879WTW
i
==∑  kips 

232.87WCV S ==  kips Total design base shear force 

 

Step 3: Calculate the Fundamental Period  

 

0.028CT =  Building period coefficient  

78613H =⋅= ’ Total height of the building 

( ) 0.914HCT 0.8
Ta ==  sec 

an TT =  

Figure D.3 Design Response Spectrum (6END Case) 



 437

Step 4: Calculate the Lateral Forces  

 

207.1
2

0.5T1K n =
−

+=  (If  0.5 < Tn < 2.5 ) 

∑
=

= n

1i

k
ii

k
xx

ivx,

hWT

hWTC  The vertical distribution factor 



























=

122.0
196.0
224.0
211.0
162.0
084.0

C ivx,  1.0Cvx =∑  (OK.) 

 

Calculate the equivalent lateral force 



























===

28.416
45.606
52.259
49.239
37.731
19.614

VCFF ivx,i  kips 865.232VFi ==∑  kips (OK.) 

 

The equivalent lateral loads for 6END frames based on these calculation procedures are 

summarized in Table 7.4 (c).  
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D-3: Load Application 

The nonlinear pushover analyses for the composite moment frames were performed 

on 2D numerical models with load combinations including the equivalent lateral loads 

calculated in Section D-2. The loads, based on the dominant load combination (Sec. 2.3.3 

in the ASCE 7-05), are given in Figures D.4 and D.5.  
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Figure D.4 Dominant load combination (LC5) and load application in the 4END frame model 

Figure D.5 Dominant load combination (LC5) and load application in the 6END frame model 
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Appendix E 
 

Detail Design Examples for Panel Zones 

 
E-1: Introduction 

The strength models for the composite panel zone were described in Chapter 3. Based 

on these strength models, the calculations using the theoretical equations for the stiffness, 

yield shear strength, and ultimate shear strength in the panel zone are illustrated in detail in 

this appendix. The geometric configuration and notation are given in Figure E.1. A 

rectangular concrete filled-tube panel zone was made up of steel and concrete, with both 

materials contributing to the stiffness and strength mechanism. The two materials can be 

assumed to behave independently, and strength superposition may be applied to the 

theoretical equations (Wu et al. 2007).   

 

V

V

dc

bc
tf

tw dh

m=2
 & n=

4

 
 Figure E.1 The geometric dimensions of the panel zone 
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The moment acting on the connection can be converted into equivalent axial forces at 

the beam flanges, which in turn result in the shear forces in the panel zone. These shear 

forces cause shear deformations in the panel zone webs and flexural deformation in the 

panel zone flanges. Bolt holes which exist in the panel zone flanges reduce the flexural 

strength of the panel zone flanges. The identifications and geometric dimensions for the 

panel zone models are summarized in Table E.1. The strength models obtained from these 

calculations will be assigned to the numerical joint element models in order to simulate the 

exact behavior of the composite panel zone.  
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HSS18X375W24X55T-Stub

HSS16X16X375W24X62T-Stub

HSS18X375W24X62T-Stub

HSS14X14X500W18X50Clip Angle

HSS16X500W18X50Clip Angle

HSS16X16X500W24X84End-Plate

HSS18X500W24X84End-Plate

HSS18X500W24X103End-Plate

HSS16X16X500W24X103End-Plate

Column SizeBeam SizeConnection Type

18”

16”

18”

16”

16”

14”

16”

16”

18”

16”

bc=dc

0.375”

0.375”

0.375”

0.375”

0.500”

0.500”

0.500”

0.500”

0.500”

0.500”

tf=tw

1.063”

1.063”

1.063”

1.063”

1.063”

1.063”

1.063”

1.063”

1.063”

1.063”

dh

PZ Case10

PZ Case9

PZ Case8

PZ Case7

PZ Case6

PZ Case5

PZ Case4

PZ Case3

PZ Case2

PZ Case1

ID

HSS16X16X375W24X55T-Stub

HSS18X375W24X55T-Stub

HSS16X16X375W24X62T-Stub

HSS18X375W24X62T-Stub

HSS14X14X500W18X50Clip Angle

HSS16X500W18X50Clip Angle

HSS16X16X500W24X84End-Plate

HSS18X500W24X84End-Plate

HSS18X500W24X103End-Plate

HSS16X16X500W24X103End-Plate

Column SizeBeam SizeConnection Type

Unit: kips, rad and in  
 

 

 

 

 

 

 

 

 

 

 

Table E.1 Summary of the geometric dimensions for panel zone models 
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E-2: Calculation Examples 

 

PZ Case 1: End Plate Connection with RCFT 

This panel zone model (PZ Case 1) was designed for the 6END frame model in the 

lower story levels. The steel beams were made up of A.572-Gr.50 steel with a 24X103 

cross section. The RCFT columns, with a HSS16X16X500 cross section, were selected for 

these panel zone models. The computational procedures for the yield shear strength (Vy,pro), 

shear stiffness (Kpro), and ultimate strength (Vu,pro) for the panel zone model are illustrated in 

the step-by step process shown in the next section. The US unit system (kip and inch) was 

used in this appendix.  

 

Step 1: Check the basic information 

 

(1) Determine dimensions (See Figure E.1 and Table E.1): 

16b c =  The width of the column (in) 

16d c =  The depth of the column (in) 

5.0t f =  The thickness of the column flange (in) 

5.0t w =  The thickness of the column web (in) 

6.24d b =  The depth of the H-beam (in) 

98.0t bf =  The thickness of the H-beam flange (in) 

56.0t bw =  The thickness of the H-beam web (in) 

1t ep =  The thickness of the end-plate (in) 

063.1d h =  The diameter of the bolt hole (in) 

4n =  The number of rows of bolt holes in the PZ 

2m =  The number of bolt holes in one row 

 

(2) Determine material properties: 

29000=sE  Elastic modulus of the steel (ksi) 
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55=yF  The yield stress of the A.572-Gr. 50 steel (ksi) 

333.0=sv  Poisson’s ratio of the steel 

3.0=u  The friction coefficient at the interface 

5.1=β  The strain hardening factor of the steel 

0.7=′cf  The confined compressive concrete stress including  

  the strengthened diaphragms (ksi) 

4769100057 =′⋅= cc fE  The elastic modulus of the concrete (ksi) 

 

(3) Preloading: 

10t =  The average pre-stress of each bar (kips) 

400P =  The axial compression acting on the CFT columns  

  (Interior columns at the 1st story level, kips) 

 

Step 2: Calculation Procedures 

 

(4) Calculate the shear stiffness for two generalized column flanges ( fK ): 

( ) ( ) 5.4
12

15.016
12

ttb 33
epfc =

+⋅
=

+⋅
=fI  in4 

( )
5614

98.016
5.429000122

)td(
12

2K 22
bfb

f =
−

⋅⋅
=

−
= fs IE  kip/rad  

(5) Calculate the shear stiffness for two column webs without the bolt hole ( wK ): 

( )
4

s
s 1009.1

333.012
29000

)v1(2
⋅=

+
=

+
= sEG  ksi/rad 

( ) 5
swfcw 1063.1108785.0)5.0216(2tt2d2K ⋅=⋅⋅⋅−=⋅−= G  kip/rad 

(6) Calculate the shear stiffness of the steel column including the stiffness loss due to bar          

      holes ( whK ): 

( ) swhfcwh tdmt2d2K G⋅−⋅−=   

        ( ) 51040.1108785.0063.125.02162 ⋅=⋅⋅⋅−⋅−=  kip/rad 

 (7) Use the superposition and calculate the shear stiffness of two column webs ( w1K ): 
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kip/rad1059.1
140040

1
6.24

063.14
163166

1
6.24

063.141

K
1

d
nd

K
1

d
nd1K

5
1

1

whb

h

wb

h
w1

⋅=













⋅






 ⋅

+





⋅






 ⋅
−=

















⋅







+








⋅







−=

−

−

 

(8) Calculate the pre-stress of all tension bars ( T ) and friction force between end-plate and 

steel tube ( F ): 

16010422mnt2T =⋅⋅⋅==  kips (Pre-stress is elastic state) 

963.01602Tu2F =⋅⋅==  kips 

(9) Calculate the yield strength of two column webs including the loss due to the bolt   

      holes ( whyV ): 

( ) ( ) 409
3

555.0063.125.02162
3

tdm2td2
V whfc

why =
⋅⋅⋅−⋅−

=
⋅−−

= yF  kips 

(10) Calculate the corresponding shear strain of the steel tube ( 2γ ): 

00258.0
158638

409
K
V

γ
w1

why
2 ===  rad 

(11) Calculate the yield strength of two column webs without bolt holes ( wyV ): 

( ) ( ) 476
3

555.05.02162
3

t2td2
V wfc

wy =
⋅⋅⋅−

=
−

= yF kips 

(12) Calculate the yield strength of the generalized column flanges ( fyV ): 

( )
( )

( )
( ) 56

98.06.243
551615.02

td3

btt2
V

bfb

cepf
fy =

−
⋅⋅+

=
−

+
=

yF
kips 

(13) Calculate the axial compressive stress ( xσ ) and the lateral pre-stress acted on the   

        concrete ( yσ ) in the panel zone: 

( ) ( ) 22522 =−−= wbfcc tdtbA  in2 

31db cc =−= cs AA  in2 

( ) 98.0
22547693129000

4769400P-
cp −=

⋅+⋅
⋅−

=
+

==
ccss

c
x AEAE

Efσ  ksi 

45.0
6.2416

160
db
T

bc
ct −=

⋅
−

=
−

== fyσ  ksi 
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(14) Calculate the ultimate shear stress of the inside confined concrete ( cuτ ): 

627.0
1000
10005.7

=
′

= c
t

f
f  ksi 

09.0mr =
′

=
c

t

f
f  

( ) ( ) 80.5mm
m1

1
rr

r

=−+′−+′
+

= xycyxccu ff σσσστ  ksi 

(15) Calculate the reduction factor for the shear stiffness of the confined concrete ( cr ): 

( ) ( ) 858.0
5.0216

063.121
2td

md1r
fc

h
A =

⋅−
⋅

−=
−

−=  

946.0
858.06.24
063.142

6.24
063.1421221r

1

c =







⋅
⋅⋅

+
⋅⋅

−=







+−=

−

Ab

h

b

h

rd
nd

d
nd  

(16) Calculate the ultimate shear stress of the inside confined concrete ( cuV ): 

12402258.5946.0τrV cuccu =⋅⋅== cA kips 

 

Step 3: Panel Zone Strength 

(17) Calculate the yield strength, shear stiffness, and the ultimate shear strength for the  

        composite panel zone using the superposition theory 

( ) 1758VFγKKV 2w1fproy, =+++= cu  kips 

( ) 5

2

cu
w1fproy, 1082.6

γ
VFKKK ⋅=

+
++=  kip/rad 

1866VFVVV cuwyfyproy, =+++=  kips 
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PZ Case 2: End Plate Connection with CCFT 

This panel zone model (PZ Case 2) was designed for the 6END frame model in the 

lower story levels. The steel beams were made up of A.572-Gr.50 steel with a 24X103 

cross section. The RCFT columns, with a HSS18X500 cross section, were selected for 

these panel zone models. The computational procedures for the yield shear strength (Vy,pro), 

shear stiffness (Kpro), and ultimate strength (Vu,pro) for the panel zone model are illustrated in 

the step-by step process shown in the next section. The US unit system (kip and inch) was 

used in this appendix.  

 

Step 1: Check the basic information 

 

(1) Determine dimensions (See Figure E.1 and Table E.1): 

18b c =  The width of the column (in) 

18d c =  The depth of the column (in) 

5.0t f =  The thickness of the column flange (in) 

5.0t w =  The thickness of the column web (in) 

6.24d b =  The depth of the H-beam (in) 

98.0t bf =  The thickness of the H-beam flange (in) 

56.0t bw =  The thickness of the H-beam web (in) 

1t ep =  The thickness of the end-plate (in) 

063.1d h =  The diameter of the bolt hole (in) 

4n =  The number of rows of bolt holes in the PZ 

2m =  The number of bolt holes in one row 

 

(2) Determine material properties: 

29000=sE  Elastic modulus of the steel (ksi) 

55=yF  The yield stress of the A.572-Gr. 50 steel (ksi) 

333.0=sv  Poisson’s ratio of the steel 

3.0=u  The friction coefficient at the interface 
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5.1=β  The strain hardening factor of the steel 

6.6=′cf  The confined compressive concrete stress including  

  the strengthened diaphragms (ksi) 

4769100057 =′⋅= cc fE  The elastic modulus of the concrete (ksi) 

 

(3) Preloading: 

10t =  The average pre-stress of each bar (kips) 

400P =  The axial compression acting on the CFT columns  

  (Interior columns at the 1st story level, kips) 

 

Step 2: Calculation Procedures 

 

(4) Calculate the shear stiffness for two generalized column flanges ( fK ): 

( ) ( ) 06.5
12

15.018
12

ttb 33
epfc =

+⋅
=

+⋅
=fI  in4 

( )
6315

98.018
06.529000122

)td(
12

2K 22
bfb

f =
−

⋅⋅
=

−
= fs IE  kip/rad  

(5) Calculate the shear stiffness for two column webs without the bolt hole ( wK ): 

( )
4

s
s 1009.1

333.012
29000

)v1(2
⋅=

+
=

+
= sEG  ksi/rad 

( ) 5
swfcw 1085.1108785.0)5.0218(2tt2d2K ⋅=⋅⋅⋅−=⋅−= G  kip/rad 

(6) Calculate the shear stiffness of the steel column including the stiffness loss due to bar          

      holes ( whK ): 

( ) swhfcwh tdmt2d2K G⋅−⋅−=   

        ( ) 51062.1108785.0063.125.02182 ⋅=⋅⋅⋅−⋅−=  kip/rad 

 (7) Use the superposition and calculate the shear stiffness of two column webs ( w1K ): 
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kip/rad1080.1
167195

1
6.24

063.14
184921

1
6.24

063.141

K
1

d
nd

K
1

d
nd1K

5
1

1

whb

h

wb

h
w1

⋅=













⋅






 ⋅

+





⋅






 ⋅
−=

















⋅







+







⋅







−=

−

−

 

(8) Calculate the pre-stress of all tension bars ( T ) and friction force between end-plate and 

steel tube ( F ): 

16010422mnt2T =⋅⋅⋅==  kips (Pre-stress is elastic state) 

963.01602Tu2F =⋅⋅==  kips 

(9) Calculate the yield strength of two column webs including the loss due to the bolt   

      holes ( whyV ): 

( ) ( ) 472
3

555.0063.125.02182
3

tdm2td2
V whfc

why =
⋅⋅⋅−⋅−

=
⋅−−

= yF  kips 

(10) Calculate the corresponding shear strain of the steel tube ( 2γ ): 

00262.0
180462

472
K
V

γ
w1

why
2 ===  rad 

(11) Calculate the yield strength of two column webs without bolt holes ( wyV ): 

( ) ( ) 540
3

555.05.02182
3

t2td2
V wfc

wy =
⋅⋅⋅−

=
−

= yF kips 

(12) Calculate the yield strength of the generalized column flanges ( fyV ): 

( )
( )

( )
( ) 63

98.06.243
551815.02

td3

btt2
V

bfb

cepf
fy =

−
⋅⋅+

=
−

+
=

yF
kips 

(13) Calculate the axial compressive stress ( xσ ) and the lateral pre-stress acted on the   

        concrete ( yσ ) in the panel zone: 

( ) ( ) 28922 =−−= wbfcc tdtbA  in2 

35db cc =−= cs AA  in2 

( ) 79.0
28946253529000

4769400P-
cp −=

⋅+⋅
⋅−

=
+

==
ccss

c
x AEAE

Efσ  ksi 

40.0
6.2418

160
db
T

bc
ct −=

⋅
−

=
−

== fyσ  ksi 
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(14) Calculate the ultimate shear stress of the inside confined concrete ( cuτ ): 

608.0
1000
10005.7

=
′

= c
t

f
f  ksi 

092.0mr =
′

=
c

t

f
f  

( ) ( ) 53.5mm
m1

1
rr

r

=−+′−+′
+

= xycyxccu ff σσσστ  ksi 

(15) Calculate the reduction factor for the shear stiffness of the confined concrete ( cr ): 

( ) ( ) 87.0
5.0218

063.121
2td

md1r
fc

h
A =

⋅−
⋅

−=
−

−=  

95.0
87.06.24

063.142
6.24
063.1421221r

1

c =







⋅
⋅⋅

+
⋅⋅

−=







+−=

−

Ab

h

b

h

rd
nd

d
nd  

(16) Calculate the ultimate shear stress of the inside confined concrete ( cuV ): 

152328953.595.0τrV cuccu =⋅⋅== cA kips 

 

Step 3: Panel Zone Strength 

(17) Calculate the yield strength, shear stiffness, and the ultimate shear strength for the  

        composite panel zone using the superposition theory 

( ) 2108VFγKKV 2w1fproy, =+++= cu  kips 

( ) 5

2

cu
w1fproy, 1006.8

γ
VFKKK ⋅=

+
++=  kip/rad 

2222VFVVV cuwyfyproy, =+++=  kips 
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PZ Case 5: Clip Angle Connection with RCFT 

This panel zone model (PZ Case 5) was designed for the 4CLI frame model in the 

lower story levels. The steel beams were made up of A.572-Gr.50 steel with a W18X50 

cross section. The RCFT columns, with a HSS14X14X500 cross section, were selected for 

these panel zone models. The computational procedures for the yield shear strength (Vy,pro), 

shear stiffness (Kpro), and ultimate strength (Vu,pro) for the panel zone model are illustrated in 

the step-by step process shown in the next section. The US unit system (kip and inch) was 

used in this appendix.  

 

Step 1: Check the basic information 

 

(1) Determine dimensions (See Figure E.1 and Table E.1): 

14b c =  The width of the column (in) 

14d c =  The depth of the column (in) 

5.0t f =  The thickness of the column flange (in) 

5.0t w =  The thickness of the column web (in) 

0.24d b =  The distance between top and bottom bar hole (in) 

57.0t bf =  The thickness of the H-beam flange (in) 

36.0t bw =  The thickness of the H-beam web (in) 

1t an =  The thickness of the clip angle (in) 

063.1d h =  The diameter of the bolt hole (in) 

2n =  The number of rows of bolt holes in the PZ 

3m =  The number of bolt holes in one row 

 

(2) Determine material properties: 

29000=sE  Elastic modulus of the steel (ksi) 

55=yF  The yield stress of the A.572-Gr. 50 steel (ksi) 

333.0=sv  Poisson’s ratio of the steel 

3.0=u  The friction coefficient at the interface 
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5.1=β  The strain hardening factor of the steel 

4.6=′cf  The confined compressive concrete stress including  

  the strengthened diaphragms (ksi) 

4542100057 =′⋅= cc fE  The elastic modulus of the concrete (ksi) 

 

(3) Preloading: 

10t =  The average pre-stress of each bar (kips) 

300P =  The axial compression acting on the CFT columns  

  (Interior columns at the 1st story level, kips) 

 

Step 2: Calculation Procedures 

 

(4) Calculate the shear stiffness for two generalized column flanges ( fK ): 

( ) ( ) 94.3
12

15.014
12

ttb 33
anfc =

+⋅
=

+⋅
=fI  in4 

( )
4992

57.014
94.329000122

)td(
12

2K 22
bfb

f =
−

⋅⋅
=

−
= fs IE  kip/rad  

(5) Calculate the shear stiffness for two column webs without the bolt hole ( wK ): 

( )
4

s
s 1009.1

333.012
29000

)v1(2
⋅=

+
=

+
= sEG  ksi/rad 

( ) 5
swfcw 1041.1108785.0)5.0214(2tt2d2K ⋅=⋅⋅⋅−=⋅−= G  kip/rad 

(6) Calculate the shear stiffness of the steel column including the stiffness loss due to bar          

      holes ( whK ): 

( ) swhfcwh tdmt2d2K G⋅−⋅−=   

        ( ) 51007.1108785.0063.135.02142 ⋅=⋅⋅⋅−⋅−=  kip/rad 

 (7) Use the superposition and calculate the shear stiffness of two column webs ( w1K ): 
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kip/rad1037.1
106721

1
0.24

063.12
141410

1
0.24

063.121

K
1

d
nd

K
1

d
nd1K

5
1

1

whb

h

wb

h
w1

⋅=













⋅






 ⋅

+





⋅






 ⋅
−=

















⋅







+







⋅







−=

−

−

 

(8) Calculate the pre-stress of all tension bars ( T ) and friction force between end-plate and 

steel tube ( F ): 

12010422mnt2T =⋅⋅⋅==  kips (Pre-stress is elastic state) 

723.01602Tu2F =⋅⋅==  kips 

(9) Calculate the yield strength of two column webs including the loss due to the bolt   

      holes ( whyV ): 

( ) ( ) 311
3

555.0063.135.02142
3

tdm2td2
V whfc

why =
⋅⋅⋅−⋅−

=
⋅−−

= yF  kips 

(10) Calculate the corresponding shear strain of the steel tube ( 2γ ): 

00227.0
137452

3
K
V

γ
w1

why
2 ===  rad 

(11) Calculate the yield strength of two column webs without bolt holes ( wyV ): 

( ) ( ) 412
3

555.05.02142
3

t2td2
V wfc

wy =
⋅⋅⋅−

=
−

= yF kips 

(12) Calculate the yield strength of the generalized column flanges ( fyV ): 

( )
( )

( )
( ) 49

57.00.243
551415.02

td3
btt2

V
bfb

canf
fy =

−
⋅⋅+

=
−

+
= yF kips 

(13) Calculate the axial compressive stress ( xσ ) and the lateral pre-stress acted on the   

        concrete ( yσ ) in the panel zone: 

( ) ( ) 16922 =−−= wbfcc tdtbA  in2 

27db cc =−= cs AA  in2 

( ) 878.0
16945422729000

4542300P-
cp −=

⋅+⋅
⋅−

=
+

==
ccss

c
x AEAE

Efσ  ksi 

40.0
0.2414

120
db
T

bc
ct −=

⋅
−

=
−

== fyσ  ksi 
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(14) Calculate the ultimate shear stress of the inside confined concrete ( cuτ ): 

597.0
1000
10005.7

=
′

= c
t

f
f  ksi 

094.0mr =
′

=
c

t

f
f  

( ) ( ) 21.5mm
m1

1
rr

r

=−+′−+′
+

= xycyxccu ff σσσστ  ksi 

(15) Calculate the reduction factor for the shear stiffness of the confined concrete ( cr ): 

( ) ( ) 75.0
5.0214

063.131
2td

md1r
fc

h
A =

⋅−
⋅

−=
−

−=  

94.0
75.00.24

063.122
0.24
063.1221221r

1

c =







⋅
⋅⋅

+
⋅⋅

−=







+−=

−

Ab

h

b

h

rd
nd

d
nd  

(16) Calculate the ultimate shear stress of the inside confined concrete ( cuV ): 

83216921.594.0τrV cuccu =⋅⋅== cA kips 

 

Step 3: Panel Zone Strength 

(17) Calculate the yield strength, shear stiffness, and the ultimate shear strength for the  

        composite panel zone using the superposition theory 

( ) 1220VFγKKV 2w1fproy, =+++= cu  kips 

( ) 5

2

cu
w1fproy, 1043.5

γ
VFKKK ⋅=

+
++=  kip/rad 

1366VFVVV cuwyfyproy, =+++=  kips 
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PZ Case 6: Clip Angle Connection with CCFT 

This panel zone model (PZ Case 6) was designed for the 4CLI frame model in the 

lower story levels. The steel beams were made up of A.572-Gr.50 steel with a 24X55 cross 

section. The RCFT columns, with a HSS14X14X500 cross section, were selected for these 

panel zone models. The computational procedures for the yield shear strength (Vy,pro), shear 

stiffness (Kpro), and ultimate strength (Vu,pro) for the panel zone model are illustrated in the 

step-by step process shown in the next section. The US unit system (kip and inch) was used 

in this appendix.  

 

Step 1: Check the basic information 

 

(1) Determine dimensions (See Figure E.1 and Table E.1): 

16b c =  The width of the column (in) 

16d c =  The depth of the column (in) 

5.0t f =  The thickness of the column flange (in) 

5.0t w =  The thickness of the column web (in) 

0.24d b =  The distance between top and bottom bar hole (in) 

57.0t bf =  The thickness of the H-beam flange (in) 

36.0t bw =  The thickness of the H-beam web (in) 

1t an =  The thickness of the clip angle (in) 

063.1d h =  The diameter of the bolt hole (in) 

2n =  The number of rows of bolt holes in the PZ 

3m =  The number of bolt holes in one row 

 

(2) Determine material properties: 

29000=sE  Elastic modulus of the steel (ksi) 

55=yF  The yield stress of the A.572-Gr. 50 steel (ksi) 

333.0=sv  Poisson’s ratio of the steel 

3.0=u  The friction coefficient at the interface 
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5.1=β  The strain hardening factor of the steel 

5.6=′cf  The confined compressive concrete stress including  

  the strengthened diaphragms (ksi) 

4595100057 =′⋅= cc fE  The elastic modulus of the concrete (ksi) 

 

(3) Preloading: 

10t =  The average pre-stress of each bar (kips) 

300P =  The axial compression acting on the CFT columns  

  (Interior columns at the 1st story level, kips) 

 

Step 2: Calculation Procedures 

 

(4) Calculate the shear stiffness for two generalized column flanges ( fK ): 

( ) ( ) 5.4
12

15.016
12

ttb 33
anfc =

+⋅
=

+⋅
=fI  in4 

( )
5705

57.016
50.429000122

)td(
12

2K 22
bfb

f =
−

⋅⋅
=

−
= fs IE  kip/rad  

(5) Calculate the shear stiffness for two column webs without the bolt hole ( wK ): 

( )
4

s
s 1009.1

333.012
29000

)v1(2
⋅=

+
=

+
= sEG  ksi/rad 

( ) 5
swfcw 1063.1108785.0)5.0216(2tt2d2K ⋅=⋅⋅⋅−=⋅−= G  kip/rad 

(6) Calculate the shear stiffness of the steel column including the stiffness loss due to bar          

      holes ( whK ): 

( ) swhfcwh tdmt2d2K G⋅−⋅−=   

        ( ) 51028.1108785.0063.135.02162 ⋅=⋅⋅⋅−⋅−=  kip/rad 

 (7) Use the superposition and calculate the shear stiffness of two column webs ( w1K ): 
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kip/rad1059.1
128476

1
0.24

063.12
163165

1
0.24

063.121

K
1

d
nd

K
1

d
nd1K

5
1

1

whb

h

wb

h
w1

⋅=
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 ⋅

+





⋅






 ⋅
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⋅







+








⋅







−=

−
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(8) Calculate the pre-stress of all tension bars ( T ) and friction force between end-plate and 

steel tube ( F ): 

12010422mnt2T =⋅⋅⋅==  kips (Pre-stress is elastic state) 

723.01602Tu2F =⋅⋅==  kips 

(9) Calculate the yield strength of two column webs including the loss due to the bolt   

      holes ( whyV ): 

( ) ( ) 375
3

555.0063.135.02162
3

tdm2td2
V whfc

why =
⋅⋅⋅−⋅−

=
⋅−−

= yF  kips 

(10) Calculate the corresponding shear strain of the steel tube ( 2γ ): 

00235.0
159354

375
K
V

γ
w1

why
2 ===  rad 

(11) Calculate the yield strength of two column webs without bolt holes ( wyV ): 

( ) ( ) 476
3

555.05.02162
3

t2td2
V wfc

wy =
⋅⋅⋅−

=
−

= yF kips 

(12) Calculate the yield strength of the generalized column flanges ( fyV ): 

( )
( )

( )
( ) 56

57.00.243
551615.02

td3
btt2

V
bfb

canf
fy =

−
⋅⋅+

=
−

+
= yF kips 

(13) Calculate the axial compressive stress ( xσ ) and the lateral pre-stress acted on the   

        concrete ( yσ ) in the panel zone: 

( ) ( ) 22522 =−−= wbfcc tdtbA  in2 

31db cc =−= cs AA  in2 

( ) 713.0
22545953129000

4595300P-
cp −=

⋅+⋅
⋅−

=
+

==
ccss

c
x AEAE

Efσ  ksi 

34.0
0.2416

120
db
T

bc
ct −=

⋅
−

=
−

== fyσ  ksi 
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(14) Calculate the ultimate shear stress of the inside confined concrete ( cuτ ): 

600.0
1000
10005.7

=
′

= c
t

f
f  ksi 

093.0mr =
′

=
c

t

f
f  

( ) ( ) 50.5mm
m1

1
rr

r

=−+′−+′
+

= xycyxccu ff σσσστ  ksi 

(15) Calculate the reduction factor for the shear stiffness of the confined concrete ( cr ): 

( ) ( ) 79.0
5.0216

063.131
2td

md1r
fc

h
A =

⋅−
⋅

−=
−

−=  

95.0
79.00.24

063.122
0.24
063.1221221r

1

c =







⋅
⋅⋅

+
⋅⋅

−=







+−=

−

Ab

h

b

h

rd
nd

d
nd  

(16) Calculate the ultimate shear stress of the inside confined concrete ( cuV ): 

118222550.595.0τrV cuccu =⋅⋅== cA kips 

 

Step 3: Panel Zone Strength 

(17) Calculate the yield strength, shear stiffness, and the ultimate shear strength for the  

        composite panel zone using the superposition theory 

( ) 1642VFγKKV 2w1fproy, =+++= cu  kips 

( ) 5

2

cu
w1fproy, 1098.6

γ
VFKKK ⋅=

+
++=  kip/rad 

1787VFVVV cuwyfyproy, =+++=  kips 
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PZ Case 9: T-Stub Connection with RCFT 

This panel zone model (PZ Case 9) was designed for the 6TSU frame model in the 

lower story levels. The steel beams were made up of A.572-Gr.50 steel with a 24X55 cross 

section. The RCFT columns, with a HSS16X16X375 cross section, were selected for these 

panel zone models. The computational procedures for the yield shear strength (Vy,pro), shear 

stiffness (Kpro), and ultimate strength (Vu,pro) for the panel zone model are illustrated in the 

step-by step process shown in the next section. The US unit system (kip and inch) was used 

in this appendix.  

 

Step 1: Check the basic information 

 

(1) Determine dimensions (See Figure E.1 and Table E.1): 

16b c =  The width of the column (in) 

16d c =  The depth of the column (in) 

375.0t f =  The thickness of the column flange (in) 

375.0t w =  The thickness of the column web (in) 

6.23d b =  The depth of the beam (in) 

505.0t bf =  The thickness of the H-beam flange (in) 

395.0t bw =  The thickness of the H-beam web (in) 

1t fl =  The thickness of the clip angle (in) 

063.1d h =  The diameter of the bolt hole (in) 

2n =  The number of rows of bolt holes in the PZ 

4m =  The number of bolt holes in one row 

 

(2) Determine material properties: 

29000=sE  Elastic modulus of the steel (ksi) 

55=yF  The yield stress of the A.572-Gr. 50 steel (ksi) 

333.0=sv  Poisson’s ratio of the steel 

3.0=u  The friction coefficient at the interface 
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5.1=β  The strain hardening factor of the steel 

0.7=′cf  The confined compressive concrete stress including  

  the strengthened diaphragms (ksi) 

4769100057 =′⋅= cc fE  The elastic modulus of the concrete (ksi) 

 

(3) Preloading: 

10t =  The average pre-stress of each bar (kips) 

200P =  The axial compression acting on the CFT columns  

  (Interior columns at the 4th story level, kips) 

 

Step 2: Calculation Procedures 

 

(4) Calculate the shear stiffness for two generalized column flanges ( fK ): 

( ) ( ) 50.3
12

1375.016
12

ttb 33
flfc =

+⋅
=

+⋅
=fI  in4 

( )
4572

505.016
50.329000122

)td(
12

2K 22
bfb

f =
−

⋅⋅
=

−
= fs IE  kip/rad  

(5) Calculate the shear stiffness for two column webs without the bolt hole ( wK ): 

( )
4

s
s 1009.1

333.012
29000

)v1(2
⋅=

+
=

+
= sEG  ksi/rad 

( ) 5
swfcw 1026.110878375.0)375.0216(2tt2d2K ⋅=⋅⋅⋅−=⋅−= G  kip/rad 

(6) Calculate the shear stiffness of the steel column including the stiffness loss due to bar          

      holes ( whK ): 

( ) swhfcwh tdmt2d2K G⋅−⋅−=   

        ( ) 51091.010878375.0063.14375.02162 ⋅=⋅⋅⋅−⋅−=  kip/rad 

 (7) Use the superposition and calculate the shear stiffness of two column webs ( w1K ): 
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kip/rad1021.1
90838

1
6.23

063.12
125990

1
6.23

063.121

K
1
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nd

K
1

d
nd1K

5
1

1

whb

h
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⋅






 ⋅

+





⋅






 ⋅
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⋅







+








⋅







−=

−

−

 

(8) Calculate the pre-stress of all tension bars ( T ) and friction force between end-plate and 

steel tube ( F ): 

16010422mnt2T =⋅⋅⋅==  kips (Pre-stress is elastic state) 

963.01602Tu2F =⋅⋅==  kips 

(9) Calculate the yield strength of two column webs including the loss due to the bolt   

      holes ( whyV ): 

( ) ( ) 265
3

55375.0063.14375.02162
3

tdm2td2
V whfc

why =
⋅⋅⋅−⋅−

=
⋅−−

= yF  kips 

(10) Calculate the corresponding shear strain of the steel tube ( 2γ ): 

00218.0
121746

265
K
V

γ
w1

why
2 ===  rad 

(11) Calculate the yield strength of two column webs without bolt holes ( wyV ): 

( ) ( ) 367
3

55375.0375.02162
3

t2td2
V wfc

wy =
⋅⋅⋅−

=
−

= yF kips 

(12) Calculate the yield strength of the generalized column flanges ( fyV ): 

( )
( )

( )
( ) 48

505.06.233
55161375.02

td3
btt2

V
bfb

cflf
fy =

−
⋅⋅+

=
−

+
= yF kips 

(13) Calculate the axial compressive stress ( xσ ) and the lateral pre-stress acted on the   

        concrete ( yσ ) in the panel zone: 

( ) ( ) 23222 =−−= wbfcc tdtbA  in2 

24db cc =−= cs AA  in2 

( ) 531.0
23247682429000

4768200P-
cp −=

⋅+⋅
⋅−

=
+

==
ccss

c
x AEAE

Efσ  ksi 

454.0
6.2316

160
db
T

bc
ct −=

⋅
−

=
−

== fyσ  ksi 
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(14) Calculate the ultimate shear stress of the inside confined concrete ( cuτ ): 

627.0
1000
10005.7

=
′

= c
t

f
f  ksi 

0996.0mr =
′

=
c

t

f
f  

( ) ( ) 01.6mm
m1

1
rr

r

=−+′−+′
+

= xycyxccu ff σσσστ  ksi 

(15) Calculate the reduction factor for the shear stiffness of the confined concrete ( cr ): 

( ) ( ) 721.0
375.0216

063.131
2td

md1r
fc

h
A =

⋅−
⋅

−=
−

−=  

93.0
721.06.23
063.122

6.23
063.1221221r

1

c =







⋅
⋅⋅

+
⋅⋅

−=







+−=

−

Ab

h

b

h

rd
nd

d
nd  

(16) Calculate the ultimate shear stress of the inside confined concrete ( cuV ): 

130523201.693.0τrV cuccu =⋅⋅== cA kips 

 

Step 3: Panel Zone Strength 

(17) Calculate the yield strength, shear stiffness, and the ultimate shear strength for the  

        composite panel zone using the superposition theory 

( ) 1680VFγKKV 2w1fproy, =+++= cu  kips 

( ) 5

2

cu
w1fproy, 1068.7

γ
VFKKK ⋅=

+
++=  kip/rad 

1820VFVVV cuwyfyproy, =+++=  kips 
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PZ Case 10: T-Stub Connection with CCFT 

This panel zone model (PZ Case 10) was designed for the 6TSU frame model in the 

lower story levels. The steel beams were made up of A.572-Gr.50 steel with a 24X55 cross 

section. The RCFT columns, with a HSS18X375 cross section, were selected for these 

panel zone models. The computational procedures for the yield shear strength (Vy,pro), shear 

stiffness (Kpro), and ultimate strength (Vu,pro) for the panel zone model are illustrated in the 

step-by step process shown in the next section. The US unit system (kip and inch) was used 

in this appendix.  

 

Step 1: Check the basic information 

 

(1) Determine dimensions (See Figure E.1 and Table E.1): 

18b c =  The width of the column (in) 

18d c =  The depth of the column (in) 

375.0t f =  The thickness of the column flange (in) 

375.0t w =  The thickness of the column web (in) 

6.23d b =  The depth of the beam (in) 

505.0t bf =  The thickness of the H-beam flange (in) 

395.0t bw =  The thickness of the H-beam web (in) 

1t fl =  The thickness of the clip angle (in) 

063.1d h =  The diameter of the bolt hole (in) 

2n =  The number of rows of bolt holes in the PZ 

4m =  The number of bolt holes in one row 

 

(2) Determine material properties: 

29000=sE  Elastic modulus of the steel (ksi) 

55=yF  The yield stress of the A.572-Gr. 50 steel (ksi) 

333.0=sv  Poisson’s ratio of the steel 

3.0=u  The friction coefficient at the interface 
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5.1=β  The strain hardening factor of the steel 

3.6=′cf  The confined compressive concrete stress including  

  the strengthened diaphragms (ksi) 

4506100057 =′⋅= cc fE  The elastic modulus of the concrete (ksi) 

 

(3) Preloading: 

10t =  The average pre-stress of each bar (kips) 

200P =  The axial compression acting on the CFT columns  

  (Interior columns at the 4th story level, kips) 

 

Step 2: Calculation Procedures 

 

(4) Calculate the shear stiffness for two generalized column flanges ( fK ): 

( ) ( ) 94.3
12

1375.018
12

ttb 33
flfc =

+⋅
=

+⋅
=fI  in4 

( )
5144

505.018
94.329000122

)td(
12

2K 22
bfb

f =
−

⋅⋅
=

−
= fs IE  kip/rad  

(5) Calculate the shear stiffness for two column webs without the bolt hole ( wK ): 

( )
4

s
s 1009.1

333.012
29000

)v1(2
⋅=

+
=

+
= sEG  ksi/rad 

( ) 5
swfcw 1042.110878375.0)375.0218(2tt2d2K ⋅=⋅⋅⋅−=⋅−= G  kip/rad 

(6) Calculate the shear stiffness of the steel column including the stiffness loss due to bar          

      holes ( whK ): 

( ) swhfcwh tdmt2d2K G⋅−⋅−=   

        ( ) 51007.110878375.0063.14375.02182 ⋅=⋅⋅⋅−⋅−=  kip/rad 

 (7) Use the superposition and calculate the shear stiffness of two column webs ( w1K ): 
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(8) Calculate the pre-stress of all tension bars ( T ) and friction force between end-plate and 

steel tube ( F ): 

16010422mnt2T =⋅⋅⋅==  kips (Pre-stress is elastic state) 

963.01602Tu2F =⋅⋅==  kips 

(9) Calculate the yield strength of two column webs including the loss due to the bolt   

      holes ( whyV ): 

( ) ( ) 313
3

55375.0063.14375.02182
3

tdm2td2
V whfc

why =
⋅⋅⋅−⋅−

=
⋅−−

= yF  kips 

(10) Calculate the corresponding shear strain of the steel tube ( 2γ ): 

00226.0
138441

313
K
V

γ
w1

why
2 ===  rad 

(11) Calculate the yield strength of two column webs without bolt holes ( wyV ): 

( ) ( ) 416
3

55375.0375.02182
3

t2td2
V wfc

wy =
⋅⋅⋅−

=
−

= yF kips 

(12) Calculate the yield strength of the generalized column flanges ( fyV ): 

( )
( )

( )
( ) 54

505.06.233
55181375.02

td3
btt2

V
bfb

cflf
fy =

−
⋅⋅+

=
−

+
= yF kips 

(13) Calculate the axial compressive stress ( xσ ) and the lateral pre-stress acted on the   

        concrete ( yσ ) in the panel zone: 

( ) ( ) 29722 =−−= wbfcc tdtbA  in2 

27db cc =−= cs AA  in2 

( ) 427.0
29745062729000

4506200P-
cp −=

⋅+⋅
⋅−

=
+

==
ccss

c
x AEAE

Efσ  ksi 

402.0
6.2318

160
db
T

bc
ct −=

⋅
−

=
−

== fyσ  ksi 
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(14) Calculate the ultimate shear stress of the inside confined concrete ( cuτ ): 

593.0
1000
10005.7

=
′

= c
t

f
f  ksi 

0949.0mr =
′

=
c

t

f
f  

( ) ( ) 36.5mm
m1

1
rr

r

=−+′−+′
+

= xycyxccu ff σσσστ  ksi 

(15) Calculate the reduction factor for the shear stiffness of the confined concrete ( cr ): 

( ) ( ) 753.0
375.0218

063.131
2td

md1r
fc

h
A =

⋅−
⋅

−=
−

−=  

944.0
721.06.23
063.122

6.23
063.1221221r

1

c =







⋅
⋅⋅

+
⋅⋅

−=







+−=

−

Ab

h

b

h

rd
nd

d
nd  

(16) Calculate the ultimate shear stress of the inside confined concrete ( cuV ): 

150629736.5944.0τrV cuccu =⋅⋅== cA kips 

 

Step 3: Panel Zone Strength 

(17) Calculate the yield strength, shear stiffness, and the ultimate shear strength for the  

        composite panel zone using the superposition theory 

( ) 1927VFγKKV 2w1fproy, =+++= cu  kips 

( ) 5

2

cu
w1fproy, 1051.8

γ
VFKKK ⋅=

+
++=  kip/rad 

2070VFVVV cuwyfyproy, =+++=  kips 
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The yield shear strength, shear stiffness, and ultimate shear strength for all panel zone 

models are summarized in Table E.2.  

 

 

18X18” (0.375”)

16X16” (0.375”)

18X18” (0.375”)

16X16”(0.375”)

16X16” (0.5”)

14X14” (0.5”)

18X18” (0.5”)

16X16” (0.5”)

18X18” (0.5”)

16X16” (0.5”)

PZ Size*

0.01Kypro1.827X1037.443X1051.687X103PZ Case9

0.01Kypro2.068X1038.499X1051.925X103PZ Case10

0.01Kypro1.833X1037.773X1051.693X103PZ Case7

0.01Kypro2.075X1038.531X1051.932X103PZ Case8

0.01Kypro1.366X1035.429X1051.219X103PZ Case5

0.01Kypro1.787X1036.981X1051.642X103PZ Case6

0.01Kypro1.851X1036.755X1051.742X103PZ Case3

0.01Kypro2.253X1038.068X1052.139X103PZ Case4

0.01Kypro2.222X1038.055X1052.108X103PZ Case2

0.01Kypro1.866X1036.820X1051.758X103PZ Case1

KtVuKyproVyproID

18X18” (0.375”)

16X16” (0.375”)

18X18” (0.375”)

16X16”(0.375”)

16X16” (0.5”)

14X14” (0.5”)

18X18” (0.5”)

16X16” (0.5”)

18X18” (0.5”)

16X16” (0.5”)

PZ Size*

0.01Kypro1.827X1037.443X1051.687X103PZ Case9

0.01Kypro2.068X1038.499X1051.925X103PZ Case10

0.01Kypro1.833X1037.773X1051.693X103PZ Case7

0.01Kypro2.075X1038.531X1051.932X103PZ Case8

0.01Kypro1.366X1035.429X1051.219X103PZ Case5

0.01Kypro1.787X1036.981X1051.642X103PZ Case6

0.01Kypro1.851X1036.755X1051.742X103PZ Case3

0.01Kypro2.253X1038.068X1052.139X103PZ Case4

0.01Kypro2.222X1038.055X1052.108X103PZ Case2

0.01Kypro1.866X1036.820X1051.758X103PZ Case1

KtVuKyproVyproID

*() indicate the thickness of steel tube section 

Unit: kips, rad and in

 
 

These results will be used for the panel zone models in the numerical joint element 

models. The behavior of the panel zone in the joint element models can be simulated as 

shown in Figure E.2.  
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Table E.2 Theoretical results for the panel zone strength 

Figure E.2 The behavioral models for composite panel zones 
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Appendix F 

Earthquake Ground Motions  

 

Table 8.2 provides detailed information on the records generated for Los Angeles 

(LA) and Seattle (SE) with probabilities of exceedence of 2 % in 50 years. Ten historical 

ground motion pairs (a total 20 ground motions) used in this research have been derived 

from historical records. The detailed acceleration time history for all of the ground 

motions listed in the table below are shown in Fig. F1 through F.10.  

 

0.755133259.980.0230000.988.57.11992 MendocinoSE21

0.485217959.980.0230000.988.57.11992 MendocinoSE22

0.604815720.7750.00541561.2726.71992 ErzincanSE23

0.539056320.7750.00541561.2726.71992 ErzincanSE24

0.894823679.980.0240004.35566.51949 OlympiaSE25

0.820902879.980.0240004.35566.51949 OlympiaSE26

1.754943781.820.02409210.04807.11965 SeattleSE27

1.390485281.820.02409210.04807.11965 SeattleSE28

0.99190849.980.0225001.081.27.41974 TabasLA30

1.635834999.9750.02540002.94281985 ValparisoSE29

1.572663599.9750.02540002.94281985 ValparisoSE30

0.80921849.980.0225001.081.27.41974 TabasLA29

1.33001659.980.0230001.616.46.71994 NorthridgeLA28

0.92675859.980.0230001.616.46.71994 NorthridgeLA27

0.94367814.9450.00529901.297.56.71994 NorthridgeLA26

0.86854414.9450.00529901.297.56.71994 NorthridgeLA25

0.47297624.990.0125000.823.571989 Loma PrietaLA24

0.41809724.990.0125000.823.571989 Loma PrietaLA23

0.9206959.980.0230001.153.46.91995 KobeLA22

1.28359.980.0230001.153.46.91995 KobeLA21

(g)(sec)(sec)of PointsFactor(km)MagnitudeName

PGADurationDTNumberScaleDistanceEarthquake

Record

SAC

0.755133259.980.0230000.988.57.11992 MendocinoSE21

0.485217959.980.0230000.988.57.11992 MendocinoSE22

0.604815720.7750.00541561.2726.71992 ErzincanSE23

0.539056320.7750.00541561.2726.71992 ErzincanSE24

0.894823679.980.0240004.35566.51949 OlympiaSE25

0.820902879.980.0240004.35566.51949 OlympiaSE26

1.754943781.820.02409210.04807.11965 SeattleSE27

1.390485281.820.02409210.04807.11965 SeattleSE28

0.99190849.980.0225001.081.27.41974 TabasLA30

1.635834999.9750.02540002.94281985 ValparisoSE29

1.572663599.9750.02540002.94281985 ValparisoSE30

0.80921849.980.0225001.081.27.41974 TabasLA29

1.33001659.980.0230001.616.46.71994 NorthridgeLA28

0.92675859.980.0230001.616.46.71994 NorthridgeLA27

0.94367814.9450.00529901.297.56.71994 NorthridgeLA26

0.86854414.9450.00529901.297.56.71994 NorthridgeLA25

0.47297624.990.0125000.823.571989 Loma PrietaLA24

0.41809724.990.0125000.823.571989 Loma PrietaLA23

0.9206959.980.0230001.153.46.91995 KobeLA22

1.28359.980.0230001.153.46.91995 KobeLA21

(g)(sec)(sec)of PointsFactor(km)MagnitudeName

PGADurationDTNumberScaleDistanceEarthquake

Record

SAC

 

 

  

Table F.1 Earthquake ground motions with 2% probability of exceedence in 50 years 
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Figure F.1 Earthquake ground motions in 1995 Kobe 
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Figure F.2 Earthquake ground motions in 1989 Loma Prieta 
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Figure F.3 Earthquake ground motions in 1994 Northridge 
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Figure F.4 Earthquake ground motions in 1994 Northridge 
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Figure F.5 Earthquake ground motions in 1974 Tabas 
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Figure F.6 Earthquake ground motions in 1992 Mendocino 
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Figure F.7 Earthquake ground motions in 1992 Erzincan 
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Figure F.8 Earthquake ground motions in 1949 Olympia 
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Figure F.9 Earthquake ground motions in 1965 Seattle 
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Figure F.10 Earthquake ground motions in 1985 Valpariso 
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