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ABSTRACT

With population growth and urbanization, the number of high-rise buildings is rapidly
growing worldwide resulting in increased exposure to multiple-scenario earthquakes and
associated risks. The wide range in the frequency content of expected ground motions
impacts the seismic response and vulnerability of this class of structures. While the seismic
vulnerability of some high-rise building classes has been evaluated, the vulnerability of
these structures under multiple earthquake scenarios is not fully understood, highlighting
the pressing need for the development of a framework to address this complex issue.

This study aims to establish a refined framework to assess the seismic vulnerability of RC
high-rise wall buildings in multiple-scenario earthquake-prone regions. A deeper
understanding of the responsive nature of these structures under different seismic scenarios
is developed as a tool to build the framework. The framework is concluded with
analytically-driven sets of Seismic Scenario-Structure-Based (SSSB) fragility relations.

Different nonlinear modelling approaches, software, and key parameters contributing to the
nonlinear analytical models of RC high-rise wall structures are investigated and verified
against full-scale shake table tests through a multi-level nonlinear modelling verification
scheme. The study reveals the superior performance of 4-noded fibre-based wall/shell
element modelling approach in accounting for the 3D effects and deformation
compatibility. A fundamental mode damping value in the range of 0.5% is found sufficient
to capture the inelastic response when initial stiffness-based damping matrix is employed.

A 30-storey reference wall building located in the multiple-scenario earthquake-prone city
of Dubai (UAE) is fully designed and numerically modelled as a case study to illustrate the
proposed framework. A total of 40 real earthquake records, representing severe distant and
moderate near-field seismic scenarios, are used in the Multi-Record Incremental Dynamic
Analyses (MRIDAS) along with a new scalar intensity measure.

A methodology is proposed to obtain reliable SSSB definitions of limit state criteria for RC
high-rise wall buildings. The local response of the reference building is mapped using Net
Inter-Storey Drift (NISD) as a global damage measure. The study reveals that for this class
of structures, higher modes shift the shear wall response from flexure-controlled under
severe distant earthquakes to shear-controlled under moderate near-field events. A
numerical parametric study employing seven RC high-rise wall buildings with varying
height is conducted to investigate the effect of total height on the local damage-drift
relation. The study reveals that, for buildings with varying heights and similar structural
system, NISD is better linked to the building response and well correlated to structural
member damage, which indicates that only one set of SSSB limit state criteria is necessary
for a range of buildings.

The study concludes with finalising the layout of the proposed refined framework to assess
the seismic vulnerability of RC high-rise wall buildings under multiple earthquake
scenarios. A methodology to develop refined fragility relations is presented where the
derived fragility curves are analysed, compared, and correlated to varying states of damage.

Finally, a methodology to develop Cheaper (simplified) Fragility Curves (CFC) using the
defined limit state criteria with a lower number of records is proposed along with a new
record selection criterion and fragility curve acceptance procedure. It is concluded that
fairly reliable CFCs can be achieved with 5 to 6 earthquake records only.
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CHAPTER 1. Introduction

1.1 Problem definition and significance

With changing socioeconomic conditions, rapid population growth and urbanization,
many cities all over the world have expanded rapidly in recent years. This expansion
has led to a massive increase in high-rise buildings and to the spread of cities to
multiple-scenario earthquake-prone regions. This increases the exposure to seismic risk
and consequently, the concern for the seismic performance of this class of structures,
especially following the extensive damages caused by strong earthquakes that occurred
in the last three decades (e.g. Kobe 1995; Kocaeli, 1999; Chi-Chi, 1999; Tohoku, 2011).
The quantification and mitigation of seismic risk require a deep understanding of the
hazard and vulnerability (e.g. Pilakoutas, 1990, Kappos et al., 2010, Hajirasouliha and
Pilakoutas, 2012, Mwafy, 2012a).

High-rise buildings are at most risk from earthquake events since they represent a high
level of financial investment and population densities. The majority of high-rise
buildings in most countries employ RC walls and cores as the primary lateral-force-
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resisting system due to their effectiveness in providing the strength, stiffness, and
deformation capacity needed to meet the seismic demand. The trend to increasingly use
RC in high-rise buildings is expected to continue due to the development of commercial
high-strength concrete and new advances in construction technologies (Ali and Moon,
2007). The broad range of frequency content in real strong ground motions,
representative of different seismic scenarios such as distant and near-field earthquakes,
can impose different levels of excitation on both fundamental and higher modes in RC
high-rise wall structures. This will result in more complex, seismic scenario-based

inelastic response.

Earthquake-resistant buildings are designed and detailed to respond inelastically under
the Design and Maximum Considered Earthquakes (DBE and MCE). In RC high-rise
buildings, well designed and proportioned RC slender shear walls ensure the adequate
performance of the building in the “service”, “ultimate”, and “collapse prevention” limit
states. Various aspects of nonlinear modelling, such as element discretisation, material
force-deformation relationships, and assumptions on the modelling of damping are
essential in defining the level of model accuracy for predicting the global and local
seismic response of a structure. Despite the ability of sophisticated wall micro-scale
models (i.e. continuum FE models) to provide a refined and detailed definition of the
local response with a high level of flexibility and accuracy, the associated
computational effort and time demands render these models forbiddingly expensive
especially when Multi-Record Incremental Dynamic Analysis (MRIDA) techniques are
adopted. Alternatively, the meso-scale fibre-based element modelling approach is
commonly used for RC shear walls (Wallace, 2007, Wallace, 2012). Given the
limitation in experimental data for RC structural wall systems subjected to cycling
loading as most tests conducted are on isolated wall elements, limited (shake table test
results-based) analytical verification attempts have been previously conducted with an
extended verification scheme that covers and compare different nonlinear modelling
aspects in the same verification attempt. These modelling aspects are namely: (i) wall
modelling approaches, i.e. frame (2-noded) and shell (4-noded) fibre-based elements;
(ii) different approaches in modelling of key parameters such as material and damping;
and (iii) three-dimensional interaction effects. Hence, there is still a need for an
extended verification scheme of building response for such structures which is essential
for assessing their seismic vulnerability and risk. (Ji et al., 2007a, Martinelli and
Filippou, 2009, PEER/ATC, 2010).
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Quantitative definitions of limit state criteria form the spine of seismic vulnerability
assessment. These definitions require mathematical representations of local damage
indices, such as deformations, forces, or energy based on designated structural response
levels. Therefore, suitable damage measures need to be adapted to sufficiently correlate
local damage (events) in the building to its global response. There are several factors
affecting failure modes in this class of structures including building height, axial force
levels, supplementary regulations introduced by local authorities, as well as local trends
in design and construction. When the building response is dominated by the
fundamental mode, the taller the building, the larger is the expected Total Inter-Storey
Drift (TISD) due to the rigid body motion phenomenon. This is not necessarily
associated with seismic demand and level of damage at the lower floors in the building.
Hence, reliable definitions of limit state criteria corresponding to predefined

performance levels for RC high-rise wall buildings is another significant research issue.

For RC high-rise building inventory, even small errors in the derived sets of fragility
relations may have a significant impact on the estimated regional losses and associated
cost (in the fold of hundreds of millions or even billions of dollars). Hence, the key
parameters that control the resultant fragility curves need to be accurately decided and
calculated, including:

i.  Uncertainties in input ground motions, controlled by the record selection criteria.

ii.  Building seismic response, characterised by the two main measures that are
shaping the MRIDAs, namely the Intensity Measure (IM) and the Damage
Measure (DM).

iii.  Building seismic performance capacity, represented by the seismic scenario-

based limit state criteria.

In MRIDA using real input ground motions, the seismic scenario-based record selection
criteria mainly include magnitude, distance, and site conditions without an explicit
reflection of structural characteristics of the building(s) under investigation (lervolino
and Cornell, 2005, Mwafy et al., 2006, Mwafy, 2012a). This way of record selection
requires the calculation of seismic response for all ground motion records representative
of an earthquake scenario. It would, therefore, be useful to add another criterion to the
record selection in such a way that the selected records are the best representatives for
the prediction of the seismic response of the investigated structures. By adding this
element to the framework for deriving fragility relations of high-rise buildings, a
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significant decrease in the number of ground motion records needed for the sufficiently
accurate prediction of seismic response and fragility relations with a predefined

acceptance level may be achieved.

1.2 Research aims and objectives

This study aims to establish a refined framework to assess the seismic vulnerability of
RC high-rise wall buildings in multiple-scenario earthquake-prone regions. The
framework is to be concluded with analytically-driven sets of seismic scenario-
structure-based (SSSB) fragility relations that can be developed using either a refined or

a simplified methodology.
The specific objectives of this research are:
(A) Establish a literature review-based problem definition.

A.1l. Define the research problem through an Input-Process-Output (IPO)
model that presents the general framework to assess the seismic

vulnerability of RC high-rise wall building(s).

A.2. Critical review of the relevant literature on the key parameters and

variables that control each component in the framework.

(B) Investigate nonlinear modelling approaches, nonlinear modelling tools, and

modelling key parameters.

B.1. Investigate different nonlinear modelling approaches, tools, and
modelling key parameters to verify their effectiveness in simulating the

seismic response of RC high-rise wall structures.

B.2. Conduct a multi-level nonlinear modelling verification scheme
(MLNMVS) to verify the nonlinear modelling approach, tool, and
modelling key parameters to be adopted in the present study. The
MLNMVS involves the simulation of the shake table seismic response of

a full-scale multi-storey RC wall building.
(C) Build a case study to implement and verify the presented framework.

C.1. Select a study region, represented by the multiple-scenario earthquake-
prone Emirate of Dubai (United Arab Emirates). Dubai is worldwide
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C.2

C.s.

C.A4.

known for its escalating number of modern RC high-rise buildings and
skyscrapers.

Study the seismic hazard of the selected region to identify the seismic
scenarios, Uniform Hazard Spectrum (UHS) and site classification.

Utilise the available earthquake databases to assemble seismic scenario-
based real input ground motions to represent the seismic hazard of the

study region. For this purpose, a record selection criterion is to be set.

Choose, fully design, and idealise a reference (sample) building for the

case study.

(D) Set a methodology to derive new sets of SSSB limit state criteria for RC high-rise

wall buildings.

D.1.

D.2.

D.3.

Investigate and propose new IM that best represents the seismic response
of the class of structures under investigation.

Investigate and propose new DM that best correlate local to global
damage of the class of structures under investigation.

Investigate the behaviour of the reference building under different
seismic scenarios to identify the modes of failure that control the seismic

response and the building performance.

(E) Set a methodology to derive refined SSSB analytically-driven fragility relations for

RC high-rise wall buildings.

E.1L

E.2.

Derive new sets of refined fragility relations for the reference building to

demonstrate the efficiency of the refined methodology.

Assess and compare the derived fragility relations to give insight into the
differences in the vulnerability of RC high-rise wall buildings under

multiple earthquake scenarios.

(F) Set a simplified methodology to derive less demanding (Cheaper) Fragility Curves
(CFC) for RC high-rise wall buildings.

F.1.

Propose a new criterion for the record selection process to better link the

selected records to the structural characteristics of the investigated
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building(s) and consequently reduce the total number of input ground
motions to be used in MRIDA.

F.2.  Propose a new acceptance tolerance factor to set the desired accuracy
level of the developed CFCs.

F.3.  Verify the proposed record selection criterion and the acceptance
tolerance factor used to derive the CFCs. The verification is through
applying the simplified methodology on the reference building (and three
other buildings with varying total height) and comparing the derived
CFCs with the refined ones.

1.3  Thesis layout

This thesis is organised into seven chapters and one appendix, written following the

“traditional” thesis format. A brief overview of each chapter is given below.

CHAPTER 2 presents the problem definition. In Section 2.1, a list of defined terms is
established, to be used throughout this thesis. In Section 2.2, an IPO model is presented
to best define the problem of assessing the seismic vulnerability of a building or
building stock. In this section, the relevant literature on the key parameters and

variables shaping the problem are critically reviewed.

CHAPTER 3 discusses the verification of nonlinear modelling of RC high-rise wall
structures. The chapter is divided into six sections. Following the chapter introduction
in Section 3.1, Section 3.2 presents the key features of the utilised analytical tools,
including cross-sections, element formulation, material models and numerical strategy.
A brief description of the University of California San Diego (USCD) shake table test
program and the test structure are given in Section 3.3. Section 3.4 discusses the four
input ground motions used in the tests. The analytical models created in the current
study along with the comparison of their results with experimental data are detailed in
Section 3.5. The chapter concludes with a summary of the work, findings, and
modelling recommendations (Section 3.6).

CHAPTER 4 presents the case study utilised in the current work. It consists of five
main sections. Section 4.1 presents the seismicity of the study region (Dubai). Hazard
studies on the region are critically reviewed and appropriate seismic characteristics are

selected for the subsequent seismic vulnerability assessment. Section 4.2 discusses the
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criteria for the selection of input ground motions, where forty real records are selected
to represent two seismic scenarios. Section 4.3 discusses the selection, analysis, and
design of a 30-storey RC building that is utilised as the reference structure for the
current study. Section 4.4 details the nonlinear modelling of the 30-storey reference
building using the modelling approach and key parameters presented in CHAPTER 3.
The chapter concludes with a summary of the work (Section 4.5).

CHAPTER 5, dealing with the SSSB limit state criteria of RC high-rise buildings, is
divided into seven sections. Following the chapter introduction in Section 5.1,
Section 5.2 presents the results of the MRIDAs conducted on the reference building
using the two sets of seismic scenario-based records (20 records in each set). In this
section, a new scalar IM is proposed. In Section 5.3, the local response of the reference
building is mapped using a total of seven local Damage Indices (DIs) and two
representative records. Furthermore, the adopted DIs are discussed in detail. In
Section 5.4, the seismic scenario-based local response of the reference building is
mapped against and correlated to the acceleration, velocity and displacement time
histories of the two records used in Section 5.25.3. In Section 5.5, a new global DM is
proposed to be used in defining seismic scenario-based limit state criteria for the
reference building. In this section, a numerical parametric study is conducted, utilising
seven RC high-rise buildings with varying height, to investigate the effect of building
total height on the relationship between local damage events and drifts. In Section 5.6,
new sets of seismic scenario-based limit state criteria are defined for the three adopted
performance levels (Immediate Occupancy “IO”, Life Safety “LS”, and Collapse
Prevention “CP”). Furthermore, the reference building response and thus the defined
limit state criteria are discussed in detail for each of the two investigated seismic

scenarios. Section 5.7 presents the summary and concluding remarks of the chapter.

CHAPTER 6 deals with the development of fragility relations for RC high-rise wall
buildings. It contains five sections. Section 6.1 comprises the development of the
seismic scenario-based refined fragility relations for the reference building. This
represents the concluding step in the proposed framework for the seismic vulnerability
assessment of RC high-rise wall buildings. In Section 6.2, the refined fragility relations
are examined at selected earthquake intensity levels to assess their accuracy.
Furthermore, the characteristics of the developed fragility relations under the two
investigated seismic scenarios are analysed and compared. This section is concluded
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with correlating the refined fragility relations with four states of damage in the reference
building, that are unimpaired occupancy “UOC”, impaired occupancy “IOC”, structural
damage “SD”, and structural collapse “SC”. In Section 6.3, a simplified methodology
towards developing fragility relations with less computational effort is proposed. By
utilising this methodology, the fragility curves of reinforced concrete high-rise buildings
related to a certain seismic scenario can be generated with a much lower number of
input ground motions compared to those needed to derive the refined fragility curves in
Section 6.1. Section 6.4 presents the developed fragility curves for three out of the six
additional buildings employed in the parametric study that was presented in CHAPTER
5. Section 6.46.5 presents the summary and concluding remarks of the chapter.

CHAPTER 7 summarises the research work, draws general conclusions and gives

recommendations for future work.

Appendix A discusses the different structural systems in RC high-rise buildings.
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CHAPTER 2. Problem definition

The seismic vulnerability assessment of multiple-scenario earthquake-prone RC high-
rise wall buildings is a challenging and ongoing task for researchers. Considering this
task as an engineering problem, addressing it involves several components. The
objective of the first section of this chapter (Section 2.1) is to establish a list of key
terms that will be used throughout this document with a clear definition to each of them.
The terms will be listed in alphabetical order. In Section 2.2, an IPO model is presented
to best define the problem of assessing the seismic vulnerability of a building or a
building stock. In this section, the relevant literature on the key parameters and

variables shaping the problem are critically reviewed.
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2.1 Term definitions
A list of key term definitions is constructed hereafter in alphabetical order.

Building Inventory: Is a class of buildings often defined by structural material, height
range, lateral force-resisting system, occupancy, period of construction, and physical

condition for a specific region or country.

Seismic Damage Measure (DM): Is a structural state variable represented by a non-
negative scalar that signifies the additional response of the structural model as a result

of a predefined seismic loading.

Engineering Demand Parameter (EDP): Is the structural response variable of interest.
This can be either a global response such as peak inter-storey drift of any given storey
and peak floor acceleration, or a local response such as structural member force,

deformation, or energy dissipation.

Fragility (Vulnerability): Fragility is a probability-valued function of an Engineering
Demand Parameter (EDP) or an IM. Component fragility can be defined as the
cumulative distribution function of the EDP capacity of a building structural or non-
structural component to resist a specific damage state. Despite being varied by
component, the damage states are generally defined in terms of objective physical
damage linked to a particular repair cost. Fundamentally, the component fragility is a
function that outputs the probability of exceeding a predefined damage state of a
component for input values of a specified EDP. In structural component fragility
functions, different EDPs could be used as the argument such as member deformation,

force, and or hysteretic energy dissipation.

In the field of Earthquake Risk Assessment (ERA), researchers are commonly
implementing the fragility function approach in defining damage states for a whole
storey in a building (storey fragility function) or even for an entire building (building
fragility function). Storey or building fragility is defined exactly the same way as for the
component fragility; except for using IM as the argument and the damage state is being
for the entire storey or building. In developing building-based fragility relations, it is
essential to use a proper DM that is able to well correlate the building global response to

the local damage at the component level.
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The term “fragility” is commonly used interchangeably with the term “vulnerability”,
considering the two offer an exact same meaning. It can be defined as the probabilistic
vulnerability function (e.g. Kappos and Panagopoulos, 2010, Stefanidou et al., 2017).
What is common between fragility and vulnerability though is that they are both
functions whose only argument is a single scalar value of seismic intensity or structural
response. The seismic intensity is generally described by the IM while the structural
response variable of interest is referred to as the EDP. The main difference between the
two terms, on the other hand, is at their output value. Vulnerability is a loss-valued
function for an entire storey or a building. The vulnerability function establishes the
relation between the IM and the Mean Damage Ratio (MDR), which is the
repair/reconstruction cost. In the present study though, the term “vulnerability” refers to

the fragility of the entire structure.

Incremental Dynamic Analysis (IDA) curve: Is a plot of a predefined DM recorded in
an IDA study of a given structural model versus one IM or more that parameterized the

applied scaled ground motion accelerogram.

Intensity Measure (IM): Is a non-negative scalar (or vector) that constitutes a function
of the scaled accelerogram. It refers to the unscaled accelerogram and is increasing or
decreasing monotonically with a predefined scaling algorithm.

Multi-Record Incremental Dynamic Analysis (MRIDA): Is an assembly of SRIDA
studies for a specific structural model under multiple accelerograms. As a result of such
a study, a set of IDA curves is produced, which by sharing the same DM and a common
selection of IM variables, can be plotted on one graph.

Scaled Accelerogram: Is an accelerogram scaled with a non-negative scale factor (SF).
The SF establishes a one-to-one mapping from the unscaled (original) accelerogram to
all its scaled images. A value of SF = 1 indicates the natural accelerogram, SF > 1 is a
scaled-up accelerogram, while SF < 1 corresponds to a scaled-down one. A scaling

algorithm is used to estimate the intervals of the SF.

Scaling Algorithm: Is an algorithm intended to select an optimum grid of distinct
intensity measure values that will deliver the desired coverage of building seismic
response with the objectives of achieving a minimum number of runs, high demand

resolution, and high capacity resolution.
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Seismic Hazard: Is the probability of reaching or exceeding certain ground shaking
intensity (e.g. magnitude, acceleration, velocity, or displacement) for a given area and a

reference time period.

Single-Record Incremental Dynamic Analysis (SRIDA): Also known as Incremental
Dynamic Analysis (IDA) or simply a Dynamic Pushover (DPO). It is a dynamic
analysis study of specific structural model characterised by the SF of a given single

ground motion accelerogram.

The IDA involves a series of nonlinear dynamic runs performed using an accelerogram
with multiple scaled images, whereby the IMs are selected to cover the whole response
range from elastic to nonlinear all the way to the collapse state of the studied structure.
The intention is to monitor and record the DMs of the structural model at each 1M level
of the scaled accelerogram. The results, DM response values against IM levels, are often
plotted as a continuous IDA curve.

Soil-Structure Interaction (SSI) analysis: Is the analysis that evaluates the collective
seismic response of the structure, foundation, and the surrounding/underlying soil, to

given free-field ground motion.

2.2 1PO model

Similar to any other engineering problem, the seismic vulnerability assessment of a
building (or a building inventory) can be presented using the Input-Process-Output
(IPO) model. Figure 2.1 illustrates the IPO model of the seismic vulnerability
assessment problem using the aforementioned concept. In the succeeding sub-sections,
each of the components in the three main blocks of the IPO model is further broken

down into its sub-components, whose critical literature reviewing is presented.

2.2.1 Structure

A building (or a building inventory) forms the input in this problem, in which all other
components of the IPO model are applied to, processed off, or resulted from. Figure 2.2
shows the collapsing chart for the “Structure” component of the [PO model. In the last
few decades, the developments of RC tall buildings have been rapidly increasing

worldwide. Varies factors drive these developments including but not limited to
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economics, politics, aesthetics, advancing in construction and material technology, and
municipal regulations. As a result of the pressing demand, sometimes desire, for taller
and taller buildings, combined with the revolution in architectural styles, the
development of the structural systems utilised in high-rise RC buildings has been a
continuously evolving process. The next subsections provide a brief discussion on high-
rise building definitions, the topic of building inventory, structural systems used in RC
high-rise buildings, and special provisions for the seismic design and performance of

this class of structures.

2.2.1.1 High-rise building definition

To the author’s knowledge, there is no consensus on the definition of a “Tall building”,
equivalent to a “High-rise building” used herein, where a clear height cutoff between
high-rise and low-to-mid-rise buildings is established. The Council of Tall Buildings
and Urban Habitat (CTBUH) describe a high-rise building as “A building whose height
creates different conditions in the design, construction, and use than those that exists in
common buildings of a certain region and period”.(CTBUH, 2008). Moehle (2007)
defined high-rise buildings as those with a height of 73 m (240 feet) or taller. Other
studies defined the cutoff height as approximately 49m (160feet), where the height is
measured from the building ground level (e.g. PEER/ATC, 2010, LATBSDC, 2011). In
the Pacific Earthquake Engineering Research Centre (PEER) gquidelines for
performance-based seismic design of tall buildings (PEER, 2010), the definition of
high-rise buildings is those with unique seismic response characteristics in terms of the
fundamental translational period of vibration, mass participation in higher modes, and
the predominance of axial deformation of the vertical structural members (walls and/or

columns) in the lateral drift of the building.

For the current work, the reference structure utilised to illustrate the proposed
methodology of assessing the seismic vulnerability of RC high-rise buildings satisfies
all the aforementioned definitions. It is a 30-storey bearing wall RC building with an
above ground level-height of 89.6m. The total height of the building including the two

subterranean levels is 97.3m.
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Figure 2.2. Collapsing chart for the “Structure” component in the IPO model

2.2.1.2 Building inventory

Recalling the definition in Section 2.1, building inventory (stock) is a class of buildings
often defined by structural material, height range, lateral force-resisting system,
occupancy, period of construction, and physical condition for a specific region or
country. Since vulnerable building stocks remain the main cause of concern among the
factors that contribute to heavy casualties from significant earthquakes (e.g. Coburn and
Spence, 2003, Yepes-Estrada et al., 2017), limitations in inventory data significantly
impact the outcomes of earthquake loss and risk estimation studies (e.g. Rojahn and
Sharpe, 1985a, Coburn et al., 1992, Shakhramanian et al., 2000, Bommer et al., 2002,
FEMA, 2019). Different sources can be utilised to obtain building inventory in a
country or a region, among these are population census, field inspection, and technical
documentation. With the advancements in satellite technology, researchers have
developed other approaches to estimate building inventories. Some characteristics of the
building stock such as the height and the structural system estimation through the
geometries of building footprints may be obtained from satellite imageries (e.g. French
and Muthukumar, 2006, Rafi et al., 2016, Moya et al., 2018). Although the field
inventory data are the most accurate compared to data from other sources, the relatively
high cost and long period associated with field inspections render inventories for
earthquake loss studies mostly based on data from the other above-stated sources.

Hereafter, each of the classification criteria forming the building inventory definition is

briefly discussed, followed by literature on building inventory and data sources.
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Structural material: Buildings are to be grouped according to their
construction material, mainly as: reinforced concrete (RC), masonry, steel,

wood, and composite.

Height range: Building height is one of the most significant parameters to be
considered when creating a building inventory. It reflects the dynamic
characteristics and seismic response of the buildings under study. Previous
studies on past earthquakes have shown that, depending on other factors such as
site classification and ground motion characteristics, damage can be
concentrated in buildings with a specific height range (Sucuoglu and Yazgan,
2003, Sucuoglu et al., 2007). With the continuous advancement in reinforced
concrete material and construction technologies, high-rise RC buildings are
getting higher and higher. This presses for a more detailed height classification
for building inventory.

Structural system: The lateral force-resisting structural system (or systems) in
a high-rise building identifies its seismic response and consequently the
vulnerability and loss due to earthquakes. With the wide range of structural
systems that can be employed in RC high-rise buildings, the lateral force-
resisting structural system stands as an important building classification
parameter for the establishment of building inventory for this class of structures.
Upon the availability of more detailed data, buildings may further be classified
according to some structural system-related aspects such as the presence of soft
and or weak storeys, short columns, long-span cantilevers, and pounding (Inel
et al., 2008). More details with regards to the classification of structural systems
used in RC high-rise buildings are given in Section 2.2.1.2.1 and Appendix A.

Occupancy: The occupancy type of a building or a building stock is a crucial
classification parameter for the estimation of casualties in earthquake risk and
mitigation studies. It also dictates the performance level assigned to the
structure for the purpose of vulnerability assessments. ASCE/SEI 7-16 (2017)
classifies buildings into four categories based on their use or occupancy:
Category I: Buildings that represent a low risk to human life in the event of
failure; Category Il: All buildings except those listed in Categories I, 11, and
IV; Category IlI: Buildings of which the failure could pose a substantial risk to

human life, a substantial economic impact, and industrial buildings containing
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toxic/explosive substances sufficient to pose a threat to the public if released;
and Category IV: Buildings designated as essential facilities, buildings of which
the failure could pose a substantial hazard to the community, industrial
buildings containing toxic/explosive substances sufficient to be dangerous to
the public if released, and buildings required to maintain the functionality after
an earthquake event. For high-rise buildings, the occupancy classification can
be subdivided to residential, commercial, and mixed-use buildings. Such sub-
classification is essential in estimating the potential level of casualties caused

by an earthquake event at different timing (day or night).

e Period of construction: Building age is a key factor in determining the design
code in practice, the quality of construction material, and the detailing/
construction quality control level. Different regions in the world have different
dates that distinguish between the so-called pre-code and seismically-designed
buildings (Inel et al., 2008, Mwafy, 2012b). Furthermore, the construction era
implicitly defines the strength of the material utilised in the construction as well
as the construction techniques available at the time. All of which, contribute to
the response and consequently the seismic vulnerability of the building stock

under study.

e Physical condition: the physical appearance of a building often reflects the
level of care given to its maintenance. Again, this may have an impact on the
performance of the building during an earthquake event. Structures that are
well-maintained against corrosion, rust, and other environmental and time-
dependent factors are expected to perform better in general and specifically
under cyclic loading such that from an earthquake. Classification of building
inventory using the physical condition parameter often involves a scale, say 1-

10, where a scale value is assigned to the building.

There have been various loss estimation methodologies developed in the past at both
national and regional levels. Inventory data used in those methodologies were prepared
with a primary focus on the economic impact assessment of an earthquake. It is worth
noting that the development of building inventory at a country or regional level involves
extensive efforts both in terms of identification and data assembling. In many countries
over the world, the basic inventory material requisite for completion of an earthquake

loss database either does not exist or is inaccessible.
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In 1983, Petrovski used a questionnaire-based technique to estimate the building type
classification in several Middle Eastern regions in an attempt to assess the associated
vulnerability in the studied countries (Petrovski, 1983). The information gathered
through questionnaires was very limited as no corresponding data were practically

available on the building structural systems.

In the ATC-13 project (1985b), the inventory model developed by the Applied
Technology Council (ATC) and incorporated by the Federal Emergency Management
Agency (FEMA) in the database of HAZUS loss assessment software (FEMA, 2019)
uses a consensus-based approach. In this model, the building stock is classified based on
the structural system and occupancy with three-level data entry.

The Early Post-Earthquake Damage Assessment Tool (EPEDAT) developed in 1997 to
estimate the casualties and regional damage for southern California used inventory data
from housing census, employment data, and county assessors’ records for buildings
(Eguchi et al., 1997). The inventory database of EPEDAT includes building age,
location, height, structural system, and occupancy. However, the methods used for the
building type classification, determination of day and night time population distribution,

and building occupancy have not been discussed in detail by the authors.

In the EXTREMUM computer tool developed by Shakhramanian et al. (2000), the
earthquake consequence forecasting model uses inventory data extracted from
population and building documentation in 89 regions in the Russian Federation. Neither
the procedure used in developing the inventory data nor whether the data have been
field validated were discussed in detail by the authors. QUAKELOSS, a newer version
of EXTREMUM, is created by the staff of the Extreme Situations Research Centre in
Moscow. QUAKELOSS is currently used by the World Agency of Planetary
Monitoring and Earthquake Risk Reduction (WAPMEER) to provide a near-real-time
assessment of injuries and death due to earthquakes anywhere in the world. The
building inventory incorporated in QUAKELQOSS is reportedly covering two million

territories throughout the world.

In 2002, KOERILQOSS, a scenario-based building loss and casualty estimation tool for
four cities in Turkey (Istanbul, Izmir, Bishkek, and Tashkent) was developed by
Bogazici University (Erdik and Aydinoglu, 2002, Erdik et al., 2003, Erdik and Fahjan,
2006). The building inventory for this program, utilising information from the State
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Statistical Institute, categorizes the building stock data mainly based on the number of
storeys (height), structural system, and period of construction. As for the estimation of

day and night time population, the Istanbul Transportation Master Plan is utilised.

In 2006, Geoscience Australia developed an event-based tool called EQRM
“EarthQuake Risk Management” for scenario-loss, probabilistic seismic hazard, and
risk modelling (Robinson et al., 2006). The EQRM tool is created based on a two-phase
project for the development of national building exposure database carried by the same

government body (Nadimpalli et al., 2002).

Ongoing inventory development projects for earthquake estimation at the regional level
in Europe include LESSLOSS and NERIES. LESSLOSS, developed by the European
Centres of Excellence in earthquake and geotechnical engineering, focuses on risk
mitigation for earthquake and landslides in European countries. NERIES (Network of
Research Infrastructures for European Seismology), in addition to focusing on the
development of new generation of hazard and risk estimation tools, is designed to
combine transnational access and joint research activities to support improved access to
standardized procedures, common protocols and distributed databases for long-term

archiving and distribution of seismological data.

In 2010, a project funded by the United Arab Emirates University (UAEU) was
launched to develop, among other tasks, a building inventory for the region of Dubai,
United Arab Emirates (UAE), (Mwafy, 2012b). The building data is assembled using
High Definition Satellite Images (HDSIs), field inspection, and the Geographic
Information System (GIS) database of the Dubai Municipality. The studied region was
divided into seven zones each of which was further sub-sectored. The 29279 counted
buildings in the studied region were classified based on building height, occupancy,
period of construction, and the population intensity. Due to the limited information that
can be extracted from the HDSIs and GIS, along with access restriction to most of the
buildings, the structural system criterion was implicitly included in the developed
inventory based on the building height. This stands as a drawback in this promising
project, especially when real high-rise building inventory is of concern (Ashri and
Mwafy, 2014).
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2.2.1.2.1 Structural systems of RC high-rise buildings

One of the earliest efforts to classify structural systems of high-rise buildings according
to building height and system efficiency was that of Fazlur Khan in 1969 for steel
structures (Khan, 1969). This classification manifested the beginning of a new era of tall
buildings revolution utilising multiple structural systems. A few years later, Khan
upgraded his classifications by developing schemes for both steel and concrete (Khan,
1972, Khan, 1973) as shown in Figure 2.3, taken after Ali and Moon (2007).
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Figure 2.3. Structural systems classification for high-rise buildings by Fazlur Khan: above for steel;
below for concrete (after Ali and Moon, 2007)

The shear wall-rigid frame interaction design approach first introduced by Khan and
Sharounis (1964) has played a significant role in shaping the structural systems of
modern high-rise structures. The combination of the two structural forms leads to a
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highly efficient system, allowing a highly competitive design of 20- to 40-storey
buildings constructed either fully of reinforced concrete or composite with steel. In
1980, Khan and Rankine proposed yet another significant innovation in high-rises
(Khan and Rankine, 1980). They proposed, as it is called now, the exterior perforated or
framed tube system, where the exterior perimeter of the building is made of a system of
deep spandrels and closely-spaced columns forming a hollow thin-walled tube with
punched holes. For the sake of brevity, the classification and examples of the structural

systems in RC high-rise buildings are given in Appendix A.

2.2.1.2.2 Performance of seismic-resistant RC high-rise buildings

During earthquake events, the structural characteristics of the previously-described
structural systems determine the performance and stability of RC high-rise buildings.
For many decades now, internationally-recognised building codes have been developed
and maintained for seismic design of buildings. Among these codes are the late Uniform
Building Code (UBC) and the International Building Code (IBC) with their
incorporated national reference standards including the ACI 318 and the ASCE/SEI 7-
16 (UBC, 1997, ACI, 2014, IBC, 2015, ASCE/SEI-7, 2017). In these codes, however,
the seismic design provisions are based primarily on an understanding of the expected
behaviour of low- to mid-rise buildings. In order to extrapolate the design and detailing
provisions for use in high-rise structures, height limits were set for each of the identified
structural systems with some systems not permitted under certain seismic design

categories.

The recent developments in high-rise buildings, including innovative structural systems,
advanced material, and high-tech construction methods, have raised questions regarding
the applicability of prescriptive code provisions to the structural systems used in tall
buildings. As a result, performance-based, as well as consequence-based design
approaches using nonlinear analyses, have emerged as alternatives to the code-adopted
traditional strength-based design (e.g. PEER, 2010, PEER/ATC, 2010, LATBSDC,
2011). Hereafter, the major engineering, scientific, and regulatory issues specific to the

seismic design of high-rise buildings are addressed.

e Structural systems and materials: Revolutionary developments in the

architectural and functional requirements for high-rise buildings have resulted in
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new structural systems and building materials that do not necessarily satisfy the
prescriptive provisions and requirements of currently-enforced building codes.

e Hazard and performance objectives: As a result of the increasing demand for
high occupancy along with the interest in continued occupancy following the
earthquake event, the performance objectives and ground shaking levels for the
seismic design of high-rise buildings are to be reconsidered. Hence, new
initiatives in the analysis, design, and performance of high-rise buildings start to
emerge to the surface (e.g. PEER, 2010). Tall buildings, as a minimum, must be
collapse-prevented under long-return period earthquakes and significant

aftershocks, while serviceability criteria are to be met in more frequent events.

e Input ground motions: The results of the nonlinear response history analysis of
high-rise buildings are significantly influenced by the selection, scaling, and
spectral alteration of input ground motions. Proper seismological methods are to
be implemented in the assembly of the seismic record sets to correctly represent
the duration and energy content required in the seismic design of high-rise

buildings.

e Simulation, analysis, and acceptance criteria: In current codes, the seismic
design provisions do not specify appropriate simulation (modelling), analysis
methods, and acceptance criteria explicitly for high-rise buildings. Safety,
reliability, functionality, and re-occupancy criteria are therefore needed for this
class of buildings. Recently, there has been some effort to overcome these
shortcomings via pre-standards that are focusing on high-rise structures (e.g.
PEER, 2010, PEER/ATC, 2010, LATBSDC, 2011)

e SSI for high-rise buildings with subterranean levels: High-rise buildings are
commonly constructed with several underground levels. Interaction between
soil, foundation, and structure can significantly alter the characteristics of the

input ground motion and consequently the response of the structure.

e Local supplementary regulations in design and construction practices: Peer
reviewers and building authorities around the world often have their own design
and construction regulations specific to high-rise buildings as supplementary to

the seismic provisions. These regulations may have an impact on the
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performance of these structures during an earthquake event, therefore, need to be
carefully considered during the design stage.

2.2.2 Seismicity

Seismic hazard, as defined in Section 2.1, is the probability of reaching or exceeding
certain ground shaking intensity (e.g. magnitude, acceleration, velocity, or
displacement) for a given area and a reference time period. It relates to all earthquake-
induced phenomena (e.g. strong ground shaking, tsunamis, liquefaction, landslides, and
fire) that may have direct and/or indirect effects on building inventories and
infrastructure. Seismic hazard assessment can be performed on national (country),
regional, urban, or site-specific scales (Figure 2.4). There are also some recent
initiatives at the global scale (GEM, 2019). As Figure 2.1 shows, the seismic hazard
assessment, referred to as ‘“‘seismicity”, is a major component in the evaluation of
seismic vulnerability and risk of high-rise buildings. Figure 2.5 shows the collapsing
chart for the “Seismicity” component in the IPO model, while a brief discussion on the

involved steps is presented in the succeeding subsections

SCALE OBJECTIVE
1: 500,000 Determine Factors that contribute to
or smaller NATIONAL the risk
1: 50,000 Determine Physical Model
or smaller REGIONAL

1: 5,000 U Determine Site Disaster Agents
or smaller

1: 500 Determine Possible Causes of
orsmaier ~ SITE SPECIFIC g

Figure 2.4. Study scales for the seismic hazard assessment (after Hays, 1994)
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Figure 2.5. Collapsing chart for the “Seismicity” component in the IPO model

2.2.2.1 Seismic hazard assessment

There are five different methods available for the use in seismic hazard assessments.
Namely: (1) Observational; (2) Statistical; (3) Deterministic; (4) Probabilistic; and (5)
Time-dependent. Depending on the intended use of the results, one or more of these
methods can be used by engineers, insurance companies, and or governmental bodies.
The outcomes of a seismic hazard study can be used either to obtain the ground shaking
intensities for seismic design, calculate the appropriate insurance premium rates, or to

estimate the probable maximum incurred loss in the event of an earthquake.

2.2.2.2 Hazard curves and UHS

A common approach for developing design response spectra based on a Probabilistic
Seismic Hazard Assessment (PSHA) is to employ the UHS, which is developed by first
generating hazard curves for a set of spectral periods using the PSHA output. Next, for a
given return period, the ground shaking spectral parameter is measured for each spectral
period from the hazard curves. The final step is to plot these measured spectral
parameter values in pairing with their respective spectral periods. The process of
developing UHS is illustrated in Figure 2.6.
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Figure 2.6. An example of combining hazard curves from individual periods to develop a UHS for a
site in Los Angeles (after Baker, 2013): (a) Hazed curve for Sa3); (b) Hazard curve for Sa.s); and
(c) UHS for a set of spectral periods like those in (a) and (b)

The term “uniform hazard spectrum” came from the fact that every ordinate in the UHS
has an equal probability of being exceeded. It should be clear that since the hazard
curves are independently computed for each spectral period in the set, the UHS does not
represent the spectrum of any single earthquake. It is common in a UHS to find that the
spectral acceleration values in the high-frequency zone (T < 0.2s) are controlled by
near-field moderate earthquakes, whereas, the values in the long period zone (T > 1s)
are controlled by distant strong events. The UHS is the only step in the PSHA that

combines the ground shaking parameters from multiple earthquakes.

The mixing of events in the UHS is sometimes cited for criticising the entire PSHA
approach. It is essential to recognize though that the UHS is merely a way to present the
output of a PSHA. No step in the PSHA requires the use of a UHS. Therefore, it is
totally possible to conduct a PSHA and productively use its results without ever

developing a UHS. This can be achieved by employing the disaggregation concept to
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the PSHA results. The design response spectra and or input ground motions can then be
generated based on the identified scenario-based earthquakes. This concept is further

discussed hereafter.

2.2.2.3 Seismic scenarios through disaggregation of PSHA results

In a PSHA, the hazard curve presents the combined effect of all magnitudes and
distances on the probability of exceeding a specified level of a ground-shaking
parameter. Accounting for all potential earthquake sources in the concerned region
when estimating the seismic hazard, being the strength of PSHA methods, is also a
disadvantage. Once the PSHA is completed, a logical question to ask is: Which
earthquake scenario is most likely to cause Peak Ground Acceleration (PGA) of a
certain value? Since all of the sources, distances, and magnitudes are integrated into it,
it is difficult to recognize what controls the hazard from the hazard curve by itself. The
solution to this problem is to break down the hazard at a given ground shaking level to
its contributions from different earthquake scenarios. This process is called
“Disaggregation”, also referred to as deaggregation, (e.g. McGuire, 1995, Bazzurro and
Cornell, 1999, Fox et al., 2016, Sousa et al., 2017, Sesetyan et al., 2018). In this
process, the fractional contribution of different scenario sets to the total hazard is
calculated. The most common form of the disaggregation approach is the two-
dimensional magnitude-distance bins where the dominate earthquake scenarios,

categorised by their magnitude-distance pair, can be identified.

To determine the dominate scenarios, either the mean or the mode of the disaggregation
is usually employed. The advantage of using the mean is that it is unambiguously
defined with no dependency to the bin size. The drawback, however, is that if there is
more than one source with significant contribution to the hazard, the mean may
correspond to an unrealistic scenario. The mode corresponds to the scenario set that has
the largest disaggregation value. It has the advantage of being always corresponding to a
realistic source. The disadvantage of using the mode is that it is a bin size-dependent.
For example, if we use broader distance bins at larger distances and finer distance bins
at shorter distances in a disaggregation process, the mode would shift to the large distant
earthquake. In standard practice, the mode of the disaggregation is used to define the
seismic scenarios. Therefore, the distance and magnitude bins are to be carefully
selected. Appropriate bin size is subjected to the end use of the disaggregation. One of

the common usages, as in the current study, is to identify seismic scenarios for selecting
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time histories to be used in nonlinear analysis. Here, the change in the characteristics of
the time histories (e.g. duration, pulses, and spectral shape), and consequently the
seismic response of the building under study, alongside the magnitude and distance will
control the appropriate bin size. As an alternative, the mean magnitude and mean
distance for each controlling scenario is calculated. This is a robust approach in that it is
insensitive to the bin size, however, can be quite complicated if the controlling
scenarios overlap. In conclusion, there is not a unique optimum bin size for all projects
thus the hazard analyst needs to consider the end use of the disaggregation results when

deciding the bin sizes.

Figure 2.7 shows a sample of the disaggregation results for the Dubai region based on
the PSHA conducted by Aldama-Bustos et al. (2009). The results in the figure are for a

500-year return period, presented in terms of PGA and spectral accelerations.
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Figure 2.7. Disaggregation results for the PSHA of Dubai, UAE (500-year return period) presented
in PGA and spectral accelerations of 0.2, 1, and 3s (after Aldama-Bustos et al., 2009)

2.2.2.4 Input ground motions

Due to the rapidly increasing computational power and the evolution of engineering
software during the last two decades, time-history analysis has been made feasible to
complex structures. As a result, time-domain analysis is prescribed for high-rise
structures in modern seismic codes. On the other hand, previous studies have shown that

among all uncertainty sources, input ground motions are the most unpredictable and
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carry a significant impact on the variability in the predicted structural response (e.g.
Elnashai and lzzuddin, 1993b, Padgett and DesRoches, 2007, Kappos, 2014,
Mangalathu et al., 2017, Kowsari et al., 2019). Ground motions appear random in time
and space due to the complex path that seismic waves follow from the source through
bedrock (Papageorgiou and Aki, 1983) and then through soil layers to reach the
structure foundation level (Manolis, 2002). Despite the above-discussed uncertainty,
ground motion record selection provisions in current codes are considered rather
simplified compared to the potential impact of the selection procedure on the analysis

results.

Selected input ground motions should represent the seismicity of the region under study
and must comply with design-based (or expected) earthquakes. In other words, the
selected records have to fulfil the earthquake scenarios that are identified through the
disaggregation process of PSHA results discussed in the previous section. In terms of
obtaining acceleration time-series, among the available approaches are (i) artificial
spectrum-matched accelerograms; (ii) synthetic accelerograms based on seismological
source models; and (iii) real earthquake accelerograms using scenario-based magnitude

and distance bins. These approaches are further discussed hereafter.
2.2.2.4.1 Artificial spectrum-matched accelerograms

Specialised software packages are employed to generate artificial spectrum-compatible
accelerograms for the use in the time-history analysis. This approach starts with
generating power spectral density function out of the smoothed response spectrum,
followed by deriving sinusoidal signals of random amplitudes and phase angles. These
signals are then summed to generate the accelerograms where an iterative procedure is

used to improve the match with the target response spectrum.

This approach is obviously attractive in such that one can generate as many acceleration
time-series as desired, all of which almost completely compatible with the target
spectrum. Nevertheless, it is now broadly not recommended to use artificial records
because they generally have an excessive number of strong-motion cycles and as a
result carry unreasonably high energy content (e.g. Seifried and Baker, 2016, Bani-Hani
and Malkawi, 2017). Gascot and Montejo (2016) evaluated three different
methodologies for the generation of spectrum compatible records: (i) wavelet-based

modification of real records; (ii) real record adjustment based on the Continuous
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Wavelet Transform; and (iii) synthetic record generation in the frequency domain. The
study concluded that even though the three methodologies are capable of generating
compatible records with an acceptable level of match, the records generated using the
frequency domain approach exhibit unrealistic strong motion characteristics. In the case
of methodologies based on the modification of real earthquake records, it was found
that when the real records are selected based on their initial compatibility with the target
spectrum, the resultant compatible records not only retain better the original

characteristic of the records but also reducing the variability in the structural response.

Matching artificial records to the entire target response spectrum, which is usually either
a UHS obtained from the PSHA or a UHS-based design spectrum, is neither reasonable
nor realistic (Naeim and Lew, 1995). This is certainly the case when the UHS is an
envelope of more than one earthquake scenario as for the study region in the current

work, where spectrum-matched artificial records will tend to be effectively unrealistic.
2.2.2.4.2 Synthetic accelerograms based on seismological source models

Synthetic acceleration time-series that account for path and site effect can be generated
from seismological source models. These models range from point sources, finite
sources, all the way to fully dynamic models of stress release. Software packages for
generating such synthetic records are freely available (e.g. Boore, 2003). Their
application, however, in terms of the definition of the parameters required to describe
the earthquake source generally requires the engagement of a seismologist. There is a
high degree of invariably- carried uncertainty in the determination of the source
parameters for past earthquakes. As for future earthquakes, the definition of these
parameters, to which the resulting synthetic records can be highly sensitive, normally
involves a substantial degree of expert judgment (e.g. Bommer and Acevedo, 2004,
Tang et al., 2016, Fahjan et al., 2017, Ghosh and Chakraborty, 2017).

2.2.2.4.3 Scenario-based real accelerograms

The third approach for obtaining time-series to be used in the time-history analysis is
real accelerograms recorded during past earthquakes. By definition, real records are free
of the issues associated with artificial spectrum-matched records. Among the selection

criteria, the earthquake magnitude (M) and source-to-site distance (R) bins that
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characterise the dominate earthquake scenarios in the area of interest are the most

common parameters used in the selection of real records.

Along this line, Shome et al. (1998) formed a bin of records using four different M-R
pairs to assess the seismic response of a five-storey building. Furthermore, Youngs and
his group (2006) and established the Design Ground Motion Library; an electronic
library of recorded accelerograms suitable for use in the time-history analysis of
structures. The total number of the record sets in the developed library was 26. In the
study of Wang et al. (Wang et al., 2015), a Design Ground Motion Library (DGML) is
presented for selecting earthquake ground motion time histories based on contemporary
knowledge and engineering practice. The library was created from a ground motion
database that consists of 3,182 records from shallow crustal earthquakes in active
tectonic regions rotated to fault-normal and fault-parallel directions. The DGML
enables users to construct design response spectra based on Next-Generation
Attenuation (NGA) relationships, including conditional mean spectra, code spectra, and
user specified spectra. Several studies (e.g. Stewart et al., 2002, Bommer and Acevedo,
2004, Ha and Han, 2016, Baker and Lee, 2018) also considered magnitude as an
important parameter in the selection of real records, arguing that when the magnitude
search window is kept as narrow as possible, the range for the source-to-site distance

can be widened.

Other studies, on the other hand, have examined the dependency of the inelastic seismic
response of structures on the M-R parameter pair used in the record selection (e.g.
Bazzurro and Cornell, 1994a, Bazzurro and Cornell, 1994b, Shome and Cornell, 1998,
Carballo and Cornel, 2000, Luco et al., 2002, Jalayer, 2003, Medina and Krawinkler,
2004, Baker and Cornell, 2005, lervolino and Cornell, 2005, Vlachos et al., 2018). In
sum, these studies have concluded that deformation-based response has less dependency
on the M-R parameter pair when compared with the cumulative energy-based response.
They also verified the general independency of inelastic structural displacements to the
source-to-distance parameter R. Nevertheless, the conclusions drawn from these studies
may not be valid in the case of high-rise buildings. In this class of structures, the
duration of the selected records, which is a seismic scenario -dependent, plays an
essential role in the influence and contribution level of higher modes to the building

nonlinear response (e.g. Samanta and Pandey, 2018).
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Following the initial selection of real accelerograms based on the M-R parameter pair,
spectral matching is usually considered as a second-level selection criterion. In this
exercise, the response spectra of the selected records are to be modified in order to be
compatible with the corresponding target spectrum (UHS or design response spectrum).
It must be clarified here that spectral matching of real records is not to be confused with
the generation of spectral-matched artificial accelerograms discussed in
Section 2.2.2.4.1. Through the European strong-motion databank, Ambraseys et al.
(2004) proposed an Eqn. (2.1) to verify the spectral compatibility of a selected record
with the target spectrum.

N

1 Sap(Ty)  Sas(TY?

D =_ Z [ — 2.1

rms N |2 4 PGA, PGA, (2.1)
i=

Where N is the number of periods at which the spectral shape is specified, So,(T;) is the
spectral acceleration of the selected record at period T;, Sag(T;) is the target spectral
acceleration at the same period, PGA, is the peak ground acceleration of the selected
record, and PGAg is the zero-period anchor point of the target spectrum. Closer
matching between the shapes of the selected record and target spectra is indicated by a

small value of D .

It is important to recall that different M-R-based developed records are corresponding to
different earthquake scenarios, and that target spectrum is an envelope of all dominate
earthquake scenarios. Hence, the shapes of the record spectra in each record set are only
to be compatible with the part of the target spectrum that relates to the seismic scenario
employed in the developing of that set. Furthermore, when the seismic vulnerability
assessment of existing and new structures is the target of the study, obtaining a very
small value of D, would not be that important. This is so because the selected real
records in each set will be subjected to a scaling scheme to cover the entire range of the
building response from elastic all the way to collapse. More insight on this matter is
given in CHAPTER 5.

Along with the discussed M-R pair and spectral-match selection criteria, there are three
additional complementary criteria that can be used in the real records selection process,
namely: (i) soil profile; (ii) strong motion duration; and (iii) acceleration to velocity

ratio (a/v). A brief discussion of each is bulleted hereafter.
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Soil profile: The actual soil profile (S) at the site of interest can be added to both
the earthquake magnitude and distance in the search window, leading to (M-R-
S) record bins (e.g. Kurama and Farrow, 2003, Youngs et al., 2006, Mwafy,
2012a, Mwafy et al., 2015b). The soil profile is known to influence ground
motions by altering both their amplitude and the calculated response spectra
(e.g. Bommer and Acevedo, 2004, Pandey et al., 2016, Trifunac, 2016, Barani
and Spallarossa, 2017). In general, the shear-wave velocity at the top 30m layer
of soil (Vs30) is a suitable measure to be used for site classification.
Alternatively, the site can be classified according to the well-established soil
categorization schemes included in seismic codes. Previous studies have
concluded that (M-R-S) selection approach may significantly reduce the number
of qualified records compared to the simpler (M-R) approach (e.g. Bommer and
Scott, 2000). Notwithstanding the restrictions implied to the selection process,

consideration of soil profile remains an important selection criterion.

Duration of ground motion: The duration of ground motion constitutes another
complementary parameter for the selection of real accelerograms. The ground-
shaking duration is typically controlled by the duration of the fault rupture,
which in turn is a function of the earthquake magnitude. Different types of
structural Dls are affected by ground motion duration in different ways. To be
specific, peak response-type DIs are independent of duration, while energy-
based DlIs such as fatigue and absorbed hysteretic energy are interrelated to this
parameter (e.g. Shome et al., 1998, lervolino et al., 2006, Chandramohan et al.,
2016a, Chandramohan et al., 2016b, Barbosa et al., 2017). In a study by
Hankock and Bommer (2006), the dependency of the abovementioned
phenomenon on the structural model itself is highlighted. Indeed, structures
modelled to exhibit stiffness and/or strength degradation under cyclic loading
are more sensitive to the number of cycles in the earthquake record and hence to

the shaking duration.

Acceleration to velocity ratio (a/v): As a complementary criterion for the record
selection process, the ground motion a/v forms an important measure of the
magnitude, frequency content and site-to-source distance of the earthquake event
(e.g. Tso et al., 1992, Carlton and Tokimatsu, 2016, Kohrangi et al., 2017,
Macedo and Castro, 2017). High a/v ratios (>1.2g/m/s) signify events with high
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dominant frequencies, medium-to-small magnitudes, short site-to-source
distances and short duration periods. Low a/v ratios (<0.8g/m/s), on the other
hand, represent earthquakes with low dominant frequencies, high-to-medium
magnitudes, long site-to-source distances and long duration periods. Examples
of studies that have considered the a/v criterion in the real records selection
process are the ones by Mwafy (2012a) and llyas et al. (2018).

2.2.3 Simulation

Based on modern seismic codes, earthquake-resistant RC buildings are designed and
detailed to respond well beyond the elastic range under DBE level ground motions.
Hence, verified nonlinear simulation, referred to hereafter as modelling, for building
response is essential in assessing the vulnerability of such structures. It is always easy to
forget that when a structure is analysed, the analysis is actually conducted on the model
of the structure and not the structure itself. In other words, the analytical model is an

approximation of the actual structure.

For RC high-rise wall buildings, Nonlinear Response History Analysis (NRHA) stands
as the most realistic tool currently available for predicting building response at different
levels of ground motion intensity. In NRHA, the accuracy of the nonlinear model is
measured by its sufficiency in capturing significant modes of deformation and

deterioration in the analysed structure from the onset of damage all the way to collapse.

Various aspects of nonlinear modelling such as element discretisation, material force-
deformation (also referred to as stress-strain) relations, and assumptions on modelling
of viscous damping and structural mass are essential in defining the level of accuracy a
model can have in predicting the seismic global and local response of the structure.
Figure 2.8 illustrates the collapsing chart for the “Simulation” component in the IPO
model, while the aforementioned modelling aspects are briefly discussed in the

succeeding subsections.
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Figure 2.8. Collapsing chart for the “Simulation” component in the IPO model

2.2.3.1 Element discretisation

Inelastic structural component models can generally be differentiated by the degree of
idealization in the model. In other words, the way plasticity is distributed through the
structural member cross-sections and along its length (Powell, 2010). Several model
types are available with the most detailed continuum finite element model at one
extreme and the lumped plasticity (concentrated hinge) model at the other. These
modelling types can also be used in modelling other types of structural members such as

slabs, braces and flexural walls.

In RC high-rise wall buildings, the fibre-based element is the most common modelling
approach used to model the structural walls which are expected to undergo inelastic
behaviour during the analysis (Wallace, 2007). This approach supports a proper
description of the wall geometry and the detailing of steel reinforcing bars and material
behaviour. It accounts for key response features including (i) relocation (shifting) of the
neutral axis along the cross-section of the wall during loading and unloading phases; (ii)
interaction with the other components connecting the walls/cores in the structure both in
and out of the wall’s plane such as the gravity frames and coupling beams; and (iii) the

impact of variation of axial load on wall flexural strength and stiffness.

Giving the above, fibre-based modelling approach will be adopted in the current study
for the RC walls as well as for the flooring system (flat plate) of the reference structure.
Coupling beams, on the other hand, will be modelled using a combination of elastic
elements and nonlinear hinges. Literature, key parameters, and modelling issues for the

said structural members are discussed in the following subsections.
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2.2.3.1.1 RCWalls

As a result of recent earthquakes (e.g. 2010 Chile M 8.8, 2011 New Zealand M 6.2, and
2011 Japan M 9.0), a wealth of new data on the performance of modern RC buildings
utilising structural walls in their primary lateral force-resisting system have become
available. For instance, the 2010 Chile earthquake caused significant damage to many
slender RC wall buildings, including spalling/crushing of concrete and buckling of
vertical reinforcement largely extended over the wall length (Figure 2.9). Apparently,
the bulking of vertical bars renders the damage to be concentrated over a short height
(around one to three times the wall thickness). The boundary zones in these walls were
found with a relatively large spacing of horizontal web reinforcement and hoops
(Figure 2.9d). This was consistent with the seismic provisions of the Chilean Building
Code NCh 433 (1996) adopted in the design of the damaged buildings (Wallace, 2012).

In some cases, lateral buckling of the walls was detected (Figure 2.10).

(a) Vifa del Mar (c) Concepcidn |

|
\

(b) Santiago

Figure 2.9. 2010 Chile My 8.8 Earthquake: Typical wall damage (after Wallace, 2012)

57



Chapter 2. Problem definition

Figure 2.10. 2010 Chile My 8.8 Earthquake: Wall lateral buckling (after Wallace, 2012)

Similar wall failures were observed following the 2011 Christchurch, New Zealand
earthquake (Comerio et al.,, 2011, NZRC, 2012), signifying that the deficiencies
deducted in the 2010 Chile earthquake are not isolated (Figure 2.11). Wall boundary
regions are observed to be susceptible to out-of-plane buckling following spalling of
concrete cover. The Christchurch earthquake observations also included diaphragm-to-
wall connection failures. This mode of failure believed to have potentially contributed
to the collapse of several buildings (EERI, 2011). However, this was not observed in
Chile. This can be attributed to the well-distributed, in-plane large number of walls that
Chilean typical buildings had.
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Figure 2.11. 2011 Christchurch, New Zealand M, 6.3 Earthquake: Typical wall damage (after
Wallace, 2012)

In the last ten years, there have been several laboratory-based tests of isolated and
coupled RC walls or walls as part of a structure. These testing programs focused on
studying the performance of rectangular and T-shaped walls under uniaxial/biaxial
loading (e.g. Waugh et al., 2008, Brueggen, 2009, Waugh, 2009, Brueggen and French,
2010), walls with high shear demand (e.g. Birely et al., 2008, Birely et al., 2010, Sriram
and Sritharan, 2010), walls with splices and couples in the plastic hinge region (e.g.
Birely et al., 2010), and walls with coupling beams (e.g. Naish, 2010, Naish and
Wallace, 2010, Parra-Montesinos et al., 2012). All these tests involved quasi-static
loading. Shake table testing programs, on the other hand, have been quite limited with
the exception of few (e.g. Panagiotou and Restrepo, 2007, Ghorbanirenani et al., 2011,
Nagae et al., 2011). More details on the aforementioned studies can be found in the
study of Wallace (2012).

In terms of RC wall modelling, a comprehensive study is presented by Orakcal and
Wallace (2006) on the ability of available modelling approaches to capture the cycling
response of slender RC walls under combined bending and axial load. In this study, a
Multi Vertical Line Element (MVLE) model was employed for walls under cyclic

uniaxial loading. The MVLE is similar in concept to the fibre-based modelling approach
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embedded in some computer packages such as PERFORM-3D (CSI, 2011). The overall
modelling process presented in Orakcal and Wallace study (2006) includes: (i)
subdividing the wall cross-section into reinforcement fibres, confined concrete fibres,
and unconfined concrete fibres; (ii) employing suitable material constitutive relations;
(iii) dividing the wall height into a specified number of elements (components); (iv)
defining boundary conditions; and (v) applying a predefined load/displacement history.
The test walls were around one-fourth scale models, proportioned using the UBC-91
(Thomsen and Wallace, 1995, Thomsen and Wallace, 2004).

Key observations gleaned from the study of Orakcal and Wallace (2006) are bullet-
pointed below.

e The effective elastic (linear) stiffness to the yield point is very close to the value
commonly used in design, that is 0.5E*Iq (Figure 2.12b). The results of the shake
table test of a full-scale, 7-storey RC building slice (Panagiotou and Restrepo,
2007) suggested a lower effective stiffness of 0.2E*1y (Maffei, 2007). However,
it is important to note that the tension reinforcement ratio in the RC walls of the
shake table test was less than one-half of that used by Thomsen and Wallace
(2004). Indeed, that was the objective of the shake table test, to demonstrate that
adequate lateral load resistance of RC walls can be achieved by using just one-
half of the longitudinal reinforcement normally required by codes that were
enforced at the time of the testing program (e.g. UBC, 1997, IBC, 2003). The
use of significantly lower longitudinal reinforcement is expected to substantially
reduce the effective stiffness at yield since the yield curvature is mainly a
function of the wall length (Wallace and Moehle, 1992). Therefore, a reduction
in the yield moment strength by a factor of two renders the effective stiffness to
be reduced almost equally. Given that, the 0.2E*I, reported in the shake table
testing program is not inconsistent with the 0.5E*ly value recommended by
Orakcal and Wallace (2006). Accordingly, an effective yield stiffness of 0.5E*I,
is considered appropriate for RC walls with code-compliant strength and axial
stress level up to 0.15Ag*fc’. it is worth noting that when fibre-based modelling
approach is used, the effective stiffness is automatically calculated based on the
adopted material constitutive relations, level of axial stress, and the analysis

current state.
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Figure 2.12. Test results for specimen RW2: (a) model results; and (b) bilinear fit for 0.5E*1, and
M,, (after Orakcal and Wallace, 2006)

e The study results indicate that when using cyclic material constitutive relations

(relations with a strength and stiffness degradation law), the predicted overall

load-deformation response is generally consistent with the test results for a wide

range of Dls (e.g. roof displacement, plastic hinge rotation, and average strains).
Figure 2.13 (after the study of Orakcal and Wallace, 2006) shows a good

prediction of the tensile strain by the model. However, it also shows that the

model

peak compressive strains are substantially underestimated when

compared to the values measured from the test. In general, peak measured

compressive strains were about double the values predicted by the model for

relatively slender walls [hy*I

w=My/(V*1)=3], where h,, is the wall height, 1, is

the wall length, M, is the ultimate moment, and V, is the ultimate shear force.

Preliminary analytical studies have indicated that the interaction occurs between

flexure and shear behaviour may be one of the reasons for this discrepancy

(Wallace, 2007).
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Figure 2.13. RW2-Wall average strain at wall base (after Orakcal and Wallace, 2006)
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Lateral Load (kN)

(@)

Subdividing the wall into elements of appropriate heights and its cross-section
into an appropriate number of concrete and steel fibres is an essential step in the
structural modelling for NRHA. The studies of Orakcal et al. (2004) and Orakcal
and Wallace (2006) revealed that the predicted lateral top displacement is
insensitive to the number of elements and number of material fibres
(Figure 2.14a). Notwithstanding, the results shown in Figure 2.14b present an
important consequence, that is using coarse mesh is likely to underestimate the
maximum tension and compression strains for the material fibres (Orakcal et al.,
2004). Therefore, acceptance criteria for wall strains should carefully consider
the model characteristics in order to establish an appropriate limit for peak
strains in concrete and steel at wall critical locations.
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Figure 2.14. Response sensitivity to model parameters: (a) load-top displacement relation; and (b)

wall critical strain (after Orakcal and Wallace, 2006)

The ability of the model to estimate the local deformations can be affected by
localisation of inelastic deformations. To avoid this problem, proper selections
of the material constitutive relations and model attributes are required. The study
of Orakcal and Wallace (2006) concluded that in general, the element height at
the wall critical section is to be approximately equal to the plastic hinge length.
Orakcal and Wallace (2006) have also concluded that to help avoid the
localisation of inelastic deformations, modest reinforcement strain hardening
slope in the order of 3% to 5% is to be used. According to the study results,
using modest strain hardening in the model contributes to a better prediction of

the test measured cyclic loading versus displacement.

In the study of Orakcal and Wallace (2006), linear shear behaviour was assumed
in the presence of nonlinear flexure response. In other words, flexural and shear
behaviours were uncoupled. The experimental results, however, showed that
inelastic shear deformations initiated at the same applied load level as nonlinear

flexure deformations, indicating that shear and flexure response behaviours are
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indeed coupled. To account for the shear-flexure interaction, a coupled model
can be employed as shown in Figure 2.15 (e.g. Massone, 2006, Orakcal et al.,
2006, Kolozvari, 2013, Kolozvari et al., 2014a, Kolozvari et al., 2014b, Massone
et al.,, 2015). However, such coupled models are not yet available in
commercially-available computer packages since the development of coupled
cyclic material models remains a major research challenge. Given these
limitations, a simplified uncoupled modelling approach can be used to
reasonably capture the shear-flexure interaction behaviour of slender walls. An
example of such modelling approaches is the use of nonlinear shear spring
similar to that recommended by ASCE/SEI 41-06 (2007) and ASCE/SEI 41-16
(2017). The shear force-deformation relation required to define the shear spring
can be based on test results by Thomsen and Wallace (2004), calibration studies
by Gogus (2010), and modification to the post-cracking slope suggested by
Massone (2006). More details on this model approach are given in CHAPTER 3
of this thesis.
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Figure 2.15. Nonlinear wall modelling - Combined flexure and shear behaviour: Load versus lateral
displacement (after Orakcal and Wallace, 2006)

2.2.3.1.2 Coupling beams

Reinforced concrete walls are usually coupled with beams to create openings to access
elevators, stairwells, and other systems. Those coupling beams are subjected to double
curvature and intended to yield under lateral loading. The shear demands resulting in the
beams are transferred to the coupled walls as axial tension and compression loads. As
the use of NRHA and performance-based design have become more common for high-

rise wall buildings, attention to the nonlinear modelling of coupling beams continues to
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increase. Modelling parameters of particular interest are the effective flexural stiffness
at yield and the allowable inelastic rotation prior to significant lateral strength
degradation. Test programs in this field were conducted either on coupling beams as
individual elements or on coupled-wall as a complete system. Historically, most of the
tests belonged to the former category with only a few large-scale tests dealing with the
latter. A detailed review of previous studies related to coupling beam seismic behaviour
and design was given by Mohr (2007), while Turgeon (2011) provided a thorough

review of experimental test programs of coupled-wall system.

Recent tests have been conducted using eight one-half-scaled RC coupling beams to
assess the modelling parameters alongside the detailing and configurations common for
both residential and office buildings, including the influence of post-tensioned and
reinforced slab flooring systems (Naish et al., 2009, Naish, 2010, Naish and Wallace,
2010, Wallace, 2012). In these tests, 2.4 and 3.33 aspect ratios (beam net length to depth
ratio) were adopted for beams representing residential and office buildings, respectively.
Tested beams were reinforced diagonally with transverse reinforcement placed either
around the bundles of diagonal bars (labelled as CB24D and CB33D in the tests) or
around the entire beam cross-section (labelled CB24F and CB33F in the tests) following
the provisions of the ACI 318 code used in the design stage.

The main conclusions of the above-mentioned studies are bullet-pointed hereafter.

e The load-deformation relations of the 2.4 aspect ratio-beams with both
transverse reinforcement arrangements (CB24D and CB24F) were quite similar
over the entire range of applied rotations (Figure 2.16a). Similar results were

observed for the 3.33 aspect ratio-beams (Figure 2.16b).

e Tested beams with a 2.4 aspect ratio obtained large rotation in the range of 8%
before any significant degradation in lateral load resistance occurred.
Furthermore, shear strengths in the range of 1.17 and 1.25 times the ACI 318
nominal strength were achieved by test beams with transverse reinforcement
placed around the diagonal bars and around the entire cross-section,

respectively.

e Additional beams with a 2.4 aspect ratio were tested to evaluate the slab impact

(post-tensioned or RC) on the load-deformation relations. The tests revealed that
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Lateral Load [k]

the shear strength of the coupling beams increases by the existence of the slab.
This strength increase can be accounted for by considering the nominal moment
capacity increase in the beams due to the presence of the prestress and the slab.
The axial growth in the coupling beams prior to yield is restrained by the
presence of a flooring system (RC or PT slab), leading to slightly higher
stiffness. However, the secant stiffness for beams with and without slabs
following yield was very similar, where significant strength degradation

occurred at around the same rotation (8%).

Tests conducted on 3.33 aspect ratio-beams with longitudinal flexure
reinforcement instead of diagonal bars indicated that total rotation greater than
4% could be achieved prior to significant strength degradation. It is also
observed that the load-deformation relations for beams with longitudinal
reinforcement experience more pinching when compared to the diagonally-
reinforced beams, indicating less energy dissipation. Nevertheless, given the less
construction complexity, coupling beams with longitudinal reinforcement are
still appropriate to use in high-rise buildings when shear stress and rotation

demands are modest.
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Figure 2.16. Cyclic load-deformation relations: (a) CB24F versus CB24D; and (b) CB33F versus

CB33D (Naish et al., 2009)

To model a coupling beam for NRHA, two nonlinear modelling approaches are

commonly used: (a) moment-hinge approach, consisting of an elastic cross-section

beam with rotational springs at beam ends to account for nonlinear flexure (and

slip/extension) deformation; and (b) shear-hinge approach, consisting of an elastic

cross-section beam with a nonlinear shear spring at beam mid-span.
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Previous studies (e.g. Naish et al., 2009, Naish, 2010, Naish and Wallace, 2010)
investigated the two modelling approaches using full-scale-modified linearised
backbone relation for normalised shear versus rotation and effective stiffnesses resulted
from the testing program. The studies concluded that despite the better representation of
the unloading characteristics by the moment-hinge model, both models accurately
capture the overall load-rotation response of the member. Since the unloading
characteristics of the load-deformation relation have no significant impact on the current
work objective, it is decided to use the nonlinear shear-hinge approach in modelling the
coupling beams in the case study building. It is worth noting that a number of previous
studies dealing with the vulnerability assessment of RC high-rise wall structures have
adopted this nonlinear shear-hinge approach in the modelling of coupling beams (e.g.
Ghodsi and Ruiz, 2010, Tuna, 2012). More details of the shear-hinge modelling
approach and the parameter used to define the force-deformation relation assigned to the
coupling beams in the model of the reference structure are given in CHAPTER 4.

2.2.3.1.3 Flooring system

For high-rise wall buildings, the most common flooring system is flat plate slabs, either
of reinforced or post-tensioned concrete. This system is a preference to both architects
and mechanical engineers as it allows for more floor-to-floor clear height for the former
and more flexibility in running the mechanical services for the latter. Three main
modelling approaches are available to model flat plate slabs in high-rise wall buildings,
namely: (1) omitting the slab from the model and assigning diaphragm constraints to the
RC piers and core walls at each floor level; (2) modelling the slab using elastic,
equivalent slab-beam or shell elements; and (3) modelling the slab using inelastic fibre-
based elements. A brief discussion of each of the three abovementioned modelling

approaches is given below.

e Modelling approach-1: The advantage of this approach obviously lies in the
saving of computational effort and time by dropping the slab from the model.
Given that slabs typically have high in-plane stiffness, rigid diaphragm
constraints are assigned to the wall ends at floor level in each storey for lateral
load analysis. In this modelling approach, all constrained nodal joints in the
same floor are slaved to one another hence they undertake similar in-plain

deformations. Several researches have implemented this approach in their
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modelling of high-rise wall buildings (e.g. Ghodsi and Ruiz, 2010, Tuna,
2012).

This approach, however, comes with a major drawback, that is not accounting
for the influence of the 3-dimensional interaction between the flooring system
and the walls on the overall lateral performance of the building. The shear
forces in the slab developed under lateral loading are transferred to the
connected walls in the form of axial forces (tension and compression), which
intern contribute either positively or negatively to the walls lateral force
resistance and ductility. This issue has been confirmed by previous studies (e.g.
Panagiotou and Restrepo, 2006).

e Modelling approach-2: In this approach, the slab is modelled using either an
elastic, equivalent slab-beam element or an elastic shell element. An equivalent
slab-beam is an elastic flexural element having a rectangular section with its
depth and width dimensions representing the total slab thickness and its
effective width, respectively (Allen and Darvall, 1977, Grossman, 1997,
Hwang and Moehle, 2000, Kang and Wallace, 2005, Kang, 2006, Kang and
Wallace, 2006, Elwood et al., 2007, Kang et al., 2009, Waugh and Sritharan,
2010). Elastic shell element is a 4-node element with in-plane (membrane) and
out-of-plane (bending) plate elastic stiffnesses. The element is available in
several computer packages such as PERFORM-3D (CSI, 2011).

Using the equivalent slab beam and shell elements will obviously overcome the
drawback associated with the modelling approach-1. The shortcoming of using
these types of elements, on the other hand, is that they both can only be used to
model floor slabs that are expected to remain elastic throughout the earthquake
excitation. For slabs that are expected to crack and yield, the inelastic element
should be used, where the slab deformation can be accurately calculated along
with its impact on the additional axial forces induced in the walls. Furthermore,
using elastic element to model slabs that are expected to undergo plastic
deformation will hinder the use of these deformations as a damage index in the

process of estimating performance state criteria for the building.

e Modelling approach-3: Using nonlinear fibre-based beam element in

modelling floor slabs is considered the most realistic of the three approaches
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listed herein since it overcomes the shortcomings in the modelling approach 1
and 2. Using this approach, the total width of the slab panel can be utilised
since the cracking and yielding events in the slab are automatically taken into

account through the fibre-based model.

In the current work, the third modelling approach (fibre-based beam element) is utilised
in modelling the RC flat slabs of the reference structure due to its effectiveness and

ability to overcome the shortcomings in other modelling approaches.
2.2.3.1.4 Coupling beam/Slab/Wall connection

In a 4-noded fibre-based shear wall element, the nodes have no in-plane rotational
stiffness. Therefore, when connecting an element that represents a coupling beam or a
slab to a shear wall, the connection is pinned. To specify moment-resisting connections
between a wall and a beam or a slab, an embedded element in the wall is to be added to
the model as shown in Figure 2.17. The embedded element must have a very stiff
section in bending in the plane of the wall to provide a stiff connection between the wall
and the coupling beam or the slab. On the other hand, it should obtain very small axial,

torsional, and out-of-plane bending stiffnesses to avoid adding artificial stiffness to the

wall elements.
Imbedded beam elements
| L — i
(a) Wall-Frame Structure (b) Analysis Model

Stiff beam Moment release with stiffness

O\ I

(c) Possible Compound Component for Imbedded Beam

Figure 2.17. Imbedded element for coupling beam/slab-wall connection (after CSI, 2011)
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In reality, there may be significant local deformation where the coupling beam or the
slab connects to the wall. The rotational stiffness of the elastic connection component in
the embedded element can be selected to provide an appropriate amount of fixity. It is
worth noting that the degree of fixity between the coupling beams or the slabs and the
walls may have an impact on the overall elastic stiffness of the structure. However, after
the coupling beam or the slab yields, the amount of end fixity is expected to have little
effect. As an alternative, inelastic moment connection component rather than elastic
release component may be used with the embedded element so that the beam- or slab-

to-wall connection is nonlinear.

2.2.3.2 Material constitutive models

Given the Bernoulli beam assumption that plane section remains plane after
deformation, uniaxial stress-strain constitutive laws are sufficient to model the steel and
concrete materials of RC members with fibre-discretized cross-sections. The main
objective of seismic vulnerability assessment studies of high-rise RC buildings is to
evaluate the performance of the structure at different seismic hazard levels. This
necessitates the use of hysteretic models that incorporate all key properties of steel and
concrete materials contributing to demand estimation as the building approaches
collapse. Furthermore, NRHA models should be based on expected material properties
rather than minimum specified properties. The term “expected” refers to properties that
are characterised based on median values from a large population of materials. The

definition of a typical hysteretic model comprises three steps:

e A backbone curve, which is a force-deformation relation that sets the bounds
within which the hysteretic response of the member (component) is confined,

e A set of rules defining hysteretic behaviour between the bounds defined by the
backbone curves, and

e A set of rules defining various modes of degradation with reference to the
backbone curve. Degradation rules are based on the hysteretic energy

dissipation in the member (component) as it is subjected to cyclic loading.

The initial backbone curve defines the monotonically increasing deformation in the
material constitutive relation. Generally, the initial backbone curve is defined by the
following parameters: initial (elastic) stiffness, yield strength, post-capping stiffness,

strength cap and associated deformation, post-capping stiffness and deformation range,
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residual strength, and ultimate deformation. Figure 2.18 illustrates a typical formation
of an initial backbone curve. As necessitated, different properties can be assigned to the

curve in the positive and negative directions.
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Figure 2.18. Typical formation of an initial backbone curve for a material constitutive relation

Among the well-established hysteresis rules are those of linearised bilinear, peak
oriented, and pinched models. This does not preclude the more refined hysteresis
models such as multi-linear or curvilinear models (e.g. Bouc, 1967, Baber and Wen,
1981, Foliente, 1995, Carr, 2007) and the hysteresis model presented in PERFORM-3D
(CSI, 2011). Figure 2.19 illustrates some of the mentioned hysteresis models.
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Figure 2.19. Samples of hysteresis characteristics: (a) bilinear; (b) peak oriented; and (c¢) pinching
(after Medina and Krawinkler, 2003, Medina and Krawinkler, 2004)
The extent to which cyclic degradation is modelled will determine the calibration level
applied to the backbone curve. Degradation can be categorised into four modes
(PEER/ATC, 2010): (i) basic strength degradation; (ii) post-capping strength

degradation; (iii) unloading stiffness degradation; and (iv) accelerated reloading
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stiffness degradation. In RC structural members, deterioration can be the result of
several phenomena, among them is cracking/spalling/crushing of concrete,
buckling/fracture of rebars, bond-slip, and reduction in confinement. These four

degradation modes are presented in Figure 2.20 for a peak oriented model.
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Figure 2.20. Degradation modes illustrated for ;Opoesz:l)k oriented model (after Ibarra and Krawinkler,
With regard to confined concrete, many constitutive models have been developed over
the last fifty years. Some of these models are based on biaxial compression experiments
whereas others utilised the results of triaxial compression experiments to extended the
database on behaviour of concrete that can be utilised to develop confined concrete
models (e.g. Darwin and Pecknold, 1977, Elwi and Murray, 1979, Ottosen, 1979, Smith
et al., 1989, Madas and Elnashai, 1992, Xie et al., 1995, Attard and Setunge, 1996,
Imran and Pantazopoulou, 1996, Candappa et al., 2001, Lim et al., 2016, Moharrami
and Koutromanos, 2016, Xu and Wen, 2016, Jiang et al., 2017, Piscesa et al., 2017).

Other concrete models were developed based on experiments that involved concrete
confined with transverse steel reinforcement. Of the widely accepted models under this
category, Mander et al. (1988) proposed a constitutive relation for confined concrete
that incorporated the confinement effect provided by the transverse reinforcement,
assuming a constant confining pressure through the full stress-strain range. Improved
cyclic rules are later proposed to the Mander model by Martinez-Rueda and Elnashai
(1997). The confined concrete model of Chang and Mander (1994) emphasised on the
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transition of the stress-strain relation at the opening and closure of cracks. In this model,
the concrete in tension was modelled with cyclic behaviour. The model envelopes for
tension and compression have control on the slope at the origin as well as on the shape
of both pre-peak and post-peak zones of the stress-strain relation. Other examples of
transverse reinforcement-confined concrete are (Sheikh and Uzumeri, 1980, Scott et al.,
1982, Sheikh and Uzumeri, 1982).

For high-strength concrete, there are many confinement models proposed by researchers
(e.g. Fafitis and Shah, 1985, Yong et al., 1988, Bjerkeli et al., 1990, Nagashima et al.,
1992, Cusson and Paultre, 1993, Muguruma, 1993, Sun and Sakino, 1993, Li, 1994,
Ibrahim and MacGregor, 1996, Diniz and Frangopol, 1997, Kappos and Konstantinidis,
1999, Konstantinidis et al.,, 2007, Akiyama et al., 2010). The uniaxial, nonlinear
constant confinement constitutive for the high-strength concrete model of Kappos and
Konstantinidis (1999) has been embedded in some nonlinear analysis computer
packages such as SeismoStruct (SeismoSoft, 2019). In this model, the confinement
effect delivered by the transverse reinforcement were accounted for through the
modified Sheikh and Uzumeri factor (1982).

For steel reinforcement, among the widely used stress-strain models is the Menegotto-
Pinto relation (Menegotto and Pinto, 1973), coupled with isotropic hardening rules
introduced by Filippou et al. (1983). This model has been embedded in several research
software packages such as OpenSees (Mazzoni et al., 2006, McKenna and Fenves,
2006, McKenna, 2011), ZEUS-NL (Elnashai et al., 2012), and SeismoStruct
(SeismoSoft, 2019). Another commonly used model is the one proposed by Dodd and
Restrepo (1995). It accounts for the reduction in the unloading modulus with the plastic
strain, whereas the ultimate tensile strain reduction is taken exclusively as a function of

the maximum compressive strain.

In the present study, the modified Mander model (Martinez-Rueda and Elnashai, 1997)
and the Menegotto-Pinto relation (Menegotto and Pinto, 1973), coupled with isotropic
hardening rules proposed by Filippou et al. (1983) are utilised to present the stress-
strain relations of confined concrete and reinforcing steel, respectively. More details on

the used material models are given in CHAPTER 4.
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2.2.3.3 Damping

Damping is generally associated with the reduction in dynamic response due to energy
dissipation in the building. Depending on the physical contributors to damping, it can be
mathematically modelled in a variety of forms, including viscous damping, hysteretic
damping, or friction damping. Proper modelling of damping requires an appreciation for
its physical sources, and how these sources may vary in their contribution from one
building to another based on the building geometry and its dynamic characteristics. This
is especially true for tall buildings, where the structural systems, foundations, and non-
structural components can be quite different from those in conventional low- to mid-rise
construction. Damping in structures due to earthquake-induced motions can generally
be attributed to three main sources: (1) structural components; (2) nonstructural

components; and (3) the soil-structure interaction.

Viscous damping (also called inherent damping, initial elastic damping, or simply
elastic damping) in NRHA is necessary to account for damping prior to the onset of
hysteretic response (Priestley and Grant, 2005, Smyrou et al., 2011, Paulay and
Priestley, 2013). Some researchers (e.g. Priestley and Grant, 2005, Smyrou et al., 2011)
stated that viscous damping is not needed in the post-yield phase except during elastic
loading/unloading. Nevertheless, for certain constitutive relations that lead to vanishing
effective damping ratios at large amplitudes, some degree of viscous damping is
believed necessary to avoid unstable inelastic response computation (Luco and Lanzi,
2017a).

While the effect of damping in the linear stage of response is typically small except at
resonance condition, the mathematical modelling and details of viscous damping for the
inelastic stage have significant effects on the seismic response of high-rise buildings,
particularly, on the estimated damping forces in the equation of motion. Currently,
proper modelling and key parameters to represent viscous damping are still a topic of
argument between researchers. A number of different mathematical models involving
Rayleigh, Caughey, and modal viscous damping matrices based either on initial or
effective stiffnesses have been proposed. In the meantime, warnings about the
unintended problems that may be encountered from using (or misusing) these options
have been risen for the last three decades by a number of researchers (e.g. Chrisp, 1980,
Shing and Mahin, 1987, Léger and Dussault, 1992, Bernal, 1994, Carr, 1997, Hall,
1998, Carr, 2005, Hall, 2006, Carr, 2007, Charney, 2008, Ryan and Polanco, 2008,
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Zareian and Medina, 2010, Jehel et al., 2014, Hardyniec and Charney, 2015, Chopra
and McKenna, 2016a, Chopra and McKenna, 2016b, Hall, 2016). some studies
suggested to abandon altogether using conventional viscous damping model and replace
it with nonlinear hysteretic mechanism (e.g. Charney, 2008) or by a capped viscous
model (e.g. Hall, 1998, Hall, 2006, Hall, 2016). Other studies (e.g. Kausel, 2014)
recommended abandoning, when necessary, the classical or orthogonal damping matrix

assumption.

In the process of developing a damping model, two conflicting objectives must be
considered, these are: (1) arriving at a proper mechanical or physical representation of
the damping model while keeping the computational efficiency in mind; and (2)
respecting the limitation in experimental data available for damping of buildings at full
scale. Viscous damping in high-rise buildings represents a variety of damping sources
including internal friction in structural material, hysteresis response in nonstructural
elements, external friction between structural and nonstructural members, and radiation
into the surrounding soil. Mainly due to the computational convenience, viscous
damping models, in which nodal damping forces and nodal velocities are connected
together through a damping matrix, are ubiquitous. This is despite the extensive data on
material damping (Lazan, 1968) suggesting that linear hysteretic damping models
would be adequate for this particular damping component and that friction between
structural and nonstructural elements can be best represented by a Coulomb model
(Luco and Lanzi, 2017a). Strict obedience to the physical interpretation would
necessitate the assembly of the global damping matrix from the damping properties of
each of the structural elements in the building in correspondence to the process of
assembling the global stiffness matrix based on elastic and inelastic properties of the
structural elements. Notwithstanding the availability of damping information for
different structural members (e.g. Lazan, 1968), this approach is considered unrealistic,

and the damping matrix is conventionally formed on the bases of more global aspects.

The damping matrix is usually assumed orthogonal (classical), although this is not
necessary for step-by-step nonlinear analysis. This assumption enables continuity with
elastic analysis and taking advantage of experimental data that is usually presented in
the form of modal damping ratios. Orthogonal damping matrix is usually presented in
the form of Rayleigh damping (originally proposed by John W. Strutt, aka Lord
Rayleigh in 1877), Caughey damping (O'Kelly and Caughey, 1965), or modal damping
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(Wilson and Penzien, 1972). Again, for firm adherence to physical representation,
implying that damping forces at a given structural node should only be contingent on
the velocities at the adjacent nodes, limits the formation of classical damping matrix to
only a stiffness-proportional matrix and excludes the mass-proportional terms. The
choice of stiffness-proportional damping leads to modal damping ratios that increase
with frequency. This contradicts some of the experimental results as well as reduced
response in nonlinear analysis. Hall (1998, 2006) proposed a remedy to this issue
involving capping the nodal damping forces using certain rules. A comprehensive
discussion of Hall’s approach can be found in the studies of Chopra and McKenna
(20164, 2016b).

Lesser concerns to the physical representation of the terms forming the damping matrix
have emerged as a more promising approach. This approach focuses more on the global
aspects, such as a more proper frequency-dependency of modal damping ratios and the
elimination of unjustifiably large nodal damping forces. The said approach, supported
by Carr (2007), requires shifting away from the conventional Rayleigh damping to non-
banded damping matrices based on modal or Caughey damping approaches. Variation
of modal damping ratios with frequency can be more realistically achieved by the use of
either modal damping matrix (Carr, 2007, Chopra and McKenna, 2016a) or Caughey
model with optimised coefficients (Lanzi and Luco, 2017, Luco and Lanzi, 2017b).
These two mathematical models also allow for the exclusion of the mass-proportional
term from the damping matrix, a term which can lead to unrealistic results in high-rise
and base-isolated buildings (Hall, 2006, Ryan and Polanco, 2008). Furthermore, moving
beyond Rayleigh damping is also epitomised by the need to limit the spurious, large
damping forces at massless degrees of freedom identified by Bernal (1994). It was
concluded in the latter study that these large spurious damping forces can be eradicated
primarily by condensation of the massless nodes, and secondarily by the use of Caughey
damping series along with negative powers assigned to the stiffness matrix. It is noted
later that the modal damping matrix attains the same results (Carr, 2007, Chopra and
McKenna, 2016a). According to the study of Hall (2016), however, these strategies do

not eliminate all sources of spurious, large damping forces.

Another source of uncertainty in viscous damping modelling, independently of the
mathematical approach used in forming the damping matrix, is the need to decide
whether to use initial or tangent (degraded) stiffness in the formation of the damping
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matrix. Despite the increase of related experimental data (e.g. Takayanagi and
Schnobrich, 1979, Otani, 1980, Celebi, 1996, Satake et al., 2003, Rodriguez et al., 2006,
Petrini et al., 2008, Papagiannopoulos and Beskos, 2012), the issue has not been fully
settled. One of the reasons is the difficulty in distinguishing between the viscous
damping from the hysteretic damping associated with nonlinear response and the
contribution of SSI (e.g. Celebi, 1996). Most of the aforementioned experimental
studies, however, suggested that tangent stiffness-based damping models seem to fit the
experimental data better than those based on initial stiffness. Studies like the one by
Carr (2007) indicated that using tangent stiffness in the damping matrix is one of the
ways to compensate for the large damping forces resulting from a conventional
Rayleigh model. Other studies (e.g. Chopra and McKenna, 2016a), on the other hand,
have passionately argued for utilising initial stiffness in the damping matrix. Some
research structural analysis packages allow for using tangent stiffness in the formation
of the damping matrix while others neither allow nor recommend it (Charney, 2008). It
is worth mentioning that the PERFORM-3D (CSI, 2011) commercial nonlinear analysis
package gives no allowance for using the tangent stiffness in modelling the viscous

damping.

Studies involving damping of higher modes of vibration in high-rise buildings are
limited. Yokoo and Akiyama (1972) gathered damping data from a total of 17, 4 to 40-
storey steel and RC buildings. It was concluded that damping ratios from higher modes
were larger than those associated with the fundamental mode. The results, however,
were insufficient to draw the overall frequency-damping ratio trend. Hart and
Vasudevan (1975) utilised the accelerograms recorded during the 1971 San Fernando
earthquake to study the damping ratio of 12 instrumented buildings using the amplitude
of the roof-to-basement transfer function at modal frequencies. No substantial
differences were found between the damping ratio of higher modes and those of the first
mode. The results of this study were the base of several others that recommended using
the same damping ratio for all modes of vibration (e.g. O'Rourke, 1976, Chopra, 2016).
Cruz and Miranda (2017) highlighted that the method used in the study of Hart and
Vasudevan (1975) produces systematic bias toward damping overestimation, similar to
the half-power bandwidth method, therefore not reliable in estimating damping of
structures. Specifically, Stagner (1972) concluded that many factors (such as spectral
frequency resolution, noise, Fourier amplitude spectrum smoothing, and zero paddings)

affect the shape and amplitudes of the peaks in the transform functions thus influencing
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the damping computation. The same conclusion was drawn by several other studies (e.g.
Jeary, 1986, Anderson et al., 1991, Miranda, 1992), that is the use of the half-power
bandwidth or the peak of the transfer function method renders the computed damping

ratio systematically overestimated.

In the study of O'Rourke (1976), damping data reported by eight investigations were
analysed. Most of the data came from ambient and forced vibrations, with some from
the 1971 San Fernando earthquake. The study revealed that in 61% of the cases, the
damping ratio associated with the second mode was higher than the one associated with
the fundamental mode and that the damping ratio allied to the third mode was higher
than the one to the second in 53% of the cases. Kareem (1981) suggested a stiffness-
proportional equation to calculate the modal damping using a normalised frequency
ratio. The proposed equation was tested by Kareem and Gurley (1996) against new
experimental data from Tamura et al. (1994) and other sources. Satake et al. (2003)
investigated the damping ratio of 205 buildings in Japan. The study concluded that the
damping ratio increases with frequency in different rates according to the material
forming the structural system of the building. For RC buildings, the proposed increase

rate is & = 1.4E,_,, where §; is the damping ratio of the i-th mode. Recently, a similar

-1’
study was conducted by Cruz and Miranda (2017). This time, a total of 24 buildings in
the range of 7 to 54 storeys, located in California, USA, were the studied material,

where 119 seismic response recorded during 46 earthquake events are investigated. The

proposed equation for the mean damping ratio of higher modes is: & =&, [1+

y(ff—‘ — 1)] where &, is the damping ratio for the i-th mode, ¢; is the damping ratio at
1

the first mode, f; is the frequency of the i-th mode, f; is the frequency of the first mode,

and y can be taken as 1.2 for RC buildings.

For the viscous damping ratios to be used in NRHA of high-rise RC buildings, scattered
values, in the range of 0.75% to 2.5%, have been proposed in different seismic
guidelines and previous studies (e.g. CTBUH, 2008, PEER, 2010, Mwafy, 2012a). It is
important to keep in mind, as discussed earlier, that the value of the damping ratio to be
used is largely affected by the analysis method and the adopted damping matrix
properties. Different analysis methods (i.e. elastic response spectrum analysis, elastic
response history analysis, and nonlinear response history analysis) necessitate a

different range of viscous damping ratios. A key aspect of defining a proper viscous
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damping ratio is the stiffness assumed in the model of the structure. The 5%, commonly
adopted in code seismic provisions (e.g. ASCE/SEI-7, 2017) when using the elastic
analysis corresponds to secant stiffness conditions at yield. The same ratio (5%) was
adopted by Priestley (1993, 1999) using the displacement-based design method in
which secant stiffness at target (design) displacement was utilised. On the other hand,
when NRHA accompanied with fibre-based models are adopted, either initial or tangent
(degraded) stiffness is used in the formation of the damping matrix. The initial stiffness-
proportional damping, adopted in the current study, assumes initially uncracked
concrete and hence the model would only match dynamic test results if very low

viscous damping ratio is assumed.

This considerable scattering in the experimental damping data is highlighted by the
study of Smith and Willford (2007) which was based on the damping data of tall
buildings gathered from the work of different researchers (Figure 2.21). The figure
depicts that for RC buildings with 100m height, for instance, an elastic damping ratio of
approximately 1% is measured with the damping value decreases as the building height

increases.
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Figure 2.21. Measured damping ratio for a number of high-rise buildings (after Smith and
Willford, 2007)
The shake table testing program of a full-scale 7-storey RC wall building conducted by
Panagiotou et al. (2007a, 2007b, 2010) at the University of California, San Diego stands
as a great opportunity to investigate the appropriate viscous damping values to be used
in nonlinear simulation of the test structure and accordingly for RC wall buildings. The
estimated viscous dumping ratios by those researchers were in the range of 0.3% to

1.0%, using different mathematical damping models and damping matrix properties
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(e.g. Panagiotou and Restrepo, 2006, Martinelli and Filippou, 2009, Waugh and
Sritharan, 2010).

2.2.3.4 Numerical solution

Nonlinear analysis of earthquake-excited structures requires the use of robust and
efficient computational methods to accurately estimate the demands and response.
Compared to linear static or linear dynamic problems, the solution of the nonlinear
dynamic equation of motion involves numerical difficulties and demands that increase
the computational effort. In the second half of the last century, the solution of highly
nonlinear problems went through significant progress by developing several robust
solution algorithms These algorithms have the capability to trace equilibrium paths of
nonlinear problems that involve limit points in the type of snap-through and snap-back.
When examining the seismic response of buildings, the equilibrium path usually
consists of an upper limit point (snap-through) followed by a post-yield branch of often
a negative slope (snap-back). The softening is usually the result of material constitutive

relations or other sources such as connection fracture in steel buildings.

Nonlinear response history analysis is considered the most realistic method of analysis
and often provides a reference to other analysis methods (linear dynamic, linear static,
and nonlinear static). On the other hand, it is the analysis method with the most time-
consuming and computational effort. Although Newton-Raphson is still needed in every
time step, the computational treatment of nonlinearities using the NRHA method is less
problematic considering the favourable effect of the mass term in the stiffness matrix. In
the seismic analysis, implicit integration algorithms, such as the Newmark integration
(Newmark, 1959) and the Hilber-Hughes-Taylor integration (Hilber et al., 1977), are
almost always preferred. These algorithms allow relatively large time step in the
inelastic stage, especially when the building response is dominated by the first or few
modes of vibration. Given that ground motion accelerograms are classically discretized
in time steps of 0.005 or 0.01 seconds, using an explicit integration scheme that

demands a very dense time step for stability assurance would be inefficient.

The achievement of a stable, accurate, and solution convergence in NRHA is always a
big challenge that requires a great amount of knowledge and judgment. Slow
convergence or even divergence of the solution to the equation of motion is commonly

encountered for this kind of problems (Bathe and Cimento, 1980). Divergence is
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normally taking place when softening/stiffening of the force-deformation relation
occurs. One of the solutions to this problem is to restart the analysis from the last
converged time step using a smaller time step. Another solution is to use more refined
energy-conserving integration algorithms (e.g. Armero, 2006). The solution algorithms,
integration schemes, and divergence treatment employed in the present work are
detailed in CHAPTER 3.

2.2.3.5 Model verification

For RC high-rise wall buildings, NRHA is the most suitable analysis method for
predicting building response at different levels of ground motion intensity. The
accuracy of the nonlinear model is assessed by its capability of capturing the significant
modes of failure from within the elastic and inelastic building response. Various aspects
of nonlinear modelling, such as element discretisation, material constitutive laws, and
assumptions on modelling of viscous damping, are essential in defining the level of
accuracy a model can have in predicting the seismic response of the structure both at

global and local levels.

The high cost and lack of facilities render shake table full or large-scale testing
programs of wall structures that can be used for model verification process very limited
(e.g. Panagiotou et al., 2007a, Panagiotou et al., 2007b, Nagae et al., 2011).
Consequently, most of the conducted testing programs involve isolated wall elements or
coupled walls system (e.g. Ji et al., 2007a, Wallace, 2007, Beyer et al., 2008, Wallace
and Moehle, 2012, Lehman et al., 2013). Hence, there is still a need for a verified
nonlinear modelling approach which is essential for assessing the seismic vulnerability
and estimating the seismic risk of such structures (Ji et al., 2007a, Martinelli and
Filippou, 2009, PEER/ATC, 2010).

Different nonlinear analysis computer packages offer different modelling approaches in
terms of element discretisation, material models, damping, and mass representation.
Therefore, it is essential to investigate various modelling approaches in order to
understand the consequences of using one analytical tool over. In the present work, a
comprehensive MLNMVS is presented in CHAPTER 3.
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2.2.4 Soil-Structure Interaction

The structural response of a building to earthquake ground shaking is the result of the
interaction between three interrelated systems: the structure, the foundation, and the
surrounding/underlying soil (e.g. FEMA, 2015). The collective response of these
systems to given free-field ground motion is evaluated using Soil-Foundation-Structure
Interaction (SFSI) analysis or simply referred to as SSI analysis. Conventionally,
engineering practice ignores the SSI effects when evaluating the seismic response of
buildings based on the perception that inclusion of SSI effects will reduce the demands
on the structure, therefore, ignoring it will lead to a conservative analysis and design.
However, previous studies have shown that this is not always the case (e.g. Givens,
2013). Furthermore, conventional engineering practice is force-based, normally
intending to achieve a single performance (life safety). Seismic vulnerability assessment
of buildings, on the other hand, is a performance-based approach where the evaluation
of the building response under increasing seismic intensities is intended. Therefore,
depending on the characteristics of the building, the foundation, and the
surrounding/underlying geological media, the consideration of SSI may be important for
a reliable seismic vulnerability assessment of buildings.

2.2.4.1 SSI effects on the performance of mid- and high-rise buildings under
past earthquakes

The seismic performance of mid- and high-rise buildings (normally pile-supported)
under past earthquakes is a good illustration of the SSI effects. A summary of varying
studies on past earthquakes-induced damage on pile-supported mid- and high-rise
buildings is given by (Meymand, 1998). The main outcomes of this study are briefly
presented hereafter.

The 7.3M, 1964 Niigata (Japan) earthquake had caused liquefaction-related damage and
failures to a widespread of pile-supported buildings. The damage modes in those
buildings include losing of pile bearing capacity, broken piles, and differential
settlement of buildings.

The 8.1M, 1985 Mexico City (Mexico) earthquake, triggered over 400 km away from
the city centre, caused enormous damage to the mid- and high-rise buildings in the Lake
Zone of the city as a result of convergence site response factors. The travelling distance

along with the deep soft clay deposits in the Lake Zone had effectively filtered the
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seismic waves to a long period motion in the range of approximately 2 seconds. This
amplified long period motion came into resonance with many buildings of similar
fundamental period, resulting in different modes of failure in these buildings including

failure of piles, large settlement, and tilting (Girault, 1986, Mendoza and Romo, 1989).

Another example of SSI effects on mid- and high-rise buildings is the damage observed
due to the 7.2M, 1995 Kobe (Japan) earthquake. The ground-shaking duration of this
earthquake was 20 seconds, causing over 5500 casualties and more than 200,000
damaged housing units. Studies on damage patterns caused by the Kobe earthquake
have recognised different failure modes including separation between piles and pile
caps, damage of or near the pile head and at deeper levels of piles, and settlement/tilting
of buildings (Mizuno et al., 1996, Tokimatsu et al., 1998, Hayashi and Takahashi,
2004).

The last example presented in this literature review is the 7.6M, 1999 Chi-Chi (Taiwan)
earthquake and its subsequent aftershocks, four of them with a magnitude of larger than
6.5. This catastrophic event had induced heavy damage in the centre counties of Nantou,
Yunlin, and Taichung. Losses presented in over 2,400 dead, over 10,000 injured, and
around 15,000 buildings either completely destroyed or seriously damaged. Many of the
mid- and high-rise buildings were settled or even collapsed during the temporary loss in
foundation soil strength due to the earthquake-induced widespread liquefaction
problems. This was despite the deep raft foundation or raft foundation with large

diameter piles commonly found in this class of buildings in Taiwan (Hsieh, 2000).

The aforementioned examples emphasise the significance of the SSI effects when
assessing the vulnerability of high-rise buildings in regions prone to liquefaction and

other problems associated with soft underlying soil.

2.2.4.2 Overview of SSI

In the definition of SSI analysis, the term free-field refers to a ground motion that is not
affected by the vibration of the structure or the waves scattering around and or at the
foundation. In the theoretical scenario of a rigid foundation supported on a rigid soil
(rigid base condition), SSI effects do not exist. Hence, SSI accounts for the difference
between the structure actual response and the theoretical response of the rigid base
condition. SSI effects can be classified into three components (e.g. NEHRP, 2012,
FEMA, 2015): (1) inertial interaction effects; (ii) kinematic interaction effects; and (iii)
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soil-foundation flexibility effects. The first to introduce the terms inertial and kinematic

interaction was Robert Whitman in 1975 (Kausel, 2010). Engineering-wise, these three

components are related to the following parameters and or actions:

Inertial interaction effects: in a vibrating structure, the developed inertia causes
moment, torsion, and base shear. These demands produce displacements and
rotation at the soil-foundation interface as a consequence of the flexibility in the
soil-foundation system. Furthermore, these displacements cause energy
dissipation in the form of radiation damping and hysteretic soil damping
(material damping). These inertial interaction effects, called so since they are
rooted in structural inertia, can significantly affect overall system flexibility and
damping.

Kinematic interaction effects: A free-field ground motion can vary from a
foundation input motion due to: (1) base slab averaging related to foundation
geometry, wave scattering, and embedment effects in the absence of the
structure inertial response; and (2) relative rotations and displacements between
the foundation system and the free-field allied with the foundation and structure
inertia.

Foundation deformation effects: The structural foundation elements are
subjected to axial, flexural, and shear deformations as a result of displacements
and forces induced by the superstructure and the surrounding/underlying soil.
These demands, of which the foundation elements should be designed, could be

important, especially in flexible foundation systems such as piles.

The analysis approaches that can be utilised to evaluate the SSI effects can be classified
as direct, substructure, and hybrid (NEHRP, 2012, Givens, 2013). In the direct

approach, the soil and structure are analysed as a complete system by including them in

the same model. In the substructure approach, the problem is divided into discrete parts

that are eventually combined to form the complete solution. In the hybrid approach, the

former two approaches are used in a combination. The concepts behind these three

approaches are given hereafter.
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2.2.4.3 Literature on the SSI effects in high-rises and wall buildings

The effects of the SSI on high-rises and wall buildings were the subject of several
studies in the last half-century or so. A brief presentation of some of these studies is

given hereafter.

Ukaji (1975) studied the SSI effects on mid- and high-rise buildings during earthquakes
using a two-dimensional coupled model. Studying the response of three buildings (5,
10, and 20-storey), he investigated the effects of soil properties, soil depth, ground
motion characteristics, building characteristics, and foundation system properties among
other parameters. The study concluded that when the natural period ratio between the
underlying soil and the building is unity, the base shear tends to maximum for a given
soil damping ratio and that base shear value decreases when soil damping increases. It
was also concluded that the best approach for the study of the ground motion effect
should be statistical-based since the results of the base shear amplification factor from
the three past earthquakes considered in the study were widely scattered without any
sort of correlation. As far as flexible structures are concerned (such as most of the high-
rise buildings), the study revealed that the response of the foundation system and the
soil deposit to the bed-rock motion is almost independent of the building characteristics.

Using the substructure approach, Han and Cathro (1997) analysed a pile-supported, 20-
storey building under different scenarios: rigid base, linear soil-foundation system, and
nonlinear soil-foundation system. The conclusions of the study were: (1) the seismic
behaviour of pile-supported high-rise buildings is different from those with rigid base or
shallow foundation; (2) the effects of the SSI on pile-supported high-rises is complex,
therefore the substructure approach is a realistic method of analysis; (3) the nonlinear
response of a pile foundation system can be approximately considered by a boundary
zone model with non-reflective interface; and (4) for the seismic response of high-rise
buildings, the group effect and nonlinearity of pile-soil-pile interaction are important

factors.

Shiming and Gang (1998) used the substructure analysis approach to present a three-
dimensional SSI and corresponding analysis software. The analyses were conducted on
a 12-storey building with two types of structural systems (frame and frame-wall) and
two types of foundations (raft with and without piles). Some of the conclusions drawn
from the study were: (1) the building natural period of each mode with SSI is greater in
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varying percentage than that without SSI. The softer the soil and the stiffer the structure,
the greater is the increase in the natural period of the system; (2) the increase in natural
period is smaller for a pile-supported foundation than that without piles; and (3) the
seismic response of high-rise buildings considering the SSI effects depend on the soil

stiffness, foundation type, and spectral characteristics of the input motion.

Inaba et al. (2000) investigated the nonlinear response of the NTT Kobe Ekimae
building and the surface soil in the site including the SSI during the 1995 Kobe
earthquake. The building, built in 1972, is a steel-RC frame structure with a total of 11
storeys (8 above ground and 3 subterranean levels) with a raft foundation. In this study,
two-dimensional finite element method was used to model the soil and the building. The
base of the building was set as a stiff basement in the model, whereas the boundary
surface was modelled as viscous. Among the conclusions of the study are: (1)
significant nonlinearity of the soil deposit occurred at the foundation corner for both
vertical compressive and shear stress-strain; (2) the maximum displacement due to
foundation rocking observed at the top floor of the building was in the range of 15-18%

of the total displacement.

Hayashi and Takahashi (2004) studied the raft foundation uplift and the separation
between the underground exterior walls and soil through the modelling of a 9-storey
building under the 1995 Kobe earthquake using 2-dimensional finite element approach.
Linear springs were used to model the building, while equivalent linear and viscous
models were adopted to simulate the soil and the boundary surface, respectively. The
study revealed that the rotation of the raft foundation significantly increased in the uplift
case. Hence, inter-storey drifts in the building reduced with the increases of the
foundation rotational angle. The results estimated that the uplifting effect could be the
main reason why high-rise buildings in the affected area rarely suffered structural
damage during the Kobe earthquake.

In the study of Nghiem (2009), one of the main objectives was to investigate the SSI
effect on acceleration, top displacement, and base shear of high-rise buildings under
strong ground motions. In this study, SSI3D computer code was developed to
investigate the seismic response of two 20-storey hypothetical buildings and one 30-
storey actual (existing) building. The first hypothetical structure was a 75.6m tall RC
office building with a lateral force-resisting system comprised of RC shear walls and
moment frames. The second hypothetical structure was an 82.2m tall office tower with a
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perimeter steel moment frame representing the lateral force-resisting system. The
existing Y-shaped, 30-storey building (total height was not stated in the study)
comprised of RC ductile moment frames with RC shear walls presented in the central
core. All three building were supported by deep piles with raft or pile caps. Different
site conditions and soil profiles were considered in the analyses of the above-mentioned
buildings including reclaimed soil, weathered bed-rock underlying surficial clayey silts
and sands, and very stiff-to-hard sandy clays and silty sand. Different modelling
approaches were employed to reflect the way SSI effects were included. These are rigid
base, flexible base with linear foundation springs, flexible base with linear soil, flexible
base with nonlinear foundation springs, and flexible base with nonlinear soil. With
numerous analyses conducted on the three reference buildings, the study concluded that
the inclusion of the SSI effects increases the building base flexibility and hence

increases the building natural period and decreases the base shear.

Tang (2009) assessed the SSI effects on the response of shear wall structures using two-
and three-dimensional analyses with pulse motion as input. In this study, the SSI effects
on shear wall structures were investigated by conducting probabilistic seismic demand
analyses with the nonlinear hysteretic behaviour of the foundations and the shear walls.
The study results indicated that although a number of discrete cases exist where SSI
increases the structural response, in general, the inclusion of the SSI effects tends to

lower the vulnerability of shear walls and hence shear wall structures.

Givens (2013) investigated the SSI effects on a 13-storey RC moment frame building
with 2-basement levels and a 10-storey RC wall building with no basements. The
foundation system comprised bored piles, grade beams, and pile caps for the former
building, whereas the foundation system for the latter building contained spread footing,
drilled piles, and raft elements. The substructure approach was utilised to perform the
SSl analysis in this study considering different model configurations (three-dimensional
baseline model; flexible structure with rigid basement/soil model; flexible
structure/basement with rigid soil model; flexible structure/basement/soil model; and
bathtub model). In the bathtub approach, vertical and horizontal soil springs are used to
support the subterranean floors with these springs fixed at their ends to a rigid bathtub.
The bathtub is excited with either a horizontal FIM or a FFM. The conclusion of the
study was that the bathtub model provides a good estimation of the superstructure
response given the baseline model as a reference. In general, the study suggested that
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the substructure approach is practical to incorporate the SSI effects into realistic
response history analyses of buildings. Several other studies had similar conclusions to
the ones discussed above (e.g. Tang and Zhang, 2011, Balkaya et al., 2012, NEHRP,
2012, Pitilakis et al., 2014).

In the study of Li et al. (2014), the substructure approach is utilised to investigate the
influence of the SSI on the seismic resistance of supper tall structures with the Shanghai
Tower (632m total height) as a study building. A refined Finite Element model of the
superstructure along with a simplified model of the foundation and the surrounding soil
are created to collapse process and modes of failure of the tower considering the SSI
effect. The study main conclusions were: (i) the SSI effect extends the periods of the
lower order modes of vibration, particularly the 1% mode period, while the effect has a
minor impact on the translational modal shape vectors; (ii) the SSI effect improves the
collapse resistance capacity by increasing the collapse margin ratio; and (iii) under
extremely strong earthquakes, the SSI effect has some impact on the failure sequence of

the study building but a negligible impact on the final failure modes.

Lu et al. (2016) conducted a parametric study to investigate the seismic performance of
multi-storey shear wall buildings (1, 5, 10, 15, and 20-storey) considering SSI. The
investigated structures were subjected to 3-sets of synthetic spectrum-compatible
earthquakes. Among the investigated parameters were site condition, soil stiffness,
design lateral load pattern, fundamental period, structure slenderness ratio, and the
number of storeys. The results indicated that, generally, SSI may reduce the strength
and ductility demands of mid- and high-rise buildings up to 60%., especially those with

low ductility demands.

In the study of Bagheri et al. (2018), Soil-Pile-Structure Interaction (SPSI) effect was
investigated on two 15- and 30-story moment-resisting steel frame buildings with total
heights of 45 and 90 m, respectively. Numerical analyses were performed to investigate
the different factors affecting seismic response, including building configuration, pile
length, building height, and input ground motion characteristics. The structural and soil
elements were modelled as inelastic and elastic-plastic continuum materials. Among
other findings by the study, SPSI was found to have a favourable effect in reducing the
amount and trend of shear forces in the superstructure. The reduction level is found to

be influenced by the pile diameter, length, and configuration.
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Considering the very dense (or stiff) soil and soft rock underlying deposits of Dubai’s
sites (the case study region in the current work), liquefaction and or other soft
underlying soil-associated problems are unlikely to be encountered. When consulting
the above-detailed literature, the SSI is likely to have insignificant adverse if not
favourable effects on the seismic response of the study case buildings in the present
work, namely: (i) extending the fundamental period of the structure (Shiming and Gang,
1998, Nghiem, 2009, Li et al., 2014); (ii) reducing base shear and hence storey shear
(Nghiem, 2009, Bagheri et al., 2018); (iii) reducing inter-storey drift due to the
foundation system rotation (Hayashi and Takahashi, 2004); and (iv) reducing strength
and ductility demands in the lateral force-resisting system hence reducing the
vulnerability and improving the collapse resistance capacity of shear walls and shear
wall structures (Tang, 2009, Li et al., 2014, Lu et al., 2016). It is worth noting that SSI
effect on buildings response is a huge field of ongoing research, normally handled as a
main topic in post-graduate researches where the full time of the study is dedicated to
the topic. Moreover, investigating the effect of SSI on building response would require
the use of special analytical software with features that allow for proper and realistic
modelling of all involved components (i.e. superstructure, foundation, and soil). The
PERFORM-3D commercial package utilised in the present work, despite its
advancement in the nonlinear fibre-based modelling of the superstructure, has very
limited capabilities in modelling the stiffness and damping of the surrounding soil.
Taking all the above arguments into account, it is decided not to include the SSI effects
in the current work. Meantime, it is recommended for future work to investigate these
effects on the seismic vulnerability assessment of RC high-rise wall structures located

in areas with less favourable site conditions.

2.2.5 Uncertainty modelling

For the development of reliable fragility relations, it is essential to account for the
uncertainties in the seismic demands and the system capacity. Some of these
uncertainties are inherently random (aleatoric) while others are due to errors arising
from lack of knowledge (epistemic), (Wen et al., 2003). Typically, simulation methods
such as the Monte Carlo and the Latin Hypercube are used to account for demand and
capacity uncertainties. However, for large structures such as high-rise buildings,
applying these techniques renders a large number of computationally demanding

NRHAs. Hence, it is more efficient to focus on the uncertainty sources that impact the
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probabilistic response, while consulting previous studies in estimating the influence of
others. Uncertainties in the seismic demands and the system capacity, forming the
collapsing chart for the “Uncertainty” component in the IPO model (Figure 2.22), are

briefly discussed hereafter.
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Figure 2.22. Collapsing chart for the “Uncertainty” component in the IPO model
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2.2.5.1 Uncertainty in the seismic demand

Two main sources can be identified for the seismic demand uncertainty: (i) input

motions; and (i) building response. These two sources are briefly discussed hereafter.
2.2.5.1.1 Input motions

Among all other demand and capacity uncertainties, the input motion characteristics
have the most significant impact on the fragility curves (Elnashai and Izzuddin, 1993b,
Wen et al., 2003, Wen et al., 2004, Kwon and Elnashai, 2006, Soltangharaei et al.,
2016, Abdelnaby, 2018). A wide range of frequency content and seismic energy levels
must be included in the selection of the input motions in order to account for this source
of uncertainty in the vulnerability assessment of high-rise buildings. To achieve that, the
combination of the following three main parameters is to be considered (e.g. Kwon and
Elnashai, 2006, Mwafy et al., 2006, Mwafy, 2012a):

e Source mechanisms: Frequency content and inherent energy are controlled by

random source mechanisms,

e Path: Different paths of wave propagation lead to different attenuation effects,

and
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¢ Site condition: The seismic response can be amplified or mitigated as a result of

the soil interference at the site.

In the present study, the above-mentioned parameters are considered in the selection of
a total of 40 seismic scenario-based input ground motions (two sets of 20 records each).

More insight on the record selection criteria is given in Section 2.2.2 and CHAPTER 4.
2.2.5.1.2 Building response

Accounting for the uncertainty associated with the building response to seismic
excitations is a challenging task, especially in the case of high-rise structures when the
response can be highly inelastic. The most effective approach to deal with this source of
uncertainty is to use the NRHA method to predict the response. Probabilistic structural
demands can be attained using sampling techniques. Alternatively, regression analyses
with the best fit power-law expression (Vamvatsikos and Cornell, 2002, Luco and
Cornell, 2007) through MRIDAs can be employed to establish functional relations
between the adopted IM and DM.

In the present study, the method of analysis and the approach used to estimate the
probabilistic structural demands in the reference building are the most effective for
deriving fragility relations for high-rise structures, which intern contribute to the

reduction of the uncertainty in seismic demands.

2.2.5.2 Uncertainty in the system capacity

Uncertainty in the system capacity can be traced back to three main sources: (i) material
properties; (if) member capacity; and (iii) performance criteria. These sources are
briefly discussed hereafter.

2.2.5.2.1 Material properties

The strength of reinforcing steel and concrete is inherently variable. However, when
compared to the variability of ground motions, the uncertainty associated to the material
properties is proven to have little impact on the structural response with even lesser
impact at high ground motion intensities (e.g. Kappos, 1986, Kappos and Penelis, 1986,
Wen et al.,, 2003, Kwon and Elnashai, 2006, Mwafy et al., 2015b). Accordingly,
material properties are considered deterministic in the present study, set to their mean

(expected) values.
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2.2.5.2.2 Member capacity

The capacity of a structural member is the maximum force or deformation that the
member can endure before reaching a predefined damage state. The main keys
controlling the member capacity are the modelling approach of the member

component(s) and the force-deformation relation assigned to the member materials.

In the present study, the uncertainty in the member capacity is accounted for by
adopting the fibre-based modelling approach along with force-deformation material
relations that incorporate hysteresis rules as well as strength and stiffness degradation.
The adopted modelling approach and modelling key parameters are verified against
shake table experimental results from a full-scale 7-storey RC wall building (Panagiotou
et al., 2007a, Panagiotou et al., 2007b, Panagiotou et al., 2010). More details on the

verification process are given in CHAPTER 3.
2.2.5.2.3 Performance criteria

The damage states and the global DM to be used in the definition of the performance
limit states for the structure of interest can be considered as one of the sources of
uncertainty in assessing the seismic vulnerability. The uncertainty level, therefore,
varies according to the attention given to the selection and definition of the local Dls
and the global DM.

In the present study, the uncertainty in the performance criteria is accounted for by the
definition and selection of seven local DIs for the reference building. These Dls are
examined, mapped, and correlated to one another. Additionally, a new global DM is
proposed to be used in defining the performance criteria and in the development of the

vulnerability relations. More details on this topic are given in CHAPTER 5.

2.2.6 Demands

Given that NRHA is the most suitable method of analysis available for high-rise
buildings, MRIDA has been emerged and evolved during the past four decades to
become the most preferred method for thoroughly estimating the structural demands
(response) of a building under seismic loads. The method involves applying multiple
input ground motions to a structural model, each of which is scaled to multiple intensity
levels, hence producing multiple response curves, parameterized against a predefined

intensity level.
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The MRIDA approach has been introduced as early as 1977 by Bertero (1977) and has
been implemented in many studies related to the performance-based design and the
vulnerability assessment of buildings and bridges (e.g. Kappos, 1990, Nassar, 1992,
Bazzurro and Cornell, 1994a, Bazzurro and Cornell, 1994b, Luco and Cornell, 1998, De
Matteis et al., 2000, Dubina et al., 2000, Luco and Cornell, 2000, Mehanny and
Deierlein, 2000, Psycharis et al., 2000, Kappos, 2001, Mwafy and Elnashai, 2001,
Vamvatsikos and Cornell, 2002, Kappos et al., 2004, Vamvatsikos and Cornell, 2004a,
Vamvatsikos and Cornell, 2004b, Vamvatsikos and Cornell, 2005b, Kappos et al., 2006,
Vamvatsikos and Cornell, 2006, Ji et al., 2007a, Ji et al., 2009, Kappos and
Panagopoulos, 2010, Mwafy, 2012a, Mwafy et al., 2015a, Soltangharaei et al., 2016,
Khorami et al., 2017, Mwafy and Khalifa, 2017, Stefanidou and Kappos, 2017). The
concept has also been implemented in the U.S. Federal Emergency Management
Agency (FEMA) and the American Society of Civil Engineers (ASCE) documents as
the state-of-the-art method to estimate the global collapse capacity of buildings (e.g.
FEMA, 2015, ASCE/SEI-41, 2017).

2.2.6.1 Multi-Record Incremental Dynamic Analysis (MRIDA)

To construct MRIDA curves that can sufficiently and efficiently reflect the variable
status of the building response to different earthquake records with increasing
intensities, three parameters are to be defined: (i) IM; (ii) DM; and (iii) scaling
algorithm. These parameters, forming the collapsing chart for the “Demands”

component in the IPO model (Figure 2.23), are briefly discussed hereafter.
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Figure 2.23. Collapsing chart for the “Demands” component in the IPO model
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2.2.6.1.1 Intensity Measure (IM)

The IM, as defined in Section 2.1, is a non-negative scalar (or vector) that constitutes a
function of the scaled accelerogram. It refers to the unscaled accelerogram and is

increasing or decreasing monotonically with a predefined scaling algorithm.

In the past, PGA used to be the most preferred intensity measure. In recent years,
however, the elastic spectral acceleration at the fundamental period of the structure,
Sa(T1) or S, in short, has been found to be more efficient, since it is structure-dependent,
and became a frequently used intensity measure for short buildings. However, S, is
shown to be neither efficient nor sufficient to be used with tall buildings (Shome, 1999,
Vamvatsikos and Cornell, 2002) and for structures subjected to near-source earthquakes
(Luco and Cornell, 2007). Other intensity measures have been proposed in the literature
to overcome the major shortcomings of S;, namely discounting the contribution of the
higher modes and fundamental period lengthening of the structure associated with
stiffness degradation (Shome, 1999, Carballo and Cornel, 2000, Cordova et al., 2000).

New approaches have led to other kinds of intensity measures such as inelastic spectral
value-based scalar intensity measures (e.g. Luco and Cornell, 2007) and vector-valued
intensity measures (Bazzurro and Cornell, 2002, Conte et al., 2003, Baker and Cornell,
2005). These approaches, although promising, are not easy to apply since they require
probabilistic seismic hazard assessment based on custom-made attenuation laws to
obtain the joint hazard curve. In the present study, a new scalar intensity measure
termed spectral acceleration at weighted-average period Sawa), IS proposed. More insight
about this IM is given in CHAPTER 5.

2.2.6.1.2 Damage Measure (DM)

The DM, as defined in Section 2.1, is a structural state variable represented by a non-
negative scalar that signifies the additional response of the structural model as a result
of a predefined seismic loading. In other words, a DM is a quantitative parameter that

forms a part of the output of the corresponding NRHA.

Different DMs can be selected depending on the application and the assessed structure
itself. They can be categorised as: (i) demand-based; (ii) deformation-based; (iii) force-
based; (iv) energy-based; and (v) stability-based. For the structural damage of buildings,
the deformation-based maximum total peak inter-storey drift is a strong DM candidate.
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It is found to well relate to the member rotation and both local and global storey
collapse. Hence, this DM is adopted in many loss estimation programs such as HAZUS
(FEMA, 2019, Kircher et al., 2006), seismic code provisions (e.g. PEER/ATC, 2010,
FEMA, 2015, ASCE/SEI-41, 2017), and previous studies (e.g. Vamvatsikos and
Cornell, 2002, 2004a, Mwafy, 2012a, Yamin et al., 2017). For high-rise buildings,
however, the maximum net (effective) peak inter-storey drift, accounting for the rigid
body motion effects, is argued to be a more reliable DM (e.g. Ji et al., 2009). More
insight on this DM is given in CHAPTER 5.

2.2.6.1.3 Scaling algorithm

Performing a MRIDA can be quite intensive in terms of computational efforts and
resources. Although an almost continuous representation of the IDA curves is preferred,
the high cost associated with each NRHA run for a high-rise building necessitates the
employment of a scaling algorithm. As defined in Section 2.1, scaling algorithm is an
algorithm intended to select an optimum grid of distinct intensity measure values that
will deliver the desired coverage of the building seismic response with the objectives of
achieving a minimum number of runs, high demand resolution, and high capacity
resolution. In a MRIDA study, a different scaling algorithm can be designed for each
record set separately. The results obtained from the first record in the set can be utilised
to define the scaling algorithm to be used on the rest of the records in that set. The
simplest form of scaling algorithms is the so-called stepping algorithm, where a
constant step is adopted to increase the IM from zero to collapse level. The end result is
IM-uniformly spaced grid of points where only a pre-defined step value and a run-
stopping rule are required. The quality of this type of scaling algorithm is principally
dependent on the selected IM step. A version of this form is detailed in Yun et al.
(2002) and is used in the FEMA guidelines (e.g. FEMA, 2015).

A more advanced technique that can be adopted is the hunt and fill tracing algorithm.
This technique was discussed in detail by Vamvatsikos and Cornell (2004b). In this
algorithm, the first routine, also called the hunting part, involves increasing the step
interval until all damage states associated with the collapse prevention performance
level are bracketed with the means of only a few runs. Step interval increasing can be
achieved by applying either a constant, resulting in a quadratic series of IMs, or a factor,
producing a geometric series. To improve upon capacity resolution of the IDA curve, a

step reducing (second routine) is to be added to the algorithm once the first damage
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associated with collapse prevention state is detected. The third and final routine in this
algorithm is to fill in the gaps created by the enlarged step intervals introduced in the
first routine. This will enhance the demand resolution in the IDA curve. The hunt and
fill tracing algorithm require the definition of an initial step, a run-stopping rule, a step
interval increasing function, and capacity and demand resolutions. The hunt and fill
tracing algorithm are adopted in the present study in which the step interval increasing
function and capacity and demand resolutions are selected so that a predefined number

of runs (fourteen) is performed on each of the 40 used records.

2.2.7 Damage Indices (DIs)

Earthquakes with varying scenarios are expected to impose different excitation levels to
different modes of vibration in high-rise buildings. Furthermore, it may impose different
nature of excitation on an individual structural element such as a structural wall or a
coupling beam. Therefore, a wide range of DlIs is to be considered for a proper
vulnerability assessment study of this class of structures. As highlighted in

Section 2.2.6.1.2, DIs can be categorised as:

e Demand-based: Such as peak floor acceleration. This DI is widely used if the
damage of non-structural contents or sensitive equipment in a multi-storey
building is to be assessed.

e Deformation-based: Such as strains (tensile and compressive) in reinforcing
steel and concrete materials, shear strain in walls, rotations in structural
members, peak storey ductilities, total peak roof drift, and maximum total peak
inter-storey drift.

e Force-based: Such as base shears, base overturning moments, and capacities of
structural members in shear/axial/bending.

e Energy-based: Such as the global Park-Ang index (Park and Ang, 1985).

e Stability-based: Such as the stability index proposed by Mehanny and Deierlein
(2000).

For the definition of reliable performance criteria of high-rise buildings, local DIs (such
as strains and rotations) and global DIs (such as drifts) are to be selected,
mathematically defined in the model, mapped, and linked to one another. Mapping of
the local damages resulting from the MRIDA on a building provides insight into the

nature of the building response under varying earthquake scenarios. This enables
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reliable seismic scenario-based definitions of the performance criteria. On the other
hand, interrelating (linking) local to global DIs helps in selecting a proper DM to be
used in defining the seismic performance criteria of the building(s) under assessment
and to represent the building(s) capacity in the development of the vulnerability
relations. Figure 2.24 illustrates the collapsing chart for the DIs component in the IPO

model
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b ‘
Mathmatical Modelling of DIs
L Mapping of DlIs
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Figure 2.24. Collapsing chart for the DIs component in the IPO model

In the present study, a total of seven local DlIs for the reference building are selected,
mathematically modelled, mapped, and correlated to one another. More details on this
topic are given in CHAPTER 5.

2.2.8 Performance criteria

The definition of accurate and comprehensive seismic scenario-based limit states and
hence the identification of performance criteria forms the spine of the seismic
vulnerability studies. Such a definition is a challenging task when high-rise wall
buildings are of interest as several factors affect failure modes in this class of structures.

Among these factors are:

e Building height: The taller the building, the larger is the expected TISD at
specified performance levels due to the increasing influence of the rigid body
motion phenomenon. This is not necessarily reflecting higher seismic demands
in the structural members of the building.

e Axial demands: In high-rise wall buildings, especially at lower storeys, the level
of the axial compressive force is influenced by the arrangement of the RC shear
walls and cores in the building. This arrangement is usually dominated by the

gravity loads, particularly for internal shear walls. High compressive loads are
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expected to delay the onset of the initial cracking and yielding in vertical
elements but can decrease ductility and hence the TISD at which concrete core
crushing and rebar buckling occur.

Supplementary regulations and construction trends: The supplementary
regulations of local authorities, as well as trends adopted by both consultants and
contractors, may impact the design and hence the seismic performance of high-
rise buildings. For instance, the minimum steel ratio in vertical elements may

exceed the value that is stated in the code provisions.

Limit states present propagating points on a continuous scale of damage states of the

structure, therefore, described with potential and tolerable losses such as the structural

and non-structural damage, the number of casualties, the facility non-operational time,

repair cost and others. There are two different approaches for defining the limit states

for a building or a building inventory. These are:

Qualitative approach: This approach, where the limit states are defined through
the description of the structure’s damage state, is the most used in building
regulations and seismic codes (e.g. ASCE/SEI-41, 2017, FEMA, 2019). For
instance, in a study by Rossetto and Elnashai (2003), this approach is utilised to
define seven limit sates based on post-earthquakes observed damage data on
buildings.

Quantitative approach: The definition of limit states based on this approach
requires mathematical representations of local Dls (such as deformations, forces,
and energy) based on designated building performance levels. This necessitates
the adoption of a suitable DM to sufficiently correlate local damage events in the
building to its global response. Several researchers have adopted this approach
in their definitions of limit states (e.g. Kappos, 1991, Kappos and
Dimitrakopoulos, 2008, Ji et al., 2009, Kappos et al., 2010, Mwafy, 2012a,
Pejovic and Jankovic, 2016)

Due to the lack of sufficient post-earthquake data in the case of RC high-rise wall

buildings, the qualitative approach would not be suitable for defining the performance

criteria for this building class. Nevertheless, the limit states defined in previous studies

and seismic codes using qualitative approaches can serve as references (e.g. Ji et al.,
2007b).
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Based on the above, a more detailed quantitative approach is adopted in the present
study to define seismic scenario-based limit states for the reference building.
Figure 2.25 illustrates the collapsing chart for the “Performance Criteria” component in
the IPO model. A brief discussion of each of the components in the collapsing chart is

given hereafter.
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Figure 2.25. Collapsing chart for the “Performance” component in the IPO model

2.2.8.1 Selection of performance limit states

As researches come with varying aims and objectives, varying performance limit states
can be assigned to a building or stock of buildings depending on the study desired
outcomes. The most commonly used performance levels are 10; LS; and CP (e.g.
FEMA, 2015, ASCE/SEI-41, 2017). A building at the point of IO limit state is
considered to sustain slight or no damage. A building at the point of LS limit state is
considered to sustain moderate damage but still in the zone of high safety against
collapse. At the point of CP limit state, a building is considered to sustain large and

significant damage and to be at the verge of collapse.

Examples of other limit states that have been adopted in previous studies are no
damage, negligible damage, light repairable damage, moderate reparable damage,
irreparable damage, severe damage, and collapse state damage (e.g. Shea, 1999,
Ghobarah, 2004). In the present study, the three performance levels recommended by
the ASCE/SEI 41-17 (2017) are adopted (10, LS, and CP). More details are given
in CHAPTER 5.

2.2.8.2 Conceptual definitions of performance limit states

Each of the predefined limit states for a building needs to be conceptually defined either

explicitly or implicitly in relation to a specific damage event or pattern. For that matter,
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different approaches have been adopted in seismic codes and previous studies. In the
study of Vamvatsikos and Cornell (2004a) on steel moment-resisting frame buildings,
the characteristics of the IDA curves were utilised to conceptually define the CP and
collapse limit states. The former was linked to the “80% reduction in slope” point on the
curve while the latter was associated with reaching the flatness zone (global dynamic
instability). In the ASCE/SEI 41-06 standard (2007), specific rotation values in RC
walls and coupling beams are associated to each of the three predefined limit states (10,
LS, and CP) for the primary and secondary components controlled by the flexural
response. In the study of Ji et al. (2007b) which involved a 54-storey RC high-rise wall
building, pushover and time-history analyses were performed to conceptually define the
three selected limit states (Serviceability, Damage Control, and CP). The Serviceability
limit state was linked to the initiation of minor cracks in main resisting members. The
Damage Control limit state was linked to the first yielding in longitudinal reinforcement
or to the occurrence of the first plastic hinge (whichever happens first). The CP limit
state was linked to the reach of the ultimate capacity in the main resisting members and

to the start of the descending zone in the capacity curve.

Another example is the study of Mwafy (2012a) that involved pushover and incremental
dynamic analyses on the nonlinear models of six reference RC wall buildings with
varying heights (10 to 60 storeys). In this study, the CP limit state was selected based on
the recommendation of previous studies. The LS limit state was linked to the global
yielding point of the building, which was estimated from the capacity curve using the
elastic-perfectly plastic idealization concept. The 10 limit state was associated with the
most conservative first yielding values obtained from pushover analysis and median
IDA results of 20 earthquake records. A more recent study by Mwafy and Khalifa
(Mwafy and Khalifa, 2017) on vertically irregular high-rise buildings estimated the
limit states from IDA by linking local response to TISD.

In the present study, seven local DIs are used to conceptually define the adopted
performance limit states for the reference building. More details are given in CHAPTER
5.

2.2.8.3 Quantitative definitions of performance limit states

Using TISD as a DM, seismic guidelines and previous studies have adopted a wide
range of quantitative values to define limit state criteria associated with different
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performance levels of RC shear walls and wall structures. The SEAOC blue book
(1999) proposed TISDs of 0.4%, 0.9%, 1.4% and 2.1% for RC shear walls at
performance levels SP1 (negligible damage), SP2 (minor to moderate reparable
damage), SP3 (moderate to major irreparable damage) and SP4 (collapse performance
level), respectively. In ASCE/SEI 41-06 (2007), TISDs of 0.5%, 1%, and 2.0% are
assigned to the 10, LS and CP performance levels, respectively. In a study involving
post-earthquakes observed damage data on RC wall buildings, Rossetto and Elnashai
(2003) suggested TISD values of 0.00, 0.026, 0.34, 0.72, 1.54, 2.56, and > 3.31 for the
damage states of none, slight, light, moderate, extensive, partial collapse, and collapse,
respectively. For ductile RC walls, Ghobarah (2004) recommended TISDs of <0.2%,
0.4%, <0.8%, >0.8%, 1.5% and >2.5% corresponded to damage levels of none, light
reparable, moderate reparable, irreparable, severe (or life safe) and collapse,
respectively. In contrast, Ji et al. (2007a) suggested conservative TISDs to define three
performance limit states obtained from inelastic pushover and time history analyses for
a 54-storey RC wall building. The proposed TISDs were 0.2%, 0.52% and 1.1% for
serviceability, damage control, and collapse prevention limit states, respectively. In a
study of RC wall buildings with a number of storeys ranging between 10 to 60, Mwafy
(2012a) suggested a TISD value of 2.5% for CP, while height-dependent TISDs were
proposed for 10 (0.32% to 0.83%) and LS (0.81% to 1.35%). In the study of Jeong et al.
(2012), TISDs of 0.4% to 0.7%, 1.5%, and 2.5% were associated to the limit states of
10, LS, and CP, respectively, for 8-storey wall-frame buildings with different ductility
and input ground motion intensity levels. More recently, a study conducted by Pejovic
and Jankovic (2016), involving RC high-rise wall buildings (10-, 30-, and 40-storey)
located in the southern Euro-Mediterranean zone, suggested TISD values of 0.25%,
0.53%, 0.95%, and 1.64% for the limit states of slight damage, moderate damage,
extensive damage, and collapse, respectively.

It is essential to highlight that all the above-mentioned recommendations of TISDs, as
quantitative definitions to the performance limit states of RC wall buildings, have not
taken into consideration the need for seismic scenario-based limit state definitions. The
broad range of frequency content in real strong ground motions, representative of
different seismic scenarios (i.e. distant and near-field earthquakes), can impose a
different level of excitation on both fundamental and higher modes in the RC high-rise
wall structures and consequently different nature of response. Therefore, for an accurate

vulnerability and seismic risk assessment studies on this class of buildings, seismic
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scenario-based limit state definitions are required. This issue is considered in the present

study, more details are given in CHAPTER 5.

2.2.9 Fragility/Vulnerability

In the theorem of total probability that shapes the framework for seismic risk
assessment, three fundamental contributors take place: (i) seismology; (ii) structural
engineering; and (iii) direct/indirect losses. The second contributor is represented by
fragility/vulnerability relations. As defined in Section 2.1, fragility is the conditional
probability of a system (a structural member, a storey in a building, a building, or a
stock of buildings) reaching a predefined performance limit state (PLS) for a given
demand (force, deformation, energy dissipation, or more generally a DM). In general
expression, the fragility curve (FC) is a function of the system capacity against a
predefined PLS (controls the central location of the FC) along with the uncertainty in
the capacity (controls the shape “dispersion” of the FC); (Figure 2.26). Hence, for a
deterministic system with no uncertainties, the FC would be a step function. Generally,
the FC is strictly a limit state-dependent with no or very little dependency to the site
seismic characteristics. In other words, if the demand is force or structural response,
identical buildings located in areas with different seismicity will have the same FC.
Meanwhile, the FCs will be similar (not exactly the same) for these identical buildings
if the IM is spectral acceleration since spectral acceleration for higher modes would be

different for different locations (Wen et al., 2004).
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Figure 2.26. Characteristics of a fragility curve, (after Wen et al., 2004)
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To generate a fragility/vulnerability curve, the following order-wise steps are needed:

1. Defining the PLSs of interest and the IM. In the present study, the defined
performance limit states are 10, LS, and CP (more details are given in
Section 2.2.8 and CHAPTER 5). The proposed IM is the spectral acceleration at
weighted-average period S;was (more details are given in Section 2.2.6.1.1
and CHAPTER 5).

2. Performing regression analysis on the limit states-related building response as a
function of the IM (MRIDAs results). Considering the nonlinear nature of the
problem and the record-to-record response variation, nonlinear regression
analysis in the power-law form is recommended (Vamvatsikos and Cornell,
2002, Luco and Cornell, 2007, Mwafy, 2012a, Mwafy and Elkholy, 2017).
Other nonlinear regression analysis may be implemented if found to better fit the
LSs-IM relation.

3. Accounting for the uncertainties in the FC development process. These
uncertainties can be categorised as (i) demand uncertainty; capacity uncertainty;
and modelling uncertainty. Details on the estimation of these uncertainties are
given in CHAPTER 6.

4. Generating the FCs using a proper distribution function. Generally, a lognormal
cumulative distribution function provides a good fit (Wen et al., 2004) therefore
adopted in the present study. More details on the components of the FC function
are given in CHAPTER 6.

5. The probabilistic earthquake risk assessment for a building or a building stock
may be expressed in terms of a probability distribution function of economic
losses (vulnerability curves) by further processing the FCs. An example of such
a presentation is shown in Figure 2.27. Several methods have been proposed by
previous studies to develop the vulnerability functions (e.g. Scholl, 1980, Kustu
et al., 1982, Kustu and Miller, 1984, Singhal and Kiremidjian, 1996, Porter et
al., 2001, D’ayala et al., 2014, Yamin et al., 2014a, Yamin et al., 2014b, Yamin
et al., 2017). Those methods have been imbedded in earthquake risk assessment
platforms such as CAPRA (ERN-CAPRA, 2011), HAZUS (FEMA, 2019,
Kircher et al., 2006), Risk-UE (RISK-UE, 2001-2004), and other recently
developed platforms (e.g. GEM, 2019). To develop the vulnerability relations,
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the main parameters that need to be accounted for are: (i) the type of occupancy
of the assessed building(s); (ii) local estimates of the repair cost; and (iii) local
estimates of reconstruction cost. Once such data is available, the analyst can

calculate the total repair cost, given damage threshold.
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Figure 2.27. A typical presentation of a vulnerability relation (after Yamin et al., 2017)

Following the above steps, the collapsing chart for the “Vulnerability” component in the
IPO model is given in Figure 2.28. In the present study, the vulnerability assessment of
the reference building is presented with the fragility relations only. Further processing
of these FCs to develop vulnerability relations can be part of future work. This will

extend the proposed framework by including the earthquake risk assessment

component.
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Figure 2.28. Collapsing chart for the “Vulnerability” component in the IPO model
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CHAPTER 3. Multi-level nonlinear
modelling verification
scheme of RC high-rise wall
buildings

Earthquake-resistant structures are designed and detailed to respond well beyond the
elastic range under the DBE. However, in terms of analysis, RC walls are often treated
as linear elements despite their considerable depth ignoring the effect of deformation
compatibility. Due to the limited number of comprehensive experimental studies on RC
structural wall systems subjected to cyclic loading, few in-depth analytical verification
studies have been conducted. Motivated by the increasing need for more accurate
seismic risk assessment of high-rise buildings adopting RC shear walls as the lateral
force-resisting system, a MLNMVS is developed in this chapter to investigate two
different nonlinear modelling techniques for shear walls (i.e. 2- and 4-noded fibre-based
elements). The investigated modelling approaches and their key parameters are verified

against the results of Phase-I of shake table specimen tests for a seven-storey full-scale
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RC shear wall structure. The test structure was subjected to base excitations
representing four earthquake records of increasing intensities. The uniaxial shake table
tests were performed at the University of California, San Diego (Panagiotou et al.,
2007a, Panagiotou et al., 2007b). In the established MLNMVS, three analytical models
are developed using two different software (ZEUS-NL and PERFORM-3D). The results
obtained from the analytical models are compared with the experimental results both on
the global and local response levels (top displacement, inter-storey drift, storey shear
force, storey bending moment, period elongation and rebar tensile strain). The study
reveals the superior performance of 4-noded fibre-based wall/shell element modelling
approach in accounting for the 3D effects of deformation compatibility between lateral
and gravity-force-resisting systems. The study also highlights the sensitivity of attained
results to the stiffnesses assigned to the rigid links and 3D joints required to connect the

shear walls to neighbouring elements when a 2-noded element is used.

3.1 Introduction

With increasing concern for the seismic performance of RC buildings following
extensive damage caused by recent strong earthquakes (e.g. Kobe 1995; Kocaeli, 1999;
Chi-Chi, 1999; and Tohoku, 2011), the use of RC shear walls in medium- to high-rise
buildings is favoured in earthquake-prone regions. Shear walls can be found either as
single elements coupled with moment-resisting frames, or in the shape of L, T, U, or
tubular cross-sections. Based on modern seismic codes, earthquake-resistant buildings
are designed and detailed to respond inelastically under the DBE and MCE. In RC high-
rise buildings, well designed and proportioned RC slender shear walls can provide the
required strength, stiffness and deformation ductility to ensure the adequate
performance of the structure in the “service”, “ultimate”, and “collapse prevention”
limit states. Nonetheless, RC shear walls are often modelled as linear elements during
the analysis for simplicity despite their considerably large depth (PEER, 2010,
PEER/ATC, 2010). This can lead to a considerable underestimation of the deformed
shape and compatibility issues between shear and flexural lateral resisting mechanisms,
as well as, of local high deformation demand issues. Furthermore, due to high costs and
lack of availability of large scale testing facilities, there are few reliable and
comprehensive studies on the cyclic behaviour of RC wall buildings that could have
been used for verification purposes (Ji et al., 2007a, Wallace, 2007, Beyer et al., 2008,
Wallace and Moehle, 2012). Hence, there is still a need for a verified nonlinear
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modelling approach which is essential in assessing the seismic vulnerability of wall
structures (e.g. Ji et al., 2007a, Martinelli and Filippou, 2009, PEER/ATC, 2010,
Sadraddin et al., 2016, Nazari and Saatcioglu, 2017).

NRHA is the most reliable tool currently available for predicting the building response
at different levels of ground motion intensity. In NRHA, the accuracy of the nonlinear
model is measured by its sufficiency in capturing significant modes of deformation and
deterioration in the analysed structure from the onset of damage all the way to collapse.
Various aspects of nonlinear modelling, such as element discretisation, material force-
deformation relationships, and assumptions on modelling of viscous damping are
essential in defining the level of accuracy a model can have in predicting the seismic
global and local response of the structure. Very sophisticated wall micro-level models
(i.e. continuum FE models) have the ability to provide a refined and detailed definition
of the local response with a high level of flexibility and accuracy. However, the time
requirement for computer runs, post-processing and interpretation of the analytical
results render these models forbiddingly expensive for the seismic vulnerability
assessment of high-rise structures especially when MRIDA techniques are adopted.
Alternatively, the meso-scale fibre-based element modelling approach is commonly
used for RC shear walls (e.g. Wallace, 2007, Wallace, 2012). This approach provides a
proper description of wall geometry, detailing of steel reinforcing bars and material
behaviour. It accounts for key response features such as (1) relocation (shifting) of the
neutral axis along the cross-section of the wall during loading and unloading phases; (ii)
interacting with the other components in the structure that connect to the walls (both in-
and out-of-plane) such as the gravity frames and the coupling beams; and (iii)
considering the impact of variation of axial load on wall flexural strength and stiffness.
The experimental data of RC structural wall systems subjected to cyclic loading are
limited as most tests conducted are on isolated wall elements. Given that, few in-depth
analytical verification attempts have been conducted for such systems. Therefore, there
is a pressing need to verify the nonlinear modelling techniques and key parameters to be

used with RC wall buildings against full-scale shake-table tested RC wall structures.

The aim of the MLNMYVS developed in the present study is to arrive at a verifiable
nonlinear modelling approach and key modelling parameters that can be adopted in
assessing the seismic performance of RC high-rise wall buildings. This is achieved by
simulating the nonlinear dynamic response of a shake table full-scale seven-storey RC
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wall building slice. This building was tested under base excitations representing four
earthquake records of increasing intensities on the Large high-performance outdoor
shake table at the University of California, San Diego (Panagiotou et al., 2007a,
Panagiotou et al., 2007b, Panagiotou et al., 2010). To model the shear walls in the tested
structure, two fibre-based modelling approaches are investigated: (i) 2-noded beam-
column line element (also called wide-column element), where an equivalent column at
the wall centroidal axis with wide cross-section is used to model the property of the
wall; and (ii) 4-noded wall element, a modelling approach conceptually similar to the
Multiple-Vertical-Line-Element model (Wallace, 2007, Wallace, 2010). ZEUS-NL
analytical software (Elnashai et al., 2012) is utilised to implement the former modelling
approach, while PERFORM-3D (CSlI, 2011) is chosen to investigate the latter.

In Section 3.2 of this chapter, key features of the utilised analytical software are
presented, including cross-sections, element formulation, material models and
numerical strategy. A brief description of the shake table test program and the test
structure are given in Sections 3.3. Section 3.4 discusses the four input ground motions
used in the tests. The analytical models created in the current study along with the
comparison of their results with the experimental data are detailed in Section 3.5. The
chapter concludes with a summary of the work, findings, and modelling

recommendations (Section 3.6).

3.2 Analytical Tools

There is a wide variety of finite element (FE) structural software available to
researchers that are capable of performing fibre element-based nonlinear analysis.
Among these packages are DRAIN-3DX (Prakash et al., 1994), OpenSees (Mazzoni et
al., 2006, McKenna and Fenves, 2006, McKenna, 2011), ZEUS-NL (Elnashai et al.,
2012) and PERFORM-3D (CSI, 2011). Depending on the geometry of the structure, the
purpose of the analysis, and the efficiency of the software to perform the required tasks,
one tool may be selected over the others. The first three packages are essentially frame

element analysis software with mostly comparable elements and capabilities.

In the current study, ZEUS-NL and PERFORM-3D analytical software are utilised in
the MLNMVS. The main capabilities of both packages are summarised below:
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e Predicting the response of RC, steel and composite structures under static and
dynamic loading, taking into account the effects of both material and geometric

nonlinearities.

e The applied load can be constant or variable forces, displacements and or

accelerations.

e The ability to perform different methods of analysis such as eigenvalue,
pushover, and response histories.

e The ability to model different concrete and steel material relations, with the

option of including hysteresis loops of strength and stiffness degradation.

e Built-in Library of elements and components that can be used with a wide range

of concrete, steel and composite cross-sectional configurations.

A detailed description of the utilised software is beyond the scope of this study. Only
the cross-sections, element formulations, material models and numerical strategies that
relate to the present work are briefly presented in the succeeding sub-sections. Further
information regarding the software is available in the ZEUS-NL user manual (Elnashai
etal., 2012) and its counterpart for PERFORM-3D (CSI, 2011).

3.2.1 ZEUS-NL

ZEUS-NL is a fibre-based nonlinear analysis platform developed at Imperial College
London, UK and the University of Illinois at Urbana-Champaign, U.S., and has been
verified against experimental tests of steel and concrete frame elements and structures in
Europe and the U.S. (e.g. Elnashai and Elghazouli, 1993, Elnashai and Izzuddin, 1993a,
Elnashai et al., 2012, 1zzuddin, 2016). The package is employed in several research
projects in Europe, the U.S. and the Middle East (e.g. Elnashai, 2006, Kim and
Elnashai, 2008, Ji et al., 2009, Mwafy, 2012a, Mwafy et al., 2015a).

3.2.1.1 Cross-sections

A large number of cross-section configurations is available in ZEUS-NL library.
General use sections include solid rectangular; symmetrical hollow-1-T, Asymmetric L-
C, and fully/partially-encased composite 1. For RC elements, there are specific sections

available in the library such as rectangular/circular column section, T-beam section, and
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rectangular flexural wall section. Figure 3.1 illustrates some of the above-mentioned

cross-sections.

3.2.1.2 Element formulations

ZEUS-NL library contains a set of elements that can be utilised to model the elasto-
plastic structural behaviour, the dynamic characteristics of the model, and the boundary
conditions. Among the element types used in the current study are cubic elasto-plastic
beam-column element, 3D joint element, lumped mass element, and Rayleigh damping

element.

For the cubic elasto-plastic element, the classical displacement-based FE formulation is
employed (Hellesland and Scordelis, 1981, Mari, 1984). A cubic-shape function is used
for calculating transverse displacement v(x). This function is given by Eqn. (3.1), where
all the equation symbols are graphically defined in Figure 3.2. The formulation of this
element represents the inelastic cyclic response of RC members, accounting for
geometrical and material nonlinearities. The axial strain is assumed constant along the
element length in this formulation and hence a refined discretisation, typically three or
more elements per structural member, is required to achieve a reasonable accuracy in
the inelastic modelling. The expected length of the plastic hinge is another factor to be
considered when deciding the number of elements in a structural member. This issue is
further investigated in the model verification process. Cross-section behaviour is
represented using the fibre approach, where element cross-sections are divided into a
number of fibres (layers). An appropriate material model is assigned to each fibre where
strains and stresses are monitored. The sectional stress-strain state is then obtained
through the integration of the nonlinear stress-strain response of the individual fibres.
Two controlling (Gauss) sections along each element are used for the numerical

integration of the governing equations in the element formulation (Figure 3.3).

91 +92 291 + 92 3.1
V(X)=( 2 )x3—(T> x% + 0. CRO)
In the cubic elasto-plastic element formulation, the cross-section fibres have no ability
to deal with shear stress. Hence, the shear deformation is not calculated at the section
level and the effect of shear-flexure interaction on the element’s ductility is not

accounted for. To determine the shear deformation in a member, a displacement-type
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shear hinge can be introduced at a certain point in the cubic elasto-plastic element using

a 3D joint element with an appropriate force-deformation relationship.
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Figure 3.1. Cross-sections from ZEUS-NL library

Figure 3.2. ZEUS-NL: Forces and displacements of cubic formulation
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The 3D joint element can be used to model pin joints, inclined supports, structural gaps,
soil-structure interaction and elasto-plastic joint behaviour. To define a 3D joint
element, four nodes are required. Nodes 1 and 2 are the end nodes of the element and
must be initially coincident; node 3 defines the x-axis of the joint, while the fourth node
defines the x-y plane. Each of nodes 1 and 2 has 6-degrees of freedom with three
different types of force-deformation relationships (linear elastic, trilinear symmetric
elasto-plastic and trilinear asymmetric elasto-plastic) that can be assigned to each
degree of freedom to represent axial, shear and bending cyclic behaviour. Figure 3.4
illustrates the formulation of the 3D joint element, while Figure 3.5 depicts the force-

deformation relationships for this element.
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Figure 3.4. ZEUS-NL: Forces and degrees of freedom for the 3D Joint element
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Figure 3.5. ZEUS-NL: Force-Deformation relations for 3D Joint element

Another two elements in ZEUS-NL library which are employed in the current study are
the lumped mass element and the Rayleigh damping element. The former is employed
to model the inertia masses of the structure, lumped (concentrated) at element end nodes
while the latter is utilised in modelling equivalent viscous damping effects in NRHA.

Figure 3.6 illustrates the formulation of these two elements.
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X

Figure 3.6. ZEUS-NL: Element formulation: (a) lumped mass element; and (b) Rayleigh damping
element

3.2.1.3 Material Models

Under the assumption of a Bernoulli beam that plane sections remain plane after
deformation, uniaxial stress-strain laws are sufficient for modelling the constituent
materials of RC members with fibre-discretized cross-sections. There are several
uniaxial concrete models available in ZEUS-NL library. In the present study, the
Mander et al. (1988) uniaxial nonlinear constant confinement constitutive model is used
along with the improved cyclic rules proposed by Martinez-Rueda and Elnashai (1997).
In this model, the confinement pressure provided by the lateral transverse reinforcement
is assumed constant throughout the entire stress-strain range. In order to fully describe
the concrete mechanical characteristics using this model, four model calibrating
parameters need to be defined: (1) ultimate compressive strength of unconfined concrete
(fo); (2) concrete tensile strength (fi); (3) concrete strain (€.) corresponding to the point
of unconfined peak compressive stress; and (4) confinement factor (k) which defines the
ratio between confined and unconfined compressive stress in the concrete. There are
several confinement models available in the literature to compute the confinement
factor k (e.g. Park et al., 1982, Scott et al., 1982, Sheikh and Uzumeri, 1982, Mander et
al., 1988, Eurocode, 1998, Kappos and Penelis, 2014). For the current work, the Mander
et al. confinement model is used (1988) is used. Figure 3.7 shows a typical stress-strain
relationship for concrete material responding to cyclic loading. The concrete model

employed in the present study follows the backbone curve in the figure in presenting the
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response under compressive load histories. When compressive stress is decreased and

increased again, the unloading and reloading curves are followed, respectively.

f.4

— Envelope curve

- —-Unloading curve
--------- Reloading curve

Figure 3.7. Typical stress-strain relation for concrete material under cyclic loading

To model steel material, two uniaxial stress-strain laws are utilised of the four available
in ZEUS-NL library: (1) The Menegotto and Pinto uniaxial steel model (1973) coupled
with the isotropic hardening rules proposed by (Filippou et al., 1983); and (2) Uniaxial
elastic model with symmetric behaviour in tension and compression. The Menegotto-
Pinto steel model is a well-known nonlinear relationship in modelling of reinforcing
steel in RC structures, particularly those subjected to complex loading histories where
significant load reversals might occur. When there is a need to model steel structural
members that are expected to remain elastic during the analysis, the elastic model is
used. Figure 3.8 shows the stress-strain relationship for the two adopted uniaxial steel
models. In Figure 3.8a, E, is the initial elastic modulus of steel, E; is the strain-
hardening modulus, R, is a parameter defining the initial loading curvature, a; to a4 are
experimental-based parameters that control the curvature and isotropic strain hardening

in subsequent load cycles.
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Figure 3.8. ZEUS-NL: Stress-strain laws for steel material: (a) Menegotto-Pinto steel model; and
(b) linear elastic steel model

3.2.1.4 Numerical Strategy

In ZEUS-NL package, solving the system of equations of motion in NRHA can be
carried out by the means of two different numerical direct integration schemes; (1) the
Newmark integration scheme (Newmark, 1959); and (2) the Hilber-Hughes-Taylor
integration scheme (Hilber et al., 1977). The solution algorithm allows the employment
of either Newton-Raphson or modified Newton-Raphson iterative procedures, where
convergence is defined based on either displacement-rotation or force-moment criteria.
The efficient Lanczos algorithm (Hughes, 2012) is used by default for the evaluation of
structural natural frequencies and mode shapes. However, the Jacobi algorithm with

Ritz transformation is also available as another option to the user.

3.2.2 PERFORM-3D

PERFORM-3D (CSI, 2011) is a structural-engineering nonlinear analysis software
developed by Dr. Graham H. Powell (Professor Emeritus, University of California at
Berkeley) for Computers & Structures, Inc. In recent years, this software has been
utilised in many studies and research programs to assess the seismic performance of RC
high-rise wall structures and buildings utilising other structural systems (e.g. Ghodsi
and Ruiz, 2010, PEER, 2011, Tuna, 2012). The 4-noded fibre-based wall element
implemented in PERFORM-3D is conceptually the same as the MVLE model, a model
that has previously been validated using experimental results from seismic tests at the

component level (e.g. Orakcal and Wallace, 2006, Wallace, 2007, Wallace, 2012).
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3.2.2.1 Cross-sections

The cross-sections available in PERFORM-3D library can be divided into two
categories: (i) elastic sections to be used with linear analysis such as general,
symmetric-1, rectangular and membrane/shell RC and steel sections; and (ii) inelastic
(fibre) sections to be assigned to beams, columns and shear walls expected to
experience inelastic behaviour. Inelastic fibre section for beams, columns and shear
walls can be discretized to a maximum of 12, 60 and 16 fibres, respectively. Beam
sections use fibre properties for axial and in-plane bending (with P-M interaction) only
and are elastic for out-of-plane bending, while for column sections, fibre properties for
bending about both axes are used with biaxial bending and P-M-M interaction. Beam
and column fibre sections are both assumed to be elastic in shear. When inelastic shear

is to be considered, the shear hinge component is to be added.

The fibres in a shear wall section account for the vertical axial, vertical in-plane bending
and their interaction. The section is assumed elastic for the out-of-plane bending as well
as for horizontal axial/bending. Shear properties (elastic or inelastic) are not assigned to
the cross-section itself, but rather to the shear wall compound component, where
uncoupled shear deformation and compressive strain in concrete due to shear can be
determined. Figure 3.9 shows the modelling approach of some fibre-based cross-
sections in PERFORM-3D.
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Figure 3.9. PERFORM-3D: Modelling approach of RC cross-sections

3.2.2.2 Element formulations

PERFORM-3D element library includes a wide range of element types. Among the
elements utilised in the present work are the frame element, the wall element, the elastic
slab/shell element, the bar element and the deformation gauge elements. The frame
element is a 2-noded element that can be used in modelling beams, columns and
diagonal braces with bending stiffness. It can be either elastic or inelastic. Distributed
and/or concentrated gravity loads can be assigned to a frame element along its length.
The wall element, on the other hand, can be used to model RC shear walls and cores.
The wall element acts essentially as a beam, with bending, axial and shear deformations.

It can be either elastic or inelastic for shear and bending.
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In modelling, a frame or wall structural member can be discretised into a number of
fibre-based elements, each of which is a segment of finite length with a uniform fibre
cross-section. PERFORM-3D determines the behaviour of a fibre cross-section by
monitoring the stresses in all of its fibres. However, this is done at only one section
located at the midpoint of the element length. In other words, PERFORM-3D has one
controlling section only in each fibre element compared to two in ZEUS-NL.
Consequently, fibre elements should be fairly short, especially in members where

bending moments (and hence stresses) varies rapidly over the member length.

The slab/shell element is a 4-noded elastic element with membrane and plate bending
stiffnesses. It can be used to model deformable floor slabs (diaphragms) and curved
shells. The 2-noded bar element, although considered as the simplest element in
PERFORM-3D library, can be utilised in a variety of applications including elastic truss
members, elastic braces in braced frames, buckling or yielding truss bars, yielding
supports, supports that allow uplift in tension, and strut-and-tie formation. Initial strains
can be specified in bar elements which make them also useful for modelling pre-

stressed members.

Finally, the deformation gauge elements are provided by PERFORM-3D to calculate
axial strain (tension/compression) and shear strain/rotation in all inelastic elements.
Deformation gauges can be linked to a single element to calculate actual strains or to a
number of elements when the average strain is of concern. Figure 3.10 illustrates
possible formulation of a 2-noded strain gauge in shear walls and a 2—-noded rotation
gauge in frame members. Figure 3.11 shows a 4-noded rotation gauge element that can

be used with shear walls, while Figure 3.12 presents a 4-noded shear strain gauge.

| | N
| | L |
L
Gauge Gauge Gauge
element | L M| element element
I
x
(@) (b)

Figure 3.10. PERFORM-3D: Deformation gauge elements: (a) strain gauge over two wall elements;
and (b) rotation gauge over two beam elements

118



Chapter 3. Multi-level nonlinear modelling verification scheme

Gauge element Wall elements
(solid lines) (dashed lines)
Kmp o

/ o gL

Figure 3.11. PERFORM-3D: 4-noded rotation gauge element
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Figure 3.12. PERFORM-3D: 4-noded shear strain gauge element

3.2.2.3 Material Models

In PERFORM-3D, the relations that describe actions (force, moment, stress, etc.) and

corresponding deformations (deflection, rotation, strain, etc.) in any material (steel or

concrete) are called Force-Deformation (F-D) relation. Linear and nonlinear F-D

relations are used to model elastic and inelastic materials, respectively. For inelastic

materials, PERFORM-3D offers trilinear and four-linear F-D relations as shown in

Figure 3.13. Cyclic degradation and strength loss are optional and can be defined when

required. In Figure 3.13, Y is the first yield point, U is the ultimate strength point, L is

the ductile limit point where significant strength loss begins, R is the residual strength

point and X is a point to specify a deformation value at which the analysis is to be

stopped. F-D relation can be unsymmetrical, where positive and negative deformations

are different.
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Figure 3.13. PERFORM-3D: Trilinear and four linear F-D relations

3.2.2.4 Numerical Strategy

In PERFORM-3D, NRHA is performed with step-by-step integration in the time
domain using the Newmark method (Newmark, 1959) and modified Newton-Raphson
iterative procedure. PERFORM-3D uses an event-to-event solution strategy, where the
structure stiffness matrix is re-formed each time there is a nonlinear event (a change in
stiffness). The program automatically divides each time step that is initially specified by
the user into a number of sub-steps with a new sub-step for each nonlinear event. In the

eigenvalue analysis, Lanczos algorithm (Hughes, 2012) is implemented.

3.3 Description of the test structure

The test program was performed on the large high-performance outdoor shake table at
the University of California, San Diego as part of the George E. Brown Jr. network for
earthquake engineering simulation program. The tests were conducted in two phases:
Phase I: Rectangular Wall (Panagiotou et al., 2007a); and Phase II: T-Wall (Panagiotou
et al., 2007b, Panagiotou et al., 2010). In the current work, test results from Phase I
(inter-storey drifts, storey displacements, storey shears, storey moments, period
elongation and local strains) are used to verify the analytical results obtained from the

MLNMVS.

The test structure consisted of a slice of a 7-storey prototype residential load bearing
wall building located in Los Angeles, California. Figure 3.14 shows the floor plans of

the prototype building with a perspective view of the test structure.
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Figure 3.14. Prototype building and test structure used in modelling verification: (a) Residential
floor plan; (b) Parking floor plan; and (c) Perspective view of the test structure (Panagiotou et al.,
2007a)

In Phase I of the test, resistance to lateral forces was provided by a 3.66m long load-
bearing RC rectangular wall, hereafter referred to as “web wall”. The web wall was
directed East-West (loading direction) and provided support to seven 200mm thick RC
slabs spaced at 2.74m. Two transverse walls were built to provide lateral and torsional
stability; the East RC wall, hereafter referred to as “flange wall” and the West precast,
prestressed segmental wall. The test structure height, starting from the top of the

foundation, was 19.20m with total mass (excluding the foundation) of around 210tons.
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Web and flange walls were linked with a 610mm wide slab. The link slab had two,
140mm deep by 51mm wide, slots on both ends. These pin-pin connections had the
capability of transferring in-plane diaphragm shear, moment, and axial forces but had a
reduced capacity to transfer out-of-plane actions during phase | of the test. The North
and South ends of the RC floor slabs were supported on four pin-ends gravity columns
designed and detailed to carry axial tension and compression only. Concrete with a
target 27.6MPa specified compressive strength and Grade-60 steel reinforcement were
used in the test structure. The measured average concrete compressive strength at the
day of the final test was 37.9MPa, while the average measured reinforcing steel yield
strength was 455MPa. The footings under the web and flange walls were longitudinally
prestressed and designed to remain elastic during testing. The geometry of the test
structure and the reinforcement details for the web wall, flange wall, and slabs are given
in Figure 3.15 and Figure 3.16, respectively. More details about the test structure can be
found in Panagiotou et al. (2007a, 2010).
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Figure 3.16. Reinforcement details for the test structure: (a) web and flange walls at first lever; ana
(b) web and flange walls at levels 2-6; and (c) floor and link slabs at all levels

3.4 Input ground motions

Phase I of the test program investigated the response of the cantilever web wall to four
levels of excitation with increasing intensities (EQ1-EQ4), representing four historical
earthquakes recorded in Southern California. Prior to and between the earthquake tests,
the structure was subjected to long-duration ambient vibration tests and long-duration
low-amplitude white noise tests for system damage identification (Moaveni et al.,
2010). The low-intensity input motion EQ1 was the VNUY longitudinal component
from the 1971 M,, 6.6 San Fernando earthquake. The two medium intensity input
motions EQ2 and EQ3 were the VNUY transverse component record from the 1971 My,
6.6 San Fernando earthquake and the WHOX longitudinal component from the 1994
My, 6.7 Northridge earthquake, respectively. The large intensity input motion EQ4 was
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the Sylmar Olive View Med 360° component record from the 1994 M,, 6.7 Northridge

earthquake. Figure 3.17 shows the acceleration time-histories alongside the acceleration

and displacement response spectra of the four input motions while Table 3.1 lists the

peak recorded values of selected response parameters for the test structure (Panagiotou

etal., 2010).
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Figure 3.17. Most intense 30s-time histories and response spectra of recorded table ground motions

for the test structure used in modelling verification

Table 3.1. Peak recorded values of selected response parameters for the test structure (Panagiotou

et al., 2010)
Response Parameter Before  After After  After  After
EQ1 EQ1 EQ2 EQ3 EQ4
Fundamental period (s) 0.51 0.65 0.82 0.88 1.16
Roof relative lateral displacement (m) - 0.05 0.14 0.16 0.38
Roof drift ratio (%) - 0.28 0.75 0.83 2.06
Inter-storey drift ratio” - 0.35 0.89 1.03 2.36
Peak table acceleration (g) - 0.15 0.27 0.35 0.91
System base shear (kN)® - 425 628 704 1185
System base moment (kNm) " - 5606 8093 8490 11839

AOver all storeys

BCalenlated as the product of storey mass with measured horizontal floor acceleration
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3.5 Analytical models and results

Three analytical models are developed for this study. ZEUS-NL (Elnashai et al., 2012)
is utilised to develop the first two: “Z-Model” and “I1Z-Model”; while PERFORM-3D
(CSI, 2011) is used to develop the third: “P-Model”. Brief descriptions of the features of
each model and the comparison between the predicted and measured results are given in

the following sections. Figure 3.18 shows schematic diagrams of the three models.
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Figure 3.18. Schematic diagrams of developed models for the test structure used in modelling
verification: (a) Z-Model; (b) IZ-Model; and (c) P-Model

3.5.1 Analytical model “Z-Model”

The 2D (in the plane of excitations) model for the test structure is developed using
ZEUS-NL (Figure 3.18a). The centreline model included the web wall, the flange wall,
the gravity columns, the prestressed segmental pier, the link slab, and the braces
connecting the segmental pier to the structure. The 2-noded fibre-based cubic elasto-
plastic element is used to model the response of the web and the flange walls as well as
the slotted slab connecting them. The elastic frame element is used to model the
prestressed segmental pier, the gravity columns, and the braces. Rigid links are utilised
to connect the web wall centreline to the gravity column elements at both ends of the
wall. The 3D joint element, characterised by linear elastic behaviour is used to simulate
the pin-pin connection of the gravity columns, the braces and the East-West hinge

connection between the segmental prestressed pier and its footing. The seismic mass of
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the test structure is lumped at floor levels to simplify the analytical model. The weight
of the structure is also applied as nodal loads to account for the gravity and the P-A
effects during NRHA.

The uniaxial nonlinear constant confinement constitutive model of Mander et al. (1988)
with improved cyclic rules proposed by Martinez-Rueda and Elnashai (1997) is used to
calculate the properties of the confined concrete and assigned to the corresponding
fibres in the web and the flange walls’ cross-section at the first storey (Figure 3.7). The
concrete in the upper storeys had no confinement reinforcement and thus modelled
using unconfined concrete fibres. In both cases, the tensile strength of concrete is
neglected. The F-D behaviour of the steel reinforcing bars in the test structure is
idealised using the uniaxial steel model of Menegotto and Pinto (1973) coupled with the
isotropic hardening rules proposed by Filippou et al. (1983), as shown in Figure 3.8a. In
this figure, E, is the initial elastic modulus of steel, E; is the strain-hardening modulus,
R, is a parameter defining the initial loading curvature, and a; to a4 are experimental-
based parameters that control the curvature and isotropic strain hardening in the
subsequent load cycles, taken as 20, 18.5, 0.15, 0.01 and 7, respectively (Elnashai et al.,
2012). Previous studies indicated that shear deformation may have a significant
contribution to the lateral displacement of walls especially at lower storeys, even in
walls that are categorised as flexure-dominated (e.g. Thomsen and Wallace, 1995). In
ZEUS-NL, the fibres in the cubic elasto-plastic element used to model the web wall
have zero resistance to transverse forces, and hence shear deformation cannot be
determined at the section level. It can be, however, explicitly modelled by introducing
shear springs to the wall element. Justified by the fact that the experimental results for
the test structure evidenced almost exclusively flexural cracking at the web wall base
(Panagiotou et al., 2007a, Martinelli and Filippou, 2009), shear deformation is not
considered in this analytical model.

ZEUS-NL includes Rayleigh damping as the only option to account for the effects of
the viscous damping during dynamic analysis. The mathematical model of Rayleigh
damping in this package is based on the initial stiffness in calculating the damping
matrix. When the use of tangent stiffness-proportional damping is not an available
option, previous studies recommended lowering the first mode initial stiffness-
proportional damping value (e.g. Hall, 2006, Smyrou et al., 2011). The use of the mass-
proportional damping term in the damping matrix is discouraged by several researchers.
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For an instant, Priestley and Grant (2005) showed that including the mass-proportional
term in the damping equation can heavily weight the mass matrix, leading to a nearly
constant damping matrix during the post-elastic response of the structure regardless of
stiffness degradation. Hall (2006) suggested that the presence of mass-proportional
damping will generate extraneous damping forces due to the rigid body motion
component involved in the formulation of earthquake analysis that is based on total
motion. It is worth noting that rigid body motion phenomena become more significant
in the analysis of tall buildings. For the test structure, previous studies have adopted
different approaches and values to model viscous damping. For instance, Panagiotou
and Restrepo (2006) used a damping ratio of 0.3% for the first longitudinal mode to
accurately simulate the response to earthquake input motions; Martinelli and Filippou
(2009) used Rayleigh damping with mass and initial stiffness-proportional damping
matrix and a 1.0% damping ratio for the first two flexural modes; while Waugh and
Sritharan (2010) used tangent stiffness-proportional viscous damping corresponded to
0.5% and 0.8% damping ratios for the first and third uncracked mode periods,
respectively. The use of such a low damping ratio in modelling the test structure can be
attributed, in addition to the discussion included in Section 2.2.3.3, to the absence of
non-structural elements and also to the fact that flexural cracking was largely limited to
the lower part of the structure as a consequence of the low ratio of the longitudinal
reinforcements led to by the design approach of the building (i.e. displacement-based
design). Based on the above, an initial stiffness-proportional viscous damping
corresponding to 0.5% damping ratio in the first longitudinal mode is used in the Z-

Model, while the mass-proportional damping term is set to zero.

The input motions shown in Figure 3.17 are applied to the base of the Z-Model in the
East-West direction parallel to the web wall. Using the Newmark integration scheme,
NRHA is conducted at a time step of 1/60s. The four input motions, EQ1 to EQ4, are
concatenated to account for the accumulated structural damage on the response of the
test structure. Six seconds of zero-base acceleration is added in between the earthquake
records to allow the structure to come to rest prior to being subjected to the next record.

The applied concatenated base motion record is 523s long in total.

The capability of the Z-Model in predicting the global response of the test structure
during the most intense 30s of each of the four earthquake input motions is assessed by
comparing the analytical results with measured data for top-floor relative displacement
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time histories (Figure 3.19), response envelopes of storey displacement, inter-storey
drift (ISD), storey shear force and storey overturning moment (Figure 3.20). Figure 3.19
shows that the model well captures all the significant peak relative displacements
recorded during EQ1, EQ2 and EQ4. The relatively poor prediction of the last part of
the peak displacement histories in Figure 3.19 can be attributed to the assumptions
made in the modelling of viscous damping. The peak displacements on EQ3 are
underpredicted by as much as 25%, the discrepancies in the computed response under
EQ3 have also been recorded in other studies (e.g. Kelly, 2007, Waugh and Sritharan,
2010). This is mainly attributed to the similarity in the earthquake intensity between
EQ2 and EQ3 input motions. As a consequence of these two records having comparable
intensities, the unloading and reloading paths of the material models rather than their
envelopes have a big influence on the analytical response under EQ3. Accurate
representation of the unloading and reloading behaviour of material models becomes
more important when the structure does not move into virgin territory, as during
aftershocks for example. Figure 3.20a shows very good agreement between predicted
and measured displacement envelopes at floor-levels (storey displacement). As
expected, the displacements under EQ3 are under predicted. The maximum calculated
roof drift ratios are found to be 0.30% under EQ1, 0.75% under EQ2 and 2.05% under
EQ4, compared to their corresponding measured values of 0.28%, 0.75% and 2.06%,
respectively. While for the response under EQ3, the obtained and measured maximum
roof drifts are 0.78% and 0.83%, respectively. ISD is typically considered as a key
parameter in defining performance limit states for seismic vulnerability assessment of
buildings and hence it is essential to have this parameter accurately predicted. As shown
in Figure 3.20(b), the ISD envelopes are well predicted by the analysis under EQ1, EQ2
and EQ4, while under EQ3 it is within 30% of the experimental values for the same

reasons discussed above.

129



Chapter 3. Multi-level nonlinear modelling verification scheme

0.1
E 0.05 n A
= '
g 0 AS ,..\VAVAVI)AV' J AI\AAAA n A!\ n!\/l f\ I Av/\vl. l\{,\ AMI}‘\[I“\{I\\AV;I\XWW
S A L
& 005
[a) Z-Model
| Exp. ————- Ana)
-0.1 T T
40 45 50 .55 60 65 70
Time (s)
0.2
E o1 b
: A
: A
GE.) 0 VAVAVAHI\VA A\U,A vl\vl\ /\ /\ Il\ll' (\Il\ ) " l\ [ /{\ A \\[ ’\]’A \/'\(VA\!AVAV
: VIR VWV
3 N RARIR
2 1l
o 01 v 0 Z-Model
[ - Exp. t---- Ana
-0.2
185 190 195 . 200 205 210 215
Time (s)
0.2
é 0.1 . 1 X A ;!ﬁ' f\ f N
e ! . \ .
IRV e \ ) ¥
: I 1Y V\Y\V\Y\/\W b
= ‘ ,'
2 0.1 ¥ i t {
a ¢ V Z-Model
J Exp. ————- Ana
-0.2
325 330 335 340 345 350 355
Time (s)
0.5
|
€025 n‘l f
- j ‘1 \
S \1”\‘11\/\\,"-\/(\”/\f\//\/\pr
= 0 AN i i \H)\/Iw \l\r);‘wv\‘f‘\‘ﬂ}\t\" \‘fﬁw‘{v\l \,’\\(/“V;\“}TL;'):/
] "V‘\u‘”\/‘,/\v‘/‘/vV
3 T
73 L
a -0.25 v; v Z-Model
| = Exp. +---- Ana.|
-0.5
455 460 465 . 470 475 480 485
Time (s)

Figure 3.19. Z-Model: measured versus computed top relative displacement under the four Input

motions

130



Chapter 3. Multi-level nonlinear modelling verification scheme

—— EQI1-Exp. —&— EQ2-Exp. —a— EQ3-Exp. —e— EQ4-Exp.
--¢-- EQ1-Ana. --8-- EQ2-Ana. --A-- EQ3-Ana. --6-- EQ4-Ana.
==
-
/3//'
Z-Model
0 0.05 0.1 0.15 0.2 0.25 0.3 0.35 0.4
@ Lateral R. Displacement Envelope (m)
7 A /v:
6 2
g,
5 &
/
4
qz‘ /
s 3 4
@2 :é/
1 .
0 Z-Modkel
|E| 0 0.005 0.01 0015 0.02 0.025
Interstorey Drift Envelope
;
Z-Model
6 1 ~
\\
5 1 N
4 = A
> AN \
o, N NSV
& N \ - \
| ~
n 2 3 \S\ \
1 ¥ \\KM?Q\ A \\\C\ e
\ >SS \\\
0 1 R \a — .
0 325 650 975 1300
Shear Force Envelope (kN)
7
Z-Model
6 .§
5 1 N
4 \\O\:\
?3 \\ = \\\.
o<
D2 w B > \A\
1 ‘\A \\\\\\EK\\:\\‘G\ \
\ X F~~_
0 S—— S B
0 2000 4000 6000 8000 10000 12000
@ Owerturning Moment Envelope (kNm)

Figure 3.20. Z-Model: measured versus computed envelopes: (a) relative displacement; (b) inter-

storey drift; (c) storey shear; and (d) storey overturning moment

131



Chapter 3. Multi-level nonlinear modelling verification scheme

Despite the good agreement between predicted and measured response values of top
displacement time histories, storey displacement and ISD envelopes discussed above,
the Z-Model underestimates the storey shear and consequently storey moment
envelopes of the test structure. Especially when the structure behaves inelastically
(Figure 3.20c and Figure 3.20d). The discrepancies between the reported and the
analytical storey shear and moment values can be attributed to the influence of the 3D
interaction between the gravity columns, the floor slabs and the web wall on the overall
lateral capacity of the test structure. The significant contribution of this interaction to
the lateral force resistance of the test building was confirmed by Panagiotou and
Restrepo (2006) using pushover analysis. The main reason for this influence is that, due
to their interaction with the floor slab, the gravity columns developed significant axial
strains during testing. Consequently, the columns near the tension side of the web wall
were experiencing tensile forces and those closer to the compression side were
subjected to compression forces. Given the 3.05m span between the columns, the
tension and compression forces enabled a large moment to be developed and effectively

increased the lateral force resistance of the test structure.

3.5.2 Analytical Model “IZ-Model”

To address the shortcomings of the Z-Model, 1Z-Model is developed as an improved 2-
noded fibre-based model to introduce the 3D slab-columns-web wall interaction effect.
In the 1Z-Model, 3D joint elements are introduced at both ends of the rigid link that
connects the web wall centreline to the gravity columns at each floor level
(Figure 3.18b). A bilinear asymmetric moment-curvature relation is assigned to those
elements to simulate the out-of-plane flexural rigidity of the slab. Figure 3.21 shows the
storey shear and moment envelopes predicted using the 1Z-Model under EQ1 to EQ4,
where significant improvement can be seen. This exercise highlights the importance of
taking into account the 3D interaction effect of all structural members in the building to

accurately predict the seismic response.

To assess the capability of the 1Z-Model to capture the damage evolution of the test
structure under the four input motions, the frequency spectra of the top relative
displacement time-histories using the Fast Fourier Transform (FFT) method and the
structure periods of the first two modes are plotted under EQ1 to EQ4 in Figure 3.22. It
is worth noting that the measured fundamental frequency of the test structure changed
from 1.96Hz before testing to 0.86Hz at the end of EQ4, with corresponding
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fundamental periods of 0.51s and 1.16s, respectively. Despite the significant
lengthening of the fundamental period of the test structure by more than 127%, the 1Z-
Model was able to track this damage progression with good accuracy. At the end of
EQ4, the observed difference between measured and predicted first mode frequency is
20%. This can be attributed to the high flexural stiffnesses of the rigid links and the 3D

joints in the model.
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Figure 3.21. 1Z-Model: measured versus computed envelopes: (a) storey shear; and (b) storey
moment
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Another measure of the capability of the analytical model is the determination of the
local damage. Figure 3.23 depicts the tensile strain envelope of an outer reinforcing bar
located in the web wall (marked as ST2 in the tests) over the height of the first level
under EQ4 input motion. It should be noted that computed strains can be mesh-
sensitive, especially at zones of concentrated plasticity. To investigate the influence of
the mesh size on the computed stains, the web wall member in the first level of the
building is modelled using four different meshes: One Element-mesh (1E); Two
Element-mesh (2E); Three Element-mesh (3E); and Six Element-mesh (6E). The results
presented in Figure 3.23 show that the 1Z-Model with 2E predicted the tensile strain
envelops of ST2 reinforcing bar with good accuracy. It is worth mentioning that the 2E
needed an element length of 1321mm, which is close to the expected plastic hinge
length at the web wall base (0.5 times the flexural depth of the wall=1830mm) as
proposed by ASCE/SEI 41-06 (2007). Hence, mesh size not exceeding the expected
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plastic zone length is confirmed as being suitable for fibre-based modelling of RC shear

walls.
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Figure 3.23. 1Z-Model: tensile strain of ST2 reinforcing bar over the height of first level under EQ4

3.5.3 Analytical Model “P-Model”

To evaluate the capability of the 4-noded element modelling approach in predicting the
response of the test structure, the P-Model is developed using PERFORM-3D (CSl,
2011). To model the web and the flange walls, the 4-noded fibre-based shear wall
element is used with nonlinear vertical fibres to represent the behaviour of concrete and
reinforcing steel. Based on the outcome of the element mesh sensitivity study conducted
on the 1Z-Model in Section 3.5.2, the web wall in the first level is represented with two
vertical elements “1E Mesh”, as shown in Figure 3.18c. The link slab is modelled using
the 2-noded fibre-based frame element. An elastic frame element with specified cross-
section properties is used to model the prestressed segmental pier, while the elastic bar
element is utilised to model the pin-pin end braces and gravity columns. Finally, the
elastic 4-noded slab element is used to represent the floor slabs. For the sake of
comparison, the same principles used in Z-Model and 1Z-Model for modelling the

seismic mass of the test structure are followed.

The four-linear segment F-D relation is used to approximate the concrete stress-strain
relationship based on the modified Mander model (Figure 3.13). For the reinforcing
steel material model, a similar relation is used with the post-yield stiffness and cyclic
degradation parameters defined following the adjustments described by Orakcal and
Wallace (2006). The linear stress-strain relation is used to model the materials of the
prestressed segmental pier, floor slabs, braces and gravity columns. In PERFORM-3D,

viscous damping can be modelled using modal damping, a more preferred viscous
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damping modelling approach (CSI, 2011). However, for consistency, the same
assumptions and procedures used in the ZEUS-NL models for the viscous damping,

input motion application, and numerical strategy are adopted in this model.

The shear deformation in the web wall is accounted for in the P-Model by assigning a
trilinear relation to the wall element similar to the one recommended by ASCE/SEI 41-
06 (2007) and ASCE/SEI 41-16 (ASCE/SEI-41, 2017). to represent the nonlinear shear
behaviour of the wall. Test results by Thomsen and Wallace (2004) and the follow-up
calibration study by Gogus (2010) are used to define the shear F-D relation. In the used
trilinear relation, the uncracked shear modulus is taken as 0.4E. and diagonal (shear)

cracking is assumed to start at 0.25Vfc’ < 0.5v,, where v, is the wall nominal shear
strength from ACI 318 (2014). The post-cracking slope is reduced to 0.01E, to account

for the nonlinear shear deformations due to shear-flexure interaction (Massone, 2006).

Following the same sequence used in the previous section, Figure 3.24 to Figure 3.27
show predicted versus measured top-floor relative displacement time-histories, response
envelopes, the evolution of modal characteristics and ST2 steel rebar tensile strain,
respectively. Good agreement can be seen for all predicted response except the ones
under EQ3, where, for the same reasons discussed earlier, predicted response of the test

structure have some discrepancies when compared with measured values.

While the data measured from the shake table test confirmed the accuracy of the
investigated modelling approaches and key parameters in predicting global response and
local damage induced by the seismic demands on slender wall structures, some
limitations became apparent in the 2-noded fibre-based modelling approach (e.g.
accounting for 3D compatibility effects). The study reveals the superior ability of the 4-
noded fibre-based wall/shell element to account for the 3D effects of deformation
compatibility between lateral and gravity-force-resisting systems. The study also
addresses the sensitivity of attained results to the stiffnesses assigned to the rigid links
and the 3D joints required to connect the shear walls to neighbouring elements when the

2-noded fibre-based element modelling approach is used.
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3.6 Summary and conclusions

In this chapter, the results from Phase | of the shake table tests undertaken at the
University of California, San Diego of a full-scale slice of a seven-storey RC wall
building are employed to conduct a MLNMVS. The scheme verifies different
approaches and key parameters in modelling RC slender shear walls forming the lateral
force-resisting system in RC high-rise wall buildings. Three analytical models are
created to simulate the nonlinear response of the test structure under four consecutive
table excitations. The excitations represent real earthquake motions with increasing
maximum acceleration from 0.15g to 0.91g. The 2-noded fibre-based beam-column
element approach is adopted to model the web and the flange walls of the test structure
in 2D centreline models using ZEUS-NL tool. PERFORM-3D package is utilised to
create the third (3D) model using the 4-noded fibre-based wall/shell element. The main

conclusions drawn from this study are:

e With appropriate care in the modelling of the geometry, both investigated
nonlinear modelling approaches (2- and 4-noded fibre-based elements) are
sufficient to predict global deformation response (storey lateral displacement

and I1SD) of RC wall buildings with relatively good accuracy.

e The study reveals the supremacy of the 4-noded fibre-based wall/shell element
in accounting for the 3D effects of deformation compatibility between lateral
and gravity-force-resisting systems. The 3D interaction between the gravity
columns, the floor slabs, and the web wall significantly contributed to the
overall lateral capacity of the test structure.

e When initial stiffness is used in constructing the damping matrix for RC wall
buildings with no or well-isolated non-structural elements, low damping ratio

(0.5% for the test structure) is suitable for assessing their seismic performance.

e The observed difference between the predicted and the measured response of
the test structure under the two consecutive input motions with comparable
intensities (EQ2 and EQ3) highlights the importance of accurate representation
of the unloading/reloading paths of the material models. This is especially true
when assessing the performance of buildings under earthquake motions that do

not considerably take the structure into virgin territory.
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No noticeable change is observed in the analytical response of the test structure
when shear deformation was accounted for in the P-Model compared to the
results obtained from the 1Z-Model. This is justified by the test results that
demonstrated almost exclusively flexural cracking at the web wall base.
However, shear deformation may still make a significant contribution to the
lateral displacement of walls, even in walls categorised as slender and or
flexure-dominated. Hence, considering the shear deformation either implicitly
(coupled model) or explicitly (uncoupled model) is recommended.
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CHAPTER 4. Case study

To demonstrate the proposed framework for assessing the seismic vulnerability of RC
high-rise wall buildings under different earthquake scenarios, the city of Dubai (UAE)
is chosen in the present work as a case study for two main reasons: (i) due to the
unprecedented level of growth in property development in recent years. In this growth,
high-rise buildings are forming the biggest share of the new construction. This class of
buildings represents high levels of financial investment and population density increase
which significantly increases exposure; and (ii) the multi-scenario earthquakes under
which the region is vulnerable, where high-rise buildings are expected to respond to in

different ways.

This chapter consists of four main sections. Section 4.1 presents the seismicity of Dubai
city. Hazard studies on the region are critically reviewed and appropriate seismic
characteristics are selected for the subsequent seismic vulnerability assessment. The
criteria for selecting the input ground motions are discussed in Section 4.2, where forty

real records are selected to represent two seismic scenarios. Section 4.3 discusses the
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selection, the analysis, and the design of a 30-storey RC building which is utilised as the
reference structure in the current study. The building footprint, layout and lateral force-
resisting system are commonly adopted in the study region. Finally, Section 4.4 details
the nonlinear modelling of the reference building using the modelling approach and key
parameters presented in CHAPTER 3.

4.1 Seismicity of the study region

The United Arab Emirates, where the city of Dubai is located, is situated on the Arabian
Gulf, southeast of the Arabian Peninsula, bordering Saudi Arabia to the south and Oman
to the east. The country also shares sea borders with Iran to the north and Qatar to the
west. The Arabian plate is categorised as a stable continental region (Fenton et al.,
2006). The regional-scale general tectonic setting is shown in Figure 4.1.
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Figure 4.1. General tectonic setting around UAE (after Khan et al., 2013)

Over the last three decades, there have been over eleven studies presenting the seismic
hazard for Dubai, either specifically (e.g. Sigbjornsson and Elnashai, 2006, Shama,
2011), as part of the UAE (e.g. Abdalla and Al-Homoud, 2004, Musson et al., 2006,
Malkawi et al., 2007, Aldama-Bustos et al., 2009, Khan et al., 2013), or on a wider scale

144



Chapter 4. Case study

that covers most of the Arabian Peninsula (e.g. Al-Haddad et al., 1994, Grunthal et al.,
1999, Peiris et al., 2006, Pasucci et al., 2008). The conclusions drawn by these studies
are quite different with regard to the level of seismicity in Dubai and the UAE as a
whole, with estimates of the PGA in Dubai ranging from less than 0.05¢g to 0.32g for a

return period of 475 years.

The work of Peiris et al. (2006), Musson et al. (2006), Malkawi et al. (2007), and
Pasucci et al. (2008) have less impact as the former two are published in conference
proceedings and the latter two as international and technical reports, respectively. It is
worth mentioning though that the outcome for Dubai (PGA for a return period of 475
years) in the above-mentioned studies by Peiris et al., Musson et al., and Pasucci et al.
(0.069, 0.06g and 0.05g, respectively) is very close to the result obtained by Aldama-
Bustos et al. (2009). On the other hand, the study by Malkawi et al. reported a PGA

value greater than 0.2g.

The work of Griinthal et al. (1999) basically aimed to fill in the blank areas left in the
global hazard map produced by the Global Seismic Hazard Assessment Project
(GSHAP), of which the northeast corner of the Arabian Peninsula was not covered in
any of its regional sub-projects. The UAE hazard was mapped by simulating the
attenuated effect of the seismic activity in the Dead Sea fault area and in Zagros
province of Iran, without performing actual seismic hazard analysis for sites in UAE.

Therefore, the estimates of Griinthal et al. are disregarded in the current study.

With the exception of the latter work, the above-mentioned studies have implemented
the PSHA methodology, based essentially on Poisson Model framework (Cornell,
1968). In a PSHA framework, there are several key input parameters. These parameters
are highlighted below with a critical review on their impact on the concluded results of

some of the aforementioned studies.

4.1.1 Earthquake data, faulting structures and seismic source models

To compile an appropriate seismic source model for the use within a PSHA study, it is
essential to identify the individual faulting structures both on the local and the regional
levels. The faulting structures to be identified are the ones which have the potential to
generate earthquakes that could affect Dubai and other sites within the UAE. Based on
the tectonic setting of the region, four main seismic sources can be identified: (i) Zagros
fold-thrust; (i) Zendan-Minab-Palami fault system; (iii) Makran subduction zone; and
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(iv) local crustal faults including Oman mountains, Dibba line, Wadi Ham, Wadi El-
Fay, Wadi Shimal and the controversial West Cost Fault (WCF), (Johnson, 1998).
Defining the seismic source zones, in terms of covered area, assigned faults, and

seismicity (recurrence parameters) has a major impact on the output of the PSHA.

In the study of Al-Haddad et al. (1994), UAE region has not been included in any of the
considered seismic source zones. The closest considered source was the one that
combines the western edge of the Makran subduction zone and the southernmost part of
Zagros fold-thrust (Figure 4.2a). In this study, international earthquake data bank
sources alongside Saudi Arabian Earthquake Data File (SAEDF) were utilised to
assemble the earthquake catalogue used with the PSHA. The study was based on
instrumented and historic events covering a time span from 2150 BC to 1990 AD and a
geographic region bounded by 10° N to 35° N and 30° E to 60° E.

The first PSHA conducted specifically for the UAE was presented by Abdulla and Al-
Homoud (2004). The seismic source zones defined in this study are similar to those of
Al-Haddad et al. (1994), with the exception of two additional small zones. The two
added zones are effectively linking the stable UAE with the active areas of Makran and
Zagros regions (Figure 4.2b). These source zones have contributed to inflating the
seismic hazard within the UAE. The earthquake data were based on the catalogue of the
International Institute for Earthquake Engineering and Seismology (IIEES, 2019) and
the work of Farahbod and Arkhani (2002). The employed time span was between 1008
AD to 2002 AD and the covered area bounded by 20° N to 30° N and 50° E to 60° E.

Sigbjornsson and Elnashai (2006) conducted a hazard study focusing only on Dubai
(Figure 4.2¢). The study indicated that the seismic source zonation is based on the work
of Tavakoli and Ghafory-Ashtiany (1999), but also included the Dibba and West Coast
faults. The earthquake data for the study area of 20° N to 30° N and 50° E to 60° E and
for the period of 734 AD to 1996 AD were extracted from three main sources: (i)
Ambraseys and Melville (2005); (ii) Ambraseys and Srbulov (1994); and (iii) GSHAP
data (2004). USGS data (2019) were also used to include additional events up to 2004.

The study of Aldama-Bustos et al. (2009) concentrated on the major cities of Abu
Dhabi, Dubai, and Ras Al Khaymah in the UAE. Twenty distinct seismic sources were
included within the seismic source model, mainly related to the Zagros fold and thrust

belts using the work of Berberian (1995) to partition this overall region into sub-sources
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(Figure 4.2c). The stable carton consisting most of the Arabian Peninsula was treated as
a background source. Earthquake data were gathered from several sources (e.g.
Ambraseys and Srbulov, 1994, Ambraseys and Melville, 2005, IIEES, 2019, ISC, 2019,
USGS, 2019). The spatial study region spanned 21° N to 31° N and 47° E to 66° E and
covered the period from 3000 BC up to 2003 AD.

In the study of Shama (2011), a PSHA was performed to establish the hazard spectrum
for a site located at Dubai Creek on the west coast of the UAE where a new bridge was
proposed. A definite number and borders for the seismic source zones were not
reported. However, the study provided details of the characteristics of four seismic
sources: Zagros fault-thrust region, Zendann-Minab-Palami fault system, Makran
subduction zone, and local faults in the UAE (including the WCF). The effect of
background seismicity was not included in this study. The covered area spanned 22° N
to 31° N and 49° E to 67° E, and the earthquake catalogue was mainly based on IRIS
(2019) and (lIEES, 2019).

One of the most recent studies in this field was conducted by Khan et al. (2013). In this
study, seven distinct seismic sources are included (Figure 4.2d), based primarily on the
work of Berberian (1995), Engdahl et al. (2006), and Aldama-Bustos et al. (2009). The
USGS, the National Geosciences of Iran (NGI), and the National Centre of Meteorology
and Seismology of UAE (NCMS-UAE) were used as sources to assemble the
earthquake catalogue for the study region with covered area of 18° N to 32° N and 45° E
to 70° E. Events dated between 1900 AD and 2010 AD were used.

4.1.2 Ground motion prediction equations

Ground Motion Prediction Equations (GMPESs) are normally developed using statistical
regression on data of the observed ground motion intensities. These models are used to
predict the probability distribution of ground motion intensity as a function of variables
such as event magnitude, distance, faulting mechanism, site conditions, and directivity
effect.

It is always preferable to use ground motion prediction models which are based on
strong-motion recordings from the study areas. There were no seismograph networks in
UAE until recently when one was set up by the governments of Abu Dhabi and Dubai in
2010 (Khan et al., 2013). Hence, the data available for this region is very limited to
drive site-specific equations. For that reason, all above-mentioned studies used GMPEs
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developed for other geographical regions, with the choice of such equations in recent
studies often based on guidelines proposed by Cotton et al. (2006). Table 4.1 lists the

GMPE:s used in the aforementioned studies alongside their references.
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Table 4.1. GMPEs for the reviewed studies alongside their references

Reviewed study

GMPE #

Al-Haddad et al. (1994)

Abdalla and Al-Homoud (2004)
Sigbjornsson and Elnashai (2000)
Peiris et al. (2000)

Musson et al. (2006)

Malkawi et al. (2007)

Pasucci et al. (2008)
Aldama-Bustos et al. (2009)
Shama (2011)

Khan et al. (2013)

1
2

3,4

3,5,6,7,8

3,9

7

6,10, 11,12, 13
10,11, 13, 14, 15, 16, 17
3,10, 14, 18, 19, 20, 21

10,13, 14, 16, 22, 23, 24

GMPE # Reference study GMPE # Reference study

1 Campbell (Campbell, 1985) 13 Atkinson and Boore (Atkinson and Boore, 2006)

2 Zare (Zare, 2002) 14 Abrahamson and Silva (Abrahamson and Silva, 1997)

3 Ambraseys et al.(Ambraseys et al., 1996) 15 Ambraseys et al. (Ambraseys et al., 2005)

4 Simpson (Simpson, 1996) 16 Atkinson and Boore (Atkinson and Boore, 2003)

5 Sadigh et al. (Sadigh et al., 1997) 17 Boore (Atkinson and Boore, 2007)

6 Spudich et al.(Spudich et al., 1999) 18 Boore et al. (Boore et al., 1997)

7 Atkinson and Boore (Atkinson and Boote, 1997) 19 Gregor et al. (Gregor et al., 2002)

8 (Dahle et al., 1990) 20 Campbell (Campbell, 2003)

9 Dahle et al. (Ambraseys, 1995) 21 Campbell and Bozorgnia (Campbell and Bozorgnia, 2003)
10 Youngs et al. (Youngs et al., 1997) 22 *Boore and Atkinson (Boore and Atkinson, 2008)

11 Akkar and Bommer (Akkar and Bommer, 2007) 23 *Abrahamson and Silva (Abrahamson and Silva, 2008)

12 Campbell and Bozorgnia (Campbell and Bozorgnia, 2007) 24 *Campbell and Bozorgnia (Campbell and Bozorgnia, 2008)

*New Generation Attenuation (NGA) equation
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4.1.3 Results of PSHA studies on the region

The results of Al-Haddad et al. (1994) were presented in a PGA map for a 475 years
return period. For the Dubai region, the PGA value is shown to be less than 0.05g.
Abdalla and Al-Homoud (2004) presented PGA maps with 10% Probability of
Exceedance (POE) in 50, 100 and 200 years (475, 950 and 1900 years return periods,
respectively). In this study, the estimated PGA value for Dubai at 475 years return
period was 0.15g. Sigbjornsson and Elnashai (2006) presented PGA hazard curves,
UHS for return periods of 974 and 2475 years, and synthetic records to be used in
dynamic analysis. The study suggested PGA values of 0.16g and 0.22g in Dubai for
return periods of 475 and 2475 years, respectively. Aldama-Bustos et al. (2009)
presented seismic hazard curves (PGA and Sis) and UHS for a wide range of return
periods (500, 1000, 2500, 5000, and 10000 years). The PGA for Dubai was estimated as
0.049g and 0.0869 for return periods of 475 and 2475 years, respectively. Shama (2011)
presented seismic hazard curves (PGA and Spectral accelerations with periods ranging
from 0.1s to 10s) and UHS for 475 years and 2475 years return periods. The hazard in
Dubai (PGA) based on this study was estimated at 0.17g and 0.33g for return periods of
475 and 2475 years, respectively. Khan et al. (2013) presented the results in terms of
PGA and spectral acceleration (Sap.25) and Sais)) contour maps as well as in seismic
hazard and UHS curves. The 475 and 2475 years return period PGA reported for Dubai
were 0.047g and 0.118g, respectively. Table 4.2 summarises the results of previous

studies in terms of PGA for 475 and 2475 years return periods.

Table 4.2. Results for Dubai from reviewed hazard studies in PGA at 475 and 2475 return periods

Reviewed study PGA (g) for return period of PGA (g) for return period of
475 years (10% POE in 50/Y) 2475 years (2% POE in 50/Y)

Al-Haddad et al. (1994) <0.05 -

Abdalla and Al-Homoud (2004) 0.15 0.19

Sigbjornsson and Elnashai (2006) 0.16 0.22

Aldama-Bustos et al. (2009) 0.05 0.09

Shama (2011) 0.17 0.33

Khan et al. (2013) 0.05 0.12

The wide differences in PGA shown in Table 4.2 can be attributed to the fact that
different assumptions were made for the key elements of the PSHA framework, such as
borders, faulting structures and seismic parameters assigned to each seismic source. An
obvious difference is in the treatment of the WCF, a fault that has been reported on the

tectonic map of the Arabian Peninsula as a left-lateral strike-slip fault that runs from
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Abu Dhabi through Dubai and Sharjah to Ras Al Khaimah, parallel to the west coast of
UAE (Brown, 1972, Johnson, 1998). The existence and activity level of this fault has
been the focus of ongoing debate, with some of the studies considering it as a major
active source (Sigbjornsson and Elnashai, 2006, Shama, 2011) while others (e.g.
Aldama-Bustos et al., 2009, Khan et al., 2013) excluding it from their source model.
Notwithstanding the currently weak evidence for its existence, if the WCF was shown to
exist with a proven degree of activity (using geomorphic indicators and paleo
seismological investigation), the implication on the PSHA would be serious (Aldama-
Bustos et al., 2009). Other elements like the type and number of GMPEs used with each
seismic source and the definition of the horizontal component of motion could also have

a considerable effect on the outcome of the PSHA.

Considering the level of detail and assumptions made in the discussed studies, the study
of Aldama-Bustos et al. (2009) represents a comprehensive investigation. However, and
since the objective of the current work is to assess the seismic vulnerability of RC high-
rise wall buildings, it is reasonable to lean towards studies with reasonably conservative
outcomes that are in line with the seismic design criteria currently enforced in the UAE.
Among these are the peer-reviewed works of Abdalla and Al-Homoud (2004),
Sigbjornsson and Elnashai (2006), and Shama (2011). In these three studies, the PGA in
Dubai ranges between 0.15¢ to 0.17g for a return period of 475 years and 0.19g to 0.33g
for 2475 years return period. For the spectral acceleration, the values for 0.2s and 1.0s
from the 2475 years return period UHS curves are given as 0.8g and 0.28g in (Shama,
2011), 0.72g and 0.58g in (Sigbjornsson and Elnashai, 2006). These spectral
acceleration values are taken as 0.85g and 0.26g in the seismic maps included in the
Abu Dhabi International Building Code “ADIBC”, (DMA, 2013) based on the study of
Abdalla and Al-Homoud (2004). The high spectral accelerations in long periods from
Sigbjornsson and Elnashai are hard to justify even by accounting for the possible use of

GMPEs that are based on the larger horizontal component (Aldama-Bustos et al., 2009).

In conclusion, the hazard values in terms of PGA at 475 years return period and spectral
accelerations for 2475 years return period at 0.2s and 1.0s adopted for Dubai in the
current work are 0.16g, 0.80g and 0.24g, respectively. These are consistent with the
design values approved by the Dubai Municipality; the legal body responsible for

reviewing and approving all civil and structural designs in Dubai. Figure 4.3 and

151



Chapter 4. Case study

Figure 4.4 show a comparison of the results obtained by some of the discussed studies

in terms of seismic hazard curves (or data) and UHS, respectively.
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4.1.4 Site conditions

In all the studies listed in Table 4.1, the site condition used is bedrock except for
Sigbjornsson and Elnashai (2006) where the assumed site classification adopted in the
attenuation relationships has not been specified explicitly. However, Sigbjornsson and
Elnashai compared the results directly with the work of Abdalla and Al-Homoud

(2004), suggesting that the site condition considered in their work is also bedrock.

Amplification of site response due to the effect of surface soil deposits of a particular
site has been demonstrated in many previous events. Among others, are the Mexico
earthquake in 1985 and the Bam earthquake in 2003. The seismic waves at site surface
have been amplified by 5-fold the ground motion at bedrock level in the former (Celebi
et al., 1987), while the ground surface motion was significantly altered in the latter
(Rayhani et al., 2008). The level of response amplification caused by site condition
depends on, among other factors, the properties of soil deposits and the characteristics
of bedrock motion (e.g. Day, 2002).

Based on the author’s personal experience from working as a senior structural designer
in Dubai and related studies (e.g. Irfan et al., 2012), the near-surface soil in most of the
Dubai region can be classified as “Class C: very dense soil and soft rock” with a small
portion classified as “Class D: stiff soil”. This classification is based on the average
shear wave velocity for the top 30m, following site classification system of ASCE/SEI
7-16 (2017) and FEMA P-1050 (2015). The classification of Dubai soil may
considerably amplify ground motions generated by low-to-moderate near-field and
strong distant earthquakes, which in turn, impacts the seismic response of RC high-rise

buildings with long fundamental periods and short higher mode periods.

For a site condition like the one in Dubai (very dense or stiff soil overlaying bedrock),
site response amplification can be estimated either by (a) developing the response
spectrum at the ground surface directly from the region hazard study using attenuation
equations that are driven specifically for computing stiff soil-site response spectra
(instead of bedrock response spectra); (b) using code-provided site coefficients to adjust
the response spectrum values for the stiff soil overburden; or (c) region hazard study
followed by dynamic site response analysis, (e.g. FEMA, 2015, ASCE/SEI-7, 2017).

Although dynamic nonlinear (or equivalent linear) site response analysis is a more
accurate, yet complicated, method to account for the site response amplification,
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approach (b) is adopted in the current work for the design of the case study high-rise
building. For the vulnerability study, real input ground motions recorded on similar soil
classes as those known in Dubai were adopted, as discussed hereafter. Figure 4.5
presents a comparison of 475 years return period code spectra of Dubai for site class B
(bedrock), C (very dense soil and soft rock) and D (stiff soil), based on the 0.2s and 1.0s
spectral accelerations adopted in the current study and site coefficients of ASCE/SEI 7-
16 (2017).
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Figure 4.5. Dubai design spectra for site class B, C and D using 0.2s and 1.0s spectral acceleration
values adopted in the present study and site coefficient of ASCE/SEI 7-16 (2017)

4.1.5 Earthquake Scenarios

The UHS represent the envelope (aggregation) of the effect of all earthquakes
contributing to the study region with different combinations of magnitudes and
distances. However, at a given time, a building will normally undergo only one
earthquake as far as design is concerned. Hence, disaggregation of the rate of
occurrence associated with the level of ground motion corresponding to selected return
periods is required in order to identify the magnitude-distance scenarios most

significantly contributing to the hazard (Bazzurro and Cornell, 1999)

Mwafy et al. (2006) demonstrated the characteristic difference in response induced by
earthquakes due to strong distant and moderate near-field events, especially for high-
rise buildings with long fundamental periods. The disaggregation process in the work of
Aldama-Bustos et al. (2009) clearly showed that for spectral accelerations at longer
response periods, larger magnitude earthquakes located at greater distances are the main

contributor to risk. It also illustrated that as one moves towards the north part of the
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UAE (from Abu Dhabi to Dubai and Ras Al-Khaimah), the contributions of the Makran
and Zagros regions to the hazard at short response periods relatively increases. Similar
findings were reported by Mwafy et al. (2006), Shama (2011), and Khan (2013).

Based on the disaggregation process in the above-mentioned studies, two main
scenarios can be identified: (i) 5-6 magnitude earthquake at 10-60km epicentral distance
generated by local faults (Dibba fault and WCF); and (ii) 7-8 magnitude earthquake at
100-200km epicentral distance that could be triggered at the Makran subduction zone.
The selected response spectra of the input ground motions that represent the
aforementioned earthquake scenarios are expected to match different parts of the code
spectra for the study region (Figure 4.5) according to the earthquake scenario they
represent. These records will be used in the nonlinear dynamic analyses of the reference
building in CHAPTER 5.

4.2 Input ground motions

Ground excitation induced by different earthquake scenarios is a major source of
uncertainty in determining seismic demands. To account for this uncertainty, the two
aforementioned earthquake scenarios are represented in the current study by two sets
with 20 natural earthquake records in each set (total of 40 records). Record Set#l
contains the input motions representing the severe distant earthquake scenario, while
Record Set#2 represents the moderate near-field scenario. The European Strong-motion
(Ambraseys et al., 2004) and the Pacific Earthquake Engineering Research Centre
(PEER, 2019) databases are used to select the earthquake records due to the insufficient
number of recorded events within the study region. Four parameters are considered in
the selection criteria of the 40 records; (i) event magnitude (M); (ii) distance to source
(R); (iii) site soil condition (S); and (iv) ground motion acceleration to velocity (a/v)

ratio.

Earthquakes with larger magnitudes come with significantly longer effective durations
and more significant peaks compared to smaller ones. The site-to-source distance
generally affects the ground motion at the site through path attenuation and high-
frequency filtration. Depending on the characteristics of the site soil strata, the seismic
wave is either amplified or dissipated while travelling from the bedrock to the ground
level. This modification in the seismic wave impacts the dynamic behaviour of wide

frequency-sensitive high-rise buildings. The a/v ratio forms an important measure to
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magnitude, frequency content and site-to-source distance of the earthquake event (Tso
et al., 1992). High a/v ratios (>1.2g/ms™) signify events with high dominant
frequencies, medium-to-small magnitudes, short site-to-source distances and short
duration periods. Low a/v ratios (<0.8g/ms™), on the other hand, represent earthquakes
with low dominant frequencies, high-to-medium magnitudes, long site-to-source
distances and long duration periods. The a/v classification is applied to all of the 40

records in the current study.

For the ground motion effective duration, the interval between 0.5% and 95% of each of
the acceleration, velocity and displacement integrals are used (Kwon and Elnashai,
2006). This procedure will significantly reduce the computational effort required to
perform the MRIDAs for the reference structure, particularly when applying the 20
records that are characterised by long duration (Record Set#1). Figure 4.6 depicts the
response spectra with their means for the two record sets alongside the uniform hazard
spectra for 10% POE in 50 years (UHS-10% POE in 50Y)) and the design spectra of the
study region (site class C and D). The figure shows that the selected 40 input ground
motions correlate well with the UHS and design spectra of the study region in both short
and long period zones. Table 4.3 and Table 4.4 list the accelerograms (base-line

corrected) with their characteristics for Record Set#1 and Record Set#2, respectively.
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Figure 4.6. Response spectra of the 40 selected records with mean spectra, design spectra and 10%
POE in 50Y-UHS for the study region: (a) Record Set#1 and (b) Record Set#2 representing
moderate near-field earthquake scenario
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Table 4.3. Identification and characteristics for input ground motions in Record Set#1

Record Earthquake Station Component Date Magnitude Site Epicentral Duration Sample PGA (a/v) (a/v)
ID My) class  Distance (km) (sec) Step (s) (g0 g/ms! Class
R1 Bucharest Building res. Institute EW 04-03-1977 7.53 D 161 18 0.005 0.176  0.60
R2 Chi-Chi CWB 99999 ILA013 EW 20-09-1999 7.62 C 135 60 0.004 0.139  0.52
R3 Loma Prieta ~ Emeryville 260 18-10-1989 6.93 C 96.5 28 0.01 0.250  0.57
R4 Loma Prieta ~ Golden Gate Bridge 270 18-10-1989 6.93 C 100 28 0.005 0.233  0.61
R5 Hector Mine  Indio - Coachella Canal 0 16-10-1999 7.13 D 99 60 0.02 0.092  0.70
R6 Izmit Ambarli-Termik EW 17-08-1999 7.64 D 113 50 0.005 0.183  0.60
R7 Tzmit Istanbul-Zeytinburnu NS 17-08-1999 7.64 D 96 96 0.01 0110 077
R8 Kocaeli Bursa Tofas E 17-08-1999 7.51 D 95 70 0.005 0.108  0.49
R9 Kocaeli Hava Alani 90 17-08-1999 7.51 C 102 90 0.005 0.094  0.46
R10 Loma Prieta ~ Alameda Naval Air Stn Hanger 270 18-10-1989 6.93 D 91 29 0.005 0244 073 LOW
R11 Loma Prieta ~ Berkeley LBL 90 18-10-1989 6.93 C 98 39 0.005 0.117  0.65
R12 Loma Prieta ~ Oakland-Outer Harbor Wharf 0 18-10-1989 6.93 D 94 40 0.02 0.280  0.67
R13 Manjil Abhar N57E 20-06-1990 7.42 D 91 29 0.01 0133  0.62
R14 Manjil Tonekabun N132 20-06-1990 7.42 C 131 40 0.005 0.124  0.76
R15 Chi-Chi TAP005 E 20-09-1999 7.62 D 156 60 0.005 0.137 049
R16 Chi-Chi TAPO10 E 20-09-1999 7.62 D 151 60 0.005 0121 0.50
R17 Chi-Chi TAP021 E 20-09-1999 7.62 D 151 60 0.005 0117 047
R18 Chi-Chi TAP032 N 20-09-1999 7.62 C 144 60 0.005 0.115  0.64
R19 Chi-Chi TAP090 E 20-09-1999 7.62 D 156 60 0.005 0.130  0.41
R20 Chi-Chi TAP095 N 20-09-1999 7.62 D 158 60 0.005 0.098  0.52
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Table 4.4. Identification and characteristics for input ground motions in Record Set#2

Record Earthquake  Station Component Date Magnitude Site Epicentral Duration Sample PGA (a/v) (a/v)
ID My) class  Distance (km) (sec) Step (s) (g0 g/ms! Class
R1 Coalinga-04 Anticline Ridge Free-Field 270 07-09-1983 5.18 C 6.34 15 0.005 0.328  2.048
R2 Coalinga-04 Anticline Ridge Pad 270 07-09-1983 5.18 C 6.34 14 0.005 0.331  2.350
R3 Coalinga-05 Burnett Construction 360 07-22-1983 5.77 D 12.38 21 0.005 0.297  1.988
R4 Coyote Lake  San Juan Bautista, 24 polk St 213 08-06-1979 5.74 C 19.7 26 0.005 0.101  1.424
R5 Friuli Breginj-Fabrika IGLI Y 15-09-1976 6 C 21 9.9 0.01 0.505  2.333
R6 Hollister-04 City Hall 271 28-11-1974 5.14 C 9.8 20 0.01 0.168  1.480
R7 Lazio Abr.Y  Cassino-Sant Elia EW 07-05-1984 5.93 C 16 30 0.005 0.114  1.590
R8 Livermore-02  Livermore-Morgan Terr Park 355 01-27-1980 5.42 C 141 15 0.005 0.228  2.581
R9 Mammoth L. 06 Mammoth Lakes H. S. 344 05-25-1980 5.69 C 3.49 12 0.005 0.414  1.957
R10 Mammoth L. 06 Fish & Game (FIS) 0 05-27-1980 5.94 D 12.02 11 0.005 0.406  2.753 HIGH
R11 Montenegro  Petrovac-Hotel Oliva Y 04-15-1979 5.80 C 24.0 28 0.01 0.089  1.426
R12 Northridge-06  Panorama City-Roscoe 90 03-20-1994 5.28 D 11.8 7.2 0.01 0.116  1.916
R13 Umbria Ma. Castelnuovo-Assisi NE 26-09-1997 6.04 C 16.0 45 0.005 0.163  1.254
R14 Whittier N. 01  Brea Dam (L Abut) 130 10-01-1987 5.99 C 24.0 20 0.005 0.132 1.460
R15 Whittier N. 01 LA-Centry City CC North 90 10-01-1987 5.99 D 29.9 30 0.005 0.087  1.788
R16 Whittier N. 01  LB-Orange Ave 2280 10-01-1987 5.99 D 24.5 21 0.005 0.215  1.468
R17 Whittier N. 01 ~ Alhambra - Fremont School 180 10-01-1987 5.99 C 6.77 26 0.005 0.388  1.514
R18 Whittier N. 01~ Garvey Res. - Control Bldg 60 10-01-1987 5.99 C 2.86 38 0.005 0.385  2.432
R19 Whittier N. 01 LA - 116th St School 360 10-01-1987 5.99 D 21.26 25 0.005 0.341  1.888
R20 Whittier N. 01 LA - Obregon Park 360 10-01-1987 5.99 D 9.05 30 0.02 0.424  1.748
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4.3 Selection and design of the 30-storey reference building

Following the definition of high-rise buildings as those with a height greater than 48m
above ground level (PEER/ATC, 2010, LATBSDC, 2011), a 30-storey, 97.3m in height,
RC structure is selected as a reference building for the current work. The footprint,
layout and structural system of the building are common in the study region for this
range of height (e.g. Mwafy, 2012a, Mwafy et al., 2015a). The structure is fully
designed and proportioned for the purpose of the current study taking into consideration
modern code provisions, as well as, local authority supplementary regulations and

construction practices adopted in UAE.

4.3.1 General properties and loading of the reference building

The building consists of a bearing wall lateral force-resisting system in both orthogonal
horizontal directions. Table 4.5 summarises the general building properties. In addition
to the self-weight of the structure, Table 4.6 lists the values used for the calculation of
live and superimposed dead loads. Figure 4.7 shows a typical floor layout and 3D view

of the building design model.

Table 4.5. General building properties

Building usage Residential
Total building height 97.30m (including basement levels)
Building footprint (L x W) 42.25m x 29.25m

28 above ground
Number of storeys
2 below ground
3.20m below ground (storey 1 & 2)

4.50m for ground level (storey 3)

Storey height
3.2m above ground (storey 4 to 29)
3.2m roof level (storey 30)
260mm thick RC flat slab at all building levels plus
Flooring system 1000mm x 200mm RC petiphery beams from storey
4 to 30
Coupling beam depth 1000mm typical
Basement retaining walls 300mm thick, fc¢' = 50MPa
Table 4.6. Load criteria
Location Use Live load (kN/m?2) Superimposed load (kN/m?)
Basement levels (storey 1 & 2)  Parking 3.0 (reducible) -
Ground level Retail and public use areas 4.8 (unreducible) 2.0
Building periphery Cladding - 0.7
Ground level and above Corridors and exit areas 4.8 (unreducible) 2.0
Storey 2 to 29 Residential 2.0 (reducible) 3.0 (including partitions)
Roof level Roof 1.0 (reducible) 3.0
Certain ateas at roof level Mechanical 1.5 (reducible) 4.8
Certain ateas at roof level Water tanks 20.0 (unreducible) 3.0
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Figure 4.7. Reference building: (a) typical floor layout; and (b) 3D rendering of structure from
ETABS model
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A basic wind speed of 45m/s with an importance factor of 1.0 and exposure type C are
considered in estimating wind loads using the ASCE/SEI 7-05 (2005). Following the
discussion in Section 4.1.3, the seismic design loads are calculated using mapped
spectral response accelerations of 0.80g and 0.24g at 0.2s and 1.0s, respectively. Site

class Sc (very dense soil and soft rock) is considered in the seismic analysis.

4.3.2 Analysis and design of the reference building

ETABS (CSlI, 2015), a commercial structural analysis and design software for high-rise
buildings, is utilised to model the reference building in 3D. For the analysis and design
of the flooring system, The SAFE flooring analysis and design software is used (CSI,
2014). Shell elements are used to model shear walls and floor slabs, while frame
elements are adopted in modelling periphery and coupling beams. In the analysis,
seismic demand is estimated using both Equivalent Lateral Force Procedure (ELFP) and
Modal Response Spectrum Analysis (MRSA). A sufficient number of modes were
included in the analysis to obtain combined modal mass participation of at least 90% of
the actual mass in each of the orthogonal directions (ASCE/SEI-7, 2017). The combined
response of the model base shear from MRSA is scaled up to a minimum of 85% of the
base shear calculated from ELFP (ASCE/SEI-7, 2017). Complete Quadratic
Combination (CQC) method and Ritz-vector procedure are used for the MRSA. Critical
viscous damping of 5% is considered for all modes of vibration. Eccentricity ratios of
5% are considered for the diaphragm centre of rigidity in both orthogonal directions to
account for accidental torsional effects on the building. P-A effects are also accounted

for in the analysis.

The design of the building is performed in general compliance with the IBC (2015),
which requires the use of the ASCE/SEI 7-10 (2010) and ACI 318 (2014). ASTM 706
reinforcing steel is used with a specified yielding strength of 460MPa. The specified
concrete strengths used in the flooring system, retaining walls at basements, piers, cores
and coupling beams range between 40MPa and 50MPa. Cross-sections and
corresponding reinforcement of piers and cores vary over the building height. Cast-in-
situ RC flat slabs of 0.26m thickness with periphery beams are adopted for the flooring
system, also serving as a rigid diaphragm to transfer lateral forces to the vertical
structural elements at each floor. The flooring system is subjected to special design
requirements, including punching shear, so as to resist the combination of seismic

deformations and gravity loads. The stiffness assumptions given in Table 4.7 are used to

161



Chapter 4. Case study

determine actions and deformations (Ghodsi and Ruiz, 2010, Tuna, 2012). Associated
design spectrum parameters and characteristics of the first-nine vibration modes of the

building are provided in Table 4.8 and Table 4.9, respectively.

To comply with the local supplementary regulations and the trends of design and
construction practices in the study region, the following assumptions were made during
the analysis and design stages: (i) the stiffness modifier for all vertical structural
elements is set to 0.7; and (ii) the minimum ratio of vertical steel reinforcement in core
wall segments at the lower two-thirds of the building height is set to 1%, and (iii)
boundary elements are to be considered for all pies and core wall segments according to
the special structural wall provisions for the seismic design category (SDC) “D” through
“F” in ACI 318 (2014). The reason for enforcing the consideration of the boundary
elements is that the calculated Sps and Sp; values for site class C in the study region
(0.576g and 0.249g, respectively, Table 4.8) are very close to the threshold values
between SDC-C and SDC-D according to the ADIBC (2013). These threshold values
are 0.60g and 0.25¢g for Sps and Spj, respectively. Figure 4.8 presents typical cross-
section detailing of Core 1, Pier P1, and coupling beams, while Table 4.10 summarises

the design detailing of Pier P1 and Core 1.

Table 4.7. Stiffness assumptions (Ghodsi and Ruiz, 2010, Tuna, 2012)

Element Strength-level design Serviceability design

Modulus of elasticity Specified concrete strength Specified concrete strength

Piers and core wall segments

Retaining walls at basements

Coupling beams

Peripheral beams

Flooring slabs

Flexure: 0.7EI,
Shear:1.0GA,
Flexure: 0.8EI,
Shear: 0.8GA,
Flexure: 0.2EI,
Shear:1.0GA,
Flexure: 0.35EI,
Shear:1.0GA,
Flexure: 0.25EI,
Shear:0.5GA,

Flexure: 1.0EI,
Shear:1.0GA,
Flexure: 1.0EI,
Shear:1.0GA,
Flexure: 0.5EI,
Shear:1.0GA,
Flexure: 0.7EI,
Shear:1.0GA,
Flexure: 0.5EI,
Shear:0.8GA,
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Table 4.8. Adopted design parameters

A

Ss0.2¢)

S11.05)

Site class

F,

F,

Suts

Smi

Sps

Spi

SDC (DMA, 2013)

Risk category

Seismic importance factor
R

Ca

Seismic weight (W)
Modal combination method
Redundancy factor (p)B
Accidental eccentricity
Viscous damping

Modal base shear

0.80g

0.24¢

C

1.08

1.56

0.864¢

0.374¢g

0.576g

0.249¢

C

1

1.0

4.0

4.0

466696kN (47590¢)
Complete quadratic combination (CQC)
1.0

5%

5%

11299kN¢

ARefer to ASCE/SEI 7-10 for the definition of table parameters
8The redundancy factor = 1, the structure complies with 12.3.4.1 of ASCE/SEI 7-10
CPer Section 12.9.4 of ASCE/SEI 7-10, for strength design, the modal analyses are scaled to match 0.85V = 11299kN

Table 4.9. Building vibration mode periods and mass participation summary

Vibration Uncracked  Equivalent Mode dominate direction Mass
mode # period (s) inelastic participation (%)
period (s)

1 3.44 5.30 Translation mode on X direction (H1) 71
2 3.21 4.46 Translation mode on Y direction (H2) 66
3 3.03 3.96 Torsional mode 72
4 1.03 1.43 Translation mode on X direction (H1) 14
5 0.91 1.09 Torsional mode 13
6 0.82 0.96 Translation mode on Y direction (H2) 18
7 0.52 0.65 Translation mode on X direction (H1) 6

8 0.36 0.40 Torsional mode 5.5
9 0.32 0.39 Translation mode on Y direction (H2) 6.5
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Table 4.10. Design summary for Pier P1 and Core 1 in the reference building

PIER P1 CORE 1
Element position 1-58 6-10S 11-158S 16-20S 21258 26-30S8 Element position 1-10 S 11-20S  21-30S
Pier cross-section (LxW) 4000x350  4000x325 4000x300 4000x275 4000x250 4000x225 Core thickness 250 200 200
Concrete strength (f,,) 50 50 50 50 50 50 Concrete strength (feu) 50 50 50
Concrete strength (f;) 40 40 40 40 40 40 Concrete strength (f") 40 40 40
Provided steel (vertical), (%) 3.45 227 0.71 0.34 0.37 0.41 Provided steel (vertical), (%) 1.00 1.00 0.75
Boundary zone length 400 400 400 250 250 250 Boundary zone length (10% - 15% of segment length)
Horizontal shear reinforcement 875/ 813 / 750 / 688 / 625 / 563 / Horizontal shear reinforcement 658 / 601 / 601 /
(area/ratio), (mm?/m / %) 0.25 0.25 0.25 0.25 0.25 0.25 (area/ratio), (mm?/m / %) 0.26 0.30 0.30

8 ) AS1+AS2 20732 20125 20T16 12712 12712 12T12 5 i AS1, AS6 80T20 80T16 NA

g  Vertical* ¢  Vertical*

E AS3 40T32 40T25 40T12 30T10 30T10 30T10 & AS7, AS11 198T12 200712 250T12

g AS4 T10-100  T10-125  T10-150  T10-150  T10-150  T10-150 g AS12 T10-100  T10-150 T10-150
E Horizontal* L‘é Horizontal*

& AS5 T10-100  T10-125  T10-150  T10-150  T10-150  T10-150 K AS13, AS14  T10-100  T10-150 T10-150

*Refer to Figure 4.8

Concrete strength is in MPa and all dimensions are in mm unless otherwise stated

S: Storey, L: Length, W: Width
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4.4 Nonlinear modelling of the reference building

PERFORM-3D analytical tool (CSI, 2011) is utilised to create the nonlinear model of
the reference building. The selection of the tool, modelling approach and key modelling
parameters are based on the MLNMVS presented in CHAPTER 3 of this thesis

Although PERFORM-3D is an efficient 3D modelling package, it is computationally
demanding to execute a large number of NRHAs for a 3D model of an entire high-rise
structure, particularly when a wide range of input ground motions is employed. A 3D-
slice idealization is therefore adopted to develop the nonlinear model of the reference
building. The lateral force-resisting system of the building in the transverse direction is
assumed to consist of four framing bays. Each of these, carrying 25% of the total mass
of the building, consisted of two external piers (P1) and an internal core, as shown in
Figure 4.7a. Conservatively, the two framing bays at the right and left edges of the
building are assumed not to form part of the lateral force-resisting system and only
carry gravity load. In the longitudinal direction, the lateral forces are resisted by a single
framing system which consists of all the internal cores and piers P3. Other piers (P2 and
P1) are assumed not to be participating in resisting lateral forces in the longitudinal
direction. The results from the free vibration analysis conducted on the entire building
using the ETABS 3D model indicate a comparable lateral capacity in the two
orthogonal directions with the fundamental mode uncracked periods of 3.44s and 3.21s
in the longitudinal and transverse directions (H1 and H2), respectively. Vindicated by
this fact, the number of MRIDAS, and thus the computational effort, can be significantly
reduced by focusing only on one direction of the building. As a result, the 3D-slice
representing the lateral force-resisting system in the transverse direction of the reference
building is modelled and employed in the next chapter to define the performance limit
states. To confirm the suitability of the 3D-slice model in representing the transverse
direction of the reference building, Table 4.11 lists the equivalent inelastic and
uncracked periods of the first three modes in the transverse direction of both the
reference building and the modelled 3D-slice. As the table depicts, these periods are
very close, mostly identical. The maximum difference in the equivalent inelastic periods
of modes 1, 2, and 3 between the entire building and the 3D-slice transverse direction is
0.30s (6.7%), 0.00s (0.0%), and 0.00s (0.0%), respectively. These small-to-no
differences, are attributed to the minor contribution of the two framing bays at the right

and left edges of the building to the overall lateral stiffness in the transverse direction.
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Figure 4.9 presents 3D, elevation and plan views from the PERFORM-3D analytical
model.

Table 4.11. Comparison of equivalent inelastic and uncracked periods in the transverse direction
between the entire reference building and the modelled 3D-slice

Mode Uncracked period Equivalent inelastic period
in
Transverse  Entite  3D-  Difference  Entire = 3D-  Difference
Directi Building slice —————— Building slice
irection

) (OO EINO) O) e ) (W)
3.21 344 023 7.1 4.46 476 030 6.7

0.82 0.86 0.04 49 0.96 0.96 0.00 0.0
0.32 036 0.04 125 0.39 0.39 0.00 0.0
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Figure 4.9. Views of the structural model for the reference building in PERFORM-3D

A rigid diaphragm was incorporated into the model by slaving the horizontal translation
degrees of freedom in each floor of the building. To account for the P-Delta effect in the
model, a dummy large deformation frame element (column) running throughout the
entire height of the building is created (Powell, 2007, Powell, 2010). This column has
no lateral stiffness and subjected to an axial load of (P=D+0.25L), where P is the axial
load, D is the dead load, and L is the live load. The element nodes are slaved at floor

levels at each column end. This creates an additional moment at element ends,
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proportional to the lateral displacement. The seismic masses are assigned to the nodes at
each storey level in terms of dead load. The base of the structure is rigidly modelled

using vertical supports at the top-of-foundation level.

4.4.1 Modelling of piers and core wall segments

The 4-noded fibre-based shear wall element is utilised to model the piers and core wall
segments. Only confined concrete is modelled, i.e., the unconfined concrete cover is
neglected. Expected strengths of 1.3f. and 1.17f, are used for concrete and reinforcing
steel, respectively (LATBSDC, 2011).

The four-linear segment relation (Figure 4.10a) is used to model the concrete stress-
strain relation based on the modified Mander model (Martinez-Rueda and Elnashai,
1997). Having the piers and core wall segments modelled using fibre elements; the
effective bending stiffness is not assigned explicitly to the concrete material model as it
is the product of the assumed stress-strain relations. Therefore, the effective bending

stiffness decreases with increasing fibre strains.

For the steel in tension, the post-yield stiffness and cyclic degradation parameters are
defined following adjustments described by Orakcal and Wallace (2006). In
compression, buckling of steel rebars is modelled based on experimental results and
analytical models from previous studies (e.g. Rodriguez et al., 1999, Bae et al., 2005,
Cosenza and Prota, 2006, Tuna, 2012). Reinforcing steel stress-strain relation is shown
in Figure 4.10b.

As adopted and verified in CHAPTER 3, the inelastic shear deformation in piers and
core wall segments is accounted for by assigning a trilinear relation (Figure 4.10c)
similar to the one recommended by ASCE/SEI 41-06 (2007) and ASCE/SEI 41-16
(ASCE/SEI-41, 2017). Test results by Thomsen and Wallace (2004) and calibration
study by Gogus (2010) are used to define the shear F-D relation. In the used trilinear
relation, the uncracked shear modulus is taken as 0.4E. and diagonal (shear) cracking is
assumed to start at 0.25vVfc’ < 0.5v,, where v, is the wall nominal shear strength from
the ACI 318 (2014) and f! is the concrete expected compressive strength in MPa. The
post-cracking slope is reduced to 0.01E, to account for the nonlinear shear deformations

due to shear-flexure interaction (Massone, 2006).
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4.4.2 Modelling of coupling beams

The coupling beams between the core wall segments are modelled as elastic beam
elements with nonlinear displacement shear hinge at mid-span (Figure 4.11), based on
test results by Naish et al. (Naish and Wallace, 2010). For obtaining the nominal
expected shear capacity, the angle of the diagonal reinforcement in the coupling beam
(o) is calculated based on 125mm distance from the centre of gravity of the diagonal

reinforcement bundle to the face of the coupling beam.

To define the behaviour of the displacement shear hinge in PERFORM-3D, the
displacement of the coupling beam is related to its rotation as described in Eqgn. (4.1).

89 = 0x ch (41)

Where 6 is the coupling beam rotation in radians, L., is the length of the coupling beam
and dy is the equivalent displacement at rotation 6. Figure 4.12 illustrates the backbone
parameters alongside the cyclic energy dissipation factors (degradation parameters)
used to model the shear displacement hinges for the coupling beams in the reference

building.
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Figure 4.12. Shear displacement hinge backbone curve alongside cyclic degradation parameters

4.4.3 Modelling of floor slabs

The 2-noded fibre-based frame element is used in modelling the floor slabs. The total
width of the element cross-section is taken as 8.4m; half the slab span from each side of
the piers. To establish a rigid connection between the slabs and the piers/core, additional
(embedded) beams are used (CSI, 2011). The embedded beams have a very stiff section
for bending in the plane of the wall but very small axial, torsional and out-of-plane
bending stiffnesses to avoid artificially stiffening the walls.

4.4.4 Damping

Viscous damping in the first translational mode (fundamental mode) is accounted for by
using an initial stiffness-based modal damping with 0.5% damping ratio. For computing
higher mode damping, the following relationship is adopted: § = 1.4 §;_,, where §; is
the damping ratio of the i-th mode (Satake et al., 2003). Accordingly, the damping
ratios for the next five translational modes are set to 0.7%, 1.0%, 1.4%, 1.9% and 2.7%,
respectively. In addition, and to stabilize less important (higher frequency) modes, a
small amount (0.1%) of Rayleigh damping is added to the model (Powell, 2007, CSI,
2011).

171



Chapter 4. Case study

4.5 Concluding remarks

This chapter provided all the input data for the analysis of a case study high-rise RC
building in Dubai (UAE), a region that is vulnerable to different earthquake scenarios.
The results of the analysis will be wused in the subsequent chapters to
develop/demonstrate the framework for the seismic vulnerability assessment of RC
high-rise wall buildings.
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CHAPTER 5. Seismic scenario-structure-
based limit state criteria for
RC high-rise wall buildings
using net inter-storey drift

As a result of population growth and consequent urbanisation, the number of high-rise
buildings is rapidly growing worldwide resulting in increased exposure to multiple-
scenario earthquakes and associated risk. The wide range in frequency contents of
possible strong ground motions can have an impact on the seismic response,
vulnerability and limit state criteria definitions of such structures. In this chapter, new,
reliable SSSB definitions of limit state criteria for RC high-rise wall buildings are
proposed. The 30-storey reference building is utilised to illustrate the methodology for
defining the limit state criteria. The building is designed following modern seismic code
provisions and then modelled with PERFORM-3D using the nonlinear fibre-based
approach as discussed in CHAPTER 3. Uncertainty in ground motions is accounted for

by the selection of forty real earthquake records representing the two seismic scenarios
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in which the study region is vulnerable to (CHAPTER 4). Seismic scenario-based
building local response at increasing earthquake intensities is mapped using MRIDAs
with an improved scalar IM. NISD is selected as a global DM based on the outcome of
the mapping process and a parametric study involving seven buildings ranging from 20-
50 storeys. This DM is used to link local damage events, including shear, in the
reference building to global response under different seismic scenarios. While the study
concludes by proposing SSSB limit state criteria for the reference building, the
proposed limit state criteria are applicable to comparable RC high-rise wall buildings

and seismic regions.

5.1 Introduction

With changing socioeconomic conditions, rapid population growth and urbanisation,
many cities all over the world have expanded rapidly in recent years. This expansion
has led to a massive increase in high-rise buildings and to the spread of cities to
multiple-scenario earthquake-prone regions. This increases exposure to seismic risk. A
risk which to quantify and mitigate, a better understanding of the hazard and

vulnerability is required.

The majority of high-rise buildings in most countries employ RC piers and core walls as
the primary lateral force-resisting system due to their effectiveness in providing the
strength, stiffness and deformation capacity needed to meet the seismic demand. The
trend to increasingly use RC in high-rise buildings is expected to continue due to the
development of commercial high-strength concrete and new advances in construction
technologies (Ali and Moon, 2007). Quantitative definitions of limit state criteria form
the spine to seismic vulnerability assessment and consequently to the seismic risk
analysis and mitigation for RC high-rise wall buildings. These definitions require
mathematical representations of local DlIs, such as deformations, forces or energy,
corresponding to designated structural response levels. Therefore, a suitable DM needs
to be adopted to sufficiently correlate local damages (events) in the building to its

global response.

The broad range of frequency content in real strong ground motions, representative of
different seismic scenarios such as distant and near-field earthquakes, can impose
different levels of excitation on both fundamental and higher modes in RC high-rise

wall structures. This can result in more complex, seismic scenario-based inelastic
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response. Another special issue in RC high-rise wall buildings is the definition of limit
state criteria corresponding to predefined performance levels since there are several
factors affecting the failure modes. Among these factors are building height, axial force
levels, supplementary regulations introduced by local authorities, and local trends in
design and construction. For buildings with fundamental mode-dominated response, the
taller the building, the larger is the expected TISD at specified performance levels. For
high-rise wall buildings, especially at lower storeys, axial compressive force levels are
influenced by the arrangement of the RC shear walls and cores in the building. This
arrangement is usually dominated by gravity loads, particularly for internal shear walls.
High compressive loads are expected to delay the onset of initial cracking and yielding
in vertical elements but can decrease ductility and hence the TISD at which concrete
core crushing and rebar buckling occur. Finally, the supplementary regulations of local
authorities, as well as the trends adopted by both consultants and contractors, may
impact the design and hence the seismic performance. For instance, the minimum steel

ratio in vertical elements may exceed the value that is stated in code provisions.

Adopting the methodology presented in CHAPTER 2, new, reliable SSSB definitions of
performance limit state criteria for RC high-rise wall buildings are proposed in this
chapter. Following a brief introduction, this chapter presents in detail: (i) a discussion
on the main parameters of the conducted MRIDASs including a proposition for an
improved scalar IM; (ii) the mapping of seismic scenario-based building local response;
(iii) relating local response to the ground motion characteristics; (iv) the selection of a
suitable DM to correlate local to global response; (v) the proposal for new SSSB
performance limit state criteria for the reference building and RC high-rise wall
buildings in similar seismic regions. This chapter ends with a summary of the work and
concluding remarks. Figure 5.1 summarises pictorially the flowchart for obtaining the
SSSB limit state criteria proposed in the current work.
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START
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SELECTION OF REFERENCE ENSEMBLE OF SCENARIO-
STRUCTURES REPRESENTATIVE BASED REAL INPUT
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Figure 5.1. Flowchart for obtaining the proposed SSSB limit state criteria for RC high-rise wall
buildings

5.2 Multi-record incremental dynamic analysis

For the purpose of defining SSSB performance limit state criteria for the reference
building, MRIDAs are performed using the two sets of records assembled in CHAPTER
4. To construct IDA curves that can sufficiently and efficiently represent the variable
states of the response of the structure to different earthquake records with increasing
intensities, a suitable ground motion intensity measure needs to be defined. PGA was
used to be the most accepted intensity measure. The elastic spectral acceleration at the
fundamental period of the structure, S(T1), or S, in short, has been found to be more
efficient since it is structure-dependent and become a frequently used intensity measure
for low- to mid-rise buildings. However, S, is neither suited for tall buildings (Shome,
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1999, Vamvatsikos and Cornell, 2002) nor for structures subjected to near-source
earthquakes (Luco and Cornell, 2007). Other intensity measures have been proposed in
the literature in an attempt to overcome the major shortcomings of S, namely
discounting the contribution of the higher modes and fundamental period lengthening
associated with stiffness degradation in the structure (Shome, 1999, Carballo and
Cornel, 2000, Cordova et al., 2000). New approaches have led to other kinds of
intensity measures such as inelastic spectral value-based scalar intensity measures (e.g.
Luco and Cornell, 2007) and vector-valued intensity measures (Bazzurro and Cornell,
2002, Conte et al., 2003, Baker and Cornell, 2005). These approaches, though
promising, are not easy to apply since they require probabilistic seismic hazard

assessment based on custom-made attenuation laws to obtain the joint hazard curve.

In a comprehensive study by Kappos and Kyriakakis (2000), the problem of reducing
scatter in the seismic response calculated using NRHA with natural records was
reevaluated. In this study, a total of seven IMs were investigated, namely: PGA, PGV,
Arias Intensity, (Root-Mean Square) Acceleration “RMS Acceleration”, Spectrum
Intensity (i.e. area under the pseudo-velocity spectrum), Root-Mean Square
Acceleration “RMSA”, and the Fajfar et al. (1990) PGV-duration combined IM “I,”.
Two sets of ground motions were used, representing two different seismotectonic
environments (Greece and California). The study comprised two parts, the first focused
on the scaling effect on both strength and displacement spectra, while the second part
addressed the problem in the context of response variability in MDOF systems with a
focus on multistorey frames. The first part of the study concluded that in the
intermediate and long period ranges, any of the three velocity-related IMs (PGV, SI, and
I,) can be adopted to good effect. In case of systems with ductility factor >1, it is
concluded that the use of Sl scaling along with entire period range leads to a reasonably
low scattering in both strength and displacement spectra, with the coefficient of
variation (COV) hardly exceeding 0.5 within any zone of practical interest. In the
second part of the study, an alternative scaling method (narrow-band spectrum
intensities calculated on the basis of elastic and inelastic pseudo-velocity spectra) was
proposed. The study revealed that, from the practical point of view, both proposals
based on the narrow-band SI concept lead to COV values between 0.1 and 0.4 in the

calculated drifts and member ductilities.
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The concept of using average acceleration values over a certain period range as an
intensity measure in probabilistic seismic demand assessment was introduced in
previous studies. However, different approaches were followed in the averaging process
as well as in estimating the period range. To account for the elongation of the structural
periods due to the post-yield behaviour (inelasticity) of RC members, the period range
used to define the intensity measure is normally bracketed by values corresponding to a
fractional and a multiple of the fundamental uncracked period of the structure. In the
study of Cordova et al. (2000), a two-parameter scalar IM that accounts for the period

Sq(cTy)
Sa(T1)

c and « are parameters estimated by the response calibration of four, relatively long-

lengthening was proposed. The proposed IM was calculated as S, (T;) [ ]a, where

period frame structures (Three composite moment frames and one steel space frame) to
two sets of eight ground motions. The number of storyes of the used structures was
ranging between 6 to 12. The values of ¢ and « resulted from the study were 2 and 0.5,
respectively. Vamvatsikos and Cornell (2005a) developed scalar and vector IMs for
efficient estimation of limit state capacities through MRIDAs. The study showed that by
using the developed IMs on three frame structures (5-, 9-, and 20-storey), significant
dispersion reduction was realised. The results revealed the most influential spectral
regions/periods for each limit state and building, illustrating the evolution of such
periods as the seismic intensity and the structural response increase up to the global
collapse. For the 20-storey structure with higher modes having a significant effect on
the response, the study revealed that as damage increases (reaching global collapse), the
optimal period that produces the least dispersion of the IM capacity values was
somewhere in the middle of first and second mode uncracked periods. In the studies of
Bianchini (2008) and Bianchini et al. (2009), the geometric mean of spectral
acceleration ordinates (Saavg) Over a certain range of periods was used as an intensity
measure to predict the inelastic structural response of buildings subjected to strong
ground motions. S, ayg Was calculated using ten points logarithmically-spaced in a period
range of (T1-T,), where both T, and T, were tied to the uncracked fundamental period of
the structure (T). T, and T, were calculated such that T, = k;T and T,, =k, T, where k;and
k, are constants representing lower and upper bounds, respectively, relative to T. The
studies of Bianchini have shown that Sy ayg IS a better intensity measure than both the
elastic spectral acceleration at fundamental period (SyT) and the peak ground
acceleration (PGA), especially for inelastic structural systems with long periods as it

takes into account both higher modes effect and period elongation. Several other studies
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related to spectral acceleration-based IMs are available in the literature (e.g. Kurama
and Farrow, 2003, Baker and Cornell, 2004, Mehanny, 2009, Bojorquez and lervolino,
2011).

In the present study, an improved scalar intensity measure termed spectral acceleration
at weighted-average period Sauwa), is proposed. Using the 10% POE in 50-years UHS for
the study region, the weighted-average period (Twa) Is the period linked to the spectral
acceleration value that represents the average of the spectral acceleration ordinates
pinned to the equivalent inelastic period of the first three modes of vibration weighted
by their corresponding mass participation ratios (MPR). The procedure of calculating
the Sawa) Of the reference building is illustrated in Figure 5.4a. Syws) is calculated using
Eqgn. (5.1) below:

_ Y. (Sai * MPR;) (5.1)

Sawa) = > MPR;

Where i is the mode of vibration number (i = 1 to 3), S, is the spectral acceleration
ordinate corresponded to the equivalent inelastic period of the i"™ mode of vibration, and
MPR; is the mass participation ratio corresponding to the i mode of vibration. The
proposed intensity measure follows the average spectral acceleration concept discussed
above, yet with a different technique in bracketing the period interval and defining the
points within the chosen range of periods. The 1% mode equivalent inelastic period
(around 1.40 of the uncracked fundamental period), calculated using the reduced
stiffnesses given in Table 4.7, is employed as a bracket to account for the elongation

due to the post-yield behaviour (stiffness degradation) of the reference building.

To illustrate the suitability of the 1% mode equivalent inelastic period to account for the
period elongation of the structure at the post-yield zone, two examples are given
hereunder. The first example (Figure 5.2) shows the 1% mode period propagation of the
shake table-tested seven-storey full-scale RC wall structure utilised in the MLNMVS
in CHAPTER 3, while the second (Figure 5.3) illustrates the 1% mode period
propagation of the 30-stoery reference building. It is worth noting that the detailed
mapping of the 30-stoery reference structure is presented in Section 5.3 hereafter. In
Figure 5.2, the uncracked fundamental period of the test structure was measured as
0.51s (Table 3.1) and estimated as 0.50s from the PERFORM-3D model (Figure 3.26).

The equivalent inelastic 1% mode period of the test structure is calculated as 0.84s using
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the reduced stiffnesses presented in Table 4.7, while the 1% mode cracked period at
yield, considered to be corresponding to the seismic intensity where the first yield at the
tested web wall occurred, is calculated as 0.67s using the Fourier Transformation
Analysis (FTA). To arrive at this seismic intensity, EQ3 shake table input motion is
down-scaled by a scale factor of 0.65. In the second example (30-storey reference
building), the uncracked fundamental period (Period #1 in Figure 5.3) is calculated as
3.21s (Table 4.9). Using FTA, the cracked period at first yield in core walls (Period #2
in Figure 5.3) and the period corresponding to the CP-related 1% steel buckling in core
walls (Period #4 in Figure 5.3) are calculated as 4.13s and 4.87s, respectively. The
equivalent inelastic period (Period #3 in Figure 5.3) is calculated as 4.46s (Table 4.9)
using the reduced stiffnesses in Table 4.7. In both examples, the calculated equivalent

inelastic period falls between the cracked period at yield and the CP-related period.

The structural characteristics of the building are not only represented by the equivalent
inelastic fundamental period but also with the equivalent inelastic periods of higher
modes (2" and 3™). Furthermore, the dynamic characteristics of the building are
accounted for by weighting the spectral acceleration values that are corresponding to the
first three modes’ equivalent inelastic periods to their respective mass participation
factors. It is noteworthy that the weighted-average period (Tws) estimated in the current
work is in-line with what was proposed in previous studies for long-period structures

(e.g. Vamvatsikos and Cornell, 2005a).

1.2

1.0 _—

2 P
|_
g 0.6
'S 0.4 1 —®—1st mode periods measured from the shake table test
o O Uncracked fundamental period

0.2 +— @ Cracked period at yield: At 1st yield in wall (Fourier Transformation)

® Equivalent inelastic period
0.0 I 7 I 7
Before EQ1 After EQ1 After EQ2 After EQ3 After EQ4

Figure 5.2. Seven-storey test structure: 1* mode period propagation
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Period, T (s)

Period#1 Period#2 Period #3 Period #4
Figure 5.3. 30-storey reference building: 1* mode period propagation under R#5 of Record Set #1

The response spectra of the two sets of records used in the present study are anchored to
their mean spectral acceleration at the calculated Ty, (2.54s) and their accelerograms are
scaled accordingly. The proposed IM has higher efficiency compared to S, as it takes
into account both the impact of higher modes and period elongation. It is also a more
efficient IM compared with the approach that relies on approximate upper and lower
period bounds rather than using the actual inelastic periods of the structure (e.g.
Bianchini, 2008). Figure 5.4b and Figure 5.4c depict the elastic response spectra for the
two sets of records when anchored at the T,,. Each of the 40 records associated with the

anchored response spectra is then appropriately scaled up.

Although the reference building is assessed with MRIDAs using the 40 selected records,
and due to the large number of monitored Dls, one earthquake record is selected from
each set of records to map the response of the reference building. These are: (i) The
7.13M Hector Mine Earthquake of 16™ October 1999 recorded at the CGS 12026 Indio-
Coachella Canal station in California USA (R#5 in Record Set#1); and (ii) The 5.77M
Coalinga-05 earthquake of 22" July 1983 recorded at USGS 1606 Burnett Construction
station in California USA (R#3 in Record Set#2). As can be seen in Figure 5.5, the
reason for choosing these records is that their IDA curves match reasonably well with
the 50% fractile of the IDA curves obtained from each of the two sets of records.
Figure 5.6 and Figure 5.7 depict the ground motion time histories (ground acceleration,
ground velocity, and ground displacement) for records R#5 from Record Set#1 and R#3

from Record Set#2, respectively.
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5.3 Mapping of seismic scenario-based building local response

To determine the SSSB quantitative performance limit state definitions for the reference
building, a total of seven local DlIs are mapped during the MRIDAs (Table 5.1). At
every time step of the MRIDAs, demand values of deformations and forces
corresponding to the mapped DIs are estimated. The estimated demands are used to
calculate the capacity over demand (C/D) ratios which are then, as appropriate, used to
check whether a predefined limit state is exceeded. The mapped Dls are briefly

discussed in the following sub-sections.

Table 5.1. Local DIs adopted in the mapping of the reference building response

Local Damage Index (DI) Description

1st Rebar Yield-H First yielding in steel rebars of RC slabs

1st Rebar Yield-V First yielding in steel rebars of RC walls

Wall Rotation Exceeding rotation limits for RC walls according to ASCE/SEI
41-06 (Table 6.18)

Coupling Beam Rotation Exceeding rotation limits for RC coupling beams according to
ASCE/SEI 41-06 (Table 6.18)

1st Steel Buckling First buckling in steel rebars of RC walls

Ist Conerete Crushing First crushing in the confined concrete zone of RC walls

Exceedance of Shear Capacity Exceeding shear capacity in wall segments

5.3.1 Strains in concrete and reinforcing steel bars

The tensile strain of the reinforcing steel bars in the RC slabs is monitored using two
approaches: (i) specifying monitored reinforcing steel fibres at the extreme top and
bottom points (where the strains have maximum values) of the slab cross-section in the
elements that represent the slab ends; and (ii) average curvature over the plastic zone
length in the slab, estimated as 10% of the total slab length running between the pier
and the core (ASCE/SEI-41, 2007). The second approach (average curvature) is
employed to verify the practicality of the strain values obtained using the first approach
(monitored fibres) as the maximum calculated strain (or curvature) may get
progressively larger in elements with relatively small length. This is because for
inelastic behaviour, the beam theory predicts very large localized curvatures (strains) at

the points of maximum bending moments, usually at the beam (slab) ends.
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In the RC piers and core wall segments, tensile strain in steel rebars, as well as
compressive strains in both steel and concrete, are monitored using monitored fibres
(approach “i” above). Strain gauge elements at the wall end (Figure 3.10a) are also used
to verify the strain values estimated at the monitored fibres. When using strain gauge
elements, strain calculations are based on the wall vertical nodal displacement and mesh

geometry. Considering the deformed shape of the wall segment in Figure 5.8, axial

Disy,— Dis
(Disy, va) and

strain values at the right and left sides can be obtained as g;_4) = -

E(1-3) = w, respectively, where Disy.is the vertical displacement at the wall

segment node and h,, is the wall segment height.

Disy,

Disy;

wall segment h,,

Disy,; Disy,

L

w

Figure 5.8. Elevation view of the deformed wall segment

Yielding strain capacity of reinforcing steel bars is calculated as 0.00269 based on an
expected tensile strength of 538MPa and a steel modulus of elasticity of 200GPa (point
“a” in Figure 4.10b), while the rebar fracture strain capacity is set to 0.05 (point “c” in
Figure 4.10b), (PEER/ATC, 2010). In compression, the strength degradation in steel
rebars is assumed to start at a strain of 0.003, a value corresponding to the spalling of
surrounding concrete (point “f” in Figure 4.10b). The maximum compressive strain
reached in steel rebars (¢ = 0.008), calculated based on the stirrups spacing to

longitudinal rebar ratio (e.g. Bae et al., 2005), is considered as the steel rebar buckling
threshold (point “g” in Figure 4.10b). Previous studies have used a similar range of steel

rebar buckling strain values (between 0.005 and 0.01), depending on the stirrups
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spacing to longitudinal rebar ratio (e.g. Ghodsi and Ruiz, 2010, Tuna, 2012). Finally,
the crushing strain of confined concrete is taken as the strain value at 60% of the peak
confined concrete strength on the descending branch of the Mander stress-strain curve

(point “d” in Figure 4.10a).

5.3.2 Rotation in coupling beams and wall segments

Rotation in coupling beams is estimated using the 2-noded rotation gauge element. The
rotation demand is calculated as the rotation at End J of the beam element minus the
rotation at End | (Figure 3.10b). Like the beam element, the 2-noded rotation gauge has
local axes 1, 2 and 3, where the calculated rotation is about axis-3. A positive rotation
corresponds to a positive moment about axis-3 in the coupling beam element. In the
wall segments, the rotation is calculated using the 4-noded rotation gauge element
shown in Figure 3.11. The gauge rotation is the rotation of the side KL minus the
rotation of the side 1J, where side rotation is positive clockwise. Hence, positive gauge
rotation corresponds to tension on the side IK and compression on the side JL. It is
worth noting that all deformation (strain and rotation) gauge elements in PERFORM-3D

do not add any stiffness or strength to the structure.

For each predefined performance limit state, the rotation capacity of the coupling beams
and wall segments in the reference structure is set following table 6-18 of ASCE/SEI
41-06 (2007). In the wall segments, Table 6-18 of ASCE/SEI 41-06 relates the rotation
capacity to the shear and axial force demands in the wall. Since the wall rotation gauge
in the adopted version of PERFORM-3D has constant rotation capacities that are
unrelated to the axial and shear demands, a post-processor was created for this study to
monitor the axial and shear demand levels in each wall segment at every time step of the

MRIDAs, where the rotation capacity is adjusted accordingly.

5.3.3 Shear capacity in wall segments

Using the “structural section” feature in PERFORM-3D, the shear capacity in piers and
core wall segments of the reference building is assessed throughout the MRIDAS taking
into account the shear strength degradation depending on the level of nonlinear flexural
deformation (Wallace, 2010, Tuna, 2012). Pairs of normalised shear demand and
curvature ductility in wall segments are pinned at each time step and checked against a
trilinear trend line and a flat line as predefined envelopes. The trilinear trend line shown

in Figure 5.9, representing the median shear strength of structural walls from a previous
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test (Tuna, 2012), is anchored at the shear strength of 1.5V, for curvature ductility less
than 2 (Orakcal et al., 2009), linearly reduces to 0.75V, at curvature ductility of 8, while

it remains constant for larger values of curvature ductility. The flat line, on the other

hand, represents the upper shear strength limit of 0.83,/f. given by the ACI 318 (2014).

For curvature ductility calculation, the following procedure is adopted and presented in

Figure 5.8 and Eqns (5.2) to (5.4). This procedure is repeated for each wall element.

€2-4) ~ £a-3)

curvature ¢ = (5.2)
Ly
0.00269
yield curvature ¢, ~ ————— (5.3)
y Ly
. ¢
curvature ductility = o (5.4)

y

Where ¢ is curvature, Py is yield curvature, ¢ is strain, and L, is the wall length. For the

presentation of the reference building response, the storeys are labelled as in
Figure 5.10, with the first storey (1 S) assigned to the 2" basement, second storey (2"
S) assigned to the 1% basement, third storey (3" S) assigned to the ground floor and so
on. The roof of the building is labelled as the thirtieth storey (30" S).

PCA tests
2.5 A HSC - SP176 tests
° Massone, Wallace tests
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Figure 5.9. Shear failure criterion for structural walls from previous tests (Tuna, 2012)
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Figure 5.11 to Figure 5.18 and Figure 5.19 to Figure 5.26 present the response of the

reference building to R#5 and R#3, respectively. Figure 5.11 to Figure 5.26 are

organised based on performance levels as 10 (Figure 5.11, Figure 5.12, Figure 5.19, and
Figure 5.20); LS (Figure 5.13 and Figure 5.21); and CP (Figure 5.14 to Figure 5.18 and
Figure 5.22 to Figure 5.26).

30 Storey (Roof)

20th Storey
A

Storey

7lh

6 Storey
5th Storey
th

4" Storey:

3rd Storey (GF)

2" Storey (B1)

1™ Storey (B2)

7777 7777777777777 77777777777

Figure 5.10. Storey labelling for the reference building

The main observations from Figure 5.11 to Figure 5.26 are:

For both records, first yielding in steel rebars of RC flooring system occurred at
the storey where maximum differential vertical displacement developed between
slab ends (Figure 5.11c and Figure 5.19¢). This is not necessarily the storey

associated with maximum ISD, as will be shown later.

For R#5, the event sequence starts with yielding in the slab at
Saway=0.13g/PGA=0.20g (Figure 5.11), followed by the following events in the
wall: yielding (Figure 5.12), exceedance of LS rotation limit (Figure 5.13), rebar
buckling (Figure 5.15), concrete crushing (Figure 5.16), exceedance of CP

rotation limit (Figure 5.14), and finally exceedance of shear capacity at
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Sawa)=0.849/PGA=1.25g (Figure 5.17). All events occurred within the lower
five storeys of the building except for the slab yielding which occurred at the
24" storey. As above, the event sequence for R#3 starts with yielding in the slab
at Sawa)=0.069/PGA=1.43g (Figure 5.19) followed by yielding in the wall
(Figure 5.20). However, the sequence of the other events in the wall
conspicuously differs with exceedance of shear capacity next (Figure 5.25),
followed by rebar buckling (Figure 5.23), exceedance of LS rotation limit
(Figure 5.21), concrete crushing (Figure 5.24), and ends with exceedance of CP
rotation limit at Sywa=0.349/PGA=7.64g (Figure 5.22). In R#3, the yielding
events in slab and wall occurred at higher storeys; 28" storey and 21% storey,
respectively, while all other events occurred within the lower five storeys of the

building.

e For R#5, the shape of the relative lateral displacement plot at the onset of the
sequence of events indicates a first mode-dominated response (Figure 5.11c to
Figure 5.16c). However, the second mode appears responsible for the
exceedance of the wall shear capacity event (Figure 5.17c). On the contrary, for
R#3, the shape of the relative lateral displacement plots indicate that the building
response is controlled by the second mode (Figure 5.19c and Figure 5.21c to
Figure 5.24c) except for wall yielding and shear capacity exceedance where the
response is dominated by the third mode (Figure 5.20c and Figure 5.25c). This is

further discussed in Section 5.5.

e By post-processing the time history results, it is observed that the potential
failure in wall segments when shear capacity is exceeded under the two records
differs in nature. The time history of normalised shear demand and curvature
ductility curves for the concerned wall segment at the 1% storey and the storey
where the shear capacity is exceeded under R#5 and R#3 are plotted in
Figure 5.18 and Figure 5.26, respectively. Under both records, the maximum
shear demand has occurred at very low curvature ductility; 0.61/0.41 in 1%
storey/2" storey under R#5, and 0.059/0.055 in 1% storey/3"™ storey under R#3.
Notwithstanding, the walls in the 1% and 2" storeys under R#5 developed a
considerable amount of curvature ductility (4.64 and 1.80, respectively) prior to
the exceedance of shear capacity, while under R#3, the maximum curvature
ductility in the walls at the 1% and 3™ storeys was less than 1.0 (0.44 and 0.25,
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respectively). This indicates that under R#5, shear failure is preceded by flexural
yielding in walls, giving the chance to flexure-related damages (strains and or
rotations) to occur first. While under R#3, wall segments in the concerned
storeys remain elastic (curvature ductility < 1) over the entire time history of the
record at the seismic intensity level corresponding to shear failure. This
observation is further analysed in Section 5.5.

e For both seismic scenarios, at the onset of each of the damage events in the
walls, seismic demands (strain/rotation/shear) reduce with building height,
diminishing at the top five storeys (Figure 5.12(a, b) to Figure 5.17(a, b) and
Figure 5.19(a, b) to Figure 5.25(a, b)). This trend is inconsistent with the fact
that these top storeys are showing maximum overall TISDs during the damage

sequence. This is examined further in the next section.

As one of the considered Dls in the current study, the overall nonlinear rotation of the
coupling beams is monitored throughout the entire range of the adopted seismic
intensity levels under both R#5 and R#3. Figure 5.27a shows that under R#5, the beam
rotation exceeded the ASCE/SEI 41-06 limit for 10 limit state (0.006 rad) at higher
seismic intensity level (PGA=0.55, S,wa)=0.37g) compared to the ones corresponding to
other 10 DIs such as first yield in slabs (PGA=0.209, Saw=0.13g) and first yield in
walls (PGA=0.319, Sawas=0.21g). Under this record, the ASCE/SEI 41-06 rotation
limits for LS and CP limit state (0.018rad and 0.03rad, respectively) were not reached
even at the highest considered seismic intensity level in the current study (PGA=1.87g,
Sawa)=1.279). Similar results are observed under R#3 (Figure 5.27b), with beam rotation
exceeding 10 and LS limits at higher intensity levels compared to the intensities
marking the exceedance of other related DIs. Under this record, the rotation limit
associated with CP has never been reached even at the highest considered seismic

intensity level.

The above indicates that, for diagonally-reinforced coupling beams such as the ones
used in the reference building, potential damage due to earthquakes is insignificant to
have any influence on the definition of limit state criteria. Similar conclusions were also
drawn from previous studies (Tuna, 2012). It is noteworthy that in the case study
building, the coupling beams only connected core walls. The rotation may be higher for

coupling beams connecting shear walls.
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Figure 5.12. Rebar yielding in walls under R#5 of Record Set#1 (10): (a) rebar strain envelope in the wall segment over building height at the time of event occurrence; (b)
rotation envelope in the wall segment over building height at the time of event occurrence; (c) relative lateral displacement envelope in the wall segment over building
height at the time of event occurrence; (d) TISD time history in the wall segment at event level; and (e) rebar strain time history in the wall segment at event level
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Figure 5.13. Rotation in walls under R#5 of Record Set#1 (LS): (a) rotation envelope in the wall segment over building height at the time of event occurrence; (b) strain
envelope in the wall segment over building height at the time of event occurrence; (c) relative lateral displacement envelope in the wall segment over building height at the
time of event occurrence; (d) TISD time history in the wall segment at event level; and (e) rotation time history in the wall segment at event level
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Figure 5.14. Rotation in walls under R#5 of Record Set#1 (CP): (a) rotation envelope in the wall segment over building height at the time of event occurrence; (b) strain
envelope in the wall segment over building height at the time of event occurrence; (c) relative lateral displacement envelope in the wall segment over building height at the
time of event occurrence; (d) TISD time history in the wall segment at event level; and () rotation time history in the wall segment at event level
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Figure 5.15. Rebar buckling in walls under R#5 of Record Set#1 (CP): (a) rebar strain envelope in the wall segment over building height at the time of event occurrence;
(b) rotation envelope in the wall segment over building height at the time of event occurrence; (c) relative lateral displacement envelope in the wall segment over building
height at the time of event occurrence; (d) TISD time history in the wall segment at event level; and (e) rebar strain time history in the wall segment at event level
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Figure 5.16. Concrete crushing in walls under R#5 of Record Set#1 (CP): (a) concrete strain envelope in the wall segment over building height at the time of event
occurrence; (b) rotation envelope in the wall segment over building height at the time of event occurrence; (c) relative lateral displacement envelope in the wall segment
over building height at the time of event occurrence; (d) TISD time history in the wall segment at event level; and (e) concrete strain time history in the wall segment at

event level
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Figure 5.17. Shear capacity exceedance in walls under R#5 of Record Set#1 (CP): (a) shear force envelope in the wall segment over building height at the time of event
occurrence; (b) concrete strain envelope in the wall segment over building height at the time of event occurrence; (c) relative lateral displacement envelope in the wall
segment over building height at the time of event occurrence; (d) TISD time history in the wall segment at event level; and (e) shear force time history in the wall segment
at event level
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Chapter 5. Seismic scenario-structure-based limit state criteria using NISD
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Figure 5.19. Rebar yielding in slabs under R#3 of Record Set#2 (10): (a) TISD time history at event
level; (b) slab rebar tensile strain time history at event level; and (c) relative lateral and vertical
displacement envelopes in slab ends over building height at the time of event occurrence
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Figure 5.20. Rebar yielding in walls under R#3 of Record Set#2 (10): (a) rebar strain envelope in the wall segment over building height at the time of event occurrence; (b)
rotation envelope in the wall segment over building height at the time of event occurrence; (c) relative lateral displacement envelope in the wall segment over building
height at the time of event occurrence; (d) TISD time history in the wall segment at event level; and (e) rebar strain time history in the wall segment at event level
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Figure 5.23. Rebar buckling in walls under R#3 of Record Set#2 (CP): (a) rebar strain envelope in the wall segment over building height at the time of event occurrence;
(b) rotation envelope in the wall segment over building height at the time of event occurrence; (c) relative lateral displacement envelope in the wall segment over building

height at the time of event occurrence; (d) TISD time history in the wall segment at event level; and (e) rebar strain time history in the wall segment at event level
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Figure 5.27. Coupling beam rotation envelope at different intensity levels: (a) R#5; and (b) R#3

5.4 Relating seismic scenario-based building local response to ground
motion characteristics
To gain more insight on the relation between the reference building local response to the
ground motion characteristics under the two investigated seismic scenarios, the local
damage events are mapped on the time histories of R#5 and R#3 ground motions. The
selected damage events (rebar yielding in slabs and walls, rebar buckling in walls, wall
rotation with LS and CP limits, and shear exceedance in walls) are mapped on
acceleration, velocity and displacement time histories of R#5 (Figure 5.28 to
Figure 5.33) and R#3 (Figure 5.34 to Figure 5.39). Figure 5.40 and Figure 5.41 depict
the acceleration, velocity and displacement response spectra of R#5 and R#3,
respectively. In these response spectra, the first three translational mode periods in the
transverse direction of the reference building along with the zones related to the 1, 2",

or 3" mode period are illustrated.
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The following can be concluded from the aforementioned figures:

e Under R#5, the 10 and LS deformation-related damage events, which
correspond to the 1° mode of vibration, are associated with ground displacement
or ground displacement spikes which are close in value to the peak ground
displacement. While for the CP deformation-related damage events, they are
associated with either ground displacement and velocity peaks or spikes which
are close in value to the ground peaks. For the shear exceedance in walls, the
event is associated with both peak ground velocity and ground acceleration
spike.

e Under R#3, the pattern for the local damage events does not correlate well to the
record ground motion time histories as under R#5. The deformation-related
damage events are found to be associated with peaks or with spikes close to the
peaks of ground displacement, velocity, and or acceleration with more obvious
correlation to ground velocity peaks (or spikes). This illustrates the effect of
higher mode on building response, having in mind that all deformation-related
damage events under R#3 correspond to the 2™ mode of vibration, except for
rebar yielding in walls which corresponds to the 3™ mode. For the shear
exceedance in walls (which corresponds to the 3™ mode), failure is associated
with spikes in all ground motion time histories (displacement, velocity and

acceleration). This again illustrates the importance of higher modes.

e Under R#5 (Figure 5.40c), it can be seen that the maximum spectral
displacement is found in the region of the 1% mode period. The maximum
spectral velocity (Figure 5.40b) and moderate spectral acceleration

(Figure 5.40a) correspond to the region of the 2" mode period.

e Under R#3, the maximum spectral displacement is correlated to the 2" mode
period (Figure 5.41c). While maximum spectral velocity (Figure 5.41b) and
maximum spectral acceleration (Figure 5.41a) are correlated to the 3 mode

period.
The abovementioned observations indicate the following:

e To minimise the dispersion of the MRIDAS results, it might be more appropriate

to use the displacement and velocity uniform hazard spectra as references when
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selecting, scaling and anchoring real ground motions to be used in the NRHAS
under strong distant and moderate near-field earthquake scenarios, respectively.

e When the performance-based design is adopted, the building seismic
performance may be further optimised by avoiding critical frequency range

associated with response spectral amplifications.
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5.5 Linking local to global response

To quantitatively define the performance limit states, DMs need to be adapted to link
local-to-global response. The selection of a DM depends primarily on the structural
characteristics of the assessed building and its usage. DMs include: (i) deformation-
based DMs such as roof drift and TISD; (ii) force-based DMs such as base shear; and
(iii) energy-based DMs such as the global Park-Ang index (Park and Ang, 1985). TISD
has been frequently used as a global DM in previous studies since it is adopted by most
of the seismic design and assessment code provisions and can be easily calibrated

against experimental data available in the literature.

Using TISD, seismic guidelines and previous researches have proposed a wide range of
limit state criteria associated with different performance levels of RC shear walls and
wall structures. In ASCE/SEI 41-06 (2007), TISDs of 0.5%, 1% and 2.0% are assigned
to the 10, LS, and CP performance levels, respectively. The SEAOC blue book (1999)
proposed TISDs of 0.4%, 0.9%, 1.4% and 2.1% for RC shear walls at performance
levels SP1 (negligible damage), SP2 (minor to moderate reparable damage), SP3
(moderate to major irreparable damage), and SP4 (collapse performance level). Seismic
codes tend to lean to the conservative side, but less conservative TISDs have been
recommended in the literature based on experimental and analytical results. For ductile
RC walls, Ghobarah (2004) recommended TISDs of <0.2%, 0.4%, <0.8%, >0.8%, 1.5%
and >2.5% corresponded to damage levels of none, light reparable, moderate reparable,
irreparable, severe (or life safe), and collapse, respectively. In another study of RC wall
buildings with a number of storeys ranging between 10 to 60, Mwafy (2012a) suggested
a TISD value of 2.5% for CP, while height-dependent TISDs were proposed for 10
(0.32% to 0.83%) and LS (0.81% to 1.35%). In contrast, Ji et al. (2009) suggested
conservative TISDs to define three performance limit states obtained from inelastic
pushover and time history analyses for a 54-storey RC wall building. The proposed
TISDs were 0.2%, 0.52% and 1.1% for serviceability, damage control and collapse
prevention limit states, respectively. Bearing the above in mind, reliable definitions of
performance limit state criteria for RC high-rise wall structures remain a significant

research issue.

TISD at any storey is a combination of two major components: (i) lateral net drift
caused by shear and flexure deformation, referred to hereafter as NISD; and (ii) drift

from rigid body motion (RBM) caused by the rotation in the lower storey, referred to
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hereafter as RBMISD. The former relates storey deformation to the stress and strain
demands of members in that storey, while the latter has no contribution to structural
demand. The weight of RBM component in the TISD value is influenced by the location
of the storey in the building, the total building height and the effect of higher modes on
the seismic response. Ji et al. (Ji et al., 2009) illustrated that for high-rise buildings, the
traditional DM of TISD is insufficient to be directly related to the structural
performance and therefore needs to be disaggregated to its main sources. This argument

is further investigated in the present study.

There are several methods available for calculating NISD including secant, improved
secant, fixing floor and tangent (e.g. Cai et al., 2014). The latter method is adopted in
the current work to calculate the NISD using post-processed element deformation data

(mainly from the wall segment) as illustrated in Figure 5.42 and Eqn. (5.5).
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Figure 5.42. Member deformation shape for calculation of NISD
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1 ((THDisp; — h; sin6;
NISDi=h—{( pi_— hisin6y)

i

—35 + [NVDisp; — h; (1 — cos 0;) — (THDisp; — h; sin 0;) tan 0;] sin 61} (5.5)
i

Where NISD; is the NISD of the i storey, h; is the height of the i storey, 6; is the
tangent angle at the bottom end of the i" storey, THDisp; is the total lateral (horizontal)
inter-story displacement of the i storey, and NVDisp; is the net vertical inter-story
displacement of the i storey. Figure 5.43a shows TISD vs NISD envelopes for the
reference building at selected seismic intensities of R#5 (Sawa)=0.13g, 0.529, and 0.849)
and R#3 (Sawe=0.07g, 0.21g, and 0.34g). From both seismic scenarios and at all
seismic intensities, it can be seen that the NISD approaches zero at the top storeys. This

is consistent with the low seismic demands in the respective RC walls.

The ratios of RBMISD to TISD at the onset of local damage events are plotted in
Figure 5.43b for selected seismic intensities. For R#5 and R#3, these ratios rise from 0.0
and 0.0 at the first storey, to an average of 0.91 and 0.70 at the twentieth storey, and
0.99 and 0.98 at the thirtieth storey, respectively. This confirms that at the higher
storeys TISD is almost entirely dominated by RMBISD resulting from the rotation of
lower storeys; hence there is practically no NISD and no damage at the higher storeys.

The relation between local damage events and ISDs is presented in Figure 5.44 and
Figure 5.45 through plots of both TISD and NISD distribution over the building height
at the onset of different events for R#5 and R#3, respectively. As expected, all
deformation-based damage events (Figure 5.44(b-g) and Figure 5.45(b-g)) in walls
occurred at the same level as maximum NISD. The force-based event of exceedance of
wall shear capacity (Figure 5.44h and Figure 5.45h) is related to neither NISD nor
TISD. The same applies to the rebar vyielding in the slab (Figure 5.44a and
Figure 5.45a), that is related to the maximum differential vertical displacement between
slab ends rather than to lateral drift.

To investigate the effect of building total height on the relationship between local
damage events and drifts, a numerical parametric study is conducted. Maintaining the
footprint and the geometry of the reference building, six more buildings with a total
number of storeys of 20, 25, 35, 40, 45 and 50 (total height of 65.3m, 81.3m, 113.3,
129.3, 145.3, 161.3m, respectively) are designed and nonlinearly modelled as explained
in CHAPTER 4. Table 5.2 shows the predominant mode periods and design proportions
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Chapter 5. Seismic scenario-structure-based limit state criteria using NISD

of the six additional buildings, while Figure 5.46 and Figure 5.47 depict NISD and
TISD at the onset of local damage events against building total height when subjected to
R#5 and R#3, respectively. Under R#5, nearly all events, except the exceedance of wall
shear capacity occur at a similar NISD for all building heights. The NISD results under
R#3 show higher variability and this can be attributed again to the bigger impact of
higher modes on the response of such buildings to moderate near-field earthquakes.

TISD can be responsible for non-structural damage in tall buildings and inconvenience
to the occupants, hence is important at least when evaluating the performance of high-
rise buildings at serviceability level. However, the above discussion confirms the
superiority of NISD over TISD as a global DM for the vulnerability assessment of high-
rise buildings due to its structural significance, its correlation with local response and its
consistency in buildings with varying heights. Thus, it is decided to use the NISD as the
global DM in the present study.
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Figure 5.44 (continued). R#5 of Record Set#1: TISD vs NISD over the height of reference building
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Figure 5.45 (continued). R#3 of Record Set#2: TISD vs NISD over the height of reference building
at the onset of local damage events: (e) CP wall rotation limit; (f) rebar buckling in walls; (g)
confined concrete crushing in walls; and (h) exceedance of shear capacity in walls
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Table 5.2. Predominant mode periods and design proportions of the six additional buildings for the parametric study

Building Mode periods in the transverse direction (s)  Member  Proportion Storey
1-5 6-10 11-15 16-20 21-25 26-30 31-35 36-40 41-45 46-50
Uncracked Equivalent inelastic TthkJness 225 22 200 200
£ 40 40 40 40
e 183 It 999 Corel V. Reinf. 2.30 1.00 1.00 0.80
. H. Reinf. 0.80 0.91 0.74 0.61
20-Stories » oo i o Thickness 275 250 225 200
. £ 40 40 40 40
4 017 3 019 Pier 1 V. Reinf. 0.87 0.75 0.90 1.86
H. Reinf. 0.25 0.25 0.28 0.25
Thickness 225 225 200 200 200
Uncracked Equivalent inelastic
£ 40 40 40 40 40
e 245 1t 3.0 Corel V. Reinf. 2.15 1.00 1.00 0.85 0.76
. H. Reinf. 1.08 0.92 0.82 0.63 0.63
25-Stories » o0 " 0.0 Thickness 300 275 250 225 200
Pier 1 1;’ 40 40 40 40 40
g 026 3 028 V. Reinf. 243 0.62 0.89 0.93 2.01
H. Reinf. 0.25 0.25 0.25 0.25 0.25
Uncracked Equivalent inelastic Thickness 300 300 300 250 250 200 200
Core 1 e 40 40 40 40 40 40 40
e 371 It 516 V. Reinf. 4.56 1.24 1.16 1.00 1.00 0.80 0.68
. H. Reinf. 0.83 0.67 0.54 0.54 0.54 0.61 0.66
35-Stories » 0.5 nd 1 Thickness 450 425 400 375 350 325 300
Pier 1 £ 40 40 40 40 40 40 40
. 037 3 0.44 V. Reinf. 5.85 4.31 4.09 2.67 1.54 0.95 1.38
H. Reinf. 0.25 0.25 0.25 0.25 0.25 0.25 0.25

Concrete compressive strength (f¢’) is in MPa; “Pierl” length is 4000mm, all reinforcement is given in (%), all dimensions are in mm.,
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Table 5.2 (continued). Predominant mode periods and design proportions of the six additional buildings for the parametric study

- Mode periods in the . Storey
Building transverge direction (s) Member Proportion 1-5 6-10 11-15 16-20 21-25 26-30 31-35 36-40 41-45 46-50
Uncracked Equivalent Thickness 375 375 375 325 325 325 275 275
inelastic £ 48 48 48 48 48 48 48 48
. . Corel V. Reinf. 5.48 231 2.52 1.00 1.00 0.69 0.62 0.49
_ ! 4251 > H. Reinf. 0.74 0.58 0.46 0.49 0.49 0.47 0.45 0.50
40-Stories i 108 o 129 Thickness 600 575 550 525 500 450 425 400
) £ 48 48 48 48 48 48 48 48
W 042 3 050 Pier 1 V. Reinf. 6.50 5.18 5.01 3.64 2.65 157 0.55 0.83
H. Reinf. 0.25 0.25 0.25 0.25 0.25 0.25 0.25 0.25
Uncracked  Equivalent Thickness 475 475 475 475 425 425 425 375 375
inelastic £ 48 48 48 48 48 48 48 48 48
. . Corel V. Reinf. 5.97 3.06 341 2.17 1.49 1.00 0.32 0.41 0.26
_ ! 4921 6.4 H. Reinf. 0.63 0.58 0.42 0.40 0.48 0.44 0.35 0.38 0.43
45-Stories i 110 i 1as Thickness 700 675 650 625 600 575 550 525 500
) £ 48 48 48 48 48 48 48 48 48
W o047 3 o0 Pierl V. Reinf. 7.05 6.12 6.08 4.80 378 278 0.75 0.73 1.01
H. Reinf. 0.25 0.25 0.25 0.25 0.25 0.25 0.25 0.25 0.25
Uncrackeq  Eduivalent Thickness 600 600 600 600 525 525 525 525 450 450
inelastic £ 48 48 48 48 48 48 48 48 48 48
o s 1+ 800 Corel V. Reinf. 6.89 436 4.19 3.06 2.48 1.47 1.00 0.41 0.58 0.25
_ H. Reinf. 0.65 0.67 0.45 0.42 0.49 0.48 0.40 0.34 0.35 0.45
50-Stories i 13 a0 170 Thickness 850 825 800 775 750 725 700 650 600 550
) £ 48 48 48 48 48 48 48 48 48 48
W 054 3 066 Pierl V. Reinf. 7.25 6.52 6.58 5.57 454 3.57 0.61 0.45 0.42 1.86
H. Reinf. 0.25 0.25 0.25 0.25 0.25 0.25 0.25 0.25 0.25 0.25

Concrete compressive strength (f¢’) is in MPa; “Pierl” length is 4000mm, all reinforcement is given in (%), all dimensions are in mm.,
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Figure 5.47. R#3 of Record Set#2: Global response of buildings with different heights at seismic intensity levels corresponded to the onset of damage events: (a) TISD; and
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Chapter 5. Seismic scenario-structure-based limit state criteria using NISD

5.6 Definition of performance limit state criteria

The three commonly used performance levels (10, LS, and CP) are adopted in the

present study. New SSSB limit state criteria are proposed using the MRIDAS results

from the 40 selected records and the mapping/linking of predefined local damage

discussed in Sections 5.3 and 5.5 of this chapter. Table 5.3 summarises the conceptual

definitions of the proposed limit state criteria, while Figure 5.48 and Figure 5.49 depict

the 50% fractile of the NISDs related to selected local damage events (or combination

of events) in the reference building under R#5 and R#3, respectively. The proposed

limit state criteria associated with the two investigated seismic scenarios are discussed

in the succeeding sub-sections.

Table 5.3. Conceptual definitions of adopted limit state criteria for the reference building

Limit State

Wall response

Definition

Immediate
Occupancy (10)

Life
Safety (LS)

Collapse
Prevention (CP)

Wall response controlled by
flexure

The onset of the first yield of reinforcing steel in all
vertical/horizontal elements or the (I0) ASCE/SEI
41-06 rotation limits in shear walls/core

system/ coupling beams, whichever comes first.

Wall response controlled by
shear

NISD corresponding to values in Table 6-19
(ASCE/SEI 41-06).

Wall response controlled by
flexure

The onset of the (LS) ASCE/SEI 41-06 rotation limits
in shear walls/cote system/coupling beams or 50% of
CP-related NISD from all deformation-based DIs
combined, whichever comes first.

Wall response controlled by
shear

NISD corresponding to values in Table 6-19
(ASCE/SEI 41-06).

Wall response controlled by
flexure

The onset of buckling/fracture of reinforcing steel,
crushing of concrete core, the (CP) ASCE/SEI 41-06
rotation limits in shear walls/cote system/coupling
beams or the exceedance of shear capacity in shear
walls/cote system, whichever comes first.

Wall response controlled by
shear

The onset of exceedance of shear capacity in shear
walls/cote system or NISD cotresponding to values in
Table 6-19 (ASCE/SEI 41-06), whichever comes first.
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Figure 5.48. 50% fractile of NISDs associated with selected local damage events obtained from MRIDAs of the reference building under Record Set#1: (a) rebar yield in
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Chapter 5. Seismic scenario-structure-based limit state criteria using NISD

5.6.1 Limit states for severe distant earthquake scenario

For this scenario, the 50% fractile of the NISDs associated with the first reinforcing
steel yield in the flooring system is 0.11% (Figure 5.48a). This value is selected as the
IO limit state in the present study. Although the 50% fractile TISD (0.81%)
corresponding to this value is higher than that suggested by ASCE/SEI 41-06 (0.5%), it
is justified by the fact that the structural system of the reference building (piers and core
walls with flat slabs) has potentially larger deformations when compared with structures
employing other flooring systems. For the first yield in walls, the 50% fractile of the
NISDs is 0.19% (corresponding to 50% fractile TISD=1.43%), (Figure 5.48b). This
relatively high NISD value is attributed to the high compressive load on the lower
storeys which delays the onset of initial yielding and cracking of vertical elements.

For the CP limit state, the 50% fractile of the NISDs associated with all monitored CP-
related damage events without and with considering shear demand/supply local damage
index are 0.44% and 0.37% (corresponding to 50% fractile TISD=2.72% and 2.39%),
respectively (Figure 5.48d and e). In 11 out of the 20 input ground motions, wall shear
capacity, particularly of core segments at lower storeys, is exceeded prior to the onset of
any other CP-related damage events. This is attributed to the increasing influence of
higher modes on the structural response at higher input ground motion intensities, as
shown in Figure 5.17. Hence, the NISD associated with the CP limit state is taken as
0.37%.

The adopted criteria for reaching the LS limit state are either the wall rotation limit
according to ASCE/SEI 41-06 or 50% of the NISD associated with all CP-related
deformation-based DIs, whichever comes first. As shown in Figure 5.48c, the 50%
fractile of NISD associated with wall rotation is 0.30% (corresponding to 50% fractile
TISD=2.09%), while the 50% NISD of the deformation-based DIs corresponding to CP
is calculated as 0.22%. Hence, the latter value is selected as the level of NISD that
corresponds to the LS limit state.

It is important here to highlight that in the ASCE/SEI 41-17 (2017), some changes have
been introduced to the recommended values of acceptable wall and coupling beams
rotation for RC shear walls and associated components controlled by flexure (in Table
10.19 ASCE/SEI 41-17) as opposed to the values recommended in Table 6.18 of
ASCE/SEI 41-06 (2007). These changes, however, have impact neither on the mapping
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results in Section 5.3 nor on the performance limit state criteria adopted for the
reference building under the severe distant seismic scenario. The reason for that is

explained hereafter.

e For RC shear walls and associated components controlled by flexure (under
Record Set #1), the acceptable plastic hinge rotations (radians) for shear walls
and diagonally-reinforced coupling beams are actually increased for LS and
CP limit states in ASCE/SEI 41-17 (Table 10-19) compared to the values
recommended by ASCE/SEI 41-06 (Table 6.18), while the values
recommended for the 1O limit state were left unchanged.

e In the current study, the plastic hinge rotation threshold for shear walls and
coupling beams, even though they were based on smaller values recommended
by ASCE/SEIl 41-06, never control the definition of the adopted CP
performance limit state under the severe distant seismic scenario. The mapping
of the local damage events under this seismic scenario (Figure 5.14 to
Figure 5.18, Figure 5.27a, and Figure 5.48d,e) show that the CP threshold
rotations in the cores, piers, and coupling beams of the reference building have
always reached at higher seismic intensities compared to other CP-related
deformation-based local damage events (i.e. rebar buckling and concrete
crushing) and sometimes even when compared to the shear exceedance
damage index.

e For the LS performance limit state definition under severe distant seismic
scenario, the NISD of 0.22% adopted to define the LS performance limit state
(50% of the NISD associated with all CP-related deformation-based damage
indices) is lower than the NISD corresponding to the reach of wall/coupling
beam acceptable rotations recommended by ASCE/SElI 41-06 (and
consequently the values recommended by ASCE/SEI 41-17 since they are
higher) under all records of Record Set #1.

5.6.2 Limit states for moderate near-field earthquake scenario

For this scenario, the response of the reference building differs significantly with higher
modes dominating. This is attributed to the fact that the spectrum intensities of Record
Sets #1 and #2, representing the two investigated seismic scenarios, are completely
different with one is significantly stronger than the other (e.g. Kappos and Kyriakakis,
2000). The spectra of input ground motions with high frequencies, short durations,
medium-to-small magnitudes, and short site-to-source distances in Record Set #2 have
high amplifications concentrated in the short-period range. On the other hand, the high
amplification in the spectra of the records in Record Set #1, representing earthquakes

with low dominant frequencies, high-to-medium magnitudes, long site-to-source
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distances and long durations, are spread over the intermediate-to-long period range.
Detailed investigation on the relation between the response nature of the reference
building and the ground motion characteristics under the two studied seismic scenarios

is given in Section 5.4,

Figure 5.50 shows relative lateral displacements over height at the onset of selected
mapped local damage events under R#5 and R#3. It is shown that building response
under R#5 is dominated by the first mode (except in shear capacity exceedance) while
under R#3, response to all events is dictated by the second or third mode. This is also
depicted in Figure 5.11 to Figure 5.17 and Figure 5.19 to Figure 5.25. In fact, higher
modes shift the shear wall response from flexure-controlled under Record Set#1 to
shear-controlled under Record Set#2. This is confirmed by the NISD distribution shown
in Figure 5.49. The figure shows that shear capacity is exceeded in core segments at
lower storeys prior to the detection of the first plastic hinge anywhere in the structure in
8 out of 20 records and before the first plastic hinge is initiated in wall elements in 15

out of 20 records.
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Figure 5.50. Relative lateral displacement over the height of reference building at the onset of
selected local damage events: (a) under R#5 of Record Set#1; and (b) under R#3 of Record Set#2
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The same can also be concluded from the propagation of local damage events under
R#5 and R#3, shown in Figure 5.51. Under R#5, the building responds with rebar
yielding in the flooring system, followed by wall rebar yielding, rebar buckling,
concrete crushing, and finally with exceedance of shear capacity (Figure 5.51a).
Building response to R#3 (Figure 5.51b), on the other hand, differs as the exceedance of
shear capacity occurs at the same seismic intensity scale associated with rebar yielding
in walls and just after rebar yielding in the flooring system. As shown in Figure 5.49e,
the calculated 50% fractile NISD associated with the shear capacity damage index is
0.15%. This value corresponds to 50% fractile TISD=0.79%; a value close to the TISD
suggested by ASCE/SEI 41-06 for walls with shear-controlled response at CP (0.75%).
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Figure 5.51. Propagation of local damage events in the reference building: (a) under R#5 of Record
Set#1; and (b) under R#3 of Record Set#2
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To add to the above discussion, the bending moment and shear demand histories in the
core wall segments at the time bracketing the onset of exceeding the shear capacity
under R#5 and R#3 are plotted in Figure 5.52. Under R#5 (Figure 5.52a), the high
bending moment-to-shear ratio (M/V=1.72) corresponds to flexure-controlled
behaviour. On the other hand, the low bending moment-to-shear ratio (M/V=0.72)
under R#3 (Figure 5.52b) warrants the shear-controlled classification for the response of

the reference building.
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Figure 5.52. Bending moment and shear force demand time histories in the core wall segments of
the reference building at the onset of shear capacity exceedance: (a) under R#5 of Record Set#1;
and (b) under R#3 of Record Set#2
As another way of analysing the seismic scenario-based shear response of the reference
building, the base shear at increasing seismic intensities is plotted in Figure 5.53 and

Figure 5.54. In Figure 5.53, the horizontal axes present the ground motion intensity in
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terms of PGA and Sawa). While in Figure 5.54, it presents the overall maximum NISD.
As illustrated in Figure 5.53, the base shear values in both earthquake scenarios at the
seismic intensity levels corresponded to the shear capacity exceedance in the wall
segments (27.5MN under R#5 and 24.5MN under R#3) are related to relatively close
PGA values (1.25g under R#5 and 1.67g under R#3) with a difference of only 34%. The
figure also shows that base shear-PGA-Sywa) curves for the two earthquake scenarios
have similar trends with base shear values under R#5 30-50% higher than those under
R#3 at corresponding PGA-S;wa) Vvalues. Figure 5.54, on the other hand, depicts that
these base shear values are pinned to overall maximum NISDs of considerably different
values in each of the two earthquake scenarios (0.84% under R#5 and 0.15% under
R#3), with a total difference of 460%. The two curves in Figure 5.54 illustrate different
trends with base shear values under R#3 dramatically increasing when compared to
those under R#5 as maximum NISD increases, with a difference ranging from 200% at
NISD=0.12% to as much as 350% at NISD=1.0%. This, again, indicates that the
building responds differently under the two investigated seismic scenarios. The very
low overall maximum NISD of which the shear failure occurred under R#3 compared to
its counterpart under R#5 strengthens the classification of the reference building
response under moderate near-field earthquakes as shear-controlled

Based on the above, NISD values of 0.08% and 0.11% are proposed to be associated
with 10 and LS limit states, respectively. These values correspond to the TISDs (0.4%
and 0.6%) recommended in ASCE/SEI 41-06 for walls with response controlled by
shear. For CP, NISD of 0.15% is proposed. The mapped and proposed limit state
criteria for the building under Record Set#1 and Record Set#2 are listed in Table 5.4.

The ASCE/SEI 41-17 (2017) has introduced some changes to the recommended values
of acceptable total drift for RC shear walls and associated components controlled by
shear (in Table 10.20 ASCE/SEI 41-17) as opposed to the values recommended in
Table 6.19 of ASCE/SEI 41-06 (2007). Again, these changes have impact neither on the
mapping results in Section 5.3 nor on the performance limit state criteria adopted for the
reference building under the moderate near-field seismic scenario, except for the LS-
NISD threshold where a minimal change is introduced compared to the NISD value

based on the ASCE/SEI 41-06 recommendations. This conclusion is argued hereafter.

e For RC shear walls and associated components controlled by shear (under
Record Set #2), the acceptable total drift (TISD; %) for shear walls are changed
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in ASCE/SEI 41-17 (Table 10-20) to 0.75% and 1.00% (under axial force ratio >
0.05) for LS and CP limit states, respectively, compared to the 0.60% and 0.75%
values recommended by ASCE/SEI 41-06 (Table 6.19), while the values

recommended for the 10 limit state were left unchanged (0.40%).

e For the definition of the CP performance limit state criteria in the current study,
the drift value recommended by ASCE/SEI 41-06 is not been utilized. The NISD
value of 0.15% (corresponding to TISD = 0.79%) adopted in the definition of
the CP performance limit state under moderate near-field seismic scenario is
based on the mapping of all the adopted CP-related damage indices (Figure 5.22
to Figure 5.26, Figure 5.27b, and Figure 5.49d,e). It is important to emphasize
here that, due to the response nature of the reference building under moderate
near-field earthquakes, the CP limit state definition is controlled by the shear

exceedance damage index for all records in Record Set #2.

e For the definition of the LS performance limit state criteria in the current study,
the NISD value of 0.11% adopted in the definition of the LS performance limit
state under moderate near-field seismic scenario corresponds to the TISD value
of 0.60% recommended by ASCE/SEI 41-06 (Table 6.19). The NISD value
corresponding to the new TISD of 0.75% recommended by ASCE/SEI 41-17
(Table 10-20) is 0.117%, that is only 6% higher. It is worth noting that due to
the rigid body motion component (RBM), a certain percentage of increase in the
TISD value renders a much small percentage of increase in the corresponding
NISD.
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Table 5.4. Mapped and recommended limit state criteria for the reference building

Limit state

Damage Index (DI)

NISD (%)

Record Set#1
(Far-field)

Record Set#2
(Near-field)

Mapped Proposed Mapped Proposed

1st rebar yield in slabs 0.11 0.14
1st rebar yield in walls 0.19 0.18
10 Wall rotation limit (ASCE/SEI 41-06) 0.19 0.11 0.17 0.08
All TIO-related deformation-based DIs (combined) 0.11 0.14
NISD cotresponds to value in Table 6-19 of ASCE/SEI 41-06 for RC shear walls controlled by shear N/A 0.08
Wall rotation (ASCE/SEI 41-06) 0.30 0.32
LS 50% of NISD from all CP-related deformation-based DIs (combined) 0.22 0.22 0.25 0.11
NISD corresponding to the value in Table 6-19 of ASCE/SEI 41-06 for RC shear walls controlled by shear N/A 0.11
1st rebar buckling in walls 0.44 0.49
1st concrete crushing in walls 0.59 0.67
Wall rotation (ASCE/SEI 41-06) 0.51 0.71
CP Shear capacity exceedance 0.37 0.37 0.15 0.15
All CP-related deformation-based DIs (combined) 0.44 0.49
All CP-related DIs inclusive of shear capacity (combined) 0.37 0.15
NISD cotresponds to the value in Table 6-19 of ASCE/SEI 41-06 for RC shear walls controlled by shear N/A 0.14
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5.7 Summary and concluding remarks

In this chapter, the methodology for proposing reliable Seismic Scenario-Structure-
Based (SSSB) definitions of performance limit state criteria for high-rise RC wall
buildings is illustrated on the 30-storey RC wall reference building located in Dubai
(study region). Multi-Record Incremental Dynamic Analyses (MRIDAS) with new
intensity measure are conducted to assess building local response to two different
seismic scenarios. Seismic scenario-based local damage events, presented with a range
of deformation and capacity-based damage indices (Dls), are mapped and linked to
building global response. The relation between those local DIs and the input ground
motion characteristics are also discussed. Finally, a new set of SSSB limit state criteria

is proposed for the reference structure.

A parametric study involving the reference 30-storey structure in addition to six other
buildings with different heights shows that, for such buildings, Net Inter-Storey Drift
(NISD) is better than Total Inter-Storey Drift (TISD) as a global damage measure (DM)
in defining limit state criteria. NISD is better linked with the local response over the
height of the building and well correlated to deformation-based local damage events for
buildings with varying heights. The study concludes that structural system, arrangement
and geometry of vertical elements, and axial force level in the lower storeys influence
the seismic intensity and deformation levels that are related to local damage events. It is
found that moderate near-field earthquake events can shift the seismic response from
flexure-controlled to shear-controlled. This leads to the conclusion that the response of
RC high-rise wall buildings and consequently the definition of limit state criteria for
designated performance levels are strongly influenced by both the structure and the
seismic scenario. As a result, new SSSB limit state criteria are proposed for RC high-
rise wall buildings with similar characteristics and subjected to similar seismic

scenarios.
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CHAPTER 6. Fragility relations:
Development, assessment,
and simplified methodology

Chapter 6 contains four main sections. Section 6.1 involves the development of the
seismic scenario-based fragility relations for the reference building. This represents the
concluding step in the proposed framework for the seismic vulnerability assessment of
RC high-rise wall buildings (the reader is referred to the IPO model presented
in CHAPTER 2). In Section 6.2, the developed fragility relations are examined at
selected earthquake intensity levels to assess their accuracy. Furthermore, the
characteristics of the developed fragility relations under the two investigated seismic
scenarios are analysed and compared. 6.2 is concluded by correlating the developed
fragility relations with four states of damage in the reference building, that is

unimpaired occupancy, impaired occupancy, structural damage, and structural collapse.
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In Section 6.3, a simplified methodology towards developing fragility relations with less
computational effort is proposed. Utilising this methodology, the fragility curves of
reinforced concrete high-rise buildings can be generated with a much lower number of
input ground motions compared to the original number of records adopted in the current
study (i.e. twenty records in each set). Using a lower number of records results in a
dramatic reduction in time and effort, especially when a big building inventory is under
investigation. Accordingly, the fragility curves developed using this simplified
methodology are called hereafter Cheaper Fragility Curves (CFC). The chapter is

concluded with Section 6.4, where the summary and concluding remarks are presented.

6.1 Development of the fragility relations

In this section, seismic scenario-based fragility relations for the reference building are
developed. Furthermore, the efficiency of the proposed damage measure (NISD) is
investigated using the confidence interval relative width statistics. The fragility curves

are developed using the following equation (Wen et al., 2004):

/ %@m|pLs;) ~ HDM|IM) \

POE(PLS;[IM) = 1—¢
2 2 2
\/B(DMIIM) + Bomprsy + P

(6.1)

Where POE(PLS;|IM) is the probability of exceeding a predefined performance limit
state (PLS;) given the IM value, ¢ is the standard normal cumulative distribution
function, apmiprs;) = In (median of the DM capacity for PLS;), apwmimy = In (calculated
median demand DM given the IM value from the regression analysis best-fit power-law

line), and B(DMIIM)’ B(DMlPLSi)’ and B are demand, capacity, and modelling

uncertainties, respectively, given in the following equations:

Bown = V(A +58 , st = Z(ln(Yk) ~In(Y,)) /(n—2) 6.2)

BompLsy = vIn(l + cov?) (6.3)
B.=02 to 04 (6.4)
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where s is the standard error, Yy, Y}, are the observed and power-law estimated median

DM, respectively, given the IM value, n is the number of sample data demand points,
and cov is the coefficient of variation for the MRIDAs. The cov coefficient is taken as
0.3 (Wen et al., 2004) when limit states are defined using pushover analysis or values
recommended in the seismic provisions from codes like ASCE/SEI 41-16 (2017) and
FEMA P1050 (2015). When NRHA along with MRIDA is adopted, the cov coefficient

is automatically calculated within the process. The modelling uncertainty parameter 8

corresponds to the level of accuracy of the seismic response estimates by the numerical
modelling compared to the actual response values. It ranges between 0.2 and 0.4 (Wen
et al., 2003, Wen et al., 2004), i.e. the response estimates are within 20% to 40% of the
actual value with 90% confidence.

It is worth noting that the modelling of the uncertainty in the definition of PLSs has
been investigated in previous studies using different approaches (e.g. Monte Carlo
sampling, Latin Hypercube sampling, and other statistical techniques) on RC frame
structures (e.g. Dymiotis et al., 1999, Sousa et al., 2016, Yu et al., 2016) and shear walls
(e.g. Duffey et al., 1994). In the current work, despite using a wide range of
deformation- and strength-based DlIs to define the threshold of the three adopted PLSs
(i.e. rebar yielding in the flooring system, rebar yielding in the piers and cores, wall
rotation, coupling beam rotation, rebar buckling, concrete crushing, and section shear
capacity) and linking them to a reliable global DM (NISD) in an attempt to reduce the
aforementioned uncertainty, the definition of the adopted PLSs, strictly speaking, is

deterministic.

The process for developing fragility curves is summarised in Figure 2.28 and

schematically presented in Figure 6.1.
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Figure 6.1. Schematic presentation for developing fragility relations

The results of the MRIDAs performed on the reference building (CHAPTER 5) in terms
of Sawa)-NISD pair points along with best-fit power-law line and NISD values at limit
state threshold for Record Set #1 and #2 are presented in Figure 6.2 and Figure 6.3,
respectively. The shown regression lines represent the mean of the random variable
(NISD/Sawa)), that is the value at which the random variable has 50% probability of
being equal to or less than. In these figures, the high values of the coefficient of
determination (R? = 0.69 for Record Set #1 and 0.85 for Record Set #2) and the
coefficient of correlation ((R%)>° = 0.83 for Record Set #1 and 0.92 for Record Set #2)
show strong mathematical correlation between the adopted damage and intensity
measures. Furthermore, small values of dispersion (0N|5D|Sa(wa)) are obtained (0.33 for
Record Set #1 and 0.15 for Record Set #2). Given that NISD values correspond to log-
normal distribution, onisp|S,, is defined as the natural logarithms of the residuals

NISD data from the regression line.

The 16%, 50% (mean), and 84% fractile NISD values at the threshold of adopted limit
states for the reference building under Record Set #1 and Record Set #2 are listed in
Table 6.1 and Table 6.2, respectively. In addition, these tables show the standard
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deviation (o), the confidence intervals (Piower, Pupper), and the confidence interval relative
width (W) for each limit state. In these tables, the relatively high difference in the 16%,
50%, and 84% fractile NISD values corresponding to a predefined limit state is
attributed to the more accurate (hence more sensitive) approach in calculating the DM

(NISD) compared to the TISD, resulting from the elimination of the RBM component.

The confidence interval is a statistical value (expressed by the probability) that validates
the closeness of the estimated mean value to the population mean value. The plus-minus
one-c confidence interval, corresponds to the probability of 84%, along with its relative
width are calculated by the following equations:

+
l:)lower, upper — M * €

Sle

(6.5)

Pupper - 1:)lower
W (%) = 100 % —2pper  Tlower 66)

Where Piower and Pypper are lower and upper-end points of the confidence interval for the
mean of a log-normal distribution, 1 is the sample mean value for the random variable,
o/+/n is the standard error of the mean, o is the standard deviation of the sample mean,

and n is the number of sample data demand points.

In analytical practice, the acceptable confidence interval relative width is in the range of
10% (e.g. Pejovic and Jankovic, 2016). For the obtained NISD values at the threshold of
the adopted limit states under the two investigated seismic scenarios, the calculated 84%
confidence interval relative width is between 1.89 and 2.90 (Table 6.1 and Table 6.2).
These small values indicate a high level of accuracy in calculating the random variables

which can be attributed to the efficiency of the proposed damage measure (NISD).
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Figure 6.2. Record Set #1: Selected MRIDA results along with best-fit power-law line and NISD

values at limit states threshold
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Figure 6.3. Record Set #2: Selected MRIDA results along with best-fit power-law line and NISD

values at limit states threshold
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Table 6.1. Reference building derived NISD properties at the threshold of performance limit states

under Record Set #1

Limit NISD at the threshold of Standard Lower and upper Relative
state performance limit state deviation  endpoint of the 84% width of
(DMIPLS)), (%) (o) confidence interval confidence
169% 509 849% P P interval
(0] 0 0 lower upper o)
Fractile  Fractile Fractile (W), (%6)
10 0.09 0.115 0.146 0.243 0.113 0.116 2.90
LS 0.189 0.226 0.271 0.182 0.224 0.229 2.17
CP 0.321 0.376 0.441 0.158 0.373 0.379 1.89

Table 6.2. Reference building derived NISD properties at the threshold of performance limit states

under Record Set #2

Limit NISD at the threshold of Standard Lower and upper Relative
state performance limit state deviation  endpoint of the 84% width of
(DMIPLS), (%) (o) confidence interval confidence
16% 50% 849% P P interval
0 0 0 lower upper 0,
Fractile  Fractile Fractile (W), (%)
10 0.059 0.075 0.095 0.237 0.074 0.076 2.84
LS 0.093 0.111 0.134 0.182 0.110 0.112 2.18
CP 0.128 0.154 0.186 0.187 0.153 0.156 2.24

Using the data presented in Figure 6.2 and Figure 6.3, the fragility function parameters
for the reference building under the two investigated seismic scenarios are estimated
(Table 6.3).

Table 6.3. Function parameters for the fragility curves of the reference building under Record Set
#1 and Record Set #2

Record Set #1 Record Set #2

Limit states 10 LS CP 10 LS CP
o | aowpsy | 2207 L1544 099 | 2500 2180  -L897
D
£ Bowinn 0543 0543 0543 | 0373 0373 0373
| bowns | 023 0184 0154 0.3 0.3 0.188
2 0.2 0.2 0.2 0.2 0.2 0.2
= Bin to to to to to to
>
L 0.4 0.4 04 04 04 04

To investigate the effect of the modelling uncertainty parameter B, the fragility curves
corresponding to the three adopted limit states with three different levels of B, (0.2, 0.3,
and 0.4) are developed under Record Set #1 and #2 and presented in Figure 6.4 and

Figure 6.5, respectively. In these figures, comparing the results associated with 20%,

251



Chapter 6. Fragility relations: Development, assessment, and simplified methodology

30%, and 40% modelling uncertainty, it can be concluded that the value assigned to Bm
has a relatively insignificant effect on the slope for the entire range of the developed
fragility functions. On the other hand, Figure 6.4 and Figure 6.5 indicate that beyond the
curve central point, the value of B, = 0.2 resulting in a slightly higher probability for
any of the adopted limit states to be reached or exceeded at any given Sawa). The upper
zone of the fragility curve corresponds to higher seismic intensity levels, therefore,
more critical to the vulnerability assessment of a building or a building stock. Giving
that, the value of B = 0.2 is adopted for developing all further fragility relations
discussed in the present work.
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Figure 6.4. Record Set #1 - Reference building fragility curves with different fm values (0.2, 0.3,
and 0.4): (a) 10 limit state; (b) LS limit state; and (c) CP limit state
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6.2 Assessment and comparison of the fragility relations

The developed fragility curves under the two investigated seismic scenarios are assessed
and compared in this section to shed more light upon the differences in the vulnerability
of RC high-rise wall buildings under multiple earthquake scenarios. Using the intensity
measure of Sywa) and the mean (50% fractile) values of the DM (NISD) used to define
the three adopted limit states, the fragility relations of the reference building under
Record Set #1 and Record Set #2 are given in Figure 6.6 and Figure 6.7, respectively. In
these figures, zoom in to the part of interest of the fragility curves is also shown. These
parts of interest cover the Sywa Values (and their corresponding POE) associated with
three selected earthquake intensity levels: (i) Serviceability Level Earthquake (SLE)
with 50% POE in 30 years (43-year return period); (ii) DBE with 10% POE in 50 years
(475-year return period); and MCE with 2% POE in 50 years (2475-year return period).

The Tya of the reference building (2.54s) falls within the region design spectra zone that
envelopes the severe distant seismic scenario. Accordingly, the Sywa) Values associated
with the DBE and MCE under this scenario are calculated using the corresponding
design spectra of the study region (Figure 4.5). These design spectra are generated using
the procedure given in the ASCE/SEI 7-16 (2017) and the IBC (IBC, 2015). These
values are 0.105g and 0.158g, respectively. It is worth noting that as per the procedure
of the aforementioned codes, the spectral acceleration values associated with the MCE
are 1.5 times their DBE counterparts. It can be seen that the calculated Sawa) Value of
0.105¢g (associated with DBE) is matching with the corresponding Sawa) Value from the
mean of the response spectra for Record Set #1 (Figure 4.6a). For the moderate near-
field seismic scenario, the S,ws) Value associated with the DBE is estimated from the
mean of the response spectra for Record Set #2 as 0.011g (Figure 4.6b). For this seismic
scenario, the value associated with the MCE is taken as 0.0165¢g (1.5 times 0.011 g).

As for estimating the S,wa) Values associated with the SLE under the two investigated
seismic scenarios, there are no probabilistic seismic hazard assessment studies available
on the study region for this earthquake intensity level. Consulting previous studies (e.g.
Ghodsi and Ruiz, 2010, Tuna, 2012), it was decided to take the S;wa) Value associated
with the SLE as 0.5 times the DBE-associated value. Accordingly, the Sywa Vvalues
corresponding to the SLE under the severe distant and moderate near-field seismic

scenarios are taken as 0.0525g and 0.0053g, respectively.
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Again, the 84% confidence interval of the fragility curve for each limit state along with
its relative width is calculated under Record Set #1 and Record Set #2 using Eqn (6.5)
and (6.6) and listed in Table 6.4 and Table 6.5, respectively. For example, Table 6.4
shows that the mean value of Sywa for limit state 10 is 0.127g, representing the mean
value of IM at which the reference building reaches the threshold of the limit state 10
under Record Set #1. In other words, it means that by the probability of 50% for the
Sawa) Value of 0.127g, the threshold of the damage state 10 under Record Set #1 is
reached (i.e. first rebar yield in flooring system). The 16% percentile of Sywa) value at
the threshold of limit state 10 under Record Set #1 is 0.067g while the 84% percentile is
0.240g. For the mean value of Sy corresponding to the limit state 10 under Record
Set #1, the plus-minus one-c confidence interval is calculated as [Piower, Pupper] =
[0.122¢g, 0.132g], returning a relative width value of 7.63. It is important to emphasise
that in Table 6.4 and Table 6.5, the presented 16%, 50%, and 84% fractile values are for
the Sawa) at the threshold of different performance limit states, not NISD (response)
values. The significant difference in the 16%, 50%, and 84% fractiles of these Siuwa
values corresponding to a specific limit state reflects the variability in the input ground
motion characteristics from one record to another in the record set, not to the response
(NISD) at different limit states/fractiles. Therefore, for Table 6.4 and Table 6.5, the
relative width of confidence interval (W, %) represents a more suitable measure of the
accuracy of the developed fragility curves. For the fragility relations of the reference
building under the two investigated seismic scenarios, the relative width of confidence
interval for all adopted limit states is lower than 10% (between 5.43 and 7.63). This
indicates the high accuracy of the obtained fragility curves and the possibility of
implementing them for RC high-rise wall buildings with similar structural

characteristics and seismicity.

The fragility curves shown in Figure 6.6 and Figure 6.7 are developed using the mean
value (50% fractile) of NISDs at the threshold of a given limit state. Given that the
seismic vulnerability analysis is probabilistic, the fragility relations based on the 16%
and 84% fractiles of the adopted PLSs are developed under Record Set #1 and Record
Set #2 and shown in Figure 6.8 and Figure 6.9, respectively. To facilitate the assessment
and comparison between the developed fragility relations of the reference building
under the two investigated seismic scenarios, Figure 6.10 depicts the compiled fragility
relations (50% fractile) under both Record Set #1 and Record Set #2. In this figure, the
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POE is given in percentage to better link the data with those in Table 6.6 (will be
discussed later).

By analysing the data in Figure 6.10, it can be seen that for the developed fragility
relations under the severe distant seismic scenario, the steepness of the curves increases
as the limit states shifts from CP to 10. The steep slope of the 1O limit state curve is
attributed to the high lateral stiffness of the reference building in the elastic range,
which significantly decreases the dispersions in the NISD values from different records
at the threshold of the limit state. Figure 6.10 also shows that the three fragility curves
developed under the moderate near-field earthquake scenario have almost the same
steepness. As previously explained, this is due to the fact that, under almost all the
records in Record Set #2, the three limit states (10, LS, and CP) are reached while the

structure is still in the elastic zone (Table 5.4).

The latest recommendations in ASCE/SEI 41-17 (2017) for the TISD associated with
LS performance limit state (discussed in Section 5.6.2) introduces a minimal change to
the LS limit state fragility curves of the reference building under the moderate near-field
seismic scenario. Figure 6.11 shows 16%, 50%, and 84% fractile (LS) fragility curves
using the drift recommendations of both ASCE/SEI 41-06 and ASCE/SEI 41-17. The
difference in the POE (LS|Sawa)) along the entire range of the three curves is limited to
1%-4% only. These results further support the argument on the negligible effect the new
recommendations in ASCE/SEI 41-17 have on the framework, methodologies and

outcome of the current work.
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CP) under Record Set #1
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Table 6.4. Derived log-normal distribution function properties for the fragility curves of the reference building under Record Set #1

Relative width of confidence

Limit Sawa) at the threshold of performance limit state St.an.dard Low%r and upper endpoint of the interval
state (IMIPLS)), (9) deviation (o) 84% confidence interval, (g) (W), (%)
16% Fractile ~ 50% Fractile ~ 84% Fractile Plower Pupper
10 0.067 0.127 0.240 0.638 0.122 0.132 7.63
LS 0.140 0.258 0.475 0.611 0.249 0.268 7.30
CP 0.240 0.438 0.799 0.601 0.423 0.454 7.19
Table 6.5. Derived log-normal distribution function properties for the fragility curves of the reference building under Record Set #2
Limse Sawa) at the threshold of performance limit state St.anfjard Low%r and upper endpoint of the Relative Wiigttgr\?;f onfidence
state (IMIPLS), (9) deviation (o) 84% confidence interval, () (W), (%)
16% Fractile ~ 50% Fractile ~ 84% Fractile Plower P upper
10 0.027 0.043 0.072 0.491 0.042 0.044 5.86
LS 0.038 0.064 0.106 0.513 0.062 0.066 6.13
CP 0.054 0.085 0.134 0.454 0.083 0.087 5.43
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To correlate the developed fragility relations with the state of damage in the reference
building, the three adopted limit states are considered to be the threshold response
quantities for the following damage states: (i) unimpaired occupancy (UOC); (ii)
impaired occupancy (IOC); (iii) structural damage (SD); and (iv) structural collapse
(SC). Damage state is a function of a specified measure of earthquake ground motion
intensity but also is required for estimating expected or maximum probable losses.
Similar damage state definitions have been adopted for seismic vulnerability
assessments in previous studies (e.g. Ellingwood et al., 2007, Celik and Ellingwood,
2010, Jeong et al., 2012). When compared to the damage state definitions adopted in
HAZUS (Kircher et al., 2006), the equivalence of UOC, 10C, SD, and SC is “no
damage”, “slight-to-moderate damage”, “extensive damage”, and “complete damage”,
respectively. The damage state probabilities of the reference building are determined by
the differences between limit state probabilities. Figure 6.12 schematically illustrates
the relationship between the limit states and the damage states, while the calculated
damage state probabilities for the three selected earthquake intensity levels (SLE, DBE,
and MCE) under the two investigated seismic scenarios are listed in Table 6.6 and

graphically illustrated in Figure 6.13 and Figure 6.14.
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Figure 6.12. Relationship between the probability of limit states and damage states
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Under the severe distant earthquake scenario, Table 6.6 and Figure 6.13 show that at
Sawa) corresponding to the DBE, the POE of the 10, LS and CP limit states is 38.2%,
7.1% and 0.9%, respectively. These values return damage state probabilities of 61.8%
for unimpaired occupancy, 31.1% for impaired occupancy, 6.2% for structural damage,
and 0.9% for structural collapse (Table 6.6 and Figure 6.13). At Sywa) corresponding to
the MCE, these values increase to 63.4%, 21.2% and 4.6% for the 10, LS, and CP limit
state probabilities, respectively, returning damage state probabilities of 36.6% for
unimpaired occupancy, 42.1% for impaired occupancy, 16.7% for structural damage,

and 4.6% for structural collapse.

Under the moderate near-field earthquake scenario, on the other hand, the limit state
probabilities corresponding to the DBE are 0.4%, 0.0%, and 0.0% for 1O, LS, and CP,
respectively (Table 6.6 and Figure 6.14). These values return damage state probabilities
of 99.6% for unimpaired occupancy, 0.4% for impaired occupancy, 0.0% for structural
damage, and 0.0% for structural collapse (Table 6.6 and Figure 6.14). At Swa)
corresponding to the MCE, these values are slightly changed to 3.6%, 0.5% and 0.0%
for the 10, LS, and CP limit state probabilities, respectively, returning damage state
probabilities of 96.4% for unimpaired occupancy, 3.1% for impaired occupancy, 0.5%
for structural damage, and 0.0% for structural collapse.

The above emphasises the vulnerability of RC high-rise wall buildings in the study
region to severe distant earthquakes. It also indicates that in the study region, this class
of buildings is invulnerable to moderate near-field earthquakes even at the MCE level.
However, considering the unique response of RC high-rise wall structures under short
period records (discussed in CHAPTER 5), this may not be the case for other multiple

seismic scenario- prone regions in the world.
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Table 6.6. Reference building limit state and damage state probabilities for different earthquake intensity levels under Record Set #1 and Record Set #2

Limit state probability (%)

Damage state probability (%6)

N . Earthquake
Seismic scenario intensity level 10 LS cp Unimpaired Impaired Structural Structural
Occupancy Occupancy damage collapse
@ Sawa) = 0.053 g (SLE) 8.3 0.5 0.0 91.7 7.8 0.4 0.0
@ Sawa) = 0.105 g (DBE) 38.2 7.1 0.9 61.8 31.1 6.2 0.9
Strong distant @ Saway= 0.158 g (MCE) 63.4 212 4.6 36.6 42.1 16.7 4.6
earthquakes
(Record Set #1) @ Sawa)=0.4 g 96.4 76.4 44.0 3.6 20.0 32.2 44.0
@ Sawa)=0.6 ¢ 99.3 91.6 69.9 0.7 7.6 21.7 69.9
@ Saway=0.8 @ 99.8 96.8 84.1 0.2 3.0 12.7 84.1
@ Sawa) = 0.006 g (SLE) 0.0 0.0 0.0 100.0 0.0 0.0 0.0
@ Sawa) = 0.011 g (DBE) 0.4 0.0 0.0 99.6 0.4 0.0 0.0
Moderate near-field @ S, =0.017 g (MCE) 3.6 05 0.0 96.4 3.1 0.5 0.0
earthquakes
(Record Set #2) @ Sawa)=0.04 g 44.6 18.2 5.0 55.4 26.4 13.2 5.0
@ Sawa)=0.08 9 88.8 67.1 44.4 11.2 21.7 224 44.7
97.8 89.2 77.4 2.2 8.6 11.7 77.4

@ Sa(wa) =0.12 g
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Figure 6.13. Reference building damage state probabilities for different earthquake intensity levels under Record Set #1
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Figure 6.14. Reference building damage state probabilities for different earthquake intensity levels under Record Set #2
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6.3 Simplified methodology to develop fragility relations for RC high-
rise wall buildings
In this final part of CHAPTER 6, a simplified methodology towards developing fragility
relations for high-rise buildings is proposed. The fragility curves generated using the
proposed methodology is referred to hereafter as Cheaper Fragility Curves (CFC). The
terminology reflects the considerable reduction in time and effort that can be achieved
utilising this simplified methodology. The methodology is centred on developing a set
of CFCs with a predefined acceptance (tolerance) level for each seismic scenario under

investigation using a lower number of earthquake records.

Given that MRIDA is the core and spine of any framework that ends with the
development of fragility relations, a number of different methods have previously been
proposed either to simplify or to approximate the process of conducting these analyses.
Approximate methods for IDAs involved the replacement of dynamic nonlinear analysis
by a combination of pushover analysis of a multi-degree-of-freedom (MDOF) model
and dynamic nonlinear analysis of single-degree-of-freedom (SDOF) model (e.g.
Vamvatsikos and Cornell, 2005b, Han and Chopra, 2006, Vamvatsikos and Cornell,
2006). Other researchers have attempted to simplify the procedure by reducing the
dispersion in IDA results (e.g. Shome, 1999, Carballo and Cornel, 2000). Typically, a
reduction in dispersion by a factor of two means that four times fewer records are

needed to gain the same confidence (Vamvatsikos and Cornell, 2004a).

The selection criteria of real ground motion records for seismic scenario-based MRIDA
mainly include magnitude, distance, and site conditions (e.g. lervolino and Cornell,
2005) without an explicit reflection of structural characteristics of the building(s) under
investigation. This way of record selection requires the calculation of seismic response
for all ground motion records representative of an earthquake scenario. It would,
therefore, be useful to add another criterion to the record selection, such that the
selected records are the best representatives for the prediction of the seismic response of
the investigated structures. By adding this element to the framework for deriving
fragility relations for high-rise buildings, a significant decrease in the number of ground
motion records needed for the sufficiently accurate prediction of seismic response and

fragility relations at a predefined acceptance level can be achieved.

The acceptance level for the developed CFCs is subjective; therefore, the accepted

tolerances can be decided depending on the objectives behind the vulnerability study
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and how the outcomes will be utilised. As pictorially illustrated in Figure 2.1, the
characteristics of a fragility curve (the output in the IPO model) are mainly determined
by the following variables: (i) uncertainties in input ground motions; (ii) building

seismic demand (response); and (iii) building seismic performance (capacity).

The building seismic response is characterised by the two main measures that are
shaping the MRIDAs, namely the IM and the DM. The scalar IM of Sywa) proposed in
the current study is shown to be efficient for high-rise buildings with varying height
range. It takes into account both the impact of higher modes and period elongation and
utilises the actual inelastic periods of the structure. As for the damage measure, the
numerical parametric study conducted in Section 5.5 revealed the consistency of NISD
as a global DM for the vulnerability assessment of high-rise buildings with varying

heights.

In multi scenario-seismic-prone regions, the seismic capacity of a building is
represented by the seismic scenario-based limit state criteria (CHAPTER 5). The
conceptual definitions of the proposed limit state criteria (Table 5.3) is based on the
detailed mapping of the seismic scenario-based local response (Section 5.3), utilising
the comprehensive list of adopted DIs (Table 5.1). The proposed global DM (NISD)
eliminates the RBM-induced artificial component of the TISD, a component that has no
contribution to structural demand. The weight of RBM-induced component in the TISD
is influenced by the location of the storey in the building, the total building height and
the effect of higher modes on the seismic response (e.g. Ji et al., 2009). Accordingly,
removing this component (i.e. using NISD rather TISD as a global DM) eliminates the
variation in the seismic scenario-based limit state criteria for high-rise buildings with
varying heights. As a result, it is fairly acceptable to conclude that adopting the
methodology for determining the seismic scenario-based limit state criteria proposed
in CHAPTER 5 for RC high-rise buildings with varying structural systems and a wider

height range is adequate to return reliable fragility relations.

Based on the above discussion, and to take into account the “uncertainties in input
ground motions” variable, a new Record Selection Criterion (RSC) is proposed
hereafter as part of the simplified methodology. By adopting the proposed RSC, a
considerably lower number of records will be required to develop CFCs for RC high-

rise buildings of varying heights.
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In Figure 6.15, the methodology to derive refined seismic scenario-based fragility
curves (Section 6.1) and the simplified one to derive CFCs proposed in this section are
combined in one flowchart that consists of three blocks: (i) default block “A” which
includes the pre-steps needed whether refined or cheaper fragility curves are to be
developed; (ii) block “B” which includes the steps that need to be added to block “A” to
develop refined fragility curves; and (iii) block “C” which includes the steps that need
to be added to block “A” to develop CFCs. The steps in blocks “A” and “B” are

explained in the related sections of Chapters 3, 4, and 5 along with Section 6.1.

Hereafter, the simplified methodology to develop CFCs (blocks A and C) is described
bullet-wise. For easy reference, each bullet is assigned with the same number that is

assigned to the related step in the flowchart.

1. ldentifying the UHS and seismic scenarios of the study region and selecting the
building(s) representative of the building inventory as well as the equivalent
inelastic mode periods of the building(s) under investigation. The equivalent

inelastic mode periods can be retrieved from the design (linear) model.

2. Designing the reference building(s) in accordance with the relevant seismic
provisions of the regional-adopted codes. In case the structural design
drawings/data are available, then they can be used.

3. Developing a verified, nonlinear 3D simulation of the reference building(s) and
defining the IM and DM to be used in the MRIDAsS.

4. Selecting real input ground motions (records) from the earthquake databases
following the selection criteria detailed in Section 2.2.2.4.3 of CHAPTER 2 and
Section 4.2 of CHAPTER 4. The process starts with the selection of two records
only.

5. Examining each of the selected records from step #4 against the set acceptance
tolerance value (TR). If the TR of each of the selected records is equal or smaller
than the set tolerance value, proceed to step #6. Otherwise, the unqualified

record(s) is to be discarded and replaced by repeating steps #4 and #5.

6. Conducting MRIDAs for the reference building(s) using the number of records

in the current cycle. In the first cycle (n=1), the number of records is 2. The
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10.

MRIDAs results are to be mapped, where local building response is correlated to
its global response using the adopted global DM (the reader is referred
to CHAPTER 5 for more details).

Defining seismic scenario-based limit state criteria for the reference building(s)
(the reader is referred to CHAPTER 5 for more details).

Developing the cheaper fragility curves (CFCs) based on the output of steps #6
and #7.

The developed CFCs are to be examined against the set acceptance tolerance
value (Tgc). If the Trc values of the developed CFCs from two successive cycles
(n and n-1) are equal or smaller than the set tolerance value, proceed to step #10.
Otherwise, steps #5 to #8 are to be repeated with one more record added to the

related set of records.

The developed CFCs from the cycle (n-1) is to be adopted for the reference
building(s) and used for further seismic hazard assessment and mitigation

studies.

In the succeeding sections (6.3.1 and 6.3.2), the simplified methodology is further

explained by employing it to the reference building. To verify the simplified

methodology outcome, the developed CFCs for the reference building are compared

with the refined fragility relations generated in Section 6.1.
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6.3.1 Record selection criterion (RSC) and record acceptance tolerance (Tg)

To reduce the time and computational effort required to develop the fragility relations
with a predefined acceptance level for a building or a building inventory, the total
number of earthquake records used in the MRIDAS needs to be lowered to the minimum
number of records possible. In Section 5.3 of the current study, the mapping of the
seismic scenario-based reference building local response demonstrates that, for RC
high-rise wall buildings, the seismic response under severe distant earthquake scenario
is dominated by the 1% and 2" modes of vibration (Figure 5.11 to Figure 5.18). Under
moderate near-field earthquakes, on the other hand, the response is dominated by the 2™
and 3™ modes of vibration (Figure 5.19 to Figure 5.26). Utilising these findings, a new
RSC is proposed in this section (step #5 of block C in Figure 6.15). When the proposed
RSC is added to the seismic scenario-based real records selection criteria detailed in
Section 2.2.2.4.3 of CHAPTER 2 and Section 4.2 of CHAPTER 4 (step #4 of block A
in Figure 6.15), CFCs with a predefined acceptance level can be developed with a
considerably lower number of records. For a building inventory with the same structural
system but with different heights, the proposed simplification through reducing the
number of records becomes even more substantial when utilising the unified limit state

criteria methodology previously proposed in CHAPTER 5.

The proposed RSC is based on selecting the real records that have a close match to the
shape of the UHS or the design spectrum at the zone of effective time periods. For the
severe distant earthquake scenario, the zone of the effective time periods is set to be
bracketing the 1% mode period and the weighted-average of the 1% and 2" mode
periods. Detailed description of the calculation procedure of the weighted-average
period can be found in Section 5.2. As for moderate near-field earthquakes, the zone of
the effective time periods is set to be bracketing the 3" mode period and the weighted-
average of the 2" and 3" mode periods. To measure the closeness of the spectrum zone
bracketing by the effective time periods in any selected record to its counterpart in the

UHS, a record tolerance factor is proposed (TR). The calculation of TR is given in Eqn.

(6.7), as follows:

; (oas) : (ohs) (6.7)

S S
@Tmj a @Twa(mi,j) a @average (Tmi'Twa(mi,j))
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Where TR is the record tolerance factor, o is the standard deviation, SR is the spectral

acceleration value of the record at the specified time period, SYHS is the spectral
acceleration value of the UHS at the specified time period, T; is the building

equivalent inelastic time period of mode i, Tyamij is the building weighted-average

period of modes i and j, and average (Tp;, Twa(mij)) is the arithmetic mean of T,,; and

Twa(mi,j)-

The smaller the TR value, the closer is the matching of the selected record to the shape

of the UHS (or the design spectrum) at the zone of effective mode periods and
consequently, the lesser impact the ground motion uncertainties have on the derived

fragility relations. In the current study, the acceptance value of TR is set to 10%. This

upper bound will later be shown to be sufficient. Although the proposed methodology
requires a minimum of two records for each seismic scenario as a start, seven records
are selected hereafter from each of the two sets of records. It is important to state that

TR upper bound can be set to any other value as long as the acceptance level for the

CFCs is achieved.

Figure 6.16 shows the schematic for the calculation procedure of TR, while Figure 6.17

and Figure 6.18 depict the seven records selected for each seismic scenario along with
the UHS of the region at the zone of effective time periods. Table 6.7 and Table 6.8 give
the parameters for the acceleration response spectra of the selected records at the zone

of effective periods from Record Sets #1 and #2, respectively.
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Figure 6.17. Record Set #1: Acceleration response spectra of records #11, #4, #19, #5, #17, #2, and
#8 along with 10% POE in 50-years UHS of the study region at zone of effective periods
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Figure 6.18. Record Set #2: Acceleration response spectra of records #1, #7, #3, #11, #19, #10, and
#14 along with 10% POE in 50-years UHS of the study region at zone of effective periods

Table 6.7. Record Set #1: Parameters for the acceleration response spectra of the seven selected
records at the zone of effective periods

@ T(ml) @ Twa(m1,2) @ Taverage (ml'Twa(ml,Z))
SUHS — 0060 g, SUHS = 0.135 g, SUHS — 0.079 g,
T=446s T=282s T=364s Tr
Record # 6[a,b,c]
R s§ R Sa R Sa (%)
Sa UHS Sa UHS Sa UHS
@ @ (@) 5a
[a] [b] [c]
11 0018 0271 0033 0247  0.025 0.315 3.0
4 0032 0497 0078 0575  0.047 0.593 5.0
19 0.033 0507 0073 0540  0.049 0.625 6.0
5 0061 0925 0124 0921  0.083 1.051 7.0
17 0035 0537 009  0.667  0.055 0.702 9.0
2 0030 0466 0041 0302  0.023 0.291 10.0
8 0.042 0640 0074 0552  0.060 0.762 10.0
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Table 6.8. Record Set #2: Parameters for the acceleration response spectra of the seven selected
records at the zone of effective periods

@ T(m3) @ Twa(m2,3) @ Taverage (M3, Tyama,3)
SUHS = 0.643 g, SYHS= 0.499 g, SUHS = 0.639 g,
T=039s T=076s T=058s Tr
Record # o[a,b,c]
R SR R SR R SR o
Sa QUHS Sa <UHS Sa SUHS (%)
> @ ©) >
9
[a] [b] [c]
1 0.202 0.314 0.182 0.364 0.182 0.285 4.0
7 0.256 0.398 0.230 0.462 0.231 0.361 5.0
3 0.228 0.354 0.157 0.314 0.163 0.255 5.0
11 0.207 0.321 0.093 0.186 0.148 0.232 7.0
19 0.342 0.531 0.185 0.370 0.247 0.386 9.0
10 0.253 0.393 0.092 0.184 0.208 0.326 9.0
14 0.220 0.342 0.065 0.130 0.197 0.309 10.0

6.3.2 Development of CFCs and calculation of fragility curve tolerance (Trc)

Using the proposed simplified methodology, the first set of CFCs can be developed
using two records only for each seismic scenario. The number of records used to
develop the fragility curve is referred to as NOR. The records are selected according to
the procedure described in Section 6.3.1. To decide whether the accuracy level for the

developed CFCs is acceptable, a tolerance factor denoted TFC is proposed. the

calculation of Tc is given in below set of equations:

Trc = [0.25x0NGR*™ + 0.75x(S)NGR ] (6.8)

oNOR+L = 5[(SNOR*1@16%POE); (SNOR*1@50%POE); (SNOR**@84%POE)|  (6.9)

onor = 0[(SNOR@16%POE); (SNOR@50%POE); (SNOR@84%POE)] (6.10)

NOR+1_
oNgR*1 = ABS (T——2nox) (6.11)

ONOR
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(sNOR+1@509%POE) - (SYOR@50%POE) (6.12)
(sNOR@50%POE)

(g = s

Where Ty is the fragility curve tolerance factor, cNOR*1 js the standard deviation of the
Sawa) Values at the (NOR+1) fragility curve corresponding to POE levels of 16%, 50%,
and 84%, oyor IS the standard deviation of the Sywa) Values at the (NOR) fragility curve

corresponding to POE levels of 16%, 50%, and 84%, oN9R*1 is the absolute of the

difference ratio between oNOR*land oygg, and (Sy)NOR*! is the absolute of the

difference ratio between SYOR*1@50%POE and SYOR@50%POE. The calculation of Teois

pictorially illustrated in Figure 6.19.

O.N(iR+1
l \
SNOR+1@16%POE SNORT1@50%POE  SNOR*1@84%POE

1 | | |

A A

Sa(wa)a (g)

84% POE

0.75 A

50% POE

POE (PLS|S;wa))
o
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B e T T R TR =
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\S;\'OR@16%POE SNOR @50%POE S,TOR@84%POE}
Y
NOR

Figure 6.19. Schematic for the calculation procedure of acceptance tolerance TFC

In the T_.. equation, the values of oNOR*1and oNOR define the slope of the fragility

curves developed NOR+1 and NOR, respectively. Accordingly, the resulting oN9R*1 is
a measure of the congruence in the slope of the two fragility curves. The (S,)N9R*?, on
the other hand, measures how close the two fragility curves are in terms of the Sywa)
value corresponding to the 50% POE. The two aforementioned measures are weighed
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(giving 75% weight to (S,)Nor*! and 25% to oRoR*1) and combined to calculate Tec

More weight is assigned to (S,)N9R*! since, within the zones of interest at a fragility

curve, the (IM-POE) corresponding values are more important when compared to the
slope of the curve. The CFC tolerance acceptance value is set to 10% in the current

study. Again, the upper bound of TFC is subjective, a different value can be set

depending on the accuracy level needed for the resultant CFCs and the variability of the

input ground motions used in the MRIDAs.

To demonstrate the proposed simplified methodology and verify the acceptance values

of TR and TFC recommended in the current study, the methodology is applied to the

reference building. CFCs are developed for each of the three adopted performance
criteria (10, LS, and CP). Out of the seven records from each of Record Set #1 and #2
presented in Table 6.7 and Table 6.8, respectively, six records are needed to satisfy the

set value of TFC under severe distance earthquake scenario while all seven records are

needed under moderate near-field earthquake scenario. Accordingly, the resulting CFCs
are taken as the sets developed using 5-records under the former earthquake scenario
and 6-records under the latter. Table 6.9 and Table 6.10 give the calculated values of
Tec for one increment-increased number of applied records under severe distance and
moderate near-field scenarios, respectively. Meantime, Figure 6.20 and Figure 6.21
show the CFCs corresponding to a different number of applied records and limit states

under the severe distant and moderate near-field earthquake scenarios, respectively.

Under the severe distant earthquake scenario, the 10% upper bound set for TFC is

satisfied at the two successive cycles using 5 and 6 number of records. Setting the

values from the preceding cycle as a reference, the calculated TFC values corresponding

to the 10, LS, and CP limit states are (5.0%, 4.0% and 8.0%) and (7.0%, 5.0% and
4.0%) at the 5-records and 6-records cycles, respectively (Table 6.9). These values
indicate high similarity in the developed CFCs under severe distant earthquake scenario
with the total number of applied records in the range of 5 to 6. This similarity is obvious
in Figure 6.20.

The results under moderate near-field earthquake scenario (Table 6.10 and Figure 6.21)

revealed that the satisfaction of the 10% upper bound set for TFC occurred at the two
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successive cycles using 6 and 7 number of records. The calculated TFC values

corresponding to the 10, LS, and CP limit states are (7.0%, 5.0% and 6.0%) and (2.0%,
5.0% and 3.0%) at the 6-records and 7-records cycles, respectively. Again, these values
indicate high similarity in the developed CFCs under moderate near-field earthquake
scenario with the total number of applied records in the range of 6 to 7. This similarity

is clearly illustrated in Figure 6.21.
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Table 6.9. Calculated values of Tg¢ for different number of applied records under severe distant earthquake scenario

Sawa at 16%, 50%, and 84% POE of

r’:gdrotjs Limit state performance limit state (IMIPLS;), (g) 32?/?;?52 onor'+ (SaNOR' Trc

(NOR) (PLS) @ 16% @ 50% @ 84% (o) )
10 0.076 0.092 0.134 0.289 0 0 0
2 LS 0.132 0.184 0.257 0.333 0 0 0
CP 0.234 0.290 0.361 0.217 0 0 0

10 0.073 0.103 0.145 0.343 0.19 0.12 14.0

3 LS 0.140 0.198 0.239 0.271 0.19 0.08 10.0

CP 0.281 0.324 0.438 0.227 0.05 0.12 10.0

10 0.072 0.110 0.168 0.424 0.23 0.07 11.0

4 LS 0.140 0.219 0.343 0.448 0.65 0.11 24.0

CcP 0.246 0.369 0.550 0.402 0.78 0.14 30.0

10 0.073 0.103 0.145 0.343 0.02 0.05 5.0

5 LS 0.145 0.228 0.361 0.456 0.02 0.04 4.0
CP 0.253 0.405 0.571 0.409 0.02 0.1 8.0

10 0.76 0.109 0.168 0.397 0.08 0.06 7.0

6 LS 0.149 0.215 0.375 0.465 0.02 0.06 5.0
CcP 0.244 0.415 0.580 0.437 0.07 0.02 4.0
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Table 6.10. Calculated values of Tr¢ for different number of applied records under moderate near-field earthquake scenario

Sawa) at 16%0, 50%, and 84% POE of
r,:gérotjs Limit state pelffo)rmance limit state (IMIPLS;), (g) 32?/?;?;2 Gﬁggﬂ (Sa ggﬁﬂ Trc
(NOR) (PLS) @ 16% @ 50% @ 84% (o) )
10 0.028 0.041 0.058 0.364 0 0
2 LS 0.038 0.054 0.077 0.353 0 0
CP 0.056 0.072 0.090 0.237 0 0
10 0.027 0.028 0.041 0.059 0.02 0.00 1.0
3 LS 0.037 0.038 0.055 0.078 0.02 0.02 2.0
CP 0.054 0.056 0.073 0.093 0.07 0.01 3.0
10 0.025 0.045 0.062 0.461 0.24 0.10 13.0
4 LS 0.035 0.053 0.078 0.401 0.11 0.04 6.0
CP 0.052 0.078 0.096 0.312 0.23 0.07 11.0
10 0.027 0.043 0.068 0.462 0.10 0.10 10.0
5 LS 0.037 0.059 0.093 0.461 0.15 0.11 12.0
CP 0.054 0.079 0.116 0.382 0.25 0.11 15.0
10 0.030 0.046 0.070 0.424 0.08 0.07 7.0
6 LS 0.04 0.061 0.110 0.508 0.10 0.03 5.0
CcP 0.050 0.083 0.115 0.420 0.10 0.05 6.0
10 0.026 0.047 0.061 0.437 0.03 0.02 2.0
7 LS 0.042 0.060 0.100 0.436 0.14 0.02 5.0
cP 0.048 0.080 0.110 0.418 0.00 0.04 3.0
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Figure 6.20. CFCs correspond to different number of applied records under severe distant earthquake
scenario: (a) @ 10 limit state; (b) @ LS limit state; and (c) CP limit state
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To verify the recommended upper bound value for T_ ., the CFCs developed for the reference

FC’
building at a different number of applied records are plotted against their refined counterparts
that were developed in Section 6.1. Figure 6.22 to Figure 6.24 show the CFCs correspond to the
IO, LS, and CP limit states under severe distant earthquake scenario, while Figure 6.25 to
Figure 6.27 show the same under the moderate near-field scenario. In Figure 6.28, satisfactory
CFCs at 10, LS, and CP limit states are plotted against the refined fragility curves of the
reference building under both investigated seismic scenarios.

The results presented in Figure 6.22 to Figure 6.28 show that the CFCs developed for the
reference building are closer to the refined fragility curves under moderate near-field scenario
compared to the ones under severe distant scenario. Under severe distant seismic scenario, the
maximum POE difference between the satisfactory CFCs and the refined ones is (4.8% @ 10,
2.7% @ LS, and 1.0% @ CP) at DBE, (13.4% @ 10, 0.1% @ LS, and 3.1% @ CP) at MCE, and
(13.0% @ 10, 13.0% @ LS, and 17.0% @ CP) at any intensity level within the range of
Figure 6.28a. Under moderate near-field seismic scenario, the maximum POE difference
between the satisfactory CFCs and the refined ones is (0.2% @ 10, 0.2% @ LS, and 0.0% @
CP) at DBE, (0.4% @ 10, 0.3% @ LS, and 0.0% @ CP) at MCE, and (7.0% @ 10, 4.0% @ LS,
and 6.0% @ CP) at any intensity level within the range of Figure 6.28b.

The higher differences in POEs under severe distant seismic scenario can be attributed to the
high nonlinearity that shapes high-rise buildings’ complex response subjected to long-period
records. The characteristics of long-period records may vary considerably from one record to
another and at different period spans in the same record in terms of record intensity, number of
peaks, and peak amplitudes, causing higher uncertainties in the input ground motions. As a
result, different applied records may trigger different local damage indices, causing the building
to respond differently. This issue does not present in the building response under moderate near-
field earthquake scenario (Table 6.10), considering the almost elastic, shear-controlled nature of

response of the building under this seismic scenario as discussed in details in CHAPTER 5.

Despite the differences between the CFCs and the refined set of fragility curves subjected to
severe distant earthquake scenario compared with the ones under the moderate near-field

scenario, the relatively small differences from both scenarios reflect the soundness of the
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proposed simplified methodology to develop reliable sets of fragility curves with considerably

less time and computational effort.

As another form of comparison, which is more convenient for the seismic hazard assessment and
mitigation studies, the probabilities of the damage states referred to in Section 6.2 (UOC, 10C,
SD, and SC) are calculated and compared at different earthquake intensity levels using the
satisfactory CFCs and the refined ones for the reference building under both investigated seismic
scenarios. The procedure to calculate the difference between these values at a given earthquake
intensity level (Tpp) is schematically presented in Figure 6.29. The results are presented in a
tabulated format (Table 6.11 and Table 6.12) as well as in bar charts (Figure 6.30 and
Figure 6.31). The results show that between the satisfactory CFCs and the refined ones, the
maximum difference in the damage state probability at any seismic intensity level is 7% @
UOC, 7% @ IOC, 4% @ SD, and 5% @ SC under moderate near-field seismic scenario
(Table 6.12 and Figure 6.31). Under severe distant scenario, the values are 14% @ UOC, 13% @
I0C, 10% @ SD, and 17% @ SC (Table 6.11 and Figure 6.30). Again, these differences are
smaller at the DBE and MCE intensity levels for both seismic scenarios.
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Table 6.11. Comparison between satisfactory CFCs and the refined FCs of the reference building in terms of damage state probability at different
intensity levels under severe distant earthquake scenario

Damage state probability

Earthquake No. of + + + +
intensity level records Unimpaired LI Impaired T Structural T Structural Toe
Occupancy (%) Occupancy (%) damage (%) collapse (%)
@S 20 0.92 0.08 0.00 0.00
a(wa) 5.0 5.0 0.0 0.0
=0.053g (SLE) ¢ 0.97 0.03 0.00 0.00
@S 20 0.62 0.31 0.06 0.01
a(wa) 3.0 6.0 2.0 1.0
=0.1059 (DBE) ¢ 0.59 0.37 0.04 0.00
@s 20 0.37 0.42 0.17 0.04
awa) 14.0 13.0 3.0 2.0
=0.1589 (MCE) ¢ 0.23 0.55 0.20 0.02
@ Sawa) 20 0.04 0.20 0.32 0.44
=044 4.0 9.0 2.0 11.0
5 0.00 0.11 0.34 0.55
@ Sawa) 20 0.01 0.08 0.22 0.70
=06g 1.0 6.0 100 17.0
5 0.00 0.02 0.11 0.87
@ Saa) 20 0.00 0.03 0.13 0.84
=0.8 0.0 3.0 10.0 13.0
g
5 0.00 0.00 0.03 0.97

+TDP: Difference in the Damage Probability = ABS [(5 records damage state probability — 20 records damage state probability], (%)
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Table 6.12. Comparison between satisfactory CFCs and the refined FCs of the reference building in terms of damage state probability at different
intensity levels under moderate near-field earthquake scenario

Damage state probability

Earthquake No. of o + . + + +
intensity level records Unimpaired LI Impaired T Structural T Structural Toe
Occupancy (%) Occupancy (%) damage (%) collapse (%)
@S 20 1.00 0.00 0.00 0.00
a(wa) 0.0 0.0 0.0 0.0
=0.006 g (SLE) ¢ 1.00 0.00 0.00 0.00
@S 20 1.00 0.00 0.00 0.00
a(wa) 0.0 0.0 0.0 0.0

=0.011g (DBE) ¢ 1.00 0.00 0.00 0.00
20 0.97 0.03 0.00 0.00

@ Sawa) 0.0 10 1.0 0.0

=0.0179 (MCE) ¢ 0.97 0.02 0.01 0.00

@ Satwe) 20 0.56 0.26 0.13 0.05

=0.04¢ 7.0 7.0 1.0 1.0
6 0.63 0.19 0.14 0.04

@ Saa) 20 0.11 0.22 0.22 0.45

=0.08 g 1.0 5.0 4.0 0.0
6 0.12 0.17 0.26 0.45

@ Saa) 20 0.02 0.09 0.12 0.77

=0.12 g 0.0 3.0 2.0 5.0
6 0.02 0.06 0.10 0.82

+TDP: Difference in the Damage Probability = ABS [(6 records damage state probability — 20 records damage state probability], (%)
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6.4 Consistency of developed fragility curves for buildings with
varying height

In Section 5.5, a parametric study, employing six additional buildings, is conducted to
investigate the effect of building total height (number of storeys) on the consistency of
the adopted global DM (NISD) corresponding to the mapped DIs. The predominant
mode periods (uncracked and equivalent inelastic) along with the design proportions of
these additional buildings are given in Table 5.2. To take the parametric study one step
further, CFCs for three out of the six additional buildings are developed in this section.
The three selected buildings are 20-storeys (20S), 40-storeys (40S), and 50-storeys
(50S). the same input ground motions from Section 6.3 (5-Records “5R” representing
the severe distant seismic scenario and 6-Records “6R” representing the moderate near-
field seismic scenario) are utilized to develop CFCs for the aforementioned buildings.
Following the methodology presented in CHAPTER 5, performance limit state criteria,
with NISD as DM, under both seismic scenarios are specified for each of the three
selected buildings (along with the 30S reference building) using the 5R and 6R,
respectively. Table 6.13 lists the “specified” PLS criteria for the 20S, 30S, 40S, and 50S
based on the 5R and 6R (referred to hereafter as SPLSC) along the adopted “reference”
PLS criteria for the 30S building using the twenty records (20R) in each set of records
(referred to hereafter as RPLSC).

Table 6.13. Performance limit state criteria for 20S, 30S, 40S, and 50S using 5R and 6R along with
limit state criteria for 30S reference building based on 20R

NISD associated to limit state (%)

Record Limit

Set State Building
208 30S 408 508 308 (20R)
o 015 012 011 _ 006 0.11
#1 Ls 025 023 023 012 0.22
(5R)
cp 046 040 038 019 0.37
o 011 008 008 006 0.08
#2 1 014 010 010 009 0.11
(6R)
cp 018 014 012 011 0.15

Using the SPLSC listed in Table 6.13, the CFCs for the 20S, 30S, 40S, and 50S
buildings along with the RPLSC-based rigorous FCs of the 30S reference building
(developed in 6.1) under severe distant and moderate near-field seismic scenarios are
presented in Figure 6.32 and Figure 6.33, respectively. The results in these figures are
utilised to evaluate the capability of the presented framework and methodologies of
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developing one set of fragility curves that can represent RC high-rise buildings with
varying total height. To make it more convenient and easier to compare, the results in
Figure 6.32 and Figure 6.33 are presented in the form of damage state probabilities in
Table 6.14 and Table 6.15, respectively. These tables summarise the probabilities of
UQO, 10, SD, and SC damage states for the 20S, 40S, and 50S buildings at different
earthquake intensity levels under the two investigated seismic scenarios. Furthermore,
the tables are listing the difference in damage state probabilities for these three
buildings with reference to the rigorous FC-based values calculated for the 30S
reference building. Table 6.16 summarises the maximum values of the CFC-based
damage state probability difference of all studied buildings (20S, 30S, 40S, and 50S) in
reference to the rigorous FC-based damage state probabilities of the 3S reference

building.

By analysing the aforementioned figures and tables, the following remarks can be

withdrawn.

1. Under the severe distant seismic scenario, Figure 6.32 shows that as the building
goes taller (from 20S up to 50S), it becomes less vulnerable. This is attributed to
the fact that for the investigated buildings, the lateral stiffness of the piers and
cores at lower floors (in the direction of the seismic excitation) increases as the
building goes taller. This renders taller buildings needing a higher seismic
intensity to reach a predefined NISD value (limit state criteria). This observation
Is consistent for all PLSs under severe distant seismic scenario except for the 10-
CFC of the 20S building and the CP-CFC of the 50S building.

2. The 10-CFC of the 20S building under severe distant seismic scenario indicates
a slightly lower vulnerability at Saws) > 0.15g when compared to the next
building in terms of total height (30S). This may be attributed to the increasing
contribution of the first mode of vibration to the 10-related building response at
higher seismic intensities as the building total height becomes lower,
approaching the height of first mode-dominated structures. For the 50S building
under the severe distant seismic scenario, on the other hand, the CP-CFC is close
to the 40S CP-CFC at seismic intensities between 0.60g and 0.80g. This is
attributed to the shear-controlled CP limit state definition of the 50S building at
these high seismic intensities as opposed to the deformation-based definition at

lower intensities.
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3. The observation discussed in the above points is not applicable to the fragility
curves presented in Figure 6.33 (under moderate near-field seismic scenario).
This is obviously due to the shear-controlled response of all investigated
buildings under this seismic scenario. A lengthy discussion on the characteristics

of such a response nature is given in CHAPTER 5.

4. The developed CFCs for the investigated buildings under moderate near-field
seismic scenario (Figure 6.33) showing lesser dispersion (curves are closer to
each other) compared to the CFCs under sever distant seismic scenario
(Figure 6.32). Again, this is attributed to elastic nature of the shear-controlled
response of the lateral force-resisting system (piers and cores) in the investigated
buildings under Record Set #2 as opposed to the high nonlinearity accompanies

the flexure-controlled response of these buildings under Record Set #1.

5. Comparing any CFC-based damage state probability (UOC, 10C, SD, or SC)
calculated for the investigated buildings to the rigorous FC-based values for the
30S reference building, the minimum and maximum differences (Tpp) under
severe distant seismic scenario are 9.0% (40S & 50S: SC) and 32% (50S: UOC),
respectively (Table 6.16). Under the moderate near-field seismic scenario, the
minimum and maximum differences are 2.0% (50S: 10C) and 17% (40S: UOC),
respectively (Table 6.16). Depending on the study purpose and the intended use
for the final product (fragility set), the dispersion in the Tpp under severe distant
seismic scenario can be reduced by tightening the acceptance values of Tg and
Trc (i.e. increasing the number of records to be used in developing the CFCs).

In conclusion, the Tpp differences reported in point #6 above may still be a reasonable
compromise considering the massive saving in effort and computational time when only
one set of seismic scenario-based PLS criteria and CFCs are used for an inventory of
high-rise buildings with a wide range of total building height. This is especially true for
vulnerability assessment studies on the regional or global scale, where the end product
is intended for clients such as insurance companies and hazard mitigation/planning

governmental and non-governmental bodies.

It is important to emphasise here that these Tpp calculated differences are the sum of
two components, the first is related to the use of CFC methodology rather than the

refined (rigorous) approach in developing the SPLSC-based fragility curves for the 20S,
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40S, and 50S buildings in this parametric study, while the second component is related
to the variation in the building total height. Considering the Tpp related to the 30S
reference building (comprises of the first component only), the maximum difference in
Tpp for the other investigated buildings is expected to drop by more than 50% when
eliminating the first component (assuming that the fragility curves for all the
investigated buildings were developed using the rigorous approach). This further
supports the supremacy of the adopted NISD as DM, sawa) as IM, along with all other
components and methodologies of the framework proposed in the current work in terms
of the ability to develop one set of seismic scenario-based fragility relations that suits a
group of RC high-rise buildings with varying height.

To close, it is emphasised that, notwithstanding the number of records employed for the
derivation of the refined fragility relations, the rigour of the nonlinear modelling of the
reference building and the additional six buildings used in the parametric study, the
comprehensive methodology to quantitatively estimate the adopted performance limit
state criteria, and the thorough verification of the methodology to derive the CFCs, the
conclusions of the parametric study are, strictly speaking, applicable to the buildings’
configuration and the seismic scenarios investigated. However, considering the level of
detail put in the framework for developing both rigorous and CFCs, some generality to
the applicability of the parametric study results for RC high-rise buildings with different

configurations and seismicity may fairly be claimed.
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Figure 6.32. Record Set #1-CFCs of 20S, 30S, 40S, and 50S buildings along with the rigorous 20R-
based FCs of the 30S reference building: (a) 10; (b) LS; and (c) CP
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Figure 6.33. Record Set #2-CFCs of 20S, 30S, 40S, and 50S buildings along with the rigorous 20R-
based FCs of the 30S reference building: (a) 10; (b) LS; and (c) CP
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Table 6.14. 5R-based damage state probabilities of 20S, 40S, and 50S buildings and their differences with reference to the 20R-based damage state probabilities of the
reference building under severe distant earthquake scenario

Damage state probability

Earthquake

. . Building +1 +1 +1 +1
intensity level Unimpaired Occupancy be Impaired Occupancy bP Structural damage pe Structural collapse br
(%) (%0) (%) (%)
208 0.99 7.0 0.01 7.0 0.00 0.0 0.00 0.0
@ Saevay 408 0.98 6.0 0.02 6.0 0.00 0.0 0.00 0.0
=0.053 g (SLE)
50S 1.00 8.0 0.00 8.0 0.00 0.0 0.00 0.0
208 0.74 12.0 0.22 9.0 0.04 2.0 0.00 1.0
@ Sugwa 40S 0.72 10.0 0.27 4.0 0.01 5.0 0.00 1.0
=0.105 g (DBE)
50S 0.94 32.0 0.06 25.0 0.00 6.0 0.00 1.0
208 0.32 5.0 0.41 1.0 0.24 7.0 0.03 1.0
@ Sacva 408 0.34 3.0 0.57 15.0 0.08 9.0 0.01 3.0
=0.158 ¢ (MCE)
50S 0.62 25.0 0.33 9.0 0.05 12.0 0.00 4.0

+TDP: Difference in the Damage Probability = ABS [(5R damage probability of concerned building — 20R damage probability of 30S reference Building], (%6)
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Table 6.14 (continued). 5R-based damage state probabilities of 20S, 40S, and 50S buildings and their differences with reference to the 20R-based damage state

probabilities of the reference building under severe distant earthquake scenario

Earthquake

Damage state probability

. . Buildin . . +T . +T +T +T
intensity level 8 I(J)mmpalred pr OImp aired Structural damage br Structural collapse bP
ccupancy (%) ccupancy (%) (%) (%)
208 0.00 4.0 0.06 14.0 0.33 1.0 0.61 17.0
@ Sacvay 408 0.01 3.0 0.14 6.0 0.43 11.0 0.42 2.0
=04g
50S 0.02 2.0 0.26 6.0 0.36 4.0 0.36 8.0
208 0.00 1.0 0.01 7.0 0.10 12.0 0.89 19.0
@ S 40S 0.00 1.0 0.02 6.0 0.20 2.0 0.78 8.0
=06g
50S 0.00 1.0 0.06 2.0 0.17 5.0 0.77 7.0
208 0.00 0.0 0.00 3.0 0.03 10.0 0.97 13.0
@ Sacva 408 0.00 0.0 0.00 3.0 0.07 6.0 0.93 9.0
=08¢g
50S 0.00 0.0 0.01 2.0 0.06 7.0 0.93 9.0

+TDP: Difference in the Damage Probability = ABS [(5R damage probability of concerned building — 20R damage probability of 30S reference Building], (%6)
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Table 6.15. 6R-based damage state probabilities of 20S, 40S, and 50S buildings and their differences with reference to the 20R-based damage state probabilities of the
reference building under moderate near-field earthquake scenario

Damage state probability

Earthquake

. . Buildin . . +1 . +1 +1 +1
intensity level 8 Unimpaired pr Impaired bP Structural damage pe Structural collapse bP
Occupancy %) Occupancy %) %) (%)
208 1.00 0.0 0.00 0.0 0.00 0.0 0.00 0.0
@ Saevay 408 1.00 0.0 0.00 0.0 0.00 0.0 0.00 0.0
=0.006 g (SLE)
50S 1.00 0.0 0.00 0.0 0.00 0.0 0.00 0.0
208 1.00 0.0 0.00 0.0 0.00 0.0 0.00 0.0
@ S 40S 1.00 0.0 0.00 0.0 0.00 0.0 0.00 0.0
=0.011 g (DBE)
50S 0.99 1.0 0.01 1.0 0.00 0.0 0.00 0.0
208 0.98 1.0 0.02 1.0 0.00 0.0 0.00 0.0
@ Sacva 408 0.99 2.0 0.01 2.0 0.00 0.0 0.00 0.0
=0.017 g (MCE)
50S 0.96 1.0 0.03 0.0 0.01 1.0 0.00 0.0

+TDP: Difference in the Damage Probability = ABS [(6R damage probability of concerned building — 20R damage probability of 30S reference Building], (%)
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Table 6.15 (continued). 6R-based damage state probabilities of 20S, 40S, and 50S buildings and their differences with reference to the 20R-based damage state

probabilities of the reference building under moderate near-field earthquake scenario

Earthquake

Damage state probability

. . Buildin . . +1 . +1 +1 +1
intensity level 8 I(J)mmpalred pr OImp aired Structural damage Structural collapse bP
ccupancy (%) ccupancy (%) (%) (%)
208 0.62 6.0 0.17 9.0 0.11 2.0 0.10 5.0
@ Saevay 408 0.73 17.0 0.13 13.0 0.05 8.0 0.09 4.0
=0.04g
50S 0.53 3.0 0.24 2.0 0.09 4.0 0.14 9.0
208 0.14 3.0 0.13 9.0 0.19 3.0 0.54 9.0
@ S 40S 0.23 12.0 0.15 7.0 0.14 8.0 0.48 3.0
=0.08¢g
50S 0.012 1.0 0.22 0.0 0.13 9.0 0.53 8.0
208 0.03 1.0 0.05 4.0 0.11 1.0 0.81 4.0
@ Sacva 408 0.06 4.0 0.07 2.0 0.11 1.0 0.76 1.0
=012¢g
50S 0.03 1.0 0.11 2.0 0.09 3.0 0.77 0.0

T

op- Difference in the Damage Probability = ABS [(6R damage probability of concerned building — 20R damage probability of 30S reference Building], (%6)

307



Chapter 6. Fragility relations: Development, assessment, and simplified methodology

Table 6.16. Maximum difference summary of the 5R-based damage state probabilities of 20S, 30S,
40S, and 50S buildings with reference to the 20R-based damage state probabilities of the reference
building under severe distant and moderate near-field earthquake scenarios

Seismic

scenario Building Damage state Max. Tpp, (%) @ Sawa, ()
Unimpaired Occupancy 12 0.105
Impaired Occupancy 14 0.40
208
Structural damage 12 0.60
Structural collapse 19 0.60
Unimpaired Occupancy 14 0.158
Impaired Occupancy 13 0.158
309 Structural damage 10 0.60; 0.80
Severe Structural collapse 17 0.60
distant
earthquakes Unimpaired Occupancy 10 0.105
Impaired Occupancy 15 0.158
40S
Structural damage 11 0.40
Structural collapse 9.0 0.80
Unimpaired Occupancy 32 0.105
Impaired Occupancy 25 0.105
508 Structural damage 12 0.158
Structural collapse 9.0 0.80
Unimpaired Occupancy 6.0 0.04
Impaired Occupancy 9.0 0.04; 0.08
209 Structural damage 3.0 0.08
Structural collapse 9 0.08
Unimpaired Occupancy 7.0 0.04
Impaired Occupancy 7.0 0.04
308 Structural damage 4.0 0.08
Moderate Structural collapse 5.0 0.12
near-field
earthquakes Unimpaired Occupancy 17 0.04
Impaired Occupancy 13 0.04
105 Structural damage 8.0 0.04; 0.08
Structural collapse 4.0 0.04
Unimpaired Occupancy 3.0 0.04
Impaired Occupancy 2.0 0.04; 0.12
%08 Structural damage 9.0 0.08
9.0 0.04

Structural collapse
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6.5 Summary and concluding remarks

CHAPTER 6 is divided into four main parts. Besides this fourth part (Section 6.4), the
first part (Section 6.1) comprises the procedure for developing seismic scenario-based
fragility relations for RC high-rise buildings with an application on the reference
building. This represents the concluding step in the proposed framework for the seismic
vulnerability assessment of RC high-rise buildings. The second part of the chapter
(Section 6.2) deals with examining the developed fragility relations at selected
earthquake intensity levels to assess their accuracy, study their characteristics, and
compare them at different levels. This part of the chapter is concluded with correlating
the developed fragility relations with four states of damage in the reference building,
that is unimpaired occupancy, impaired occupancy, structural damage, and structural

collapse.

In the third part of the chapter (Section 6.3), a simplified methodology is proposed to
develop Cheaper Fragility Curves (CFCs), with lesser number of input ground motions
compared to the number of records needed for developing the refined fragility curves.
Utilising this methodology, the fragility curves of RC high-rise buildings under a
specific seismic scenario can be developed with a substantial reduction in time and
computational effort, especially when a big building inventory is under investigation. In
the proposed methodology, a new Record Selection Criterion (RCS) is proposed with a

recommendation for the selected records’ acceptance tolerance (TR)' Additionally, a

procedure to verify the developed CFCs against a recommended acceptance level (TFC)

is proposed. Finally, the developed CFCs are compared with the refined fragility curves

from Section 6.1 to verify the proposed simplified methodology.

In Section 6.4, CFCs are developed for three out of the six additional buildings which
were employed in the parametric study presented in Section 5.5. The three selected
buildings are 20-storeys (20S), 40-storeys (40S), and 50-storeys (50S). The same
number of records used in Section 6.3 are utilized to develop CFCs for the
aforementioned buildings. The developed CFCs are analysed to confirm the suitability
of the refined framework proposed in the current study for developing one set of
seismic scenario-based fragility relations that suits an inventory of RC high-rise

buildings with varying height.
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The main conclusions drawn in this chapter are bullet-pointed below:

For the reference building under severe distant earthquakes, the steepness of the
fragility curves increases as the limit state shifts from CP to 10. This is
attributed to the fact that the building is moving from the inelastic to the elastic
zone as the limit state shifts towards 10. When the building responds elastically,
the dispersions in the NISD values from different records at the threshold of the
limit state significantly decreases. On the contrary, the fragility curves
developed under the moderate near-field earthquake scenario have almost the
same; steep slopes. This is attributed to the shear-controlled response nature of
RC high-rise wall buildings under this seismic scenario, where all three limit
states (10, LS, and CP) may be reached while the structure is still in the elastic

Zone.

The developed fragility relations in Section 6.1 emphasises the vulnerability of
RC high-rise wall buildings in the study region to severe distant earthquakes. It
also reveals the invulnerability of this class of buildings to moderate near-field
earthquakes even at the MCE level. This may not necessarily be the case for
other multiple seismic scenario-prone regions in the world considering the

unique response of RC high-rise wall structures under short period records.

It is concluded that when utilising the simplified methodology proposed in this
chapter, fairly reliable seismic scenario-based fragility curves can be developed
for RC high-rise buildings with a total number of input ground motions ranging

between 5 and 6.

Depending on the purpose of the study and the way the resultant fragility curves
are employed, the acceptance values for the record selection tolerance (TR) and
the fragility curve tolerance (TFC) can be adjusted. Another factor that
influences the decided acceptance values for TR and TFC is the variability of the

input ground motions used in the MRIDAs. This is clear in the resultant CFCs

for the reference building under the severe distant seismic scenario, where
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adopting a smaller value of TR, T_., or both may render CFCs that have better

FC’

matching with the refined set of fragility curves.

e The methodology to derive refined seismic scenario-based fragility curves
(Section 6.1) and the simplified one to derive CFCs proposed in this section are

combined in one flowchart in Figure 6.15.

e The parametric study results presented in Section 6.4 further supports the
supremacy of the adopted NISD as DM, Swa as IM, along with all other
components and methodologies of the framework proposed in the current work
in terms of the capability for developing only one set of seismic scenario-based
PLS criteria and fragility relations which can suit RC high-rise buildings with a

wide range of total building height.

e The latest recommendations of ASCE/SEI 41-17 (2017) for the TISD associated
with LS performance limit state introduce a minimal change to the LS limit state
fragility curves of the reference building under moderate near-field seismic
scenario when compared to their counterpart results based on the
recommendations of ASCE/SEI 41-06 (2007). The difference in the POE
(LS|Sawa)) along the entire range of the 16%, 50%, and 84% curves is limited to
1%-4% only. These results further support the argument on the negligible effect
the latest recommendations of ASCE/SEl 41-17 have on the framework,

methodologies and outcome of the current work.
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CHAPTER 7. Summary, conclusions, and
recommendations for future
work

7.1  Summary

The aim of this study was to establish a refined framework to assess the seismic
vulnerability of RC high-rise wall buildings in multiple-scenario earthquake-prone
regions. The framework’s output comprises analytically-driven sets of seismic scenario-
structure-based (SSSB) fragility relations that can be developed using either a refined or

a simplified methodology.

The brief introduction provided in CHAPTER 1 was followed by the problem definition
in CHAPTER 2. This Chapter included a list of some of the main terms that are used
throughout this thesis along with their definition. Furthermore, an Input-Process-Output
(IPO) model is presented as a general framework for assessing the seismic vulnerability
of a building or building inventory, with a critical review of the relevant literature on the

key parameters and variables shaping the problem.
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CHAPTER 3 summarised a detailed study conducted to investigate different nonlinear
modelling approaches, software, and key parameters contributing to the nonlinear
analytical models. Three numerical models were created using two different software
(ZEUS-NL and PERFORM-3D). The investigated nonlinear modelling techniques and
their key parameters were verified against the results of Phase | of the uniaxial shaking
table specimen tests (performed at the University of California, San Diego) on a seven-
storey full-scale RC shear wall structure. The test structure was subjected to base
excitations representing four earthquake records of increasing intensities. The results
obtained from the numerical models, along with their comparison to the experimental
data both on the global and local response, were employed in a Multi-Level Nonlinear
Modelling Verification Scheme (MLNMYVS). The conducted MLNMVS aims to verify
different approaches and key parameters in the modelling of RC slender shear walls that
are forming the lateral-force-resisting system in RC high-rise wall buildings. The
chapter was concluded with recommendations for the nonlinear modelling approach,

software and key parameters to be employed in the current work.

CHAPTER 4 presented a case study that was designed to be used in the current work.
To demonstrate the refined framework for seismic vulnerability assessment of RC high-
rise wall buildings under multiple earthquake scenarios, the city of Dubai (UAE) was
chosen for the case study for two main reasons. The first is due to the unprecedented
level of growth in property development in recent years, with high-rise buildings
forming the biggest share of new construction, and consequently, representing high
levels of financial investment and population density increase which significantly
increase exposure. The second reason is the multi earthquake scenarios that the region is
vulnerable to, where high-rise structures are expected to return different seismic
response. The seismicity of the study region was presented through critical reviewing of
the related seismic hazard studies and the selection of appropriate seismic
characteristics for use with the proposed refined framework. The criteria for the
selection of input ground motions were proposed and discussed. Forty real records were
selected to represent the two seismic scenarios which the study region is vulnerable to
(severe distant and moderate near-field earthquakes). Furthermore, a 30-storey, 97.3m
in height, RC wall structure was selected as a reference building for the current work.
The footprint, layout and structural system of the building are common in the study
region for this range of height. The reference building was fully designed and

proportioned for the purpose of this study taking into consideration modern code
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provisions. Finally, PERFORM-3D analytical software was utilised to create the
nonlinear model of the reference building. The selection of the software, modelling
approach and key modelling parameters were based on the MLNMVS presented
in CHAPTER 3.

In CHAPTER 5, a methodology was proposed to obtain reliable SSSB definitions of
limit state criteria for RC high-rise wall buildings. The reference 30-storey building was
utilised to illustrate the proposed methodology along with its nonlinear model and the
seismic scenario-based sets of real records presented in CHAPTER 4. The Building
local response at increasing earthquake intensities was mapped to better understand the
response nature of this class of structures under different seismic scenarios. In this
mapping, a total of seven local Damage Indices (DIs) were employed. Multi-Record
Incremental Dynamic Analyses (MRIDAS) were conducted on the reference building
using a total of 40 records (20 records for each of the two investigated seismic
scenarios). New scalar intensity measure (spectral acceleration at weighted-average
period) and global damage measure (net inter-storey drift) were proposed and used with
the MRIDAs. Finally, a numerical parametric study was conducted to investigate the
effect of building total height on the relation between local damage events and drifts.
Maintaining the footprint and the geometry of the reference building, six more buildings
with a total number of storeys of 20, 25, 35, 40, 45 and 50 were designed and
nonlinearly modelled for the purpose of the parametric study. The chapter was
concluded with proposing two sets of SSSB limit state criteria for shear wall high-rise
buildings with a similar structural system to that adopted for the reference building. The
proposed limit state criteria correspond to the three adopted performance levels:

Immediate Occupancy (l10), Life Safety (LS), and Collapse Prevention (CP).

In CHAPTER 6, the current study was concluded with presenting the final layout of the
proposed refined framework to assess the seismic vulnerability of RC high-rise wall
buildings under multiple earthquake scenarios. A methodology to develop refined
fragility relations was presented with an application on the reference building. The
refined fragility relations were analysed at selected earthquake intensity levels to
correlate them to the mapped response of the reference building. The characteristics of
the refined fragility relations under the two investigated seismic scenarios were
analysed, compared, and correlated to the four states of damage adopted in the current

work, namely unimpaired occupancy, impaired occupancy, structural damage, and
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structural collapse. Furthermore, a simplified methodology towards developing fragility
relations with less computational effort was proposed. The developed fragility curves
using this approach were termed Cheaper Fragility Curves (CFC). Utilising this
methodology with the proposed approach for selecting limit states, CFCs for RC high-
rise buildings related to a specific seismic scenario can be generated with a considerably
lower number of input ground motions compared to those needed to derive the refined
fragility curves. As a tool to arrive at the proposed simplified methodology, a new
selection criterion for the input ground motions was proposed. The CFCs developed for
the reference building were compared with the refined sets to verify the proposed
simplified methodology and the recommended acceptance values for the tolerance
factors. Finally, CFCs are developed for three out of the six additional buildings which
were employed in the parametric study presented in Section 5.5. The three selected
buildings are 20-storeys (20S), 40-storeys (40S), and 50-storeys (50S). The developed
CFCs are analysed to confirm the suitability of the refined framework proposed in the
current study for developing one set of seismic scenario-based fragility relations that

suits an inventory of RC high-rise buildings with varying height.

7.2  Conclusions

The primary conclusions drawn from the current study are categorised into three main
topics that form the core of the presented refined framework. These topics are (i)
nonlinear modelling; (ii) MRIDAs, seismic response mapping, and the definition of
seismic scenario-based limit state criteria; and (iii) development of refined and cheaper

fragility relations. These conclusions are presented below.

7.2.1 Nonlinear modelling

1. With appropriate care in the modelling of the geometry, both investigated
nonlinear modelling approaches (2- and 4-noded fibre-based elements) are
sufficient to predict global deformation response (storey lateral displacement

and interstorey drift) of RC wall buildings with relatively good accuracy.

2. The 4-noded fibre-based wall/shell element best accounted for the 3D effects of
deformation compatibility between the lateral and the gravity load-resisting
systems. In high-rise wall buildings, the 3D interaction between the gravity
columns, floor slabs, and shear walls/cores significantly contributes to the

overall lateral capacity.
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3.

7.2.2

When the 2-noded fibre-based element modelling approach is used, the study
revealed the sensitivity of the results to the stiffnesses assigned to the rigid links

and 3D joints required to connect the shear walls to the neighbouring elements.

When initial stiffness is employed in constructing the damping matrix for RC
wall buildings with no or well-isolated non-structural elements, low modal
damping ratio (in the range of 0.5%) assigned to the fundamental mode of
vibration is suitable for assessing the seismic performance of such buildings. For
the next few higher modes, this value should be increased. In addition, and to
stabilize less important (higher frequency) modes, a small amount (in the range
of 0.1%) of Rayleigh damping is recommended to be added to the model
(Powell, 2007, CSI, 2011).

The observed difference between predicted and measured response of the test
structure in CHAPTER 3 under the two consecutive input motions with
comparable intensities (EQ2 and EQ3) highlights the importance of accurate
representation of the unloading/reloading paths of the material models. This is
particularly true when assessing the performance of buildings under earthquake
motions that do not move the structure into a virgin territory (i.e. past previous

deformations).

No noticeable change is observed in the numerical response of the test structure
(CHAPTER 3) when shear deformation is accounted for in the nonlinear model.
This is justified by the test results that demonstrated almost exclusively flexural
cracking at the web wall base. However, shear deformation may still contribute
to the lateral displacement of walls in tall buildings, even in walls categorised as
slender and/or flexure-dominated. Hence, considering the shear deformation
either implicitly (coupled model) or explicitly (uncoupled model) is

recommended.

MRIDAs, seismic response mapping, and the definition of seismic
scenario-based limit state criteria

For high-rise buildings, the introduction of an intensity measure that can take
into account both the impact of higher modes and period elongation is essential.
Accordingly, a new scalar intensity measure termed spectral acceleration at the

weighted-average period (Sawa)) Was proposed in the present study.
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2.

The study shows that structural system, arrangement and geometry of vertical
structural elements, and axial force level in the lower storeys influence the
seismic intensity and deformation levels that correspond to the local damage
events. This leads to the conclusion that the response of RC high-rise wall
buildings and consequently the definition of limit state criteria for designated
performance levels are strongly influenced by both the structure and the seismic

scenario.

Under both investigated seismic scenarios, almost all damage events that
occurred in the walls/cores of the reference building (i.e. rebar yielding and
buckling, concrete crushing, wall rotation, and shear strength exceedance) took
place in the lower five storeys or one-sixth of the height. Notwithstanding, the
event propagation and sequence substantially differ under the two scenarios.
This highlights the different nature of the response of RC high-rise wall
buildings under different earthquake scenarios.

The mapping of the reference building response shows that under both
investigated seismic scenarios, coupling beam rotation has not reached the code
limits throughout the entire range of intensity levels. This shows that, for
diagonally-reinforced coupling beams, potential damage due to earthquakes is
too minor to have any influence in the definition of the limit state criteria. It is
noteworthy that in the case study building, the coupling beams only connected
core walls. The rotation may be higher for coupling beams connecting shear

walls.

Under the moderate near-field seismic scenario, the high frequencies and short
durations of the input ground motions render higher modes dominate the high-
rise buildings response. The response mapping results presented in CHAPTER 5
showed that, in RC high-rise wall buildings, higher modes shift the shear wall
response from flexure-controlled under severe distant earthquake scenario to

shear-controlled under the moderate near-field scenario.

The mapping of the building local and global response showed that when
comparing between two events occurring at different seismic intensity levels, the
event corresponding to the higher intensity level does not necessarily associate

with the maximum overall lateral displacement (and consequently maximum
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overall TISD). It is also shown that, at the onset of an event, the storey at which
maximum overall lateral displacement (global response) is observed is generally
not associated with the one where the event (local response) has taken place.
This confirms that TISD is not an appropriate damage measure for high-rise

buildings.

TISD can be responsible for non-structural damage in tall buildings and
inconvenience to the occupants, hence is important at least when evaluating the
performance of high-rise buildings at serviceability level. However, the current
study confirmed the superiority of NISD over TISD as a global DM for the
vulnerability assessment of high-rise buildings. NISD is better linked with the
local response over the height of the building and well correlated to
deformation-based local damage events for buildings with varying heights.
Accordingly, when NISD is adopted as the global DM, one set of seismic-
scenario-based limit state criteria need to be defined for high-rise buildings with

varying height but with the similar structural system.

7.2.3 Development of refined and cheaper fragility relations

1.

When RC high-rise wall buildings respond within the elastic range, the
dispersion in the NISD values from different records at the threshold of the 10
and, with less extent, LS limit states significantly decrease. Consequently, the
steepness of the fragility curves increases as the limit state shifts from CP to 10
under severe distant earthquakes. On the contrary, the shear-controlled response
nature of RC high-rise wall buildings renders the fragility curves associated with
the moderate near-field earthquake scenario have almost the same; steep slopes.
This is because all three limit states (10, LS, and CP) may be reached under this

seismic scenario while the structure is still in the elastic zone.

The developed refined fragility relations emphasised the vulnerability of RC
high-rise wall buildings in the study region to severe distant earthquakes. It also
revealed the invulnerability of this class of buildings to moderate near-field
earthquakes even at the MCE level. This may not necessarily be the case for
other multiple-scenario earthquake-prone regions in the world considering the

unique response of RC high-rise wall structures under short period records.
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3.

The ASCE/SEI 41-17 (2017) latest recommendations for the LS performance
limit state-associated TISD introduce a minimal change to the LS limit state
fragility curves of the reference building under moderate near-field seismic
scenario compared to their corresponding results based on the recommendations
of ASCE/SEI 41-06 (2007). The difference in the POE (LS|Sawa) along the
entire range of the 16%, 50%, and 84% curves is limited to 1%-4% only. These
results emphasise the negligible effect the ASCE/SEI 41-17 latest
recommendations have on the framework, methodologies and outcome of the

current work.

It is concluded that when utilising the simplified methodology proposed
in CHAPTER 6, fairly reliable seismic scenario-based fragility curves can be
developed for RC high-rise buildings with a considerably lower number of input

ground motions ranging between 5 to 6.

Depending on the study purpose and the way the resultant fragility curves are
employed, the acceptance values for the proposed record selection tolerance
factor (Tr) and the fragility curve tolerance factor (Tec) can be adjusted.
Another factor that influences the decided acceptance values for Tg and Tgc is
the variability of the input ground motions used in the MRIDAs. This was
shown in the resultant CFCs for the reference building under the severe distant
seismic scenario, where adopting a smaller acceptance value of Tg, Tec, or both
may yield CFCs that have a better match with the refined set of fragility curves.
In the present work, 10% is the recommended acceptance value for both T and
Tec.

. The methodology to derive refined seismic scenario-based fragility curves and

the simplified one to derive CFCs proposed in the current study were depicted in
a combined flowchart in Figure 6.15.

The parametric study results presented in Section 6.4 further supports the
supremacy of the adopted NISD as DM, sywa) as IM, along with all other
components and methodologies of the framework proposed in the current work
in terms of the capability for developing only one set of seismic scenario-based
PLS criteria and fragility relations which can suit RC high-rise buildings with a

wide range of total building height. It is worth noting that the conclusions of the
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7.3

conducted parametric study are, strictly speaking, applicable to the buildings’
configuration and the seismic scenarios investigated. However, considering the
level of detail put in the framework for developing both rigorous and CFCs,
some generality to the applicability of the parametric study results for RC high-
rise buildings with different configurations and seismicity may fairly be claimed.

Recommendations for future work

The present study utilised a 30-storey RC wall building as a case study. Further
research is needed to apply the proposed framework on RC high-rise buildings

with different structural systems and total height range.

In future research, parametric studies may be conducted to verify the efficiency
of the new scalar intensity measure proposed in this study Sywa). Future studies
may investigate the impact of this intensity measure on reducing the dispersion
in the incremental dynamic analysis curves and on the number of input ground
motions required in the proposed simplified methodology to derive fragility

relations.

In this study, only the horizontal components of the input ground motions were
used. Further research is required to evaluate the effects of the vertical
component of input ground motions on the fragility relations of RC high-rise

wall buildings, particularly under near-field earthquake scenario.

Future research is needed to investigate the effects of plan and vertical
irregularities in buildings on the consistency of the proposed global damage
measure (NISD) and consequently the definition of the limit state criteria.

Encouraged by the observations and conclusions drawn from the mapping of the
reference building response using NISD, future research is required to back the
proposition of adopting this DM in seismic code provisions related to the design

and analysis of high-rise buildings.

The Soil-Structure Interaction (SSI) was not included in the present study.
Future research may investigate the impact of this component for different case

studies on the proposed framework.
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e In the present work, the acceleration uniform hazard spectrum is adopted as a
reference when selecting, scaling and anchoring real ground motions. In future
studies, the possibilities of using the displacement and velocity uniform hazard
spectra as references to minimise the dispersion of the MRIDAS results may be

investigated.

e Future research is required to study the effects of considering the local
authorities’ supplementary regulations and the local construction practices on

the seismic response of existing RC high-rise wall buildings.

e Future research is needed to study the possibilities of extending the developed
framework to assess the earthquake risk of high-rise buildings in the case study
region and embedding the framework in the seismic risk assessment platforms.
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Appendix A. Structural systems in RC high-
rise buildings

Based on the distribution of the primary components of the lateral load-resisting system
in the building, structural systems in RC high-rise buildings can be classified under
three broad categories: interior systems, exterior systems, and hybrid system (e.g
Taranath, 2004, Ali and Moon, 2007, Taranath, 2009, Taranath, 2016, CTBUH, 2019).
Table A1l summarises the system types under each category, while a brief definition of
each category and the structural systems falling under it is given hereafter.

A.1 Interior structural systems

In this structural system, the major part of the lateral load-resisting system is located
within the interior zone of the building. Among the well-established structural forms
under this category are the rigid frame, shear walls and/or cores, shear wall-rigid frame,

and core-supported outrigger.

A.1.1 Moment-resisting frame system

It is a system that comprises of vertical (column) and horizontal (beam) members
connected together in a planar grid form by rigid (moment-resisting) joints. The formed
planar rigid frames resist lateral loads principally through the flexural stiffness of their
members. Frame stiffness resisting the lateral sway of the building is the factor
controlling the size of beams. The size of the columns, on the other hand, is largely
controlled by gravity loads, leading to progressively larger column sizes towards the
base of the structure. In low-to-medium seismic regions, the frame action may be used
for lateral resistance of RC buildings up to 15- to 20-storeys except when the building is
very slender. An example of a rigid frame system in RC buildings is the 12-storey, 45m
Wargaa Residential in Dubai, UAE.

A.1.2 Shear wall system

This system comprises either of RC planar/coupled shear walls, RC core walls, or a
combination of the two, have been on the most prevalent lateral load-resisting system in
high-rise buildings. In a simplified form, the system is a resemblance of vertical

cantilever fixed to the base of the building. When two or more shear walls in the same
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planar grid are linked by horizontal members such as slabs or beams, the formed system
is called coupled shear walls. The overall lateral stiffness of this system far exceeds the
sum of the stiffnesses of the walls forming it. The reason is that the flooring system
renders the shear walls acting as coupled. In many tall buildings, the sold single or
multiple RC cores located around the building main utility shafts, stairwells, and
elevators can alone be sufficient to stabilize the structure against lateral forces. The RC
Wave tower in Dubai, UAE with its 28-storeys and 101m of total height stands as a
good example of using a combination of planar and coupled shear walls along with core

walls.

A.1.3 Shear wall-Frame system

This structural system resulted from the interaction of rigid frame system and shear/core
walls system when combined together. Above a certain building height, rigid frame
system alone becomes insufficient because of the excessive building sway. Similarly,
the shear/core walls system has its limitation in providing lateral resistance to buildings
above a certain number of storeys depending on the system height-to-width ratio. In the
shear wall-rigid frame system, the horizontal deflection compatibility generates
interaction between the two sub-systems. When combining the linear shear-type sway
profile of the rigid frame with the parabolic bending-type sway mode of the shear wall,
the lateral rigidity of the building enhances. This is so because the shear wall is
restrained by the rigid frame at the upper levels while it restrains the frame at the lower
levels of the building. This system is applicable for buildings in the range of 50 to 80
storeys. There are, however, examples of this system in buildings of over 100 storeys.
The 60-storey, 220m Stella Maris tower located in Dubai, UAE is an example of

buildings utilising the shear wall-rigid frame system.

A.1.4 Core-supported outrigger system

This system is a modification of the shear wall-rigid frame system, consisting of an RC
core and 1- to 2-storey-high horizontal outriggers in the form of steel trusses or RC
walls that connect the core to the perimeter columns. Normally, the core is centrally
located with outriggers spreading on both sides of the buildings. In some cases,
however, the core may be located at one side of the building with outriggers extending
to the perimeter columns on the other side. The outriggers effectively act as stiff caps
tending to reverse the bending curvature of the RC core by inducing tension-

compression couple in perimeter columns. Furthermore, the system often includes

348



Appendix A. Structural systems in RC high-rise buildings

exterior belt girders (or trusses) that interconnect the perimeter columns. The function
of the belt girders is to efficiently distribute the compressive and tensile forces between
the perimeter columns, which in turn, help to minimise the differential shortening and
elongation of those columns. To reduce the obstruction to the view and occupiable
space that outriggers create, they often positioned at mechanical and power equipment
floors. Core-supported outrigger systems enable the construction of buildings with great
height potential up to 150 storeys and more (Taranath, 2016). An excellent example of
buildings utilising the system is the 101-storey, 509m famous Taipei 101 tower in

Taipei, Taiwan.

A.2 Exterior structural systems

In this structural system, the major part of the lateral load-resisting system is located at
the building perimeter. Among the main structural systems falling under this category

are the tubular, with its different forms, and the exoskeleton.

A.2.1 Tubular system

The tubular system is one of the most typical exterior structural systems with the
earliest application attributed to Fazlur Khan in the design of the 43-storey DekEitt-
Chestnut building in Chicago USA (Ali and Moon, 2007). It is a three-dimensional
system utilising the entire depth of the building to resist lateral loads. According to the
building height and their structural efficiency, there are several types of the tubular

system.

v Framed tube: Is the basic of tubular forms, consisting of closed spaced columns
rigidly connected to deep spandrel beams throughout the exterior perimeter of the
building. In this system, the axial forces resisted by the corner columns are much
greater compared to those carried by the middle columns for both the flange frame
(frame perpendicular to the direction of lateral load) and the web frame (frame
parallel to the direction of lateral load). This is known as the shear lag phenomenon
whose effect, for an optimal framed tube design, is to be limited to the lowest and

substituted with more of cantilever-type behaviour.

v’ Braced tube: The concept of this system is to replace the closely spaced perimeter

columns with widely spaced columns stiffened by diagonal braces to attain a wall-
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like structural characteristics. An early example of this system is the John Hanckok
Centre of Chicago, USA (Taranath, 2016)

v' framed tube system becomes increasingly inefficient as the web frame starts to act
similar to a conventional rigid frame. Consequently, the size of the columns and
beams become larger since their designs are then controlled by bending. The braced
tube system overcomes this issue as the perimeter frames are braced in their own
planes with diagonals that are connected to the columns at each joint. This
arrangement effectively eliminates shear lag effects. As a result, the columns can be
spaced more widely and, along with the spandrel beams, have smaller sizes than in
the framed tube system (Khan, 1967).

v’ Tube-in-tube: In this tubular form, the core in the building is utilised as an inner
tube alongside the exterior framed tube to enhance the overall lateral stiffness. The
lateral load is transferred to both tubes through the floor diaphragm connecting the
core to the perimeter columns/spandrels system. An example of this tubular system
is the 64-storey Al-Hekma Tower located in Dubai, UAE. Depending on the
building height and complexity, the tube-in-tube system may have more than one

inner tube connected to the perimeter framed tube.

v" Diagrid tube: The diagrid tube -as a portmanteau of diagonal grid tube- is another
tubular form of which almost all vertical columns in the conventional perimeter
braced frame system are eliminated. The diagrid system consists of perimeter
diagonals arranged in a triangulated configuration, carrying lateral forces as well as
gravity loads in a distributive manner. Compared to the framed tube system, this
tubular form is greatly more effective in minimising shear deformation as it carries
shear by axial action of the diagonal members rather than by bending of the
spandrel beams and vertical columns forming the exterior framed tube (Moon,
2005). Good examples of RC high-rise buildings built using the diagrid tube system
are the O-14 building in Dubai, UAE (23-storey above ground, 102 m) and the
COR building in Miami, USA (25-storey above ground, 116 m).

v' Modular tube: Also known as “Bundled Tube”, is a system of which the
underlying principle is to connect two or more widely spaced columns-individual
tubes in a vertical modular form with the main objective being to decrease the shear

lag effect. The cluster of tubes is interconnected with common interior panels to
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generate a multicellular tube. The supremacy of the modular tube system over the
single framed/braced tube becomes evident when building dimensions increase in
both width and height. The best example of this system in action is the Burj Khalifa
tower in Dubai, UAE, standing as the tallest RC building in the world with 828 m
of total architectural height and 165 above-ground storeys. It is noteworthy that this
structural system of Burj Khalifa is combined with another system termed
buttressed core, in which each of the building wings is buttressed down to provide
more stiffness (Baker, 2017).

A.2.2 Exoskeleton system

In this structural form, the lateral load-resisting system is positioned outside the
building boundary lines of the building away from its facades. The system normally acts
as the primary building identifier due to its compositional characteristics. Although
fireproofing of the exoskeleton system is not a challenging issue, its thermal expansion-
contraction and systematic thermal bridges should be carefully looked into during the
design stage. An example of the system is the 44-storey, 154 m Hotel De Artes in
Barcelona, Spain.

A.3 Hybrid structural systems

The hybrid system is a complex yet efficient system often formed by the combination of
exterior and interior structural forms thereby referred to as “hybrid”. With this type of
structural systems, mega tall structures can be achieved. A good example is the
structural systems of the 93-storey, 452m Petronas Twin Towers in Kuala Lumpur,
Malaysia. The building utilised RC core walls, a framed tube with high strength ring

beams, and a composite deck flooring for faster construction.
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Table Al. Building examples, gains, and drawbacks of different structural systems in high-rise buildings (Ali and Moon, 2007, Taranath, 2016, CTBUH, 2019)

> ©
TS 5 E Common
o 3 § t;\ Sub-Category Height Gains drawbacks Building example
@8 Ea Range (m)
n
- & o Flexibility in interior space planning o Drop beams affecting floor-to-floor Wargaa Residential,
S E - 40-70 clear height and MEP services Dubai, UAE (12-storey,
© T o Slow construction 45m)
L2 5 oM 0150 o IShearlvlvallds and cores effectively resist o The existence of shear walls and Wave Tower. Dubai
LTSS Sq - 70-15 ateral loads cores limits interior space planning ' '
. AE (28- 101
h=§C 3 e Fast construction UAE (28-storey, 101m)
S
(@) ]
b = - . . . Stella Maris Tower,
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<= =2
»x
S e Minimise lateral deformation of the
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=3 S - > 300 e Exterior columns connected to the obstruct the use of the storeys of Taiwan (101-storey,
© 3 ] interior core through extended outriggers which they are positioned 509m)
effectively resists bending
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Table Al (continued). Building examples, gains, and drawbacks of different structural systems in high-rise buildings
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