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ABSTRACT 6 

 7 

This paper describes an innovative bridge column technology for application in seismic regions. The 8 

proposed technology combines a precast post-tensioned composite steel-concrete hollow-core column, 9 

with supplemental energy dissipation, in a way to minimize post-earthquake residual lateral 10 

displacements. The column consists of two steel cylindrical shells, with high-performance concrete 11 

cast in between. Both shells act as permanent formwork; the outer shell substitutes the longitudinal 12 

and transverse reinforcement, as it works in composite action with the concrete, whereas the inner 13 

shell removes unnecessary concrete volume from the column, prevents concrete implosion, and 14 

prevents buckling of energy dissipating dowels when embedded in the concrete. Large inelastic 15 

rotations can be accommodated at the end joints with minimal structural damage, since gaps are 16 

allowed to open at these locations and to close upon load reversal. Longitudinal post-tensioned high-17 

strength steel threaded bars, designed to respond elastically, in combination with gravity forces ensure 18 

self-centering behavior. Internal or external steel devices provide energy dissipation by axial yielding. 19 

This paper describes the main requirements for the design of these columns, and also discusses the 20 

experimental findings from two quasi-static tests. 21 

 22 

 23 

                                                           
1 Ph.D. Candidate, Dept. of Structural Engineering, University of California at San Diego 

 9500 Gilman Dr., MC 0085, La Jolla, CA 92093-0085, USA. Email: gguerrin@ucsd.edu 
2 Professor, Dept. of Structural Engineering, University of California at San Diego 

 9500 Gilman Dr., MC 0085, La Jolla, CA 92093-0085, USA. Email: jrestrepo@ucsd.edu 
3 Civil Engineer, Patricio Bonelli and Associates 

 Av. Libertad 269, Oficina 905, Viña del Mar, Chile. Email: massari.milena@libero.it 
4 Civil Engineer 

 V. Vagna 48, Bussi sul Trino (PE), 65022, Italy. Email: atverve@live.it 



 

2 

KEYWORDS: Bridge column; Composite column; Energy dissipation; Hybrid rocking; Post-24 

tensioning; Seismic design; Self-centering; Testing. 25 

 26 

 27 

INTRODUCTION 28 

 29 

Current provisions for seismic design of bridges (Caltrans, 2010; AASHTO, 2012) allow columns to 30 

respond beyond the elastic limit under the design earthquake, and to be damaged provided that 31 

collapse is prevented. Inelastic behavior is localized within flexural plastic-hinge regions at the bottom 32 

and/or top of the columns. These regions may experience some structural damage during the design-33 

level earthquake and such damage may lead to temporary closure of the bridge to the public. However, 34 

the consequences of structural damage in a bridge system can be critical if associated with the 35 

interruption of an important road path: obstruction of rescue and recovery operations, and economical 36 

losses related to business interruption and displacement of people and goods (Palermo et al., 2008). 37 

 38 

While the concept of structural damage is widely accepted in design, resilient communities expect 39 

strategic structures and bridges to survive moderately strong earthquakes with little or no disturbance 40 

to traffic and business. In other words, partial or total bridge closures are tolerated with uneasiness, 41 

particularly in heavily congested urban areas. As a consequence, research efforts have been aligned at 42 

developing bridge technologies that minimize structural damage, to encompass self-centering 43 

properties (Restrepo et al., 2011; Guerrini et al., 2011), and to reduce construction time and traffic 44 

impact (FHWA, 2012; Culmo, 2011). 45 

 46 

This paper describes the main findings of an experimental work on two post-tensioned self-centering 47 

precast concrete dual-shell steel columns, and describes the design criteria. The work presented here is 48 

an enhancement to the earlier research described in Restrepo et al. (2011). 49 

 50 

 51 
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BACKGROUND 52 

 53 

Self-Centering/Rocking Systems 54 

The concept of hybrid self-centering structural behavior originated from the features incorporated in 55 

the design of the “stepping” railway bridge over the South Rangitikei River, New Zealand (Cormack, 56 

1988) commissioned in 1981, where rocking is combined with a hysteretic energy dissipation device. 57 

Similar features were provided to an industrial chimney of the Christchurch, New Zealand airport 58 

(Sharpe and Skinner, 1983). The idea was then applied to moment-frame and coupled-wall buildings, 59 

chiefly under the PREcast Seismic Structural Systems (PRESSS) program (Priestley and Tao ,1993; 60 

MacRae and Priestley, 1994; Stone et al. ,1995; El-Sheikh et al., 1999; Kurama et al. 1999,Nakaki et 61 

al., 1999; Priestley et al., 1999). Christopoulos et al. (2002) extended the concept to steel moment 62 

frames. Additional experimental work on self-centering structural walls was also reported by Pérez et 63 

al. (2003), Holden et al. (2003), Restrepo and Rahman (2007), and Toranzo et al. (2009). 64 

 65 

Apart from the South Rangitikei River bridge, the early development of hybrid systems was mainly 66 

focused on implementation in buildings; however, interest in the use of rocking systems in bridges 67 

increased in the past fifteen years. One of the pioneering experimental studies on the use of rocking 68 

bridge columns incorporating unbonded post-tensioning was carried out by Mander and Cheng (1997). 69 

This project was followed by an experimental program conducted by Hewes and Priestley (2002) in 70 

which the response of segmental bridge piers incorporating unbonded post-tensioning was 71 

investigated. A number of analytical studies were subsequently carried out considering potential 72 

applications of self-centering solutions to bridge columns (Kwan et al., 2003; Kwan et al., 2003; Sakai 73 

et al., 2004; Palermo et al., 2005; Heiber et al., 2005; Ou et al., 2006; Palermo et al. 2008). Shake table 74 

testing of cast-in-place hybrid concrete bridge columns was performed by Sakai et al.(2006). Palermo 75 

et al. (2007) and Marriott et al. (2009, 2011) carried out analytical studies and quasi-static cyclic tests 76 

on monolithic, purely rocking ,and hybrid concrete columns, developing different solutions for energy 77 

dissipation. Solberg et al. (2009) conducted quasi-static and pseudo-dynamic bidirectional tests on 78 

hybrid post-tensioned bridge columns with armored rocking interfaces. Ou et al. (2010) performed 79 



 

4 

large-scale experiments on precast segmental post-tensioned bridge columns. 80 

 81 

Concrete-Filled Tube (CFT) Columns 82 

Concrete-filled tubes (CFT), also termed steel sections filled with concrete or filled composite 83 

sections, are a type of composite steel-concrete columns which has gained interest for seismic 84 

applications in the past three decades (Shanmugam et al., 2001). Tests conducted by Ghosh (1977) 85 

demonstrated the beneficial effect of concrete filling on the load and moment carrying capacity. 86 

Experiments on circular CFT columns were conducted by Prion et al. (1989) to study the effect of 87 

concrete confinement. Shakir-Khalil and Zeghiche (1989) and Shakir-Khalil and Mouli (1990) tested 88 

the strength and failure modes of rectangular in-filled composite columns under axial load and 89 

bending, including the use of high strength concrete. Ge and Usami (1992) studied local buckling 90 

modes of stiffened and unstiffened in-filled columns. Rangan and Joyce (1992), O’Brien and Rangan 91 

(1993), and O’Shea and Bridge (1995) tested eccentrically loaded slender steel tubular columns filled 92 

with high-strength concrete, while Uy and Patil (1996) studied the behavior of concrete-filled high-93 

strength steel fabricated box columns. Virdi and Dowling (1973) investigated the bond between 94 

concrete and steel tube; mechanical connectors are necessary for transferring shear between concrete 95 

and steel tube when bond capacity is likely to be exceeded (Gebman et al. 2006). Suzuki and Kato 96 

(1981) observed that in relatively short CFTs, the confined concrete can act as a diagonal compression 97 

strut together with tension field action of the steel side walls. A number of analytical methods for the 98 

calculation of the ultimate strength of CFT columns have been proposed by Knowles and Park (1969), 99 

Neogi et al. (1969), Rangan and Joyce (1992), Ge and Usami (1994), Bradford (1996), Kato (1996), 100 

Wang and Moore (1997), Leon et al. (2007). 101 

 102 

Sakino and Tomii (1981) and Sakino and Ishibashi (1985) examined the behavior of short- and 103 

intermediate-length square CFT columns, subjected to cyclic lateral forces with constant axial load. 104 

Park et al. (1983) performed an experimental and theoretical investigation into the seismic behavior of 105 

steel-encased circular reinforced concrete bridge piles. Boyd et al. (1995) and Itani (1996) studied the 106 

ductility and energy dissipating capacity of columns with studded and non-studded steel shells. Kitada 107 
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(1998) studied the difference in local buckling modes between cross-sections of steel and composite 108 

columns in bridge columns and buildings; in particular, he observed that the ductility of the composite 109 

beam-column specimen with rectangular cross-section is smaller compared to that with a circular 110 

cross-section in the case of large axial compression. In fact, as noticed by Matsui et al. (1995), circular 111 

tubes provide a significant amount of confinement, while this effect is negligible in the case of 112 

rectangular tubes as the hoop tension developed along the side walls is not constant. 113 

 114 

 115 

SYSTEM DESCRIPTION 116 

 117 

The bridge column described herein consists of two concentric cylindrical steel shells (dual-shell 118 

technology) running for its entire height. High-performance concrete with high strength, high slump, 119 

and reduced shrinkage is sandwiched in between the shells and longitudinal reinforcement is detailed 120 

only between the column ends and the footing or bent cap (see Fig. 1(a)). The outer shell acts as 121 

permanent formwork, providing also longitudinal and transverse reinforcement, as it works in 122 

composite action with the concrete. The inner shell provides permanent formwork too, reducing 123 

unnecessary weight and making the technology suitable for prefabrication and rapid erection. It also 124 

prevents concrete implosion upon crushing under large compressive strains, which may develop upon 125 

gap opening, and delays buckling of energy dissipating dowels which are embedded in the concrete. 126 

 127 

Large inelastic rotations can be sustained at the column-footing and column-cap beam joints with 128 

minimal structural damage. These rotations are accommodated within the connections themselves, 129 

through the formation of gaps at the member interfaces (Fig. 1(b)): gaps are allowed to open in tension 130 

under severe lateral displacement demand, and to practically close at the end of the excitation. Self-131 

centering/rocking capability is provided by gravity forces and unbonded, threaded post-tensioning 132 

(PT) bars, designed to remain elastic. The bolted PT bar anchorages at the bent cap and foundation 133 

allow for eventual bar replacement, should corrosion or other types of damage be a concern. 134 

 135 
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Energy dissipation takes place through axial yielding of internal dowels (Restrepo and Rahman, 2007; 136 

Restrepo et al., 2011), as shown in Figure 1(b), or external devices (Cormack, 1998; Marriott et al., 137 

2009; Toranzo et al., 2009), preventing the main structural members from experiencing significant 138 

damage. Under strong-intensity earthquake excitation only these devices may undergo multiple cycles 139 

within the inelastic range, with possible need of replacement, but the structure is expected to remain 140 

functional overall. To transfer tension between the internal dowels and the outer shell, circumferential 141 

weld beads are provided on the internal surface of the outer shell, only near its ends (Gebman et al., 142 

2006; Restrepo et al., 2011). External dissipators are simply welded to brackets preinstalled on the 143 

outer shell and onto the footing or bent cap. 144 

 145 

 146 

PERFORMANCE OBJECTIVES AND DESIGN CRITERIA 147 

 148 

Columns of this type can be easily designed for a single performance level, say the design-basis 149 

earthquake. Seven criteria should be met to ensure satisfactory performance of the proposed column 150 

technology for this performance level: (i) minimum outer shell thickness, (ii) energy dissipation force 151 

capacity, (iii) composite action, (iv) mortar bed integrity, (v) concrete strain control, dowel buckling, 152 

and inner shell diameter, (vi) prevention of early dissipator fracture, and (vii) prevention of early loss 153 

of post-tensioning force. These seven criteria are described below in more detail. 154 

 155 

Criterion (i): Minimum Outer Shell Thickness 156 

As the external shell provides confinement to the compressed concrete, tensile hoop strains arise in the 157 

shell. When the column is subjected to the target lateral displacement, these strains should be kept 158 

below the yield strain, to avoid permanent deformation and damage to the shell and to preserve the 159 

composite action with the encased concrete. To meet this objective, based on previous experiments 160 

(Gebman et al., 2006; Restrepo et al., 2011) and the tests reported here, outer shell diameter to 161 

thickness ratios should be DO / tO ≤ 100. Such ratio results in a minimum volumetric confinement ratio 162 

for the concrete of 4% calculated over the solid volume of the column, which adequately confines the 163 
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high-strength concrete recommended for this application. In addition, the shell should possess 164 

sufficient strength to ensure that the flexural strength of the composite column, at the section where 165 

the dowel bars end or where the external energy dissipators are welded to the shell, is equal or greater 166 

than that required by capacity design, assuming that flexural overtstrength develops at the column end 167 

or ends where joint opening will take place. However, this last condition is not expected to control the 168 

design. 169 

 170 

Criterion (ii): Energy Dissipation Force Capacity 171 

Recentering forces, provided by gravity and post-tensioning, and energy dissipating forces need to be 172 

well balanced, to obtain the desired self-centering response and sufficient energy dissipation. Gravity 173 

and post-tensioning forces must be large enough to overcome the overstrength capacity of the energy 174 

dissipators, thus forcing them to yield in compression and to close the gap at each load reversal 175 

(Restrepo and Rahman, 2007); that is: 176 

𝛬𝐶 =
𝐹𝐸𝐷,𝑢
(𝑡)

𝑃𝑢 + 𝐹𝑃𝑇,𝑒
(𝑡)

≤ 0.6 (1) 

where 𝑃𝑢 is the design gravity force, 𝐹𝑃𝑇,𝑒
(𝑡)

 is the total effective post-tensioning force (after time-177 

dependent losses), 𝐹𝐸𝐷,𝑢
(𝑡)

 is the total ultimate strength of all energy dissipators, and 𝛬𝐶 is a recentering 178 

coefficient. The limitation on 𝛬𝐶 could be theoretically be made equal to 1.0 (i.e. equality between 179 

dissipators overstrength force and recentering forces), but a limit of 0.6 is suggested to account for 180 

uncertainties on post-tensioning losses and, primarily, for the presence of debris upon gap opening in 181 

the rocking interfaces. 182 

 183 

In parallel, enough energy dissipation should be provided to the system, to avoid the large scatter on 184 

lateral displacement demands observed on purely rocking systems (Makris et al. 1998). For this 185 

reason, a second condition should be satisfied: 186 

𝛬𝐷 =
𝐹𝐸𝐷,𝑢
(𝑡)

𝑃𝑢 + 𝐹𝑃𝑇,𝑒
(𝑡) + 𝐹𝐸𝐷,𝑢

(𝑡)
≥ 0.1 (2) 
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where 𝛬𝐷 is an energy dissipation coefficient.  187 

 188 

Criterion (iii): Composite Action 189 

If internal dowels are used for energy dissipation, tensile stresses need to be transferred from the 190 

dowels to the outer shell, in order to develop composite steel-concrete action. As friction between steel 191 

and concrete cannot be relied on, mechanical connectors are needed: for this purpose, circumferential 192 

weld beads or bars welded on the internal surface of the outer shell can be provided along the 193 

development length of the dowels (Gebman et al., 2006; Restrepo et al., 2011). Weld beads having a 194 

size similar to the outer shell thickness, spaced at about 10 times their size, proved to be sufficient to 195 

develop the stress transfer and ensure composite action (Gebman et al., 2006). 196 

 197 

Criterion (iv): Mortar Bed Integrity  198 

Under the design-basis earthquake, crushing of the mortar layer between column and footing or 199 

column and cap beam should be avoided, as it can lead to post-tensioning losses. The integrity of the 200 

mortar could be ensured by checking that, at the smeared curvature corresponding to the joint opening 201 

under the target lateral displacement, the neutral axis depth ratio to the column diameter is less than 202 

c/DO = 0.25. For design purposes, it can be assumed that upon gap opening the extreme compressive 203 

fiber shortens by 𝜃𝑗𝑐 (Restrepo and Rahman, 2007), where 𝜃𝑗 is the target joint rotation; this means 204 

that the extreme mortar compressive strain is taken equal to the joint rotation. Given the joint rotation 205 

and the yield-segment length of the energy dissipators, 𝐿𝑌𝐸𝐷 (see Criterion (vi)), the forces on the 206 

dissipators can be calculated; then conventional reinforced-concrete section equilibrium methods can 207 

be applied to determine the neutral axis depth. The upper-bound c/DO = 0.25 is suggested to limit the 208 

area of mortar subjected to large compressive strain demand and to retain enough stiffness. 209 

 210 

Criterion (v): Concrete Strain Control, Dowel Buckling, and Inner Shell Diameter 211 

In practical applications, a readily available lock-seam, helical corrugated steel pipe conforming to 212 

ASTM A760 (2010) can be used as the inner shell. To prevent significant inner shell plastic 213 

deformations due to column concrete dilation, the neutral axis under the design-basis lateral 214 
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displacement should not cut the hollow core, even though a compressive strain of 0.1% can be 215 

tolerated on the column concrete at the inner circle; this limitation defines the maximum diameter 216 

allowed for the inner shell. The neutral axis depth and the concrete strain at the inner circle can be 217 

determined as for Criterion (iv). Strength and stiffness of the thinnest commercially available 218 

corrugated drainage pipes are expected to be sufficient to prevent inward buckling of embedded 219 

energy dissipating dowels. 220 

 221 

Criterion (vi): Prevention of Early Dissipator Fracture 222 

Gap opening will induce significant elongation on the energy dissipators. Internal or external steel 223 

devices have to yield along a specific segment 𝐿𝑌𝐸𝐷 to accommodate this elongation, without 224 

fracturing under the design-basis lateral displacement. To prevent low-cycle fatigue fracture, the strain 225 

along the yield segment should be limited to half the value 𝜀𝐸𝐷,𝑢 corresponding to the peak tensile 226 

stress. For a joint rotation 𝜃𝑗, the required yield segment length 𝐿𝑌𝐸𝐷 is given by: 227 

𝐿𝑌𝐸𝐷 =
2 ∙ [𝜃𝑗 ∙ (𝑑𝐸𝐷

(𝑒) − 𝑐) − 𝛬𝑆 ∙ 12 ∙ 𝜀𝐸𝐷,𝑦 ∙ 𝑑𝑏,𝐸𝐷]

𝜀𝐸𝐷,𝑢
 (3) 

where 𝑑𝐸𝐷
(𝑒)

 is the distance of the extreme tensile dissipator from the extreme compressive fiber, 𝜀𝐸𝐷,𝑦 228 

is the yield strain of the dissipator steel, 𝑑𝑏,𝐸𝐷 is the diameter of the energy dissipating bar (the 229 

reduced diameter for milled bars), and c is the neutral axis depth at the design-basis lateral 230 

displacement demand, which can be determined as for Criterion (iv). The second term at the 231 

numerator of Eq. 3 accounts for yield strain penetration along the development length of non-milled 232 

energy dissipators embedded in concrete, which is assumed to be 6 bar diameters at each end (Park 233 

and Paulay, 1990). 𝛬𝑆 is a strain-penetration coefficient: 𝛬𝑆 = 1 for non-milled debonded bars, in 234 

which strain penetration out of the yield segment occurs; 𝛬𝑆 = 0 for dog-bone milled bars, where 235 

strain penetration is prevented. For design purposes, it is conservative to determine the required yield 236 

segment length by assuming c = 0 and 𝛬𝑆 = 0 in Eq. (3); moreover, the joint rotation 𝜃𝑗 at the design 237 

earthquake can be made equal to the column drift ratio, thus, ignoring the elastic flexibility of the 238 

dual-shell column. 239 
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 240 

Criterion (vii): Prevention of Early Loss of Post-Tensioning Force 241 

When the gap opens at the column-footing and/or column-cap interface, the post-tensioning bars will 242 

elongate as Figure 1(c) shows. If any of the PT bars yields, that bar will display a permanent plastic 243 

elongation when the gap closes, causing a loss of post-tensioning force and compromising the self-244 

centering ability. To delay these bars from yielding at the design-basis earthquake, additional 245 

deformability can be added to each PT bar by placing elastic devices in series with the bars to add 246 

flexibility. Elastomeric bearing pads, inserted between the top anchor plate and the cap beam, have 247 

proved to be satisfactory for this scope. With this configuration the tensile deformation demand on the 248 

bars is partially transformed into compressive deformation of the bearing pads. 249 

 250 

If 𝐹𝑃𝑇,𝑒
(𝑏)

 and 𝐹𝑃𝑇,𝑦
(𝑏)

 are the effective (after time-dependent losses) and yield post-tensioning force on the 251 

extreme tensile bar b, located at 𝑑𝑃𝑇
(𝑏)

 from the extreme compressive fiber, the yield condition under a 252 

joint rotation 𝜃𝑗 at 𝑛𝑗 column end joints (𝑛𝑗 = 1 for cantilever, 𝑛𝑗 = 2 for fixed-fixed columns) is 253 

given by: 254 

𝐹𝑃𝑇,𝑦
(𝑏) = 𝐹𝑃𝑇,𝑒

(𝑏) +
𝑛𝑗 ∙ 𝜃𝑗 ∙ (𝑑𝑃𝑇

(𝑏)
− 𝑐)

𝐿𝑈𝑃𝑇

𝐸𝑃𝑇 ∙ 𝐴𝑃𝑇
(𝑏) +

1

𝐾𝐵
(𝑏)

 (4) 

where c is the neutral axis depth from the extreme compressive fiber; 𝐿𝑈𝑃𝑇, 𝐸𝑃𝑇, and 𝐴𝑃𝑇
(𝑏)

 are the 255 

unbounded length, the elastic modulus, and the cross-sectional area of PT bar b; and 𝐾𝐵
(𝑏)

 is the 256 

stiffness of the bearing or other deformable device in series with bar b. 257 

 258 

For a design-basis total joint rotation 𝜃𝑗
∗ = 𝑛𝑗 ∙ 𝜃𝑗 (sum of the top and bottom joint rotations) the 259 

required bearing-to-bar stiffness ratio can be found from Eq. 4 as: 260 

𝐾𝐵
(𝑏)

𝐾𝑃𝑇
(𝑏)

=
1

𝑛𝑗 ∙ 𝜃𝑗 ∙
𝑑𝑃𝑇
(𝑏) − 𝑐

(𝜀𝑃𝑇,𝑦
(𝑏) − 𝜀𝑃𝑇,𝑒

(𝑏) ) ∙ 𝐿𝑈𝑃𝑇
− 1

=
1

𝜃𝑗
∗ ∙ 𝛬𝐵 − 1

 
(5) 
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where 𝐾𝑃𝑇
(𝑏)

= 𝐸𝑃𝑇𝐴𝑃𝑇
(𝑏)

𝐿𝑈𝑃𝑇⁄  is the axial stiffness of PT bar b; 𝜀𝑃𝑇,𝑒
(𝑏)

 and 𝜀𝑃𝑇,𝑦
(𝑏)

 are the strains on bar b 261 

due to the effective post-tensioning and yield forces; and 262 

𝛬𝐵 =
𝑑𝑃𝑇
(𝑏)

− 𝑐

(𝜀𝑃𝑇,𝑦
(𝑏)

− 𝜀𝑃𝑇,𝑒
(𝑏)

) ∙ 𝐿𝑈𝑃𝑇
 (6) 

where 𝛬𝐵 is a non-dimensional coefficient. Smaller values of 𝛬𝐵 denote systems less sensitive to PT 263 

bar yielding. 264 

 265 

For design purposes, the joint rotation 𝜃𝑗 can be approximated by the corresponding drift-ratio. If Eq. 266 

5 gives a negative value, no bearing is required. Furthermore, a positive value larger than 10 267 

calculated from Eq. 5 indicates that the bearing pad would be very stiff compared to the bar, and 268 

would accommodate very small deformations, thus providing negligible additional flexibility. 269 

 270 

A design chart derived from Eq. 5 is plotted on Figure 2. It can be observed that, for large total joint 271 

rotations, very flexible bearings are required (low required stiffness ratios), and their stiffness is quite 272 

insensitive to the rotation demand. However, because of the inverse proportionality relationship 273 

between the stiffness ratio and the total joint rotation, when 𝜃𝑗
∗ decreases the need of bearings becomes 274 

suddenly negligible (high required stiffness ratios), as the curves become very steep. The threshold 275 

between these two regions depends on the coefficient 𝛬𝐵; it can be noted that the bearings become 276 

completely ineffective (required stiffness ratio going to infinity) when 𝜃𝑗
∗ = 1 𝛬𝐵⁄ .  277 

 278 

The force-deformation characteristics of some elastomers, being Voigt materials, can be sensitive to 279 

the loading rate. The bearing stiffness 𝐾𝐵
(𝑏)

 should then be based on the material properties at a loading 280 

rate comparable to the real one under seismic excitation. This rate can be estimated dividing the range 281 

𝐹𝑃𝑇,𝑦
(𝑏) − 𝐹𝑃𝑇,𝑒

(𝑏)
 by one quarter of the structure’s fundamental period. 282 

 283 

Creep properties of the elastomeric material should be accurately known and accounted for, as time-284 

dependent deformations of the bearings may affect significantly the long-term magnitude of the post-285 
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tensioning force. Post-tensioning losses in the order of 20% to 40% of the initial force (after lock-off 286 

losses) may be anticipated, depending on the applied force, on the area and thickness of the bearing, 287 

and on the length of the PT bar. Incremental post-tensioning can help reducing the amount of losses 288 

due to bearing creep: most of the creep deformation happens during the first few hours after loading, 289 

and can be partially compensated by staged post-tensioning. 290 

 291 

 292 

TEST SPECIMENS 293 

 294 

Target Performance Objectives 295 

Two column test units were designed for a target drift ratio of 3% without structural damage. At this 296 

drift ratio, post-tensioning bars were expected to remain elastic, and the stiffness of the elastomeric 297 

bearings was determined accordingly. Also, the energy dissipators were designed not to fracture at the 298 

target drift ratio: the milled length of the external buckling-restrained devices and the debonded length 299 

of the internal dowels were calculated on this basis. In order to preserve the system self-centering 300 

behavior at the target drift ratio, the mortar bed was designed to crush under larger lateral 301 

displacements.  302 

 303 

Test Specimens Details and Materials 304 

Two dual-shell cantilever bridge column units were tested at the UC San Diego Powell Structural 305 

Engineering Laboratories (Fig. 3): Unit 1A was equipped with external buckling-restrained energy 306 

dissipators, while Unit 1B incorporated internal dowel bars (see Figures 4, 5, and 6). The test units 307 

were built at 1 to 2.4 scale. Given their precast nature, footing, column, and load stub were cast 308 

separately; after concrete had hardened, they were initially assembled as Unit 1A. When testing of 309 

Unit 1A was completed, the three components were taken apart, the column was flipped upside-down, 310 

and they were reassembled as Unit 1B. In fact, only the bottom region of the column was subjected to 311 

large strains and minor damage during the first test, while the other end was still free of any damage. 312 

By doing this, it was possible to take advantage of both ends of the element. 313 



 

13 

 314 

The overall column diameter was 0.51 m (20 in.), its height was 0.84 m (33 in.), and the total 315 

cantilever span from the base to the point of lateral load application was 1.13 m (44.5 in.). A low 316 

aspect ratio of 2.2 was chosen to subject the specimens to more critical conditions of shear sliding at 317 

the base. Moreover, a short element can accommodate short post-tensioning bars, which are more 318 

susceptible to yielding due to their lower axial deformability. 319 

 320 

The column outer shell had a diameter DO = 0.51 m (20 in.) and a thickness tO = 6.4 mm (0.25 in.), 321 

that is DO / tO = 80. The inner shell had a diameter DI = 0.36 m (14 in.) and a thickness tI = 3.2 mm 322 

(0.125 in.), that is DI / tI = 112. Details are shown in Figure 4. The shells were obtained by folding and 323 

welding plates made of Grade 50 A572 steel. In practice, the inner shell would be a corrugated 324 

drainage pipe (Restrepo et al., 2011). High-performance, normal-weight concrete was used to cast 325 

column, footing, and load stub, with a specified compressive strength of 62 MPa (9.0 ksi) at 56 days. 326 

The compressive strengths measured at 28 days, 49 days (day of testing of Unit 1A) and 96 days (day 327 

of testing of Unit 1B) were 66 MPa (9.5 ksi), 70 MPa (10.2 ksi), and 72 MPa (10.4 ksi), respectively. 328 

The outer shell was equipped with six radially distributed 12.7-mm (0.5-in.) thick steel brackets, 329 

welded to the external surface (Fig. 4(a)), for the connection of the buckling-restrained dissipators of 330 

Unit 1A. Six 50.8-mm (2-in.) diameter, 0.46-m (18-in) long, corrugated metal ducts were embedded in 331 

the concrete for the installation of the internal dowels of Unit 1B (Fig. 4(b)); three circumferential 9.5-332 

mm (3/8-in.) weld beads on the internal surface of the outer shell provided tensile stress transfer 333 

between the dowels and the shell (Fig. 6(c)). 334 

 335 

A 12.7-mm (0.5-in.) thick mortar bed was cast at the column-to-footing connection, to compensate for 336 

expected in-situ construction tolerances. A high-performance metallic grout mix placed at plastic 337 

consistency in the form of a mortar bed was used in Unit 1A. The mortar compressive strengths were 338 

46.4 MPa (6.7 ksi) and 49.2 MPa (7.1 ksi) at 29 and 49 days (day of testing of Unit 1A), respectively. 339 

For the column-footing joint of Unit 1B the same product was used, but polypropylene fibers were 340 

added in the proportion of 0.035% by weight to increase the mortar toughness; strengths of 53.4 MPa 341 
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(7.8 ksi) and 52.9 MPa (7.7 ksi) were obtained at 28 and 35 days (day of testing Unit 1B). The mortar 342 

was scraped from underneath the outer shell, to prevent the shell from causing premature crushing 343 

under direct compression transfer, a problem noted in earlier experiments (Restrepo et al., 2011).. 344 

Since the upper joint between column and load stub was not critical because of the low bending 345 

moment at this location, hydrostone was placed to match the two pieces there. All interface surfaces 346 

were roughened to improve shear-friction transfer. A bond-breaker film was applied to the bottom 347 

surface of the column, to allow separation from the mortar bed and opening of the gap. 348 

 349 

Six external, buckling-restrained, energy dissipators were incorporated in test Unit 1A, radially 350 

distributed around the column perimeter (Fig. 5). These devices consisted of steel bars with a reduced 351 

diameter over a specific length, where dissipation was provided by material hysteresis. Each 343-mm 352 

(13.5-in.) long steel bar had an original diameter of 25.4 mm (1 in.), which was reduced to 14.3 mm 353 

(9/16 in.) in the 165-mm (6.5-in.) long milled portion. Hot-rolled Grade 1018 A576 steel was used, 354 

with a measured yield strength of 331 MPa (48 ksi), ultimate tensile strength of 490 MPa (71 ksi), and 355 

strain of 23% at the ultimate tensile strength. In order to prevent buckling, the milled part was encased 356 

and grouted within a steel pipe; grease was used to reduce friction between bar and grout. Mastic tape, 357 

about 3-mm (0.125-in.) thick, was applied along the tapered segments, to minimize bearing of the non-358 

milled ends on the filling grout. The external dissipators were welded to anchors within the footing 359 

and to the column outer-shell brackets. 360 

 361 

Unit 1B was equipped with six internal dowels at the column-footing joint, acting as internal energy 362 

dissipators (Fig. 6). Grade 75 316LN stainless steel #4 deformed bars were used for this purpose. The 363 

bars were wrapped with duct-tape for a length of 178 mm (7 in.) across the column-footing interface to 364 

inhibit the bond within this length. Material testing showed a yield stress for the stainless steel bars of 365 

745 MPa (108 ksi), an ultimate tensile strength of 889 MPa (129 ksi), and a strain of 22% at the 366 

ultimate tensile strength. The dowels were first grouted within corrugated steel ducts predisposed in 367 

the footing, then, after column placement on the footing, they were grouted within the column ducts. 368 

The footing grout had a compressive strength of 52.7 MPa (7.6 ksi) on the day of testing, while the 369 
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column grout showed a compressive strength of 59.2 MPa (8.6 ksi). 370 

 371 

Four 34.9-mm (1-3/8 in.) diameter, A722 Grade 150 threaded bars provided the post-tensioning force 372 

to both units. The total effective post-tensioning force was 845 kN (190 kips) in Unit 1A and 890 kN 373 

(200 kips) in Unit 1B, after all losses. Jacking forces of 311 kN (70 kips) were applied to each bar, to 374 

compensate for lock-off and bearing creep losses. The bars ran within the column hollow core, sleeved 375 

in ducts filled with fluid grout to simulate corrosion protection and were screwed into anchorage 376 

devices prearranged in the footing, allowing for bar replacement. Additional bar deformability was 377 

provided by placing in series with the post-tensioning bars rubber (Unit 1A) or polyurethane (Unit 1B) 378 

bearings, between the top anchorage plates and the load stub.  379 

 380 

A bearing consisting of five square 80-Shore-A hardness rubber pads was provided to each post-381 

tensioning bar in test Unit 1A. The pads were 190.5 mm (7.5 in.) square by 25.4 mm (1 in.) thick and 382 

had a central hole 41.3 mm (1-5/8 in.) in diameter to accommodate the PT bars. These pads were 383 

stacked and alternated with 3.2 mm (1/8 in.) thick square steel plates of the same plan dimensions. 384 

Each bearing had stiffness equal to 1.46×105 kN/m (836 kip/in) when tested at ambient temperature 385 

and at a rate varying between 40 and 120 kips/sec. A bearing consisting of four 90 Shore-A hardness 386 

polyurethane discs was provided to each post-tensioning bar in test Unit 1B. The discs had a thickness 387 

of 47.6 mm (1-7/8 in.), a diameter of 190.5 mm (7.5 in.), and a central hole with a diameter of 47.6 388 

mm (1-7/8 in.) to accommodate the PT bars. The discs stacked and alternated with 190.5 mm (7.5 in.) 389 

diameter by 3.2 mm (1/8 in.) thick circular steel plates. Each bearing had stiffness equal to 4.38×104 390 

kN/m (250 kip/in) when tested at ambient temperature and at a rate of 0.5 kips/sec. 391 

 392 

 393 

LOADING PROTOCOL AND TEST RESULTS 394 

 395 

Loading Protocol 396 

A vertical force, simulating gravity loads, was applied to the test units by two vertical hollow plunger 397 
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hydraulic cylinders, positioned above the load stub and connected to the strong floor by one 31.8-mm 398 

(1-1/4 in) diameter tie-down rod each (Fig. 3). Actual axial forces of 293 kN (63 kips) and 268 kN (60 399 

kips) were applied to Unit 1A and Unit 1B, respectively. Keeping the gravity force constant, the test 400 

unit was subjected to quasi-static reversed cyclic loading by a horizontal actuator in the north-south 401 

direction. After three lateral force-controlled cycles to a base shear coefficient of ±0.4 and three to 402 

±0.8, the test proceeded in lateral displacement control. Three cycles to ±0.5% drift ratio and three to 403 

±0.75% were completed. Subsequent cycles consisted of two large-amplitude cycles, followed by a 404 

lower one at a level corresponding to the previous large drift level: drift ratios of ±1%, ±1.5%, ±2%, 405 

±3%, ±5%, ±7.5%, and ±10% were targeted. 406 

 407 

Figure 7 shows the hysteretic lateral force-displacement response of the two units: lateral 408 

displacements have been normalized by the height of the lateral force application point above the 409 

column base, and thus, expressed as drift ratios; lateral forces have been normalized by the applied 410 

gravity load (equivalent to the weight) and thus transformed into base shear coefficients. For drift 411 

ratios larger than 0.3%, it was observed that the base joint rotation was contributing to more than 90% 412 

of the lateral displacement: for this reason, drift ratios and joint rotations practically coincided. Figure 413 

8 illustrates the progressive increment of residual drift ratio at the end of each positive cycle, 414 

compared to the maximum drift reached during that cycle.  415 

 416 

Results for Unit 1A 417 

Testing of Unit 1A resulted in joint opening at the column-mortar bed interface during the cycles to a 418 

base shear coefficient of ±0.8; as a consequence a first loss of stiffness was observed on the diagram of 419 

Figure 7(a). The mortar bed started to flake off during the ±1.5% drift ratio cycles, and showed large 420 

flaking off and some visible permanent plastic deformation, without crushing, on the north and south 421 

sides (extreme fibers) during the ±3% drift ratio cycles, causing a loss of stiffness. The mortar bed 422 

started to crush during the ±5% drift ratio cycles, with significant loss of stiffness and self-centering 423 

ability. This corresponds to cycles 25 and 26 in Figure 8(a), where residual drift ratios larger than 424 

1.5% can be observed. This was caused by a significant loss of post-tensioning force upon mortar 425 
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crushing, represented by the decreasing strains bounded by the bottom envelope on Figure 9(a). 426 

 427 

External dissipators started bending between the buckling-restrained central portion and the end 428 

connections during the ±3% drift ratio cycles, due to the rotation imposed by the rocking body motion. 429 

The north-west dissipator fractured during the first negative cycle to -7.5% drift ratio, nearly at peak 430 

displacement. Two other dissipators fractured on the south side during subsequent cycles. Each 431 

fracture corresponded to a jump on the graph of Figure 7(a). Due to failure of three out of six 432 

dissipators, the test was interrupted after the first cycle to ±10% drift ratio. Residual compressive 433 

deformation of the column concrete between the shells, and permanent deformation of the shells 434 

themselves due to concrete lateral expansion, was observed at the column base when the column was 435 

taken apart from the footing. 436 

 437 

The hysteretic stress-strain response of the north-west external dissipator is shown on Figure 9(b) up 438 

to the first cycle to +5% drift ratio. Strains were measured with a linear potentiometer, connected to 439 

the dissipator above and below the milled segment; stresses were calculated from the elastic strains, 440 

measured with paired strain gages along the non-disturbed ends of the steel bar. It can be noticed that 441 

the peak compressive stresses on the device are larger than the peak tensile ones; this is due to partial 442 

composite behavior between the milled bar and the encasing grout and pipe, as the bar non-milled 443 

ends bear on the grout. 444 

 445 

Results for Unit 1B 446 

Similarly to Unit 1A, joint opening occurred in Unit 1B at the column-mortar bed interface during the 447 

cycles to a base shear coefficient of ±0.8; as a consequence a first loss of stiffness was observed on the 448 

diagram of Figure 7(b). The mortar bed started to flake off during the ±2% drift ratio cycles, and 449 

showed large flaking off and some visible permanent compressive deformation, without crushing, on 450 

the north and south sides (extreme fibers) during the ±3% drift ratio cycles, causing a loss of stiffness. 451 

Mortar bed crushing progressed during the ±5% drift ratio cycles, but not abruptly; it became 452 

extensive under the ±7.5% drift ratio cycles, when the stiffness was evidently reduced as well as the 453 
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self-centering capacity. This corresponds to cycles 28 and 29 in Figure 8(b), where residual drifts in 454 

the order of 1.5% can be observed. 455 

 456 

A first dissipator fractured on the north side during the second negative cycle to -7.5% drift ratio, 457 

nearly at peak displacement. A second dissipator fractured on the north side and two on the south side 458 

during subsequent cycles. Each fracture corresponded to a jump on the graph of Figure 7(b). Residual 459 

compressive deformation of the column concrete between the shells, and permanent deformation of 460 

the shells themselves due to concrete lateral expansion, was observed at the column base when the 461 

column was taken apart from the footing at the end of the test. 462 

 463 

Longitudinal and hoop strains were measured close to the base on the outer shell, at the extreme 464 

tensile/compressive fibers and in correspondence of two diametrically opposite dissipating dowels. 465 

The longitudinal strain profiles measured in front of the south-west dowel, from the base of the shell to 466 

the end of the dowel, are plotted in Figure 10. Positive cycles induce tension while negative cycles 467 

compression. It can be observed that during cycles up to ±1% drift ratio transfer of tension from the 468 

dowel to the shell is distributed within 0.4 times the outer diameter from the base; at larger amplitude 469 

cycles it concentrates within 0.2 diameters; above this length, strains remain about constant. Large 470 

compressive strains tend to develop close to the base, but no yielding was observed up to ±5% drift 471 

ratio cycles. 472 

 473 

Comparison between the Responses of Units 1A and 1B 474 

The main difference in the hysteretic response between Units 1A and 1B shows the importance of 475 

preventing mortar bed crushing in order to maintain self-centering behavior. Adding polypropylene 476 

fibers to the grout mix used in Unit 1B improved the material toughness, thus retarding its crushing 477 

and the consequent loss of post-tensioning force. This resulted in recentering capacity extended to 478 

cycles to ±5% drift ratio, where Unit 1A was already displaying significant residual displacements, 479 

even though larger neutral axis depths were measured on Unit 1B for cycles 7 and beyond compared 480 

to Unit 1A (Fig. 11). 481 
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 482 

 483 

CONCLUSIONS 484 

 485 

This paper discussed the design criteria and experimental performance of a composite concrete-dual 486 

steel shell bridge column technology. These columns can be specifically designed for damage 487 

minimization at the design earthquake and to display a self-centering response. The technology 488 

simplifies and accelerates bridge construction. The presence of the outer shell make the use of a 489 

longitudinal reinforcing cage obsolete, whereas the inner shell remove unnecessary concrete volume, 490 

making this technology ideal for prefabrication and easy erection. 491 

 492 

Two units were built and tested quasi-statically. The main variables between the two units were: (i) 493 

energy dissipation devices, which were either external in the way of buckling-restrained braces or 494 

internal in the way of stainless steel dowel bars grouted into the concrete, (ii) the mortar bed, which is 495 

required at the column ends to match the surfaces of the adjoining structural elements and also for 496 

construction tolerances, and (iii) the type of the elastomeric bearing placed in series with the post-497 

tensioning bars, of either rubber or polyurethane. The units were designed to display no damage at a 498 

3% drift ratio, which was assumed to be the drift ratio corresponding to the design earthquake. Unit 499 

1A, which had a metallic-aggregate mortar bed, showed mortar crushing and compromised self-500 

centering ability during cycles at 5% drift ratio. In Unit 1B the metallic-aggregate mortar bed 501 

incorporated also polypropylene fibers. The presence of these fibers delayed the mortar from crushing, 502 

allowing this unit to display excellent performance beyond 5% drift ratio. In both units fracture of the 503 

energy dissipation devices occurred at drift ratios of 7.5%. 504 

 505 
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FIGURES AND TABLES 687 
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Figure 1. Sketches of the proposed system: (a) column typical cross-section; (b) bent components and rocking 688 
kinematics; (c) joint rotation. 689 

 690 
 691 
 692 
 693 

 694 
Figure 2. Design chart for deformable devices (bearings) in series with post-tensioning bars. 695 
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 697 
 698 
 699 

    700 
(a)      (b) 701 

Figure 3. Test setup and dimensions: (a) side view; (b) top view. 702 
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  703 
(a)      (b) 704 

Figure 4. Column base cross-sections: (a) Unit 1A; (b) Unit 1B. 705 
 706 
 707 
 708 
 709 
 710 
 711 

          712 
         (a)     (b)   (c)        (d) 713 

Figure 5. External energy dissipators: (a) location around column perimeter; (b) construction details; (c) dog-714 
bone milled steel bar; (d) assembled buckling-restrained device. 715 
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(b) 

Figure 6. Internal energy dissipators: (a) dowels during column placement; (b) construction details; (c) 722 
circumferential weld beads on the interior surface of the outer shell. 723 
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  725 
   (a)             (b) 726 

Figure 7. Hysteretic lateral force-displacement response: (a) Unit 1A; (b) Unit 1B. 727 
 728 
 729 
 730 
 731 
 732 

  733 
          (a)       (b) 734 

Figure 8. Maximum (grey) and residual (black) drift ratios. Only cycles to positive displacements are reported: 735 
(a) Unit 1A; (b) Unit 1B. 736 
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 740 
 741 

  742 
(a)      (b) 743 

Figure 9. Response of Unit 1A: (a) north-east post-tensioning bar strain history; (b) north-west energy dissipator 744 
hysteretic loops. 745 
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 746 
Figure 10. Outer-shell longitudinal strain profiles in correspondence of the south-west dowel for Unit 1B. 747 
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 752 
 753 

  754 
           (a)      (b) 755 

Figure 11. Experimental neutral axis depth at peak lateral displacements: (a) Unit 1A; (b) Unit 1B. 756 


