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NOTATION

The following symbols are used through the Thesis, unless notified otherwise:

Ay gross shear area of the column

Avcnet Net shear area of the column

A, tap effective shear area of tab

befep effective width of the beam

bef effective width for column web in tension
b'eir.c column effective width for stiffness in compression
b et column effective width for stiffness in tension
b'err o0 effective connector web width for stiffness
Defr oo effective width of connector web

dwe,c Clear depth of column web in compression
Owe,cp IS the clear depth of column web in buckling
dwe Clear depth of column web in tension

dn, perimeter of tab in contact with the column
dweo Clear depth of connector web

E steel elastic modulus

fup Ultimate tensile stress of beam

fu.cw Ultimate tensile stress of column

fuco Ultimate tensile stress of the connector

fyp Yyielding stress of beam

fy.cwyield stress of the column

fy.co yield stress of connector

fywYyielding tensile stress of welding

G steel shear modulus

hy height of the beam

hap height of tab

ty thickness of the beam

tew thickness of column

tian thickness of tab

teo thickness of the connector web

Jw second moment of inertia of weld

Xw is the distance of the welding center of area from the beam bottom flange;

W0 plastic section modulus of connector

., factor connector web accounting for the interaction with shear

@ reduction factor for interaction with shear in the column

o= @ reduction factor

u,cw

k,=1.25 [EN 1993-1-8]
k =15t,,/d,, [EN 1993-1-8]
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ABSTRACT

Steel storage pallet racks are commonly used worldwide to store goods on pallets and represent
complex and challenging structures to design. The main racking system is denoted as “selective
steel storage pallet rack”. These racking systems are one pallet deep and are separated by aisles,
allowing for each pallet, stored on horizontal beams, to be always accessible. Selective racks
behave like bracing system in cross-aisle direction, with uprights connected by diagonal bracings,
while in down-aisle direction, bracings are usually not installed to make palletised goods always
accessible. Therefore, in down-aisle direction racks behave like moment resisting frames (MRFs)
whose stability and seismic resistance depend on the performance of beam-to-column connections.
This Thesis is motivated by the need to increase the knowledge about the mechanical behavior of
rack joints, investigating how it is affected by structural details and design parameters, and its effect
on the global seismic response of rack systems. This is not only a very interesting and challenging
problem from a scientific point of view, but it can also have a very large economic impact.

The proposed goal is achieved through: experimental tests, carried out on full-scale boltless rack
joints to identify their non-linear moment-rotation curve under monotonic and cyclic loading; the
development of a theoretical model to simulate experimental curves of joints; probabilistic analyses
to highlight the influence of uncertainties in material strength and geometrical features on the
mechanical performance of joints; and finally the development of a numerical model, capable to
describe the pinching in hysteresis loops of connections and its effect on the seismic response of
industrial storage systems.

To obtain the moment-rotation curve of rack connections and to evaluate how it is affected by
structural details, a set of full-scale joints are tested at the Structures and Material Testing
Laboratory of the Department of Civil and Environmental Engineering of the University of
Florence. In the first part of the Thesis, results of monotonic and cyclic tests are presented. Some
joints are also equipped with additional bolts, which could represent an effective solution to
improve the seismic response of steel storage pallet racks. Experimental testing is useful to get
information about the semi-rigid behavior and ductility of beam-column joints. Nevertheless,
despite the success and popularity of experimental testing, tests can be expensive and time-
consuming, therefore current state-of-art models for traditional steel joints are based on the
Component Method (CM). The CM approach can be applied to any kind of connections because the
joint is modeled theoretically as an assembly of components with an elasto-plastic or rigid force-
displacement relationship. A mechanical model based on the CM is developed and used to
analytically evaluate the non-linear structural response of rack beam-column joints. The accuracy of
the proposed approach is checked by the comparison with experimental results.

To explore the impact of the component structural details and the uncertainty in steel mechanical
properties and geometrical features, a Monte Carlo simulation of rack connection assemblies is also
performed. For the development of simulations, statistical properties of material random variables
are assumed on experimental results, the variability in geometric tolerances are assumed in
accordance with current standard code requirements and the structural response of rack joints is
modeled using the proposed mechanical model based on the CM.

Finally, experimental tests showed a non-negligible pinching in the cyclic moment-rotation curve of
rack connections, with a reduction of energy dissipation. This structural behavior is expected to
influence the seismic response of rack systems and it is investigated in the last chapter of the
Thesis. A simplified Finite Element (FE) numerical model is proposed for the analysis of steel
storage pallet racks under cyclic loads, considering the pinching in the joint hysteresis loop. The
effectiveness of the proposed model is its fast tuning and easily implementation in commercial
software packages, commonly used for non-linear seismic vulnerability analyses. For a deeper
understanding of the pinching effect, a case-study is discussed, comparing two models of joints
differing in the modeling of the degradation of the rotational stiffness. Results highlight that a non-
liner dynamic analysis with the proposed pinching model, which describes the effective non-linear
elasto-plastic behavior of rack joints, is suggested to obtain a seismic vulnerability assessment of
industrial storage systems on the safe side.
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1 INTRODUCTION

1.1 Structural features of rack systems and connections

Cold-formed steel (CFS) is commonly utilized in steel storage selective pallet racks (Figure 1) that
are popular in warehouses and other short- and long-term storage facilities [Hancock, 2003]. Rack
structures behave like bracing systems in the cross-aisle (transverse) direction, with uprights
(columns) connected by diagonal bracing. In down-aisle (longitudinal) direction, bracing systems
are rarely installed in order to provide the easy accessibility to stored products; therefore, racks
behave like moment resisting frames (MRFs) in which beams sustain pallets and provide down-
aisle stability and seismic resistance through the performance of semi-rigid beam-to-column
connections at their ends [Tilburgs, 2013].

—=  "(Column
(Uprights)
"Beam

*Connection
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"Foot

\ m
[ ] Cm S S"aisle

Figure 1. Typical steel storage selective pallet rack and its members identified.

Beam-to-column joint behavior plays a fundamental role in seismic response of structures and the
necessity to take into account its effective response, in the context of a performance-based seismic
design of steel racks, has been highlighted by several researches [Andre et al., 2006, Peterman et al.,
2016, Cardoso and Rasmussen, 2016, Baldassino and Bernuzzi, 2000, Abdel-Jaber et al., 2005,
Bernuzzi and Simoncelli, 2016, Rodgers and Mahin, 2011 and Schafer et al., 2016].

Rack connections are boltless beam-to-column joints composed of beams, typically a rectangular
tubular cross-section welded to connectors with tabs, and cold-formed thin-walled steel uprights,
with arrays of holes along the length (Figure 2). These holes allow for the beam to be connected at
various heights without bolts for ease of assembly and adjustment [Markazi et al., 1997]. A sketch
of a typical rack connection, with its members identified, is shown in (Figure 2).
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Figure 2. a) Rack connection 3D view; b) Members of rack connection; c) Front view of rack connection and its
members identified.

1.2 Literature review of beam-to-column joint models

Several methods can be used to evaluate the mechanical behavior of beam-to-column joints:
“experimental testing”, “‘empirical models”, “mechanical models” and “numerical models™
[Faella et al., 2000].
Because of the great variety of connector types and different profiles used for beams and uprights,
the structural response of steel rack connections is not easy to be evaluated theoretically. These
construction details result in complex numerical analysis difficult to translate to design
recommendations [Dai et al., 2018]. Therefore, according to the design by testing approach [EN
1993-1-1, 2005 and Baldassino and Zandonini, 2011], experimental tests are required by the current
design codes [EN 15512, FEM 10.2.02, RMI and AS/NZS 4084] to evaluate the moment-rotation
curve of rack connections.
Several experimental tests on beam-to-column connections to investigate their structural behavior,
in terms of strength, stiffness and dissipative capacity, have been performed by many researchers.
The connection flexibility of boltless rack connections was investigate in [Prabha et al., 2010]; the
stiffness of joints in bolted connected CFS trusses was evaluated in [Zaharia and Dubina, 2006].
Tests on different types of commercially available connectors, under a monotonic increasing load,
were performed in [Markazi et al., 1997], where the effect of the upright’s features on the moment-
curvature relationship was investigated. Monotonic experimental tests were conducted in [Zhao et
al., 2014] to analyze the flexural behavior of connections under hogging loading in a single
cantilever testing method. Several groups of beam-to-upright connections with different
constructional details, such as the upright’s profile, the thickness and the number of tabs in the
connector, were investigated. These tests highlighted that the failure mode of connections mainly
depends on the relative thickness between the upright and the connector.
Experimental tests aimed to investigate the behavior of beam-to-column joints under cyclic reversal
loading were carried out in [Bernuzzi and Castiglioni, 2001], where constant amplitude cyclic tests
were performed, highlighting the high ductility of rack connections which can cause large swaying
of uprights during earthquakes, thus leading to significant second-order effects. Other experimental
findings on beam-column connections under cyclic loads were presented in [Aguirre, 2005]. In
these cyclic tests the loading history included series of three cycles of equal maximum displacement
and the maximum displacement of the series was increased until the connection failed; obtained
results showed a pinching in the moment-rotation hysteresis curve, highlighting the different
response of rack connection respect to traditional steel joints with more stable structural behavior
[Tsai et al., 1995]. In [Yin et al., 2016] the authors analyzed a specific type of connector, in which
tabs work in tension and compression [Zhao et al., 2017]. This connection type was tested in
2



different configurations, changing its structural details, and the authors observed that the envelope
of the cyclic moment-rotation curve was comparable with the monotonic one. The structural
response of bolted moment connections, formed by CFS members, was investigated in [Gilbert and
Rasmussen, 2010], where the authors observed, after an initial high moment-rotational stiffness of
the connection, a significant amount of looseness, which nevertheless does not affect the ultimate
limit state design of the whole structure.

Experimental tests provide the most accurate knowledge of the joint load-deformation response,
including cyclic strength and stiffness degradation [Mioen et al., 2016 and Tao et al., 2016] but this
technique is too expensive for everyday design practice [Diaz et al., 2011].

Empirical models are based on empirical formulations obtained using regression analyses of data,
which can be derived by means of experimental tests and/or parametric analyses developed by
means of numerical models. An empirical formulation, which relates the parameters of the
mathematical representation of the moment-rotation curve to the geometrical and mechanical
properties of the rack joint, is proposed in [Prabha et al., 2010]. The main disadvantage of this
method is that it is applicable to joints whose characteristics match those used to generate the
empirical formulations.

On the contrary, mechanical models can be applied to any kind of connections because they
represent the joint by using a combination of rigid and flexible springs, which are modeled by
means of force-displacement relationships obtained from concepts of elastic structural analysis and
empirical formulations. Mechanical models, based on the application of this approach “Component
Method” [EN 1993-1-8, 2005 and Faella et al., 2000], used to describe steel traditional beam-to-
column joints are developed in [Jaspart, 2000, Lima et al., 2004, Silva et al., 2002 and Silva et al.,
2004]. Mechanical models for boltless rack connections are developed in [Sleczka and Kozlowski,
2007 and Zhao et al., 2017]. The drawback of these models is that they cannot be used in the
evaluation of the effect of the connections on the structural response of the whole frame structure.
Numerical models can be divided into two categories: explicit macroscopic models and implicit
models [Mitra, 2007].

In explicit models the inelastic mechanism governing the joint behavior is modeled by means of a
combination of elements, which represent the sources of the strength and deformation. These
models, with an adequate calibration, offer the greatest potential for accurately simulating the non-
linear response of joints showing the influence of geometrical and mechanical component features
on their collapse mode [Markazi et al. 2001]. In [Bajoria and Talikoti, 2006] results of experimental
tests on rack connections using both a cantilever and a double cantilever testing method were
compared with those obtained through three-dimensional non-linear Finite Element (FE) models,
obtained results were found to match well with the full scale frame tests. The effect of the upright
behavior on the moment-curvature relation has been analysed in [Markazi et al., 2001], whereas the
effect of the number of tabs and beam’s depth has been investigated in [Shah et al., 2016 (a)],
managing to capture the tearing of column slots due to tabs. In [Zaharia and Dubina, 1997] an
experimental research program aiming to evaluate the semi-rigid behavior of some typical bolted
connections, used in CFS plane truss joints, was carried out and a numerical analysis of this type of
connections was developed to demonstrate the improvement of load capacity in comparison with
the classical pinned connection assumption.

Explicit numerical models are the most suitable tool to investigate the response of a joint. They are
used to overcome the lack of experimental results, to understand local effects and to generate
extensive parametric studies. Their drawbacks are the large data set required for their calibration
and difficult implementation in commercial software; moreover, these analyses are computationally
expensive.

Implicit models are a tool to account for the actual structural response of joints in estimating the
inelastic response of structures. These models are based on the curve fitting so that they are able to
represent only the behavior of joints without providing information about the influence of their
details. Implicit models introduce springs at the intersection of the beam and column elements to
represent the stiffness and strength loss due to the joint damage [Borghini et al., 2016]. The
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rotational joint behavior can be approximated through different relationships and levels of
precision: from linear [EN 15512, 2009] to non-linear moment-rotation curves [Baldassino and
Bernuzzi, 2000 and Abdel-Jaber et al., 2005]. The main advantage of an implicit model is its
simplicity and easy implementation in commercial FE non-linear analysis packages currently
available in engineering offices; while, the primary disadvantage is its calibration to provide an
accurate simulation of the joint response. Referring to CFS joints, which exhibit a pinched cyclic
response, the ultimate goal is the calibration of their hysteresis loop, because traditional elastic-
plastic or other common hysteresis models are not appropriate. To describe the pinching in the
hysteresis loop of CFS members, the Pinching4 model [Mitra, 2012] has been recently developed
providing reliable results [Peterman et al., 2014 and Shen et al., 2013]. The drawback of this
numerical model is the great number of parameters to be calibrated, that can be obtained only after
cyclic experimental tests. This model is based on the curve fitting so that it is able to represent only
the cyclic behavior of specimens for which experimental tests are available. It is worth mentioning
that the approximate typical Pivot-model [Dowel et al., 1998] has already been used in a numerical
study of racks [Haque and Alam, 2015 and Bernuzzi and Simoncelli, 2016]. Nevertheless, it can be
unsafe to describe the cyclic response of joints which exhibit high pronounced pinching in their
hysteresis loops.

1.3 Objective and Scope

The project is motivated by the high complexity of rack connections, translated in the lack of design
guidelines to theoretically evaluate their structural response and to estimate their influence on the
performance of rack systems. The objectives of this PhD project are:

(a) to accurately investigate the structural behavior or rack connections;

(b) to analytically evaluate the non-linear moment-rotation curve of typical rack beam-to-column
joints and to identify the effects on connection response due to connection members (beam, beam-
end weld, connector and column);

(c) to estimate the propagation of the uncertainty in component geometry and mechanical properties
to the connection response, and then to ensure reliability of rack joints;

(d) to capture the influence of rack connections on the non-linear dynamic seismic response of
industrial steel storage pallet racking systems.

1.4 Methodology and Outline

The objectives of this Thesis are achieved as follows:

(a) in order to gain an understanding of the structural behavior of rack connections, full-scale beam-
to-column joints were experimentally tested through the single cantilever testing method, under
monotonic and cyclic loads (Chapter: “Experimental Campaign”);

(b) a mechanical model base on the Component Method is developed to theoretically evaluate the
initial elastic rotational stiffness and ultimate moment of rack joints. The proposed mechanical
model allows to the influence of rack components on the joint response to be estimated. Moreover,
an analytical equation is proposed to predict the non-linear moment-rotation curve of rack joints
(Chapter: “Theoretical Analysis™);

(c) Monte Carlo simulation of several rack connection assemblies is developed adopting the
proposed mechanical model to simulate their structural response, and random values to simulate the
effect of the variability in mechanical and geometric features (Chapter: “Theoretical Analysis™);

(d) an implicit FE numerical model, defined by the knowledge of the non-linear monotonic
moment-rotation curve obtained thorough the proposed mechanical model is developed. The FE
model is capable to describe the cyclic elasto-plastic behavior of rack beam-to-column joints and
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can be easily implemented in commercial software. For a deeper understanding of the effects of
pinching in the seismic response and to highlight the potentiality of the proposed model a rack
system is modeled using two numerical approaches which differ in the deterioration of the
rotational stiffness of joints. Non-linear dynamic analyses, with simulated ground acceleration time-
histories, have been carried and compared (Chapter: “FE Model”).






2 EXPERIMENTAL CAMPAIGN

In order to evaluate the moment-rotation curve of rack connections and to assess the influence of
different structural details on its mechanical behavior, a suite of full-scale connections are tested at
the Structures and Material Testing Laboratory (SMTL) of the University of Florence. Results of
monotonic and cyclic tests on four different types of industrial rack joints are herein presented and
compared. Tested connections differ in the number of tabs and the relative thickness between
upright and connector. Moreover, they differ from one another for the type of connector, which is
obtained by folding the beam-end or is welded to the beam-end section. A peculiar aspect of the
experimental campaign is represented by the investigation of the welding layout between the beam-
end section and the connector and its influence on the structural response and failure mechanism of
joints. In fact, producers of steel pallet racks are interested in minimizing the total length of welding
for time efficiency and cost saving. Finally, some joints are equipped with additional bolts to
evaluate their influence on the bearing capacity, initial rotational elastic stiffness, ductility and
dissipated energy per cycle.

2.1 Tested connections

The behavior of four different types of beam-to- column connections, in the following named A, B,
C and D, are investigated experimentally. In all tested connections, the beam has a hollow
rectangular cross section (height/base/thickness =130/50/2 mm, named 1352), while the upright has
a perforated open section (height/base/thickness=100/130/2.5 mm, named 130/250), whose ultimate
capacity has been investigate through experimental tests in [Orlando et al., 2017 and Bertocci et al.,
2017] under compression and bending with the assessment of its strength domains.

The type A connection has a four-tab connector, 4 mm thick (M4f), which is obtained directly from
the beam by folding its end. Type B, C and D connections are characterized by the same five-tab
connector, 3.5 mm thick, (M5), but they differ from one another for welds used to join the
connector to the beam-end section.

In the type B joint, the connector is welded to the beam-end through a double-sided welding; in the
type C, it is welded all-around the beam-end section, and in the type D the connector is welded on
three sides of the beam-end section (Figure 3). Considering the couple of forces into which the
beam-column bending moment can be resolved, it results that, in the load transfer path of tested
connections, the tensile force is brought by tabs, which only works in tension, while the
compression force is transferred by direct contact between the connector flange and the column
web. In all connections, a safety clip is inserted to avoid that the connector unlocks from the upright
due to accidental impacts.

To evaluate how the cyclic response of connections changes if additional bolts are installed, some
cyclic tests are repeated after replacing the safety clip with a bolt M8 (specimens C-c2b and D-c2b
in Figure 4, Table 1) or after inserting two additional bolts M10 in front of the connector plate
(specimen D-c3bb in Figure 4).

Following steel grades are used for elements of connections: S350GD (£x=350 N/mm?) for
columns, S275JR (fx=275 N/mm?) for beams, and S235JR (f,=235 N/mm?) for connectors. For
each member of the connection (column (subscript ), beam (subscript p) and connector (subscript
c0)) three tension coupons were tested [ISO 6892-1]; the mean vyielding stress (fyi) and ultimate
stress (f,) are summarized in Table 2. Features and the loading protocol of tested connections are
listed in Table 1; Figure 5 shows a view of all connection types.
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Figure 4. Tested connections with additional bolts.

Table 1. Features of tested connections

Type  Specimen (T-In)"  Connector and welding type Load displalgc;;aelnt (d)
A-ml (M4f) monotonic 0
A A-cl folded beam-end cyclic do
A-c2 cyclic do
B-m1 (M5) monotonic 0
B B-cl double-sided welding cyclic do
B-c2 cyclic 0
C-ml (M5) monotonic 0
¢ C'Cl** all around welding cycl!c do
C-c2b cyclic d,
b D-cl (M5) cyclic do
D'CZE** three-sided welding cycl!c do
D-c3bb cyclic do




Note: ~ letter T means the type of connection, letter | means the type of load (“m” monotonic - “c” cyclic); n means the
test number. — the letter b means that a bolt has been added to the connector. bb means that two bolts have been

added to the connector.

Table 2. Material properties from coupon tests

Members
Values Beam Connector Column
Nominal Thickness [mm] t,=2 t.0c=3.5 tw =2.5
Mechanical Properties [N/mm?] fyo fup fyco fuco fyew  Tuew
451 474 282 366 416 461

C-c2b
Figure 5. Beam-column connections: type A (arrow shows the folded beam-end section), type B (arrows show the lack

of top and bottom welding), type C (arrow shows the safety clip), type D (arrow shows the lack of bottom welding), test
C-c2b (arrow shows the added bolt), test D-c2b (arrow shows the lack of bottom welding) and test D-c3bb (arrows
show two additional bolts).

2.2 Testing apparatus and loading protocol

The testing apparatus (Figure 6) has been built in accordance with [EN 15512]. Each specimen
consists of a 600 mm long column and a 600 mm long beam. The concentrated load P is applied at
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a distance of 400 mm from the column’s face. The column of each specimen is clamped at both
ends to the stiffer testing frame through bolted connections (Figure 6).
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Figure 6. The testing equipment and frame used in the SMTL of the Department of Civil and Environmental
Engineering of Florence. Photos of bolt connections between specimen and testing frame. Measurements in millimeters.

In monotonic tests, the load P is increased until the connection collapse. In all cyclic tests, with the
the displacement history of Figure 7 is applied to the structure starting from an initial imposed
displacement do (Table 1), which induces the service bending moment due to three pallets of 1200
kg mass each. Only test B-c2 started from null displacement just for comparison, obtaining similar
results. The displacement history was established according to ATC-24, which well replicates the
deformation history in an earthquake [Krawinkler, 2009]. In particular, it includes groups of three
cycles of equal amplitudes: £4d, £24d, +34d, ...,xnAd with n increased until the specimen’s failure;
the amplitude 4d has been chosen according to:

pd={%)

9mm

(1)

where d, is the displacement corresponding to the maximum bending moment in the C-ml
monotonic test. Following the approach proposed in [EN 15512], the rotation of the connection is
measured and the moment-rotation curve (M-@) is plotted.
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Figure 7. Loading history of cyclic tests.

2.3 Instrumentation

The vertical load (P in Figure 8a) and the vertical displacement of the point on the beam where it
was applied (s, in Figure 8a) were monitored by the linear variable differential transducer (LVDT)
within the testing machine. LVDTs (m; in Figure 8a) and wire-actuated encoders (s; - fi in Figure 8a)
have been connected to a computer assisted data-logging system, together with the load cell.
The rotation @, associated with the deformation of the connector is obtained as (Figure 8b):

Oy=Dy- D,
(2)
where @ is the total rotation of the connector’s end
cDcd :(31 _32)/k12
(3)
@, is the contribution due to the column’s deformation
cDc = (ms _m4)/ k34
(4)

with s; and m; the displacements measured by LVDTs and wire-actuated encoders, respectively, and
kij the distance between instruments (Figure 8a).
The rotation @, can also be obtained as (Figure 8b)

Dy=D- D~ Dy
()
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where:
d=arctanf,/L,)

(6)
is the total rotation of the section at the distance L, from the column’s face, and
PL, , xPL,
E A
(1)t = arctan M
LZ
(7)

is the contribution of the beam’s elastic deformation (in correspondence of f, LVDT position);

with: f, the vertical displacement measured by the LVDT f,, L, the distance between the LVDT f,
and the upright’s face (Figure 8a), P the load applied, E the elastic modulus of steel, J, the moment
of inertia of the beam, y the shear correction factor, G the steel shear modulus and A the cross-

section area of the beam.
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Figure 8. a) Instrumentation; b) Rotations.

2.4 Monotonic tests

Monotonic tests enable to identify main behavioral characteristics of all connection types.
The bending moment evaluated considering the undeformed configuration is equal to:
M=PL
(8)

where P is the applied load, L=400 mm is the initial distance between the point of load application
and the geometric centre O of the beam-end section (Figure 9). Nevertheless, during the test, the
loading actuator rotates by an angle a, so the bending moment M;, evaluated with respect to the
initial position of O, considering the deformed configuration is:

M, = PL
(9)

where L’ is the distance between the inclined axis of action of P and O (Figure 9).
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Figure 9. a) Deformed specimen; b) Scheme of deformed configuration.
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Results are presented in non-dimensional form: bending moments M and M; have been
adimensionalized with respect to the beam’s plastic moment M, according to EC3 [EN 1993-1-8,
2005], which has been evaluated using the design yield strength of the steel used for the beam (fyq =

(10)
while the non-dimensional rotation of the beam-end connector ¢, has been evaluated according to
[EN 1993-1-8, 2005] as:

@ EJ
¢b = i ! 1
LbM p.b

(11)

where E is the elastic modulus of steel, J, is the moment of inertia of the beam, L;, is the length of
the beam used in the rack system (2700 mm, as indicated by the manufacturer) and @ is the
dimensional rotation of the beam-end connector (5).

Figure 10 shows non-dimensional moment-rotation curves m-¢, and mi-¢y, of tested joints under
monotonic loading, with the boundaries for semi-rigid joints in accordance with [EN 1993-1-8,
2005]. In particular, referring to their initial elastic branch, tested joints can be considered semi-
rigid joints with reference to the stiffness, and partial-strength joints for the resistance, showing an
ultimate bending moment = 0,65 M, for connection type A and ~ 0,9 M, for connections type B
and C.

In Table 3 maximum differences between m and m; are listed; for all connection types the
maximum difference is only 5.4%, so differences between m and m; may be neglected.

1 [ ‘ B-ml C-ml
09 b T T 1352 M connector |
e ~ = b 1
0.8 / /,//’ \\\\ <> ‘\\ ]
/ . - \\ N ‘.\ of | % || T 1352°S connector
S07 7 [
o= VY. ?
£ / ‘
£ 06
= A-ml
c
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c -
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e 1
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0 ——m, C-m1
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0 1 2 3 4 5 6
b,
Figure 10. Non-dimensional moment-rotation curves of monotonic tests. See Table 1 for the type and designation of
specimens.

16



Table 3. Maximum percentage difference between m and m;.

Type of connection” Type A Type B Type C
max[(m1-m)/m] 5.4% 4.2% 4.3%

*Monotonic tests on Type D specimens have not been performed.

The flexural resistance is greater in type B and type C specimens than in type A. The difference is
mainly due to the greater number of tabs in type B and C connectors, which also give a higher lever
arm (Figure 3).

Moreover, moment-rotation curves of tested connectors exhibited a different post-elastic branch.
For both B and C types, the collapse was almost brittle: it was associated to the failure of welding in
the type B, and of tabs in the type C, where an adequate welding all around the beam-end section
allows maximum bending moment and rotation to be moderately increased. Vice versa, in the type
A specimen, the rotation ¢, of the connector’s end achieved higher values, thanks to the high
deformation of the folded beam-end which forms the connector (Figure 5); in the type A connection,
the failure was associated to the punching of the upright steel plate at the slots, due to connector
tabs (Figure 11),

The failure mode and the ultimate flexural resistance of connections depend on the weakest
component of the joint; moreover, results underline that the collapse of the connector mainly
depends on the relative thickness of upright and connector, and on their steel grade.

In the type B connection the weakest element is the welding of the beam-end section; in the type C,
thanks to the welding all around the beam-end section, the weakest component is given by tabs; in
the type A (Figure 3), where the thickness of tabs increases from 3.5 to 4 mm, the weakest
component is the upright.

A=-ml1 B-ml C-ml

Figure 11. Different failure modes of connections (A type, punching of the upright plate - B type, fracture of welding -
C type, yielding of tabs).

The total non-dimensional rotation development ¢ of the section at the distance L,, the development
¢y of the connector’s rotation, the development ¢. of the column’s rotation and the development ¢;
of the beam’s rotation versus the non-dimensional bending moment m are shown in Figure 12. An
appraisal of the contribution on the global joint rotation can be observed in Figure 13, where the

. ) ) ) .
ratios Eb EC and Et are presented versus m. Plotted curves confirm that the column

contribution is limited, not greater that 25%, and the beam contribution is almost zero, so the
overall rotation of the joint is mainly due to the contribution of the connector’s deformation.
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Figure 12. Development of joint rotation components (the total rotation ¢ is evaluated at the distance L,).

See Table 1 for the type and designation of specimens.
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Figure 13. Contributions to joint rotation.

See Table 1 for the type of specimen.
2.5 Cyclic tests

The non-dimensional moment-rotation curves obtained applying the loading history shown in
(Figure 7) are reported in Figure 14. It should be noted that the form of hysteresis loops is
influenced by the number of cycles; the maximum bending moment in the first cycle of each group
is greater than in subsequent two cycles, because of the degradation undergone by the connector
device.

For each connection, the backbone curve, derived from the cyclic load-displacement curve by
drawing a line between consecutive peak points of each primary cycle, fits the monotonic moment-
rotation curve, larger differences are obtained for the connection of specimen B-c1, characterised by
a weakest double-sided welding between the beam-end section and the connector.

In all connection types, a degradation of the peak moment can be observed in the second and third
cycle of each group of cycles; the same holds for the dissipated energy per cycle, as clearly
highlighted by the cumulated dissipated energy; see diagram in Figure 15 and percentage values of
dissipated energy in Table 4.

Tabs show the same structural response under hogging and sagging moment as highlighted by the
symmetry of the moment-rotation curve; moreover, the unloading branch has the same slope of the
initial elastic branch of the first cycle.

19



Type A

1 1 Type B
0.5 . — 05
0 ] g 0
0.5 —Test A-c1 || B R R 5 7 < I f— Test B-c1 ||
— Test A-m1 —Test B-m1
-1 ; ; -1 ‘ ‘
-3 -2 -1 0 1 2 3 -3 -2 -1 0 1 2 3
oy %
’ Type C 1 Type D
/—-———\\ e
0.5 0.5
O ¥ 00 g 0
-0.5 -—--Test C-¢c1 || -0.5 - Test D-¢1 ||
‘ —Test C-m1 —Test C-m1
_1 L T T _1 T T
-3 -2 -1 0 1 2 3 -3 -2 -1 0 1 2 3
o, P
Type A - Type B - Type C - Type D
1
0.8 i
0.6
0.4
0.2
g 0
02 ~4
-0.4
-0.6 o —Test A-c1 |
D e T Test B-c1
-0.8 ----Test C-c1||
e Tagt D-c1
I3 2 -1 0 1 2 3

b

Figure 14. Non-dimensional moment-rotation curves (with the contribution of the connector’s deformation only).
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Figure 15. Cumulated dissipated energy in the first ten cycles.
Table 4. Degradation of the energy dissipation capabilities in each group of cycles.
(EE)/E;
Reference cycle Cycle
Test A-cl Test B-c1 Test C-cl Test D-c1
(i) ()

1 2" 57.2% 50.2% 53.9% 53.4%

3" 53.7% 45.1% 49.4% 48.9%

4th 5" 68.5% 65.9% 79.4% 78.6%

6" 59.6% 59.3% 59.7% 59.1%

i g" 77.4% 82.6% 74.8% 74.1%

9" 64.4% 72.1% 59.5% 58.9%

In cyclic tests ultimate rotations and bending moments assume lower values than in monotonic tests
(Table 5 and Figure 14). The failure mode of type B connectors is the same of monotonic tests, as it
is governed by the premature failure of welding (Figure 16). In type A, C and D specimens, lower
values of ultimate rotations and moments than monotonic tests are due to the premature unlocking
of the connector, which is enabled by the combination of residual plastic deformations of tabs and
alternate forces in cyclic tests (hogging and sagging moment) (Figure 16).
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Table 5. Values and comparisons among non-dimensional moment and connector rotation.

Load Monotonic (i) Cyclic (j) Monotonic (i) Cyclic (j) Monotonic (i) Cyclic (j)
Test A-ml A-cl A-c2 B-m1 B-cl B-c2 C-ml C-cl D-cl
M max 0,65 0,50 0,48 0,88 0,80 0,75 0,89 0,78 0,74
b max 5,01 1,79 1,84 2,91 2,04 1,80 3,17 1,86 1,87
(m;-m;)/m; Type A -24,2% -26,3% Type B -88% -142% TypeC-D  -13,1% -16,8%

(do- 0o i) Do Type A -64,2% -63,3% Type B -29,9% -383%  TypeC-D  -413% -41,0%

Figure 16. Different failure modes: unlocking of the connector (type A), fracture of the welding (type B), unlocking of
the connector (type C) and unlocking of the connector (type D).

On the base of results of cyclic tests (Table 5), the seismic design of pallet rack structures through
non-linear static analyses with increasing horizontal loads (pushover analyses) could be on the
unsafe side, as they do not allow for the cyclic degradation of connections and their reduced cyclic
deformation capability to be taken into account. On the contrary, a reliable evaluation of the seismic
response of these structures requires dynamic non-linear analyses, using a reliable approximation of
the actual cyclic moment-rotation curve of rack joints.

2.6 Cyclic tests with additional bolts

Results of those cyclic tests, where the connector unlocked from the upright, suggested to carry out
additional cyclic tests after modifying some joints by replacing the safety clip with an additional
bolt (C-c2b and D-c2b specimens) or installing two additional bolts on the front plate of the
connector (D-c3bb specimen). In Figure 17 non-dimensional bending moment-rotation curves of
specimens belonging to the same connection type (C and D) are compared. It is evident that the
additional bolt does not change the structural response of the joint, since neither the moment-
rotation curve nor the ultimate moment vary significantly (Table 6). Main consequences of
preventing the connector’s unlocking through the additional bolt are a higher ultimate rotation
(Table 6) and a different failure mode, which is due to the collapse of tabs (Figure 18) like in
monotonic tests and not to the connector’s unlocking.

The installation of two additional bolts on the front plate of the connector (D-c3bb specimen, Figure
5) modifies considerably the moment-rotation curve, as the pinching disappears and is substituted
by reloading branches with higher stiffness. Bolts make the connection more resistant and stiffer, so
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a higher ultimate moment is achieved at a smaller rotation (Table 6); the weakest element of the
connection becomes the welding of the beam-end section (Figure 18).

Table 6. Cyclic non-dimensional moments and connector rotations and comparison with monotonic results.

monotonic test (i)

cyclic test (j)

C-ml C-cl D-c1 C-c2b D-c2b D-c3bb
M max 0,89 0,78 0,74 0,71 0,70 0,95
b max 3,17 1,86 1,87 3,19 3,27 2,24
(mj-m;)/m; -13,1% -16,8% -20,2% -22,0% 6,0%
(doj- doi)/ dpi  -41,3% -41,0% 0,8% 33% -29,4%
Type C Type D
1 1
0.5 0.5
£ Of—i— P o S - E 0
/ /4 / / -------- Test C-c2b - Test D-c2b
“0.57 ke A4 —TestC-c1 | -0.5 —TestD-c1 |
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B S 0 1 2 3 1 2 3
9
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-0.5 4 — Test D-c3bb || 0.5t e Test D-c2b ||
% Test C-m1 ; : —— Test D-c3bb
L S S 0 1 2 3 L R S 0 1 2 3
9 %

D-c2b

Figure 18. Different failure modes: Failure of tabs (type C - test C-c2b with one additional bolt), failure of tabs (type D
- test D-c2b with one additional bolt) and fracture of the welding (type D - test D-c3bb with two additional bolts).
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Differently from several literature cases [Bernuzzi and Castiglioni, 2001 and Aguirre, 2005] , where
reloading branches are characterised by a gap horizontal line (zero moment) which increases as long
as loading cycles increase, in tested connections the reloading branch starts when the rotation is
reversed. The gap effect is a result of the yielding of tabs and their residual deformations [Aguirre,
2005], which is limited by internal tabs in tested connections (Figure 19). External tabs are distant
from the connector’s centre of rotation, so they are characterized by high stresses and residual
plastic deformations, while internal tabs are close to the centre of rotation, so they remain in the
elastic field and provide stiffness during the reloading phase (Figure 20). When all tabs start to
perform in tension stress, the bending moment-rotation curve fits the monotonic one. The gap
increases when the backbone curve is characterised by a softening branch due to the failure of
external tabs and internal tabs plasticize. Internal tabs of connectors increase the stiffness of
reloading branches and as a consequence reduce the pinching phenomenon, so that they allow for a
greater dissipation of hysteretic energy.

+
external tabs =z - A
A\ 1 il -

N LY
\ —-_‘_--_-———-_
. >
i

AW internal tabs

Figure 19. Deformations of C type connection, in correspondence of the zero load level after several hysteresis cycles.
External tabs are characterized by plastic deformations; internal tabs remain in the elastic field.
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Figure 20. Comparison of groups of cycles for C-c2b test.

25



Regarding the cumulated dissipated energy per cycle (see diagram in Figure 21), it is evident that
bolts increase the dissipated energy. Particularly, the installation of two additional bolts in the
specimen D-c3bb reduces the degradation of the dissipation capability in each group of cycles
(Table 7). On the basis of these considerations can be concluded that, by simply bolting the beam-
end connectors to the uprights, it is possible to increase the structural response of rack joints. Bolted
moment connections may represent a cost-effective alternative to "~“tab connectors".

Dissipated Energy

5
o
45 - 5
o .
4| ’ < -
|II|II o -
IIIIII o o )
3 5 I I|_Il N ( ko
. o w RSy \
_ /.Lc:,'
3 o 7 \
2 25 o] 5 5
\ . L A
||I - /U
2 II|I III n] - ) : ' W ° |
0 @ af °
i N s \ ® i
o [ < @/ IIII|
1.5 B TS ° 7
\{i;?"ﬁ |
o 7 | |
1 - 5
o 3,, ——&— Test C-c1
/_,.,C ——&—— Test C-c2b
0.5 fﬁ ---©O-- TestD-c1 H
L S - TestD-c2b
@g .0 TestD-c3bb
0(&—"—'5)" i | T T
2 4 6 8 10 12 14 16 18 20
cycle
Figure 21. Cumulated dissipated energy.
Table 7. Degradation of the energy dissipation capabilities in each group of cycles.
Reference cycle Cycle (E-E)/E
0 (0 Type C (C-c2b) Type D (D-c2b) Type D (D-c3bb)
1 2" 63.3% 61.1% 63.1%
3" 61.5% 52.9% 59.6%
4t 5 84.9% 87.4% 86.9%
6" 73.6% 71.1% 78.5%
7th g" 81.3% 82.8% 96.7%
9" 71.4% 73.4% 90.7%
10 11" 84.8% 85.4% 101.8%
12" 66.8% 69.4% 95.5%
13" 14" 81.2% 82.1% 90.4%
15" 64.8% 68.2% 66.1%
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With reference to Table 4 and Table 7, because of the slippage phenomenon [Gilbert and
Rasmussen, 2010], the degradation of the energy dissipation in the first group of cycles is greater
than in subsequent groups of cycles. More precisely, in the first cycle, tabs and bolts start to cut the
steel web of the upright (Figure 22), while in the second cycle a slippage occurs due to the sliding
of tabs (and nuts in joints with additional bolts) in the upright’s holes.

Non dimesional mioment rotation curve

0.5 ‘ second cycle D-c2bb ‘ .

0.4 second cycle D-c3bb i

0.3 first cycle D-c2bb ‘ / 4

0.2 first cycle D-c3bb =
S
0.1 -
or - -
01 - slippage phenomenon Test D-c3bb .
0.2~ / slippage phenomenon Test D-c2b — TestD-c2b H
Test D-c3bb
\ | \ | \ | \ \
-0.2 -0.1 0 0.1 0.2 0.3 0.4 0.5 0.6

b
Figure 22. Slippage phenomenon (first and second loading cycles in tests D-c2bb and D-c3bb).

2.7 Summary of main results

In order to increase the knowledge about the structural behavior of rack connections, beam-to-
column connections of steel storage pallet racks have been tested under monotonic and cyclic loads.
Apart from joints where the connector is obtained by folding the beam end, all other joints have the
connector welded to the beam and they only differ from one another in the welding layout. The
comparison among experimental results, under monotonic and cyclic loading, allowed the
relationship between moment-rotation curves and structural details of each type of joints to be
identified.

Regarding to monotonic tests, the failure of joints with folded beam-end section is associated to the
punching of the upright web, because of the greater thickness of tabs with respect to the upright.
This type of joint is more deformable, with a limited ultimate moment due mainly to a lower
number of tabs and a lower lever arm.

In the other connection types, where the connector is welded to the beam-end section, the key role
of welding has been shown. In particular, in connectors with double-sided welding, the welding is
the weakest element of the joint, while in connectors with the welding extended all-around the
beam-end section, the connection failure is associated to the collapse of tabs, with higher ultimate
moments and rotations.

Results of experimental tests confirmed that the failure mode of connections depends on the
weakest component of the joint. In a connection with an adequate beam-connector welding, the
failure mode depends on the ratio between the thickness of the upright and the thickness of tabs.

In cyclic tests, for all types of tested connections, hysteresis loops of the bending moment-rotation
curve are characterized by pinching, with a reduction of the energy dissipation. Cyclic tests have
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highlighted that internal tabs, that is tabs located inside the beam height, behave differently from
external tabs, as they undergo a limited plastic deformation also for greater moments, and allow the
slope of reloading branches of hysteresis loops to be increased, with higher dissipated hysteretic
energy.

During cyclic tests, most specimens collapsed because of the pull out of tabs from upright’s slots,
with lower ultimate moments and rotations in comparison with monotonic tests.

Finally, some rack connections have been tested with additional bolts which, avoiding the
connector’s unlocking, allowed the dissipated energy and the ductility of joints to be increased. Last
results show that the use of additional bolts can represent an effective solution to improve the
seismic response of steel storage pallet racks within the context of a seismic vulnerability analysis.
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3 THEORETICAL ANALYSIS

3.1 Component Method applied to rack connections

Experimental testing is particularly useful for determining seismic performance, providing useful
information about the semi-rigid behavior and ductility of rack connections. Despite the success and
popularity of experimental testing, experimental tests can be expensive and time-consuming. Vice-
versa the designer needs a method that starting from features of the connections allows to obtain the
main characteristic of the beam-column joint to be used in structural analysis of moment resisting
frames (MRFs). Therefore current state-of-art models for steel joints are based on the Component
Method (CM) whereby a joint is modeled theoretically as an assembly of components with an
elasto-plastic or rigid force-displacement relationship.

Mechanical models based on the CM are able to evaluate the initial elastic rotational (flexural)
stiffness Siniexp and ultimate bending moment Myex (Figure 23) of the connection monotonic
moment-rotation curve. The initial rotational stiffness Siniexp IS given by the initial linear branch of
the experimental moment-rotation curve, while Myex IS chosen as the maximum value of the
moment on the same curve. Both are fundamental parameters in the design and analysis of MRFs,
such as racks, under seismic loads [Zhao et al., 2017]. Initial rotational stiffness is also critical for
determining deflection limit states under service loads which typically govern rack beam design
[Godley, 1997]. Moreover, mechanical models can be adopted to investigate the influence on
connection response due to structural details, with the aim to improve beam-column joint structural
capacity [Shah et al., 2016 (b)].

2)\+

e} tan(a)ZSini,exp | =—Experimental curve
- _ _ 0 _
Figure 23. Ultimate moment M, .., and initial flexural stiffness Sin e, Of CONNection moment-rotation experimental

curve.

The CM can be applied to any kind of connection, provided that the basic sources of strength and
deformation are properly identified and modeled [Faella et al., 2000]. The CM can be organized in
three phases. The first is to identify the components in the connection, contributing to structural
response. In the second phase each component is modeled via a force-displacement relationship.
Bilinear elasto-plastic models (defined by an initial stiffness and an ultimate strength) are used for
components that contribute to the stiffness and strength of the connection, whereas a rigid plastic
model is used for components that effect connection strength, but not stiffness. These component
models are introduced into the mechanical model of the overall connection with springs joined in
series or parallel, each with their own lever arm and axial stiffness [EN 1993-1-8, 2005]. In the last
phase, flexural strength (ultimate moment My um) and initial elastic rotational stiffness (Sininum) Of
the joint are predicted.

It is worth noting that, in the CM, components are assumed to have infinite ductility, meaning that
no predictions about the rotational capacity of the connection are made.
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In the following chapter, following the approach proposed in [Sleczka and Koztowski, 2007 and
Zhao et al., 2017], the CM is applied to the investigated rack connections with the aim to developed
a general model for the analysis of rack beam-to-column joints.

The comparison between theoretical and experimental results highlights the accuracy of the
proposed model that allows the weakest component of the joint and its failure mode to be evaluated.
The CM provides fundamental information about the influence of structural details on the joint
behavior, and it could be used in the design of rack connections to improve their structural
response.

3.2 Investigated rack connections

To evaluate the accuracy of the proposed mechanical model and to assess the influence of different
structural details on the rack connection mechanical behavior, theoretical results have been
compared with those obtained through the previous experimental tests and with results of an
experimental campaign performed on other full-scale connections, differentiated by varying
assemblies of their members, and produced by the same manufacturing company.

In particular, three rectangular tubular cross sections were adopted for the beam (Table 8), two weld
configurations between the end of the beam (beam-end section) and connector, two types of
connector and five mono-symmetric open cross-section for the column (Table 8). The as-tested
experimental configurations are shown in Table 9. Figure 24 depicts the geometric properties of the
rack connection members.

Table 8. Parameters varied in experimental testing at the University of Florence

Type Geometric properties
Member o Height [mm] Width mepi Thickness [mm]
1042 100 40 2
Beam 1242 120 40 2
1352 130 50 2
70/150 68 72 1.5
90/150 78 92 1.5
Column 110/200 84 112 2
130/200 102 132 2
130/250 102 132 2.5
M4 (4 tabs) 195 82 35
Connector M5 (5 tabs) 245 82 35
A Three-sided welding
Weld B Double-sided welding

Table 9. Rack connections tested and members used to assemble them (e Experimental Test).

Column
Beam Weld Connector 70/150 90/150 110/200  130/200  130/250
1042 A M4 . .
1242 A M5 ° ° ° °
1352 A M5 . . . .
1042 B M4
1242 B M5
1352 B M5 .
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Figure 24. Geometrical features of rack connection members.

All connections were tested by the single cantilever testing method (Figure 6). Using the quantities
defined in Figure 8a), according to [Yin et al., 2016], it is possible to experimentally determine

moment on the connection M=LP and the connection rotation @ =0, —6.,; where, 6, = 7% g
12

the total rotation of the connector and 6, = 12/::5 is the elastic rotation of the column at the level
C

of the intersection with the beam; with: h. the height of the column, E the elastic modulus of steel,

Jc the inertia moment of the column, s; and s, the horizontal displacements measured by wire-

actuated encoders placed on top and bottom of the beam-end section, and ki, is their relative

distance (Figure 8a). Testing procedures, instrumentations and detailed test results of analysed

joints can be found in [Giordano et al., 2017 and Bertocci and Comparini, 2015].

3.3 Component models

The mechanical model is established based on a set of realistic assumptions, taking advantage of the
Eurocode 3 framework for determining the theoretical load-displacement behavior of basic
components [EN 1993-1-8, 2005], as well as the theoretical model of boltless connections presented
in [Sleczka and Koztowski, 2007 and Zhao et al., 2017]. It is worth noting here that force transfer in
rack connections differs in the tension and compression zones. In the tension zone, forces are
transferred through tabs while in compression zone, force is transferred through contact between the
connector bottom flange and the column. New models are proposed to describe the structural
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response of each identified component that, considering the bending moment transfer path from the
beam to the column, can be identified in the order:

3.3.1 Weld

The weld is the component that connects the beam-end section with the connector flange (Figure
25); it has to be considered only in the evaluation of the connection resistance and it is modeled by
means of a rigid-plastic model with a resistance that can be computed by the equation (12),
assuming an elastic distribution of stresses and the welding failure at the reaching of the yield stress
in the extreme fibre.

_ M max,b
wel — hb hb yW

w'yw

3, f

(12)

where :

Mmax b IS the maximum bending moment transferred by the beam;

hy is the height of the beam;

Yw IS the distance between the welding center of area and the welding upper extreme fibre;
fywis the welding yielding tensile stress;

Jw is the inertia moment of the welds:

J, =23, (test with 1352B beam);
J, =23 +2A, (X, = X0) 2+ 3, + AL (X, = X)) (all other tests);
with:

*

1
wa — Ea'wahk:G and A\Na = awahb

1 * *
N ZEa\flbbb and A, =2a,h0

J

where:

awa IS the effective throat thickness of lateral welds;
awp IS the effective throat thickness of the upper weld;
hy is the height of the beam;

by is the width of the beam;

h" =h—2v2a,,is the effective height of the weld on the beam;

b =b- Z\anb is the effective width of the weld on the beam;

Xw IS the distance of the welding center of area from the beam bottom flange.

Xwa @nd Xyp are the distance of lateral welding center and upper welding center from the beam
bottom flange.

The failure mode of welding, observed during the tests is shown in Figure 26.
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Figure 25. Failure model of welding in stress (B type of welding).

v 7ot i
Figure 26. Failure of welding observed in test 130/250-1352B (two sided — welding).

It should be noted that the failure of the weld has been assumed considering an elastic distribution
of normal stresses and neglecting the shear force effect. For a rectangular cross-section (b=base and
h=height) under an elasto-plastic distribution of stress, the following relationship holds:

M 3(T

—\2
M_:1_Z(T_]’ where: Mand T are the effective bending moment and shear force,
p

p

f bh?

0= y4 and T, =1bh are the plastic moment and the plastic shear, with f, the yield stress of

the material and 7 the ultimate shear stress [Pozzati, 1980]. For a cantilever beam, a transversal load
- M f _bh?
_ p y

= = applied at a distance L from the fixed restraint, produces on the restrained

section the plastic moment. Assuming von Mises criterion for the evaluation of the plastic shear and
the Jourawsky formula for the evaluation of the shear stress, following expressions hold:

T, =—%bh and l:@, which, for L=4h (=400 mm, Figure 6) as in the present case, give
NE) T 4L

p
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T M _ _ .

—=0.108 and M—z0.99, therefore the reduction of the plastic moment due the shear force is
p p

negligible.

3.3.2 Beam flange in tension and in compression

In the evaluation of the connection resistance, the beam flange in tension and compression has to be
considered. The model assumed to assess the tension and compression beam flange resistance Fupy
and Fys ¢ respectively (13) is depicted in Figure 27:

be L be,c = beff,btb fy,b
(13)

where:

ty, is the thickness of the beam;

fyp is the yielding stress of the beam;
bettp 1S the width of the beam considering the tangent of the spread angle 1:x (Figure 27). In
literature [Sleczka and Kozlowski, 2007], or using analogy to column web in compression [EN
1993-1-8, 2005], a value of x=2.5 is proposed. In the present paper, besr, has been chosen equal to
the beam width. This choice allows for a good evaluation of Fyc in compression zone, where the
force is transferred by the contact between beam bottom flange and column web, and for the
evaluation of Fy; in tension zone for a weld layout type A (three-sided welding). In the case of a
welding layout type B (double-sided welding), the beam bottom flange continues to work under
compression while the tension force, relative to the beam top flange, is transferred to the connector
by the lateral beam web, whose contribution has been neglected in connections type A. If for sake
of simplicity the same angle of spread is assumed on the beam web, the Fy; of connection with a
double-sided welding can be evaluated with an adequate accuracy

~
~
- ~

] Plan Section y 4 weld toe N
Column , = N
Connector _ i i '
Beam effective width

i of the spreading
stresses p
- |
Front Section !
U /
o] A / '
N\
] /
tension zone N .
D N s
| re
| -
t o N
\ b U — L N\
compression zone )
) U S \
- L
M| |
Ll s
N T

41 \
™ double-sided welding/ 4

—~

Figure 27. The spreading of stress distribution in the beam flange (connection with a _trhree-sided welding) and in the
beam web (connection with a double-sided welding).
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3.3.3 Connector web in tension and in compression

In according to [EN 1993-1-8, 2005], the connector web resistance in the tension and compression
zone, Feowt and Feowc respectively, can be estimated by using the equation (14):

F, Feowe = @bt coleo

cowt — ' cowc eff coco 'y,co

(14)

where:
fy.co IS the yield stress of the connector;

., 1s the connector web reduction factor accounting for interaction with shear [EN 1993-1-8,

2005];
tco IS the thickness of the connector web;

befico IS the effective width of the connector web accounts for the spreading of the stresses
transmitted by the beam flange, assuming the tangent of the spreading angle 1:2.5.

The axial stiffness assumed to describe the joint component behavior modeling the connector web
in tension and compression, Kew: and Keowc respectively, is obtained by the relationship (15),
assuming an angle of 45° for the load spreading (Figure 28).

=k _ Ebt;ﬁ ,cotco

cow,t — "cow,c d
wco

(15)
where:
d, is the clear depth of the connector web;

teo IS the thickness of the connector web;
E is the steel elastic modulus;

b ., is the effective connector web width for stiffness (assuming the tangent of the spreading

€

angle 1:1).
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Figure 28. Model of connector web in tension and compression.
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3.3.4 Connector in bending

The connector bending resistance, Mcp, can be assumed equal to the plastic resistance (16) of a
cantilever beam protruding over the flange surface of the beam (Figure 29).
M, =W _f

cob = "Vplco "y,co

(16)

where:

Wiico IS the plastic section modulus of the connector;

fy.co IS the yield stress of the connector.

The initial elastic stiffness of this component can be evaluated by means of the relationship (17):

a7)

where:

F is the applied force;

o s the deflection under the force F taking into account the effects of bending and shear.

In each connection, different values of stiffness have been calculated for external slot (force is
acting in tab more distant to the beam flange) and internal slot (force is acting in tab closer to the
beam flange). The connector, in correspondence of the tabs at the level of the beam, is considered
rigid. Regarding to the compression zone, a uniform load is considered acting on the connector
bottom flange for a length of 2z, where z. is the distance between the centre of compression and the
beam bottom flange (Figure 29). The connector in bending, observed during the tests is shown in
Figure 30.

It should be noted that, in the evaluation of the connector bending resistance, a plastic distribution
of stresses has been assumed after checking that outstand elements forming the connector do not
buckle under compression. Taking into account the connector protruding over the upper beam
flange, because of forces transferred by tabs, the A outstand element (Figure 29), which belongs to
4™ class according to [EN 1993-1-1, 2005], is in tension and the B outstand element (2nOI class and
restrained by tabs) is under compression. On the contrary, taking into account the connector flange
protruding over the bottom beam flange, because of the force transferred by the contact with
column web, the B element is in tension and the A plate is in compression and could undergo local
buckling. Following the current standard code recommendation [EN 1993-1-5, 2006], the plate

co

— b
slenderness holds: A, =—"—"==0.722<0.748 and the reduction factor is p=1, with: b,=75
28.4¢e./k,
mm the appropriate width of A element, t;,,=3.5 mm the thickness of the connector, £=0.924 and
k,=1.277 the buckling factor evaluate according to [Ballio and Mazzolani, 1983] for fixed restrained
outstand element; this result shows that the A element does not buckle under compression.
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Figure 29. Model of connector in bending.

Figure 30. Deformation of the connector in bending observed in the experimental test 130/250-1352A).

3.3.5 Tabs in bending and in shear

The rotational behavior of the connection is affected by tab structural response. Tabs are in bending
moment (Phase 1, Figure 31) and the structural scheme of a cantilever beam is used to evaluate their
initial stiffness ks (18):

(18)

where:
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12 1.2 : : : :
o :( F +—F]F is the deflection of the cantilever beam at the point where the concentrated

3El  GA,
load F, exerted by the column wall, is acting;
where:

G is the steel shear modulus;
E is the steel elastic modulus;
I is the lever arm of the force F;
L . . )
| = % is the inertia moment of the cantilever beam cross section area ;

A = It'abttalb is the effective area of tab under bending moment (in Phase 1).

with:

tap the thickness of the tab;

I'wap the length of the tab shear cross section (see Figure 31).

After the bending deformation, the tab is subjected to shear stress (Phase 2, Figure 31), and the
column is in punching. This condition influences only the connection flexural resistance by means
of the ultimate shear resistance of the tab Fs(19):

F = fu,co A/,tab

ts \/5
(19)

where:
fuco IS the ultimate stress of the connector;

A\, i =t b is the effective shear area of the tab;

where:

tan the thickness of the tab;

I b is the length of the tab shear cross section (Figure 31).

Deformations of tabs, due to bending in Phase 1 and its failure mode due to the shear in Phase 2,
observed during the tests are depicted in Figure 32 a) and b) respectively. This component is active
in the tension zone of the connection.
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3.3.6 Column web in punching

Among the column components, a part of the column web in correspondence of the slots is in
punching, because of the load transferred via tabs (Figure 33). A fixed-ended beam of a span equal
to the distance between two folds of column web, loaded by the contact force F transferred by tab,
can be used to model the behavior of this component (Figure 33).
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contact area

N . tab and upright
\ N

Plan Section

Column
Connector
Beam

fension zone s
action transmitted by tabs|,

compression Zone /

action transferred by contact| ||
Q

between beam and upright

O

[ S e B e S e S e | s B e

o

1 Structural scheme

fixed-ended beam
. /
cross section (h,y, X few) /

/ column web

/" in punching

—

N

|
'\_ /‘ 1.

Tal

~

/

‘\,
r

Figure 33. Modeling of the column web in punching to evaluate its resistance and stiffness.

This component is active only in the tension zone of the connection, because the F force is
transferred by tabs which work only in tension. The component resistance depends mainly on
punching shear stress resistance of the column web F¢y, which can be obtained, considering the
analogy to bolted connections, by using the relationship (20), in according to [EN 1993-1-8, 2005].

Fovp =0.6d t.,, fu o
(20)

where:

t.,,is the thickness of the column;

f, o is the ultimate tensile stress of the column;

d.. is the perimeter of tab in contact with the column: dmy=tw+2heas (Figure 33);
where:
t..pis the thickness of the tab;

h,, is height of the tab.

The spring element modeling column web in punching has an initial elastic stiffness kew,p, given by
general rule (21):

k

cwW, p

F
o

(21)
where:
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F is the force applied to the fixed-ended beam modeling this component;

3

) :( A + lovo JF is the deflection caused by bending and shear deformation under load
4GA,,, 192EJ,,,

F

with:

G the steel shear modulus;

x the shear correction factor;

lew,p fixed-ended beam length;

E the steel elastic modulus;

Aup =ty the cross-section of the fixed-ended beam;

. :%h ts, the inertia moment of the fixed-ended beam, where hyy is height of the tab

tab-cw

J

cw

assumed equal to the width of the fixed-ended beam cross-section and t., is the thickness of
column.
The effect of punching of the column web observed during the tests is shown in Figure 34.

Figure 34. Punching of the column. Behavior shows in test 90/150-1352A.

3.3.7 Column web in bearing

The action transferred by tabs cause the column web bearing, the resistance Fewp of this component,
which is active in the tension zone of the joint (Figure 35), is evaluated, using the analogy to bolted
connections, by the equation (22) in according to [EN 1993-1-8, 2005].

ch,b = 2'50!|:u,cwhtabtcw
(22)
where:
tew IS the thickness of the column;

fucw IS the ultimate tensile stress of the column;
hiwap is the height of the tab;

f . )
a =—% js the reduction factor.

u,cw
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Figure 35. Model to determine the resistance and stiffness of column web in bearing.

The stiffness of this component ke, can be estimated by means of the equation (23), as suggested

by [EN 1993-1-8, 2005].

where:

kcw,b = 12kbkt htab fu,cw

fucw IS the ultimate tensile stress of the column;

ke=1.25 [EN 1993-1-8, 2005];
k, =15t /ds [EN 1993-1-8, 2005];
htab 1S height of the tab.

(23)

The effect of bearing of the column web observed during the tests is shown in Figure 36.
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Figure 36. Bearing of the column web (view BB Figure 35). Deformation due to the pressure acting on the column by
means of tabs. Behavior shows in test 90/150- 1242A.

3.3.8 Column web in tension and in compression
The resistance of compression part of the column web F¢ can be determined according to [EN
1993-1-8, 2005].

F,.=ab, t f

cw,cr eff ,ccw ' y,cw

where:
E is the steel elastic modulus;
tew 1S the thickness of the column;
dwe cp IS the clear depth of column web in buckling.
Several equations can be found in literature [Chen and Newlin, 1973 and Aribert et al., 1990] and in
current design provisions [AISC, 2010], to check the stability of the column web in compression. In
the present paper the buckling resistance of the column web F.yp, in compression is computed in
according to the Winter formula [\Winter, 1947].

chb = chcr 1(1_%]
' A A

1/2
/’L _ beff ,ctcw fy,cw
F

where:

E is the steel elastic modulus;
tew 1S the thickness of the column;
bettc IS the effective width for column web in compression assumed equal to the connector flange.
dwe cp IS the clear depth of column web in buckling;
fy.cw IS the yield stress of the column;
v Poisson’s ratio;
The resistance of the column web in compression F¢ used in the proposed model is obtained by
equation (24):
43



Foe =min(F

cwcb’ cwcr)

(24)
The resistance of the tensioned part of the column web (25) can be determined according to [EN
1993-1-8, 2005].

=ab b, f

eff tcw " y,cw

(25)
where:
fy.cw IS the yield stress of the column;
tw IS the thickness of the column;
o is reduction factor for interaction with shear in the column;
bettt 1S the effective width for column web in tension (assuming the tangent of the spreading angle
1:2.5).
The model of the column web subjected to tension or compression actions is depicted in Figure 37.
The axial elastic stiffness of the column web in compression pre-buckling and tension can be
evaluated by the relationships (26) and (27) respectively, in according to [EN 1993-1-8, 2005].

k Ebeff ,cew
cw,C dWC'C
(26)
where:
E is the steel elastic modulus;
tew IS the thickness of the column;
duc,c is the clear depth of the column web in compression assumed;
b efi ¢ IS the effective column width for stiffness in compression (2/5 be ).
k _ Eb;ff ,ttCW
cw,t T
dwc,t
(27)

where:
E is the steel elastic modulus;

t.,,is the thickness of the column;
d,..is the clear depth of the column web in tension;

b'eff,t is the effective column width for stiffness in tension (assuming the tangent of the spreading
angle 1:1).

The load spreading angle in tension zone for stiffness calculation was assumed equal to the length
of the zone where load from punching is acting and considering the tangent of the spreading angle
1:1, until the greater stiffness of column provided by its folds (Figure 37).

The local buckling of column web, in compression, observed during the tests is shown in Figure 38.
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3.3.9 Column web in shear

For external connection, characterised by one-sided bending moment acting from the beam, like the
specimens of the case study, the contribution on the connection stiffness and flexural resistance of
the shear deformation of panel zone has to be taken into account. The resistance of panel zone in
shear is given by (28):

foA
Fws — y,cw © e ,net
cw, \/5
(28)
where:
fy.cw IS the yield stress of the column;

Avcnet IS the net shear area of the column: equal to the gross shear area excluding the width of slots;
The stiffness of panel zone in shear can be assumed by means of equation (29):

3 0,38E
A\IC A\/c,net
(29)
where:
E is the steel elastic modulus;

Avc = lues tew IS the gross shear area of the column, with Iy s is the length of the column web and
t.,, is the thickness of the column;

Avcnet IS the net shear area of the column: equal to the gross shear area excluding the width of slots;
Zhl and th are the total height of the gross shear area A, and of the net shear area Acnet
respectively.

The model adopted for the column web in shear is shown in Figure 39. The column web in shear,
observed during the tests is shown in Figure 40.
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Figure 40. Deformation of the column web in shear observed in the experimental test 70/150-1242A.
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The relationships for the initial stiffness and an ultimate strength implemented in the CM are
1onship g
reported in Table 10.
Table 10. Ultimate flexural strength and initial stiffness of contributing rack connection components.
Member Component Model Ultimate Strength Initial Stiffness
- J,f
rigid- wyw
Weld a Weld : el ————— 0
plastic hb Y.,
Beam flange rigid- _
b tension zone plastic Foro = beﬁlbtb fylb *
Beam flange rigid-
b com;);ﬁzslon lastic Fore =Dt oty Typ o
Beam Connectorweb elasto- £ _  p ¢ ¢ K EDe coteo
tension zone plastic cowt ~ “Fco™eff cotco Ty,co cowt T
wco
Connector web Eb. t
. elasto- _ ff |
Ccompression o i Foone = Ocolett coleo Fy o Keowe = 3 0
zZone wco
Connector in elasto- k=—; i 13
d bending olastic Meop :Wpl,co fy,co o, g i ) 12, 12,
tension zone 3EJ), B, 2 2 GA, Gﬂto
Connector in B 1
bending elasto- _ - 3
d compression plastic Meop =Woico leCO (2z,) + 1.2(z,)
zone 8EJ, GA,
. 1
Tabs in f k =— -
e bending and in E:Zitt?é Fo= %Altab - 12 L L2l
shear 3 3EI GAV
K _ 1
Columnweb in  elasto- _ ow.p 3
connector. ¢ punching plastic Fowp =0. 6 tew fu ow Zlcw,p low, p
4GA§W‘p 192EJ ow,p
Column web elasto- _ —
g bearlng plastlc FCW,b - 2'5de,CWhtathW kCWb _12kbkthtab fU,CW
Column web in Eb. t
. elasto- Bt ttew
h  tension lastic =y Loy Ty o o =g
we,t
min:
. 1 0.22 .
Column web in F.,=F 1-—
h  compression elasto- " cw’c{/l( A H k = EDe Lo
plastic cw.c
ch,cr - abeff ctcw fy cw wee
. 0,38E
. Columnwebin  elasto- _ y,ch/c,net h h
Column i shear plastic Fous = J3 Z Z 2
A\IC A\/c,net
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3.4 Evaluation of rack connection mechanical features

3.4.1 Ultimate moment

A sketch of the mechanical model to predict the flexural resistance of a rack connection with a M5
connector (five tabs, as shown in Figure 3) is shown in Figure 41 a) as an example.

Springs representing the behavior of the components of the weld (weld type a, as shown in Table
10) and of the beam (b, c) are located at the level of the beam flanges. The springs representing the
connector components (d, e, f, g, h) are located at the level of tabs in tension zone, and at the centre
of compression in compression (denoted CC in Figure 41 a)) zone. The lever arm of the spring
representing the column web in shear (i) is equal to the distance from the centre of compression and
the point of the application of the reaction force in tension zone. The centre of rotation (denoted CR
in Figure 41 a)) is assumed at the level of beam bottom flange.

The weakest component governs the resistance of each row, so that the model can be modified into
the model of Figure 41b), where:

F = min(F ; F ; F : Fts) and I:weakest,beam = min(Fcow,i ; be,i) '

weakest cw,p? " cwb " cwt?

The ultimate behavior of connection is described assuming the plastic distribution of internal forces.
From condition of equilibrium, the reaction in compression zone Z <F_, . is equal to the sum of
plastic forces Fyeakest acCting in each tension row. The flexural resistance of connector protruding

over the flange surface of the beam M., cannot be exceeded; and so the distance of the centre of
compression from the centre of rotation z., can be determined from equation (30):

(30)

where:

Z is the reaction force in compression zone;

Mco s IS the flexural resistance of connector;

Founded the centre of compression, the plastic flexural resistance of the connection My num can be
predicted by using equation

(31):

Mu,num = min(Fwel hb = Mu,weld ; Fweakest,beamhb = Mu,beam; Fweakestzhi + Mco,b = Mu,connector; ch,szeq = Mu,panel]
(31)

where:

Muweld IS the ultimate bending moment of the weld;

My peam IS the ultimate bending moment of the beam;

Mu.comnector 1S the ultimate bending moment of the connector;

Mu,panel 1S the ultimate bending moment of the column panel;

h; is the distance of i tension component (i=1:4) from the centre of rotation at the bottom flange of
beam-end section;

Zeq IS the equivalent lever arm.

The flexural resistance of upper part of connector should be checked; when the bending moment
generated by forces acting in upper rows is greater than the value of the flexural resistance of
connector Mg, p, these forces have to be reduced to a value of yFyeakest in Order to satisfy moment
equilibrium.
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Figure 41. Mechanical model to predict the flexural resistance.

The proposed model can predict the connection ultimate moment with accuracy when the failure is
produced by one of the joint member in series (beam, weld or column), even if they were not
infinite ductile. While, if the connection failure is related to the connector member, the assumption
of a plastic distribution of forces requires that all connector components are ductile, because they
work in parallel; nevertheless, experimental tests showed that this hypothesis for the connector
components is acceptable.

3.4.2 |Initial elastic rotational stiffness

The mechanical model used to predict the initial rotational stiffness of the same connection type is
shown in Figure 42.

. . kt kcw P kcw b kcw,t kc
rigid element\ J\(/\ AN /\_/\/\/ AN
kcow,t N ki ] wp cw,b kcw,t VNS
A/\ /\/\_Nl;\/\_/\ ](A/\—/Y\/\_K]{\/¥ ,,,,,,,
\ 3 cW,p cw,t
h, X o #\/k/t\/u\/\/b\(/\/%/\/ 7777777
\\k
\ ’4 S cW.p cw,t
Y AL S A AN AN AN A L ,
S /k kco,S kcw,c ,,,,,,, ¢
Keow.c VAN S'e O O OO C
rigid element ; rigid element

Figure 42. Mechanical model to predict the rotational stiffness.

The procedure to evaluate the rotational stiffness is depicted in Figure 43 a). The first step is the
computation of effective stiffness kesrr (32) of each row (r=1:5) from the stiffness of each
component (j=1:5) Figure 43 b).

1

51
2 -

j=1

Keff,r =

(32)
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By means of the equation of equilibrium to the translation (33), the prediction of the equivalent
overall stiffness keq (34) in tension (r=1:4) (Figure 43 c) can be obtained:

4 4
Z kef‘f,rsr = Zkeﬁ'rhr(/? - keqheq(p

r=1 r=1

(33)

4

z keﬁ ,rhr

k . r=1

eq h

€q

(34)

where:

sy is the displacement in correspondence of the equivalent overall stiffness point;

¢ is the angle of rotation of the connector assumed like a rigid element;

hy is the distance between row r and the centre of rotation;

Kefr,r 1S the effective stiffness coefficient for row r taking into account the stiffness coefficients Kk,
for the basic components;

heq is the equivalent distance from the centre of rotation: h,, =z,, —Z.;

where z¢q is the equivalent lever arm, that, by means of the equation of equilibrium to the rotation
(35) can be obtained by the equation (36):

4 4
Z keff,rsrzr = z keﬁ,rhrgozr = keqhquozeq
r=1

r=1

(35)
4 4
zkeﬁ rhr Zr zkeﬁ rhr Zr
7 — r=1 — r=1
eq 4
keqheq zkeﬁ rhr
r=1
(36)

where:
z, is the lever arm of the component on r row: Z, =h, +Z;

The last phase is to change the springs with axial stiffness into one spring with rotational stiffness
Sn (Figure 43 d) e), equation (37).

2

S, = Zzlznl (with n=1:3)

(37)

The prediction of the initial stiffness Sininum Of the whole model (Figure 43 f) can be obtained by the
relationship (38):

S =l

ini,num 3 l

(38)
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It is interesting to notice how, assuming the centre of rotation coincident with the centre of
compression (C.R. = C.C.), the equations become those reported in [EN 1993-1-8, 2005].
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Figure 43. Procedure to evaluate the initial elastic rotational stiffness of the connections.
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3.4.3 Comparison of results

The experimental and numerical initial rotational stiffnesses, Siniexp and Sininum, respectively, are
shown in Figure 44 while the experimental and numerical ultimate flexural strengths, My e, and
My num, respectively, are shown in Figure 45.
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Figure 45. Numerical ultimate flexural strength (moment) M, num and experimental ultimate moment My exp.

The differences between the numerical and experimental results for initial rotational stiffness
((SiniYnum'Siniyexp)/Siniyexp [%]) and erXuraI resistance ((Muynum' Muyexp)/ Muyexp [%] ) are reported in
Table 11, with observed failure modes from the experimental tests (Figure 46).
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Table 11. Difference between experimental and numerical initial rotational stiffness and ultimate flexural strength of
tested rack connections (Sininum=Siniexp)/Siniexp [%0] aNd (Mynum= Myexp)/ My exp [%0] ) and observed experimental failure

mode

Stiffness Moment Failure Mode

. (Sini,num =S (M u,num M u,exp)
Connection
sini’exp M, e Member ~ Component

[%] [%]
70/150-1042A 13 -11 Connector  Column web in compression buckling
70/150-1242A 15 -13 Column Column web in shear
90/150-1042A 10 -8 Connector  Column web in compression buckling
90/150-1242A 12 -12 Connector  Column web in punching
90/150-1352A 10 -10 Connector Column web in punching
110/200-1242A 11 -12 Connector Column web in punching
110/200-1352A 12 -11 Connector Column web in punching
130/200-1242A -4 -6 Connector  Column web in punching
130/200-1352A 5 -3 Connector  Column web in punching
130/250-1352A 2 -10 Connector Tabs in shear
130/250-1352B 2 -9 Weld Collapse of weld

i) Component:Cqumn web in

shear
Test 70/150-1242A

Deformation of column in shear

h) Component: Colu

mn web in
compression
Test 90/150-1042A
Buckling of column web

11 '

f) Component: Column web in
punching
Test 90/150-1352A
Punching of column web

a) Component: Weld

e) Componnt: Tabs in shear ’
Test 130/250-1352A Test: 130/250-1352B

Failure of the tabs Failure of Weld
Figure 46. Failure modes observed in experimental tests.
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Generally, the mechanical model slightly overestimates stiffness (Figure 44) and underestimates
moment (Figure 45) but results agree. Examining connections with identical columns, increasing
the beam cross-section and the number of tabs in the connector generally increase stiffness and
moment (Figure 44 and Figure 45 ). In connections with the same beam and connector, increasing
the column cross-section the stiffness increases (Figure 44), while moment is dependent on failure
mode (Figure 45).

As the welded connection does not influence deformation at the joint, it has no impact on initial
rotational stiffness. Two-sided welds (as in test 130/250-1352B) do indeed reduce connection
flexural capacity compared to three sided welds (test 130/250-1352A). The obtained results confirm
the good agreement among the experimental data and theoretical approach

In order to classify all rack connections according to Eurocode 1993-1-8, the following ratios have
been considered:

Sy S. .
RSnum — |r;,num RSeXp — Ir;,eXp
b b
M M
RM o= u,num RM o = u,exp
M b M b

where:

Sinijpum and Siniexp are the numerical and experimental initial elastic stiffness of the connection
respectively;

Munum and Myexp are the numerical and experimental ultimate moment of the connection
respectively;

My, is the ultimate plastic moment and S, (39) the stiffness of the beam:

— E‘]b
Lb

Sy

(39)

with E the elastic modulus of steel, J, the inertia moment of the beam and L, the length of the beam
used in the rack system (2700 mm, as indicated by the manufacturer).
These ratios, for all tests, are reported in Figure 47,
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Figure 47. a) Non dimensional values of experimental and numerical stiffness. b) Non dimensional values of
experimental and numerical ultimate moment.

Obtained ratios (Figure 47) allow the connection as semi-rigid for stiffness and partial-strength joint
to respect the bending moment in according to [EN 1993-1-8, 2005] to be classified.

The proposed model checks the experimental tests regarding their failure mode and allows the
influence of the geometrical and mechanical features of each component on connection collapse to
be evaluated.

In order to support the previous observation, the ratios between the resistance values of the
connector components in tension ( Fis Fewp , Fewp and Fewy) and their maximum value (Few,tmax
founded in test 130/250-1352A) are reported in Figure 48,

It is observed that the weakest component in tension zone is the column web in punching Fewp,
when the thickness of column is 1.5 mm (70/150 and 90/150 column type, see Figure 34).
Increasing the column thickness to 2 mm the weakest component continues to be the column web in
punching but its resistance is closed to the one of tabs F; (test with 110/200 and 130/200 column
type). Fis is the weakest component when the thickness of column is 2.5 mm (test with 130/250
column type, see Figure 48).
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Figure 48. Non dimensional resistance of connector components in tension zone.

The flexural resistance of the connection My nym, IS the minimum value among the values of bending
moment related to each member: beam (Mypeam), Welding (Myweid), connector (My conector) OF cOlumn
panel (Mypaner) (31).

The ratios between ultimate moment of each components respect to their maximum value
(Muy panel,max for tests with 130/250 column type) are reported in Figure 49,

The CM approach allows a value of the ultimate moment similar to experimental one, which
depends on the component which fails during the test, to be obtained.

Mubeam @nd My weiq are related to the type of beam and welding respectively; My paner IS related to the
equivalent lever arm z¢q and the resistance of panel zone in shear, and the value of My conector IS
related to the weakest components of the connector member.

The flexural resistance of the connection is often the connector one Mycomector (Figure 49),
increasing the width of the column the probable collapse associated to the panel My panel is avoided,
the column panel collapse was obtained for the test 70/150-T1242 (Figure 40). In each case the
ultimate flexural resistance of beam Mypeam and welding Myweiq IS greater than connector one
Mu.connector, €XCept for 130/250-T1352B test (two-sided welding, Figure 26), where the collapse is
associated to the failure of welding My weid. These results were confirmed in the experimental test.
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Figure 49. Non dimensional value of the ultimate flexural resistance for each component of tested connections.

The ratios between stiffness of each component (for all test with the 1352A beam) and their
maximum value (Keowc=Kcow:) are shown in Figure 50. The biggest reduction on the joint global
stiffness is due to the bearing of the column web kewp, the tabs in bending k:s and the connector in
bending k1. Findings are confirmed by the member deformations obtained in the experimental
tests.
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Figure 50. Non dimensional values of the stiffness associated to each component (test with 1352A beam).

3.5 Connection non-linear moment-rotation curve

The proposed mechanical model allows the failure mode of rack connection and its weakest
component to be predicted; in addition the initial elastic rotational stiffness (Sininum) and ultimate
moment (Mynum) are evaluated with a good agreement. Nevertheless, it was noting that only these
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two parameters are not sufficient for an analytical representation of the non-linear moment-rotation
curve of rack connections, whose knowledge is fundamental for a reliable analysis of MRFs under
seismic force. On the basis of this consideration, an analytical procedure has been proposed with the
goal to obtain an adequate approximation of the elasto-plastic moment-rotation curve of rack joints.
The non-linear moment-rotation curve is identified by three ranges:

The first one corresponds to a linear behavior:

M=S

mi,nume
It is valid provided that the bending moment M is less than the connection elastic moment Me num.
The elastic moment M. num is evaluated by the mechanical model, evaluating the yield strength of
connection components, replacing the ultimate stress with the yield stress.

: : f : : :
The obtained equations are: F, =%§Vmb for tabs in bending and in shear;
Foupy =06d,t.,f, ., for the column web in punching and F,,,, =2.5dcf, . ht., for the column

web in bearing.

Following the previously described steps, the value of the smaller yielding strength at the connector
member is evaluated by Fcaesy = MINFy, 0y5 Fownys Foneys Fisy) -

The connection elastic moment Meum IS then obtained assuming a linear elastic distribution of
internal forces, with the value of Fyeakesty in the component longer from the centre of rotation C.R.

Taking into account the model with five tabs, Fyeakesty=F1, is the force in the component with a
distance h; from the C.R.; the elastic strength on the other components F,, with: r = 2:4, can be

. . .k, F,
obtained by using the equation: h_ = h_ :
1 r
From condition of equilibrium the elastic reaction in compression zone Z. is evaluated, and it is
equal to the sum of each elastic forces acting in each tension row.

. . . . . . M
The distance of the elastic centre of compression ze is obtained by using: z, =£_°be where:

e

=W, . f, . is the elastic flexural resistance of connector protruding over the flange surface

el,co "y,co

Mco,b,e

of the beam, with: W,, ., the elastic section modulus of the connector.
Founded the elastic centre of compression, the elastic flexural resistance of the connection Mg num

Ly

can be predicted by using equation: M, .. = (z F.h + Mw'b'e] withr =1:4

where:
hi is the distance of i tension component (i=1:4) from the C.R.

The second range is non-linear as suggested by Eurocode 3 in its Annex J (CEN 1997):

S.
M = %9 for Menum < M < My num

M
M e,num

where the coefficient E=2 is proposed for this connection typology.

Finally, the third behavioral range is assumed to be perfectly plastic i.e. M=My num.

In Figure 51 the experimental (exp) and numerical (num) curves for all tested connections are
shown. The values of elastic rotation e num, €lastic numerical moment Me nym, ultimate rotation 6, num
and ultimate numerical moment My num are identified too.
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Figure 51. Theoretical and experimental rack connection moment-rotation curves.

Results show as theoretical curves well fit the experimental ones, confirming the accuracy of the
proposed non-linear equation to approximate the elasto-plastic behavior of rack connections.

3.5.1 Summary of main results

The Component Method has been applied to evaluate the mechanical properties of steel rack
connections, in particular their initial flexural elastic stiffness and ultimate moment. The method
can be applied to any kind of connection, provided that the basic sources of strength and
deformation are properly identified and modeled. Evaluating the influence of each component on
the structural response of rack joints, the proposed approach allows the prediction of the beam-
column joint failure mode. With the goal to perform reliable seismic analyses of whole moment
resisting frame structures, an analytical non-linear equation has been proposed to approximate the
effective elasto-plastic behavior of rack beam-to-column joints. The accuracy of the proposed
mechanical model has been checked by comparison with experimental results. In conclusion, it
appears as a complementary method to expensive experimental testing required by standard codes
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and moreover it can be used to improve the structural behavior of rack connections which are
produced in long series. Finally, depending on limited geometrical data and mechanical features, the
designer can use it for a preliminary assessment of any type of rack joints.

3.6 Influence of mechanical and geometric uncertainty on rack connection structural
response

Analytical analyses have showed how the moment-rotation curve of rack connections is influenced
by several design parameters: structural properties of connection members (beam, connector, weld
and column), steel material (mechanical) properties, and geometric manufacturing details. The
propagation of uncertainty in component geometry and mechanical properties to the response of the
complete connection in terms of initial elastic flexural stiffness and ultimate moment is herein
evaluated. The proposed mechanical model based on the application of the CM is adopted to
conduct a Monte Carlo simulation of rack connections. These Monte Carlo simulations are then
used to explore the variability of connection response to more accurately assess the structural
performance of these joints. The numerical modeling is performed for all configurations Table 12,
In additional to the uncertainty quantification, a sensitivity analysis is performed to identify the
quantities influencing joint structural response. With these findings, quality control efforts could be
focused on promoting stability in statistical parameters to ensure reliability of rack joints [ Melcher
and Kala, 2003 and Gervasio et al., 2004]. Monte Carlo simulation of several models of steel rack
connections is used to assess component vs. system sensitivity [Bian et al., 2017 and Smith et al.,
2016] and to evaluate the resultant variability in the value of initial rotational stiffness and ultimate
flexural capacity from uncertainty in steel material properties and geometric manufacturing
tolerances.

Table 12. Rack connections tested and members used to assemble them (e Experimental Test, m Numerical Test).

Column

Beam Weld Connector 70/150 90/150 110/200 130/200  130/250
1042 A M4 o - m o - m n n [

1242 A M5 o - m o - m ° - ° - n

1352 A M5 n o - m o - m o - m o - m
1042 B M4 [ [ n n n

1242 B M5 [ [ [ [ [

1352 B M5 [ [ n n o - m

3.7 Probabilistic model

The current design specifications which define the allowable tolerances on geometric properties and
material properties for rack connection members are shown in Table 13. Mechanical and geometric
requirements for each rack connection member are summarized in Table 14 and Table 15
respectively.

Table 13. Design specifications.

Member Material Material Properties - Code

Beam $275JRH EN 10219-1 Cold formed welded structural hollow sections of non-alloy and fine
grain steels. Part 1: Technical delivery conditions

EN 10025-2 Hot rolled products of structural steels

Connector S235JR Part 2: Technical delivery conditions for non-alloy structural steels

EN 10346 Continuously hot-dip coated steel flat products

Column  S350GD Technical delivery conditions

Member Material Geometric Features - Code
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EN 10219-2 Cold formed welded structural hollow sections of non-alloy and fine

Beam S275JRH grain steels Part 2: Tolerances, dimensions and sectional properties

EN 10051 Continuously hot-rolled strip and plate/sheet cut from wide strip of non-

Connector  S235JR alloy and alloy steels — Tolerances on dimensions and shape

EN 10143 Continuously hot-dip coated steel sheet and strip —

Column  S350GD Tolerances on dimension and shape

Table 14. Mechanical requirements.

. . . Yield strength Tensile strength f,
Designation Nominal steel grade
J g f, [Mpa] [Mpa]
Beam 1042 — 1242 — 1352 S275JRH 275<f, 430<£,<580
Connector M4 - M5 S235JR 235<f, 360< £,<510
Column 70/150 — 90/150] S350GD 350<f, 420<f,
Column 110/200 - 130/200] S350GD 350<f, 420< f,
Column 130/250 S350GD 350<f, 420< f,
Table 15. Geometric tolerances.
Desianation Tolerance Cross-section Nominal thickness Tolerance thickness
J [%] [mm] [mm]
Beam 1042 (100x40x2) +0.8% 2 +0.2
Beam 1242 (120x40x2) +0.8% 2 +0.2
Beam 1352 (130x50x2) +0.8% 2 +0.2
Connector M4 - M5 Deterministic 3.5 +0.26
Column 70/150 - 90/150 15 +0.08
Column 110/200 - 130/200 Deterministic 2 +0.09
Column 130/250 2.5 +0.12

For beams, which are roll-formed tubular cross-sections, geometric tolerances exist for their shape
and thickness. For columns and connectors, which are stamped and folded, tolerances exist only for
thickness; due to their irregular and unusual shape, shape tolerances are assumed to be
deterministic. Table 14 and Table 15 serve as initial assumptions for the Monte Carlo simulations
performed herein.

3.7.1 Characterization of random variables

The mean (wc), coefficient of variation (Vwc) and probability distribution adopted in Monte Carlo
simulations for material properties (yielding stress fy; and ultimate stress fy;) of each connection
member (beam (subscript b), connector (subscript co), and column (subscript cw)) are reported in
Table 16. Properties of material random variables were determined through six available coupon
tests performed in accordance with [ISO 6892-1, 2009] on different steel coils used for each
member. The experimental mean stress (Mexp) and the corresponding experimental coefficient of
variation (Vexp) are reported in Table 16. This coefficient of variation was less than 0.05 for several
test sets (fyb, fun, fyew fucw). IN the judgment of the author, these coefficients of variation are not
representative of typical variability and it would have been imprudent to adopt such low values in a
study of connection uncertainty. Therefore, for those material parameters the coefficient of variation
has been set to a minimum value of 0.05.

The deterministic values for material properties (foe), used to obtain the numerical results
previously shown, can be found in Table 16. Deterministic values fper Were obtained by coupon
tests on the coil steel of rack connection members. These deterministic values, corresponding to the
experimental connection tests, differ only slightly from the mean values of the properties used in
the probabilistic analysis.
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Table 16. Values of yielding and ultimate stress [N/mm?] of rack connection member steel.

Values Beam Connector Column
Nominal Thickness [mm] t,=2 1.,=3.5 tw=1.5 tow =2 taw =2.5
MeChar[l;\(l: ;Lrig?pe ries fyb fub fyco fuco fycw fucw fycw fucw fycw fucw
Probabilistic Values
Mmc 451 471 278 374 406 454 419 480 425 469
Vve 0.10 0.05 0.05 0.05 0.05 0.05 0.05 0.05 0.11 0.08

Probability Distribution Normal Normal ~ Normal  Normal Normal Normal Normal Normal Normal Normal

Experimental Values

Hexp [N/m m?] 451 471 278 374 406 454 419 480 425 469

Vexp 0.10 0.01 0.05 0.05 0.03 003 004 005 011 0.08
Deterministic Values

foet [N/mm?] 451 474 282 366 416 461 416 460 416 461

For Monte Carlo simulations, the Young’s modulus E, was assumed normal, with Vuc=0.1, the
steel shear modulus G=E/[2(1+V)], was chosen as a dependent random variable, with v=0.3 the
Poisson’s ratio. Uniformly distributed pseudorandom values, in the ranges defined by design code
tolerances, are adopted for the member geometric parameters (Table 17).

Table 17. Ranges of geometric parameters.

Designation Range cross-section Nominal thickness Range
H=height - B=base t thickness
[mm] [mm] [mm]
Beam 1042 (100x40x2) H [99.2 - 100.8] — B [39.68 - 40.32] 2 [1.9-2.1]
Beam 1242 (120x40x2) H [119.04 - 120.96] — B [39.68 - 40.32] 2 [19-2.1]
Beam 1352 (130x50x2) H [128.96 - 131.04] — B [49.6 - 50.4] 2 [1.9-2.1]
Connector M4 — M5 Deterministic 35 [3.24 - 3.76]
Column 70/150 - 90/150 15 [1.42 - 1.58]
Column 110/200 — 130/200 Deterministic 2 [1.91-2.09]
Column 130/250 2.5 [2.38 - 2.62]

3.8 Probabilistic results

3.8.1 Rack connection flexural capacity

To characterize the stochastic response of rack connections, 10,000 samples are conducted on each
rack connection assembly in the Monte Carlo simulation (Table 12), with component material
property and geometric uncertainty as described. The difference (Mwc-Mpet)/Mpe: between the
mean from the simulations (Mwc) and the deterministic value (Mpe), for the ultimate moment of
connection with a weld type A, are reported in Table 18.

The ratio (Mmc-Mpet)/Mpet < 0 indicates detrimental system effects: the mean of the ultimate
moment is lower than the deterministic mean and therefore system effects are not beneficial. Thus,
a design that uses mean member properties to predict the flexural capacity of the rack joint will
over-estimate the mean connection ultimate moment. In connections where (Myc-Mpet)/Mpet > 0, a
design using mean member properties will under-estimate the ultimate moment of the rack joint. In
these connections, system effects increase flexural capacity. However, it should be noted that in
both cases the mean of the ultimate moment obtained by Monte Carlo simulation is very close to
deterministic one.
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Table 18. Differences (Myc-Mpet)/Mpet [%0] in the evaluation of the ultimate moment. (MC) Monte Carlo simulations,
(Det) Deterministic values.

Column
Beam Weld —Connector 20,150 90/150  110/200  130/200  130/250
1042 A M4 -1.75%  -1.49% 2.16% 2.16% -0.21%
1242 A M5 -2.80%  -1.49% 1.99% 1.99%  -0.82%
1352 A M5 -2.43%  -1.50% 2.72% 2.72% 1.22%

The mechanical model can also provide insight into connection failure mode. Flexural capacity
My num 1S the minimum of the ultimate bending moment of each member (31): the weld (My weiga for
connection with a weld type A, three sided welding, or M weiqg for connection with a weld type B,
double sided welding), the beam Mypeam, the connector My connector and the column My panel. The
mean of ultimate bending moment of each member as determined from the Monte Carlo simulation
is shown in Figure 52 for all connections along with the experimental ultimate moment My exp.
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Figure 52. Mean ultimate moments for each rack connection member (weld: My weiga My weld,s: beaM: My peam: CONNECtOT:
Mu,connector; COIUMN: M, paner) Obtained from Monte Carlo simulation and experimental ultimate moment (M exp).

It can be observed that adopting a weld type B on two sides of the beam-end section, the weld
(Mywela,s) is the weakest member and collapses (test: 110/200-1042B, 110/200-1242B, 130/200-
1042B, 130/200-1242B, 130/250-1042B, 130/250-1242B and 130/250-1352B). Otherwise (weld
type A) the failure mode is related to the weakest component of the connector (My connector)-
Regardless of weld type, in tests 70/150-1042, 90/150-1042, 90/150-1242 and 90/150-1352 failure
is due to the connector member (My connector), While in tests 70/150-1242 and 70/150-1352 the failure
is due to the collapse of the column panel (Mypanel). AS expected, in tests with the same column,
increasing the geometrical dimensions of the beam (1042 — 1352), Myweld.A, Muweld,s and My peam
result in an increase. In increasing the number of tabs in the connector (1042 — 1352), My connector
increases. Increasing the geometrical dimensions of the column (70/150 — 130/250), the mean
ultimate moment of the column panel (Mypaner) increases. Weld ultimate moment (Myweisg and
Muweld.a ) @and beam ultimate moment (M, peam) depend only on the type of beam. The most probable
weakest member and corresponding failure mode, which yield the ultimate moment of the
connection assembly, are reported in Table 19. These results are in agreement with the experimental
results (Table 11).
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Table 19. Connection members and their component with highest collapse probability.

Connection Failure Mode
Member Component

70/150-1042A Connector Column web in compression Buckling
70/150-1242A Column Column web in shear
70/150-1352A Column Column web in shear
90/150-1042A Connector Column web in compression Buckling
90/150-1242A Connector Column web in punching
90/150-1352A Connector Column web in punching
110/200-1042A Connector Column web in punching
110/200-1242A Connector Column web in punching
110/200-1352A Connector Column web in punching
130/200-1042A Connector Column web in punching
130/200-1242A Connector Column web in punching
130/200-1352A Connector Column web in punching
130/250-1042A Connector Tabs in shear
130/250-1242A Connector Tabs in shear
130/250-1352A Connector Tabs in shear
70/150-1042B Connector Column web in compression Buckling
70/150-1242B Column Column web in shear
70/150-1352B Column Column web in shear
90/150-1042B Connector Column web in compression Buckling
90/150-1242B Connector Column web in punching
90/150-1352B Connector Column web in punching
110/200-1042B Weld Collapse of weld
110/200-1242B Weld Collapse of weld
110/200-1352B Connector Column web in punching
130/200-1042B Weld Collapse of weld
130/200-1242B Weld Collapse of weld
130/200-1352B Connector Column web in punching
130/250-1042B Weld Collapse of weld
130/250-1242B Weld Collapse of weld
130/250-1352B Weld Collapse of weld

The discussion above is based on comparing the mean flexural capacities of the members. In any
individual MC simulation, however, the failure mode may differ from that predicted by the mean.
In order to illustrate the change in failure mode that occurs from the combination of the random
variables, the percentage of failure mode for all rack connections is shown in Figure 53 and Figure
54, connections with weld type A and type B respectively.
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Figure 54. Distribution of failure modes (configurations with weld type B).

The difference between the mean ultimate moment of connections with weld type B (Mynumg) and
the mean ultimate moment of connections with weld type A (Mynum,a), IS shown in Table 20.

Table 20. Difference (Mynums-Munuma)Munuma) [%] in the mean ultimate moment.

Column 70 v 70 9 9 90 110 110 110 130 130 130 130 130 130
150 150 150 150 150 150 200 200 200 200 200 200 250 250 250

Beam 1042 1242 1352 1042 1242 1352 1042 1242 1352 1042 1242 1352 1042 1242 1352

Difference 05 0% 0% 2% 0% 0% -23% -6% 2% -23% -6% 2% -21% -11%  -5%

In all cases shown in Figure 53, weld ultimate moment (Myweisa) does not contribute to the
governing failure mode. Tests with a weak column (70/150-1242A and 70/150-1352A, see Figure
53) are more likely to fail due to the collapse of the column panel (Mypaner). At the same time, test
70/150-1042A is more likely to fail because of the collapse of the connector member, particularly
via column buckling (Table 19). In fact, because of a shorter bottom flange of the connector
(connector M4), the compression force in test 70/150-1042 is more concentred compared to test

67



70/150-1242 and 70/150-1352, leading to the buckling of the column web. In the other connections,
with an adequate weld on three sides of the beam-end section (connection type A), the connector
member (My connector) dictates failure.

For connections with weld type B (Figure 54), My weias 1S the limiting factor (excepting test 70/150-
1242B, 70/150-1352B, 90/150-1242B, 90/150-1352B, 110/200-1352B and 130/200-1352B) and
reduces the ultimate moment of joints (Table 20). Another observation is that for weld type B
connections, there is substantial uncertainty in which component causes failure of the connection. In
practice, this weld type would generally be avoided. In accordance with [EN 1993-1-8, 2005] the
fillet welds should be continuous around the corner for a distance of at least twice the leg length of
the weld.

The coefficient of variations (CoV) for the ultimate moment of connection members (Myweld.a
Muweidg for weld, Mypeam for beam, My connector fOr connector and Mypaner for column) and
connections (Mynuma for connection type A and M, numg for connection type B) are shown in Table
21.

Table 21. Coefficient of variation for the ultimate moment of members and for the moment capacity of rack joints.
70 70 70 9 9 9 110 110 110 130 130 130 130 130 130

150 150 150 150 150 150 200 200 200 200 200 200 250 250 250

Beam 1042 1242 1352 1042 1242 1352 1042 1242 1352 1042 1242 1352 1042 1242 1352
Muweiga 0.05 0.05 0.05 0.05 0.05 0.05 0.05 0.05 0.05 0.05 0.05 0.05 0.05 0.05 0.05
Muweigg 0.05 0.05 0.05 0.05 0.05 0.05 0.05 0.05 005 0.05 0.05 005 005 0.05 0.05
Mypeam 0.10 0.10 0.07 0.10 0.10 0.07 0.10 0.10 0.07 0.10 0.10 0.07 0.10 0.10 0.07
My connector  0.05 0.05 0.05 0.05 0.05 0.06 0.05 0.05 0.05 0.05 0.05 0.05 0.06 0.06 0.06
Muypanee 0.06 0.06 0.06 0.06 0.06 0.06 0.06 0.06 0.06 0.06 0.06 0.06 0.12 0.11 0.11
Mymwma 0.05 005 0.06 0.05 0.05 0.05 0.05 0.05 0.05 0.05 0.05 0.05 0.06 0.06 0.06
Mynwmg 0.05 0.05 0.06 0.05 0.05 0.05 0.05 0.05 0.04 0.05 0.05 0.04 0.05 0.05 0.05

Column

It is worth noting a general reduction in the value of the connection ultimate moment CoV; the
mean of the member CoVs is greater than that of the joint (= 0.05) (Table 21). This reduction in
variability is beneficial and is a consequence of the plastic redistribution of forces in rack joint. To
illustrate this uncertainty propagation from the members to the connection, histograms of member
and connection ultimate moment are shown in Figure 55 for test 130/250-1352.
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Figure 55. Histograms of member ultimate moment and Histograms of rack connection ultimate moment (weld type A —
My.uma @nd weld type B — My numg)- (Test 130/250-1352).
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For connection type A, the failure mode is the minimum of My connector 2N My peam @nd the connector
ultimately dictates failure. The same connection with the weaker weld (type B) has a higher
probability of failure due to the collapse of the weld (Myweiag) (Figure 55). The ultimate moment of
the connection also decreases (Mynums<Munuma) as Well as the CoV of rack joint (see Table 21). To
further characterize these rack connections, kurtosis and skewness for the distributions of ultimate
moment are shown in Table 22,

Table 22. Kurtosis (K.(Mynumi)) and Skewness (S.(Mynum;i)) of the ultimate moment distribution for all rack
connections (Connection type A, i=A; Connection type B, i=B).

70 70 70 90 90 90 110 110 110 130 130 130 130 130 130
Column 450 150 150 150 150 150 200 200 200 200 200 200 250 250 250

Beam 1042 1242 1352 1042 1242 1352 1042 1242 1352 1042 1242 1352 1042 1242 1352

K.Mynma) 285 293 293 292 292 292 335 355 304 335 355 304 316 336 273

K.Mynmp) 297 293 293 295 292 292 296 327 3.04 296 327 304 29 316 3.01

S.(Mymuma) 0.01 -0.08 -0.03 0.09 0.09 0.08 -0.07 -0.15 0.07 -0.07 -0.15 0.07 -0.16 -0.21 0.03

S.(Mynump) -0.07 -0.08 -0.03 -0.05 0.09 0.08 0.00 -0.19 -0.09 0.00 -0.19 -0.09 0.00 -0.12 -0.04

A normal distribution with skewness (= 0) and kurtosis (= 3) is a good approximation of the
connection ultimate moment histogram.

3.8.2 Rack connection rotational stiffness

The dimensionless differences (Smc-Spet)/Spet between the mean (from the simulations - Syc) and
the deterministic value (based on average properties - Sper) Of the initial elastic rotational stiffness
are reported in Table 23.

Table 23. Differences (Smc-Spet)/Spet [%0] in the evaluation of the initial elastic rotational (flexural) stiffness. (MC)
Monte Carlo simulations, (Det) Deterministic values.

Column
Beam Weld Connector o150 o150  110/200  130/200  130/250
1042 A M4 057%  -064%  -046%  -0.46%  -0.69%
1242 A M5 061%  -070%  -006%  -0.04%  -0.46%
1352 A M5 060%  -069%  -004%  -001%  -0.44%

(Smc-Spet)/Spet < 0 for all connections, indicating that the mean stiffness is slightly lower than the
deterministic stiffness (minimum value -0.7%) and therefore not all system effects are beneficial.
Thus, a design that uses mean member properties to predict the initial rotational stiffness of the rack
joint will modestly over-estimate the mean flexural stiffness.

The prediction of the initial rotational stiffness Sininum Of the entire connection is obtained from

S

(38) where: S; is the rotational stiffness for the column panel, S; the rotational

ini,num: 3 l

stiffness for the connector and S; the rotational stiffness for the beam. Assuming a rigid plastic
behavior for the weld component, it does not influence flexural stiffness of the connection.

The values of the initial rotational stiffness of connection members (column S1, connector S2 and
beam S3) and rack connection (Sininum) are reported in Figure 56.
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Figure 56. Values of the mean initial elastic rotational (flexural) stiffness for each rack member (column S1, connector
S2 and beam S3) and connection (Sin num) Obtained in Monte Carlo simulation.

Recall that S1, S2 and S3 can be considered as three springs in series. The most deformable element
is connector (S2) whose stiffness is similar to that of the entire connection (Sininum). The effect of
the stiffness of the beam (S3) on the connection can be neglected (as neglecting the contribution of
beam deformation does not meaningfully change the connection stiffness). As expected, in reducing
the cross-section of the column (130/250 — 70/150), the flexural stiffness of the column (S1)
decreases. Within the connector components, the deformation of the tabs (Figure 57 a)), connector
flange (Figure 57 b)) and column web in bearing (Figure 57 c)) have the greatest influence on joint
deformation and will govern.

a) Component: Tab in bending b) Component: Connector in ¢) Component: Column web in

and shear (Ks) bending(Keo,1) bearing(Kewp)
Test 130/250-1352A Test 130/250-1352A Test 90/150-T 1242A
Deformation of tab Deformation of connector flange Deformation of column web at holes

Figure 57. Connector component deformation observed in experimental tests.

The coefficient of variation (CoV) for the flexural stiffness of connection members (S1 for column,
S2 for connector and S3 for beam) and connections (Sininum ) are shown in Table 24.

70



Table 24. Coefficient of variation for the flexural stiffness of members and the flexural resistance of rack joints.
Column 70 70 70 9 9 9 110 110 110 130 130 130 130 130 130
150 150 150 150 150 150 200 200 200 200 200 200 250 250 250

Beam 1042 1242 1352 1042 1242 1352 1042 1242 1352 1042 1242 1352 1042 1242 1352
S1 0.11 o0.11 011 011 011 011 011 011 011 011 011 011 011 011 0.11
S2 0.09 0.08 0.08 0.09 0.08 0.08 0.09 0.09 0.09 0.09 0.09 0.09 0.09 0.09 0.09
S3 0.12 012 012 0.12 012 0.12 0.12 0.12 0.12 0.12 0.12 0.12 0.12 0.12 0.12

Sinium  0.09 0.09 0.09 0.09 0.08 0.08 0.09 0.09 0.09 0.09 0.09 0.09 0.09 0.09 0.09

As opposed to the reduction in CoV observed in the ultimate moments of the rack joints, joint
flexural stiffness CoV has greater dispersion (= 0.09). This effect is a consequence of the
connection members acting in series. In determining the ultimate moment of the joint, the weakest
component is critical while for stiffness, each component contributes to the overall connection
flexural stiffness. The CoV of the overall connection (Sini num) is similar to that of the connector (S2)
thus confirming the reduced influence of column (S1) and beam (S3). These results are highlighted
by the histograms of the flexural stiffness of members and connection (Figure 58, for test 130/250-
1352).
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Figure 58. Histograms of flexural stiffness for members and connection (Test 130/250-1352).

In Table 25 the values of kurtosis and skewness of the flexural stiffness distributions for all rack
connections are reported.

Table 25. Kurtosis (K.(Sininum)) and skewness (S.(Sininum)) Of flexural stiffness for all rack connections.

70 70 70 90 90 90 110 110 110 130 130 130 130 130 130
Column 150 150 150 150 150 150 200 200 200 200 200 200 250 250 250
Beam 1042 1242 1352 1042 1242 1352 1042 1242 1352 1042 1242 1352 1042 1242 1352

K.(Sinirum) 2.83 285 285 281 283 284 284 285 287 284 284 286 290 290 290
S.(Sininum) 0.03 0.00 0.00 0.03 0.00 0.00 0.03 0.01 0.01 0.02 0.01 0.01 0.08 0.08 0.08

71



The symmetry of the connection flexural stiffness histograms is highlighted by a skewness = 0 for
all connections. A kurtosis mildly less than 3 allows to assume the normal distribution as a good
approximation to fit the connection flexural stiffness histogram.

3.9 Summary of main results

The flexural resistance and initial elastic flexural stiffness of CFS rack connection are affected by
the local response of connection component. This response derives from the component structural
details and it is influenced by the uncertainty in steel mechanical properties and geometrical
features. In order to explore the impact of these parameters, Monte Carlo simulation of several rack
connection assemblies is developed adopting random values to simulate the effect of the variability
in the steel yielding stress, steel ultimate stress and geometrical features of the beam, connector and
column. For development of simulations, statistical properties of material random variables were
assumed on results of experimental tests, the variability in geometric tolerances was assumed in
accordance with current standard code requirements and the structural response of rack joints was
modeled by a mechanical model based on the Component Method. Monte Carlo simulations
indicate that the variability of geometric and mechanical properties mitigates in the evaluation of
the connection ultimate moment (CoV=0.05). This redistribution occurs due to plasticity in the rack
joint and the weakest link fails first. The variability in the flexural stiffness is greater (CoV~0.09)
due to components in series compounding to contribute to total connection stiffness. Finally, a
normal probability distribution function well fits for both the connection ultimate moment and
initial flexural stiffness histograms.

Results further highlight the effect on failure mode and ultimate moment due to varying connection
configurations. A two-sided weld is insufficient. With an adequate weld, connection failure mode
mainly depends to the collapse of the weakest component in the connector member. The flexural
stiffness of the rack joint is limited by the connector stiffness, and is thus the most critical feature
which should be controlled with greater accuracy in the manufacturing process.
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4 FENUMERICAL MODEL

4.1 Pinching in steel rack joints: numerical modeling and effects on structural response

Experimental tests on rack connections have highlighted a pinching in hysteresis loops, with the
consequence of a reduced dissipated hysteretic energy and load carrying capacity. In this chapter, a
simplified FE numerical “Pinching Model”, capable to simulate the cyclic mechanical response of
beam-to-column joints is developed. The numerical model is checked by the comparison with both
literature data and experimental results of laboratory tests.

The proposed model is characterised by three links placed in parallel: two "composed links"
describe the non-linear bending moment-rotation curve of the joint, and a linear elastic link
transfers the axial and shear force from the beam to the column. The model is appropriate to
investigate the down-aisle seismic response of rack systems and it can be easily implemented in
commercial software packages, commonly used for non-linear seismic vulnerability analyses.
Features of the model can be estimated from few structural data, through the mechanical model
previously developed, and it does not require expensive cyclic experimental tests.

For a deeper understanding of the effects of pinching in the seismic response and to highlight the
potentiality of the proposed model a case-study example is also considered. The case-study
concerns a rack system, whose beam-to-column joints are modeled using two numerical approaches
which differ in the deterioration of the rotational stiffness of joints. Non-linear dynamic analyses,
with simulated ground acceleration time-histories, are carried out.

4.1.1 Design of earthquake resistant steel racks

Steel storage pallet racks may be designed in accordance with a non-dissipative structural behavior,
assuming a linear material constitutive law, or with a dissipative structural behavior. In this last
case, the dissipative capacity may be taken into account explicitly through a non-linear analysis or
implicitly through a linear elastic analysis, under a reduced elastic response spectrum scaled by the
seismic behavior factor g >1 [EN 1998-1-1, 2004]. It is worth noting that in rack systems, only
beam-to-column joints and base-plate joints are able to provide a post-elastic behavior. In fact, all
the other members (beams, diagonals and uprights) are usually formed by thin-walled CFS, so they
belong to 3™ or 4™ class according to [EN 1993-1-1, 2005] and their response is limited to the
elastic field without providing a stable post-elastic behavior. The assessment of g-factor is a
fundamental task, which requires to accurately investigate the peculiar features of these systems.
Numerical studies [Baldassino and Bernuzzi, 2000] on the influence of beam-to-column joint
behavior, on the down-aisle response of storage racks, suggest implementing frame model with
semi-rigid joints. In [Bernuzzi et al., 2004] the increment of the seismic capacity of rack structures
through bracing systems has been investigated. European standard provisions [EN 16681, 2013 and
FEM 10.2.08, 2011] require a g-factor not greater than 2 for non-dissipative structural behavior, but
they do not give rules to assess its effective value. For this purpose, several non-linear pushover
analyses on full-scale steel rack systems and numerical models have been carried out in the last
decade [Brambilla et al., 2015, Rosin et al., 2009 and Castiglioni et al., 2014, Yin et al., 2018 (b)],
showing g-factors greater than 1.5, even if tested rack systems were not designed according to the
capacity design approach.

It should be noted that in the pushover method, lateral forces are applied to the structure and
increased monotonically [EN 1998-1-1, 2004], so that only the knowledge of the monotonic
moment-rotation curve of joints is required. The negative issue affecting this approach is that the
effective hysteretic response of beam-to-column joints is neglected, even if cyclic experimental test
on rack joints have shown the unstable behavior of their hysteresis loop [Bernuzzi and Castiglioni,
2001, Aguirre, 2005 and Yin et al., 2016].
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This structural behavior is expected to reflect on the seismic response of an overall rack system,
with the direct consequence that the load carrying capacity of a whole rack structure will be
reduced. This aspect is investigated through a simplified numerical Pinching Model (PM) for
beam-to-upright joints herein developed and implemented in a software package; which allows a
preliminary assessment of the effective reliability of quasi-static pushover analyses.

4.1.2 Rack connection hysteresis loop

The shape of the experimental hysteresis loop is similar to literature ones: the envelope of the cyclic
joint response is comparable with the monotonic curve, as observed in [Yin et al., 2016], and the
stiffness of reloading branches decreases progressively with the evolution of the test, hence
resulting in a non-negligible pinching. The pinching is due to tabs of the connector, which lose
partial contact with the surrounding column web at column slots because of the permanent
deformation produced by previous cyclic loading (Figure 59). The pinching phenomenon results in
the accelerated reloading stiffness degradation with increasing displacement loading [Bernuzzi and
Castiglioni, 2001]. Moreover, the slope of the unloading path is equal to the initial elastic one, so
that the pinching increases with progressive cycles, as observed in [Aguirre, 2005].

The pinching phenomenon can be high pronounced, as cycles subsequent to the first can have an
initial reloading branch with a zero stiffness (slippage phenomenon).
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Figure 59. a) Undeformed configuration of the connector; b) Deformed configuration of the connector with tabs in
plastic range.

4.2 The proposed Pinching Model

The proposed Pinching Model (PM) is an implicit numerical model whose main requirements are:

- to be formed by a combination of link elements available in commercial software with the purpose
to be easily implemented in FE non-linear analysis packages currently available in engineering
offices;

- to give an evaluation, on the safe side, of effects of rack joint behavior on the seismic response of
rack systems;

- to be described through a few parameters without the need to perform specific cyclic experimental
tests.
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Following approaches proposed in [Baldassino and Bernuzzi, 2000 and Abdel-Jaber et al., 2005],
the behavior of the connector is modeled in terms of the monotonic bending moment-rotation law,
with a multi-linear relationship capable to simulate accurately the joint response. Differently from
models developed in [Baldassino and Bernuzzi, 2000 and Abdel-Jaber et al., 2005], which describe
only the monotonic behavior of joints, the PM is capable to describe the hysteresis loop of joints,
showing the pinching phenomenon exhibited in experimental tests.

In literature, the Pivot model [Dowel et al., 1998, see Figure 60] has been recently used to evaluate
the influence of the joints on the rack systems response [Bernuzzi and Simoncelli, 2016]. In this
implicit model, in addition to the knowledge of the monotonic M-6 joint curve, the values of pointer
points (P and P") are required, to define the slope of the unloading branches. After the first half-
cycle, the unloading phase is represented by the BC line, defined by points B and P~ until the
bending moment reduces to zero (point C) and then is followed by a slippage branch to the origin
(CD). Reloading branch is along the line from origin to the last point reached in the previous half-
cycle.

origin .
D:H.L:PT .~

PIVOT MODEL

N;U
Figure 60. Cyclic response according to the Pivot model (Dowel et al., 1998).

The disadvantage of the Pivot model is that the unloading phase, until the bending moment reduces
to zero, is followed by a slippage branch until the origin. As a consequence, the model cannot be
considered on the safe side in the modeling of joints with high pronounced pinching (slippage
phenomenon).

The proposed PM (Figure 61 a) is formed by three elements placed in parallel: a first “composed
link” constituted by a rotational link with a multi-linear moment-rotation constitutive law in series
with a gap link; a second “composed link” constituted by another rotational link in series with a
hook link, and as third element, a link with a linear elastic force-displacement relationship to carry
the shear and axial forces (Figure 61a).
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Rotational links describe the moment-rotation law of the joint approximating the experimental
monotonic curve with a numerical multi-linear curve, which passes through an adequate number of
experimental points (M-6).

The pinching phenomenon is described by means of two links that transfer only negative and
positive bending moment, the “gap link” and the “hook link” respectively. These links are placed in
series with rotational links, forming two “composed links” which work alternately, depending on
the bending moment sign transferred by the beam. Gap and hook links are assumed to be infinitely
rigid, with a stiffness much higher than the bending initial stiffness of the rotational links [SAP
2000, 2016]. The contribution of the “composed link” to the pinching response is shown in Figure
61 b).

The third linear elastic link (Figure 61 a) is placed in parallel with the two composed links to
restrain the other degrees of freedom of the joint. The linear elastic link is modeled by two force-
displacement (d) infinitely rigid curves; it transfers the axial (N) and shear (S) force from the beam
to the column.

The PM has a finite length equal to the distance between the upright axis and the beam-end section
(Figure 62). Rigid elements connect the beam to links and links to the upright, defining the joint
physical size (Figure 61 a).

Plan Section

Dimension of pinching model Uprigth

% ﬁ Connector

) W Beam

‘ ﬁj\ : le )
.

Rigid Dimension
offset of
joint

Symmetrical axis

Figure 62. Plan of the upright-beam joint and size of the Pinching Model.

The proposed PM describes the slippage phenomenon, differently from the commonly used Pivot
model [Dowel et al., 1998], reloading curve has essentially zero stiffness, the target point for this
curve is at the deformation reached under the previous unloading cycle (follow points in the
alphabetical order starting from the origin in Figure 63. Finally, the slope of unloading branches is
equal to the initial elastic one.
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origin

PINCHING MODEL

Figure 63. Cyclic response according to Pinching model (PM).

4.2.1 Check of the Pinching Model

In order to validate the PM, data acquired during the research campaign have been used; the
comparison with the C joint (Figure 3) is reported in the following. The experimental setup has
been modeled by means of a commercial non-linear FE analysis package [SAP 2000, 2016]; the

members (upright and beam) have been modeled by one-dimensional frame elements assuming to
have a linear elastic response, the PM has been introduced to describe the beam-to-column joint

behavior.

A rotational multi-linear link fitting the experimental backbone moment-rotation curve, has been

chosen to describe the joint flexural behavior. The slope of the unloading branch of the rotational

link is constant and equal to the initial elastic one.

The comparison between numerical and experimental moment-rotation curves, for type C joint, is

shown in (Figure 64).
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Figure 64. Non-dimensional moment-rotation curves of specimen C-c1 (Table 1).
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The pinched part of the response in the PM is simplified, but this approximation is on the safe side.
The PM reloading branches have zero stiffness (Figure 64) so that the PM is not able to consider the
increase of the reloading stiffness (observed in the experimental curve) until the maximum rotation
reached in the previously cycle. In fact, the PM is able to describe pronounced non-linear slippage
(reloading braches with zero stiffness). This corresponds to a reduction of the energy dissipated in
the hysteric loop: the energy is not dissipated for repeated hysteretic loops with the same amplitude;
an increasing of the dissipated energy is only obtained for moments increasing on the monotonic
curve.

In addition, the proposed PM was also checked by comparison with the cyclic response of rack
joints tested by Aguirre (2005), who tested connectors under a loading history that included series
of three cycles of equal amplitudes (30, 60, and £90 mm); the maximum displacement of the
series was increased until the joint failed.

The comparison among numerical and literature results are plotted in Figure 65. The numerical
curve fits the experimental one highlighting the accuracy of the proposed model. The good
agreement among experimental and numerical results confirms that the proposed PM is suitable to
describe the rack joint behavior with high pronounced pinched hysteresis loops.

PM
Experimental

Figure 65. Bending moment-rotation law (M-0), comparison between literature (Aguirre, 2005) and numerical results.

4.3 Pinching effects

4.3.1 Analysis of a SDOF

To give a preliminary evaluation of effects of pinching on the structural response of a SDOF, a non-
linear time-history (NLTH) analysis is carried out on a T-shaped joint using two FE numerical
models, which differ in the response of the hysteresis loop. Energy time-histories and structural
responses are compared in the following.

The case-study is a T-shaped specimen representing an exterior rack beam-column joint.

The specimen is formed by a 550 mm long column and a 400 mm long beam (from the external-
face of the upright). Main details of the rack joint are sketched in Figure 66.
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Figure 66. Case-study: T-shaped joint.

The numerical model of the case-study is developed by means of SAP 2000. The column is fixed at
both ends and members are modeled by one-dimensional frames with a linear elastic response.

The connection is modeled using two different rotational numerical models, differing in terms of
the deterioration of the rotational stiffness: the classical Takeda Model [Takeda et al., 1970] (TM)
and the Pinching Model (PM).

In both models the same response is considered for sagging (positive) and hogging (negative)
bending moment.

The TM is chosen because it is widely used to model the non-linear response of beam-to-column
joints with a stable behavior not affected by a pronounced pinching. It is worth pointing out that in
the TM, the form of the cycle is stable with larger energy absorption capability respect to the PM.
In the TM, the unloading is along a line with the same slope of the initial elastic one (Figure 67).
When reloading, the curve follows a line to the backbone curve for loading in the opposite
direction. The target point for this line is at the maximum deformation that occurred in that
direction under previous load cycles (follow points in the alphabetical order starting from the origin
in Figure 67).

TAKEDA MODEL

K:P
Figure 67. Cyclic response according to Takeda model (TM) [Takeda et al., 1970].

In conclusion, the two models have the same backbone curve, but they differ in the energy
dissipation via hysteresis under dynamic loading.

4.3.2 Non-linear time-history

In order to identify effects of pinching, a non-linear time-history (NLTH-A) analysis is carried out
and results obtained using the two different models (TM - PM) are compared.
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The dynamic analysis is performed considering a concentrated mass at the beam-end section
(Figure 66) submitted to the vertical acceleration history shown in Figure 68.

In particular, the NLTH-A is characterised by a time variation which rises linearly from a value of 0
m/si at the time zero to a maximum value of 3 m/s? at the time 0.125 s, and then it drops down to 0
m/s”.

4
3
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< 0 —NLTH-A
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-2
-3
- 15

Figure 68. Acceleration of NLTH-A.

4.3.3 Energy equation for a SDOF system

It is worth noting that when a viscous damped single mass elastic oscillatory system, SDOF,
vibrates subjected to an unidirectional horizontal ground motion, its equilibrium equation can be
expressed by:

mi +cu+ f, =-ma,

(40)

where:

m = mass;

¢ = viscous damping;

fs = restoring force;

u = relative displacement of the mass with respect to the "ground";

and ug = "ground displacement” (u;= u + uq is the total displacement of the mass).

Considering the instantaneous displacement du = udt, the energy balance equation (41) is derived
from the integration over time of (40):

[ maudt + [ cuddt + [ f,udt =~ mdiudt
Ek Ec Ea=Ee+Eh Ei
(41)

The first term depicts the “relative” kinetic energy of the system (Ek), as measured with respect to
the ground, representing energy temporarily stored in the kinematics of the system. The second
term is the damping energy dissipated by viscous damping (Ec), and the third is termed the
absorbed energy (Ea = Ee + Eh), which is composed of recoverable elastic strain energy (Ee) and
irrecoverable hysteretic energy (Eh). The right-hand-side term is conventionally defined as the
“relative input energy” (Ei) that, if it is evaluated at the end of ground motion duration, it differs
from absolute input energy in the very short and very long period ranges only [Erol et al. 2008,
Uang et al. 1990].

By virtue of removing any influence of damping, in the case-study model, ¢ is considered equal to
zero; this also ensures that all the energy is dissipated via hysteresis only.
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4.3.4 Comparison of results

Displacements of the control point (that is the beam-end section) for both hysteretic models (TM
and PM) are reported in Figure 69. Displacements are equal until the first sign change; then, in TM
it decreases while in PM it oscillates with constant amplitude. The same behavior characterises the
value of the connection bending moment (Figure 70). In TM the value of the moment tends to zero,
in PM it is stable.

0,0
-2,5
-3,0
Is]
Figure 69. Displacement of control point. NLTH-A.
NLTH-A
L5

50’5 /\ /\ /\ /\ A -
LAFEREE e
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Figure 70. Value of bending moment. NLTH-A.

The energy time-history is shown in Figure 71. Hysteresis loops of PM and TM are shown in Figure
72, Figure 73 and Figure 74.
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Figure 71. Values of energies. NLTH-A.

PM and TM have a similar behavior until the time t=A (letters A,B, ...M are reported in Figure 71
and Figure 72) at the maximum value of the control point displacement.

For t =A, Ea reaches its maximum value (Ea=Ei) and Ek=0 (Figure 71).

Then, Ei remains constant and the control point starts moving in the opposite direction with a
reduction of Ea; this happens because the elastic energy (Ee) is recovered in the unloading branch
A-B, see Figure 72 (note that the first cycle starts with negative moment).

The Ee recovered is transformed in Ek to satisfy energy balance (41).

This behavior can be observed in the increment of Ek for both models (from t=A to t=B, Figure 71).
After t=B, the two models show a different behavior: TM is characterised by an increment of Ea
and a reduction of Ek (from t=B to t=D, see Figure 71); vice versa, PM, characterised by the
slippage phenomenon (B-C branch, Figure 72), can only dissipate energy in C-D branch, see Figure
72. This behavior causes the increment of Ea and the reduction of Ek (from t=C to t=D, see Figure
71).

Both models recover Ee in the unloading branch (D-E branch, Figure 72). This energy will be
dissipated in the subsequent hysteresis loop: in TM, blue dashed line of Figure 73; in PM in F-G
branch, after slippage (E-F branch), see Figure 73,

It is interesting to highlight how in TM, the dissipated energy in the reloading cycle is greater than
recovered elastic energy in the unloading cycle: Ea (reloading cycle) > Ee (unloading cycle). This
behavior causes the reduction of the control point displacement, until the condition Ea=Ei and
Ek=0.

Vice versa, PM reaches a dynamic equilibrium condition with a pseudo-linear-elastic behavior that
is PM works in a pseudo elastic field (identified by the two red circles in Figure 74).

In each reloading branch the dissipated energy is the elastic strain energy (Ea=Ee) and the same is
recovered in the subsequent unloading cycle.

This behavior can be observed in the transformation between Ek and Ea (Figure 71).

The consequence of this behavior is the oscillation with constant amplitude of the control point, see
Figure 69.
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Figure 72. Moment-rotation curves. First cycle. NLTH-A.
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Figure 73. Moment-rotation curves. First (1) and (1) second cycle. NLTH-A.
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Figure 74. Moment-rotation curves. NLTH-A.

The study reveals that, monotonic behavior is not well correlated to dynamic performance of
structures. Numerical comparisons have shown that a pinched behavior in hysteresis loops, with a
reduced dissipated energy, changes the structural response of structures. Hence, some care should
be exercised whenever discussing the energy-dissipation characteristics of different systems, since
the reliable evaluation of the dissipated energy influences the dynamic performance of structures.
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4.4 Effects of the pinching on the seismic response of steel pallet racks

4.4.1 The case study

For a deeper understanding of effects of the non-linear behavior of rack joints on the seismic
response of steel pallet rack systems, a case-study is discussed.

The case study is a two-bay four-story medium-rise double-entry pallet rack. The width of the
upright frame is 1200 mm. Storage levels have a constant inter-story height of 2000 mm and a bay
length of 2800 mm. No bracing system is present in the down-aisle direction, whereas in the cross-
aisle direction uprights are braced with a system of diagonals and horizontal struts (Figure 75).
Reference is herein made to rack constructed with the same uprights, beams and connectors used for
the type C joint (1352 for beams, 130/250 for uprights). Geometrical features of specimens are
listed in Table 26. Types of steel used for CFS members are: S350GD, with a yielding strength
f,x=350 N/mm?, for uprights, and S250GD, with a yielding strength f,,=250 N/mm?, for beams.
Regarding to vertical loads, two pallets, with 800 kg mass each, are placed on each bay at all levels,
for a total number of 16 pallets, corresponding to the nominal service load.

Down-aisle direction Cross-aisle direction
2800 X 2800 1200

2000

2000

8000
8000

2000

2000

Plan section
2800 . 2800

1200

Figure 75. Structural scheme of the rack system [mm].
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Table 26. Features of rack system.

Number Number  Inter-story Length Type Type Type Load on
of levels of bays beams of beams of of beam of couple of beams
[mm] [mm] upright connector [ka]
4 2 2000 2800 130/250 1352 M5 1600

The FE model of the rack structure model is developed adopting the code SAP 2000, considering
linear elastic elements for columns and beams, while hinges with rotational linear elastic spring are
used for base-plate joints. With the aim to evaluate the effects of pinching in the cyclic behavior of
rack joints, beam-to-column joints are modeled by means of two cyclic joint models: the classical
Takeda model (TM) and the PM.

4.4.2 Time domain non-linear dynamic analysis

To assess the seismic vulnerability of the rack structure chosen as case-study, a time domain non-
linear dynamic analysis is performed. The seismic elastic spectra are defined in accordance with the
Italian code [NTC, 2008] for type A ground and three different sites (Scarperia, Florence and
Milan) with different design peak ground acceleration (PGA) (Table 27).

For each site, seven synthetic ground motion spectrum-compatible earthquakes fitting the site
target spectrum are generated through the code SIMQKE [Gelfi, 2012] and used as input for the
non-linear time-history analysis. Each earthquake lasts 20 s.

Table 27. Values of the elastic response spectra.

Seismic Parameters Sites
Scarperia  Firenze Milano

Tner [years] reference return period 475 475 475
Pner reference probability of exceedance 10% 10% 10%
ag [0] design peak ground acceleration (PGA) 0.20 0.13 0.05
S soil factor 1.41 1.50 1.50

n damping correction factor 1.00 1.00 1.00
Tg [S] lower limit of the period of the constant spectral acceleration branch 0.152 0.157  0.149
Tc [s] upper limit of the period of the constant spectral acceleration branch 0.456 0.471  0.447

value defining the beginning of the constant displacement response

To [s] range of the spectrum 2.405 2125  1.798
W [kN] weight on rack 128 128 128

4.4.3 Numerical results

Results of non-linear dynamic analyses, in terms of the maximum displacement of the control point
(the centre of mass at the upper load level) and the base shear, are shown in Figure 76.

The green colour refers to the TM, while the red colour refers to the PM; the symbol shape refers to
different values of the PGA: rhombus - ag = 0.05 g; triangle - ag = 0.13 g; circle - a; = 0.2 g; Table
27, the average of results for each value of ag is shown by the same larger symbol.

As a general remark the pinching influences the seismic response of the whole structure. Figure 76
shows how the values of displacements (dpm) and base shears (Fpv) obtained with the PM are
greater than those obtained with the TM (drm and Frw respectively). Increasing the value of the
PGA ay, these differences increase. Average values of maximum displacements and base shears for
the two models (TM and PM) and their differences (E;qand E,  respectively) are listed in Table 28.
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Figure 76. Base shear-control point displacement. Numerical results obtained by the proposed PM and by TM for
different values of PGA [g].

Table 28. Numerical results obtained with PM and with TM for different accelerograms.

Average value of Era Average value iF
maximum d. —d
Type of Model displacement (dpy ™) of base shear (For — Fryy)
d [N] A2
[m] ™ Fr
Time History Analysis ag=0.201g
PM Average Values 0.2022 13467
- - — 23.5% 15.8%
Time History Analysis ag=0.201g 0.1637 11629
TM Average Values '
Time History Analysis ag=0.131g
PM Average Values 0.1365 10713
- - —— 9.9% 14.0%
Time History Analysis ag=0.131g 0.1241 9396
TM Average Values '
Time History Analysis ag=0.049g
PM Average Values 0.0457 4202
- - — 4.5% -1.0%
Time History Analysis ag=0.049g 0.0437
TM Average Values ' 4242

It can be noted that for the maximum selected

PGA (ag =0.2g - Scarperia), differences in the

evaluation of the maximum displacement and related base shear cannot be neglected (23.5% and

15.8% respectively).
These differences are due to the greatest plastic

excursions undergone by joints in the PM. The

greatest pronounced non-linear behavior can be explained considering the lesser energy dissipation

in the PM with respect to the TM. As an example,

observing the cyclic response of an external joint

at the first storage level (Figure 77), it can be concluded that greater values of the rotation in the
moment-rotation curve are obtained in the PM respect to the TM to dissipate the same energy. As a
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consequence, the greater displacement and base shear can lead to a probable premature collapse of
the structure in the PM. Although limited to a single case, results show that if the pinching is
neglected, like it occurs in the TM, the seismic assessment is not reliable.
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Figure 77. Cyclic response of a joint by considering the TM or the PM.

In earthquake engineering, strength and deformation capacities depend on cumulative damage.

Each component has a permanent memory of past damaging events and at any time it will
remember all past excursions (cycles) [Krawinkler, 2009]. Another feature of the proposed PM,
though approximate but just for this easy to be used, is that it remembers the history load which has
contributed to the deterioration of the joint state of health and so it can be used to evaluate on the
safe side the structural damage of a rack and its components after an earthquake.

Finally, it is worth noting that pushover analysis (static non-linear analysis with monotonic
increasing horizontal loads), adequate in the evaluation of the seismic response of structures whose
joints have a stable cyclic behavior, could give unreliable results if used to estimate the response of
structures whose joints are characterized by a pronounced pinching phenomenon, like steel racks. In
this case following the approach proposed in [Yin et al., 2018 (a)] non-linear time-history analyses,
using models capable to describe the effective non-linear behavior of joints, are recommended to
obtain a reliable evaluation of racking system seismic response.

4.5 Summary of main results

In the context of the seismic vulnerability analysis of steel storage pallet racks, seismic design
approach currently performed in daily practice is based on the reduction of the elastic spectrum to
the design spectrum via the use of the seismic behavior factor g. In the down-aisle direction, steel
storage pallet racks behave like moment-resisting frames and their non-linear behavior is associated
with joints. Experimental tests on rack joints have shown a non-negligible pinching and slippage in
their cyclic response with a reduction of energy dissipation. Then rack joint behavior is expected to
influence the seismic response of rack systems.
A numerical pinching model is proposed for the analysis of steel storage pallet racks under cyclic
loads, taking into account the degradation of the rotational stiffness of joint hysteresis loops. The
effectiveness of the proposed model is its fast tuning and easily implementation in commercially
available non-linear finite element analysis software packages. The model is formed by common
links placed in series and in parallel and it describes the high pronounced pinching phenomenon
with the aim to perform reliable seismic analyses of rack structures. Moreover, it needs only the
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knowledge of the monotonic moment-rotation law of rack joint, which can be analytically obtained
by the proposed mechanical model, avoiding expensive cyclic experimental tests.

To check the proposed numerical model, several comparisons have been performed with both
experimental results of laboratory tests and literature data. Comparisons gave very satisfactory
results.

For a deeper understanding of the pinching effect, a case-study has been discussed, comparing two
models of joints differing in the modeling of the deterioration of the rotational stiffness of joints.

An increment of displacement and base shear with a consequent reduction of load carrying capacity
has permitted to conclude that the pinching phenomenon cannot be neglected in the design of rack
structures. This highlight that the pushover analysis can be inadequate, vice versa non-liner
dynamic analysis, with the proposed pinching model, is suggested to obtain a reliable seismic
vulnerability assessment of rack systems.
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5 CONCLUSIONS

Steel storage pallet racks are used worldwide for storage of palletized goods and are popular for
their ease of construction, customization, and economy. Failure of racks can result in significant
property loss and economic disruption.

Steel pallet racks are designed to be readily demountable and capable of re-assembly depending
upon the volume of storage goods. Therefore, semi-rigid boltless beam-to-column connections are
adopted. These joints govern the stability and earthquake resistance of rack systems in the unbraced
down-aisle direction.

Rack connections are typically formed by beams welded to connectors equipped with tabs and
columns with perforated cross-sections to accept these tabs joining beams and columns. The
ingenious configuration of rack connections, which differ among different manufacturers, prevents
the development of a common analytical model to predict the behavior of all types of rack joints.
The main goals of this research are to clarify the mechanical behavior of rack boltless connections
and to develop a theoretical model capable to analytically describe the non-linear moment-rotation
curve of these joints. The knowledge of the connection non-linear structural response is then used to
develop a FE model, which is used to evaluate the influence of rack joints on the global seismic
response of industrial storage systems. Developed models represent reliable tools to perform a
structural design of rack system and its connections.

In the first phase of this research, the monotonic moment-rotation curve of joints is identified
through experimental tests on several rack connections using the single cantilever test setup
according to EN 15512. Collected observations include the major failure modes and the effects of
various parameters. Then, following conclusions can be drawn.

Tested joints can be considered semi-rigid joints with reference to the stiffness, and partial-strength
joints with reference to the resistance, according to EN 1993-1-8.

The collapse of a connection depends on the failure of the weakest component. As a general remark,
connection collapse mainly depends on the failure of the connector. Tabs try to tear the column web
slot (punching of column web). A complete rupture of tabs happens in the case of specimens with
thick column (failure of tabs). In the case of thin column with shallow beam the connection failure
is due to the local buckling of column web.

In all specimens, a high ductility, depending on the large plastic deformation of tabs and connector
flange, is observed.

Regarding the layout of welding of beam to the connector, the findings reveal that a double-sided
welding can cause a premature failure of the connection. Thus, this welding configuration is
detrimental and reduces the performance of the connection. An adequate welding, all around the
beam-end section, results in a better performance of the connection in terms of flexural capacity.
The same connections are analysed under cyclic load. Cyclic tests show a pronounced pinching,
which affects these types of dry joints. An increase in the number of tabs minimizes the pinching
and increases both the ultimate moment and initial elastic rotational stiffness.

For each connection, the backbone curve fits the monotonic one, but ultimate rotations assume
lower values than in monotonic tests. The failure mode of the connections with a double-sided
welding was governed by the premature failure of the weld. Collapse of the other specimens was
due to the premature unlocking of the connector from the column. To avoid the disconnection
between connector and column, tested joints are equipped with additional bolts. Bolted rack
connections are characterized by a greater dissipated energy, representing a cost-effective
alternative to “tab connectors".

The findings show that the connection performance significantly relies on the geometrical and
mechanical features of connection members (beam, beam-end weld, connector and column). In the
second phase of the research project, a mechanical model, based on the Component Method, is
developed to theoretically evaluate the structural response of rack connections. The mechanical
model appears a reliable method to calculate the connection moment capacity, flexural stiffness and
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failure mode. Moreover, a non-linear equation is proposed to approximate the elasto-plastic
response of tested joints.

The proposed approach can be considered as a complementary method to expensive experimental
testing required by standard codes to evaluate the rack connection structural behavior. It can be used
to improve the performance of rack joints, which are produced in long series, and the designer can
use it for a preliminary assessment of all type of rack joints.

In the third phase of the study, the propagation of uncertainties in the component geometry and
mechanical properties to the response of the connection in terms of initial elastic flexural stiffness
and ultimate moment is evaluated. A Monte Carlo simulation is conducted. Results indicate that the
variability of geometric and mechanical properties mitigates in the connection ultimate moment.
This redistribution occurs due to plasticity in the rack joint and the weakest link fails first. The
variability in the flexural stiffness is greater due to components in series compounding to contribute
to total connection stiffness. A normal probability distribution function well fits both the connection
ultimate moment and initial flexural stiffness histograms.

Results further highlight the effect on connection behavior due to varying connection
configurations. With a welding all around the beam-end section, connection failure mode mainly
depends to the collapse of the weakest component in the connector member. Moreover, connector
stiffness limits the connection flexural stiffness. These results highlight the connector to be the most
critical member whose features should be controlled with greater accuracy in the manufacturing
process.

Finally, a non-linear finite element (FE) model that simulates the structural response of rack joints
is developed. Its accuracy is validated against both experimental and literature results. To evaluate
the influence of rack joints on the seismic non-linear dynamic response of steel storage pallet racks,
numerical analyses of these structures are performed. Results show an increment of the maximum
displacement and base shear with a consequent reduction of load carrying capacity in those systems
whose joints have a pronounced pinching, which cannot be neglected in the design of rack
structures.

5.1 Design recommendations

Probabilistic results, supported by experimental tests, confirm that an adequate welding, all around
the beam-end section, is recommended to avoid a reduction in the flexural capacity of rack
connections. In accordance with EN 1993-1-8, the requirement that the fillet weld should be
continuous around the corner for a distance of at least twice the leg length of the weld, should be
introduced in the rack current design codes.

MC simulation provided useful information about the parameters influencing joint structural
response. It has been highlighted that connector has the greater influence on the structural behavior
of rack connections. Quality control efforts should be focused on promoting stability in statistical
parameters of connector components to ensure reliability of rack joints.

The proposed mechanical model could be adopted as a complementary method to experimental tests
required by standard codes to define the rack connection behavior.

Finally, it has been shown that the pinching phenomenon plays a key role in the design of rack
structures, so a pushover analysis can be inadequate to perform a reliable seismic vulnerability
assessment of racks. Therefore, a non-linear dynamic analysis, with an appropriate FE pinching
model like that proposed in the present Thesis, is recommended.

5.2 Recommendations for future research

Nowadays, in the design of an earthquake resistant structure, with a dissipative structural behavior,
the material nonlinearity may be taken into consideration explicitly through a non-linear analysis or
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implicitly through a linear elastic analysis, reducing the seismic forces by the seismic behavior
factor g. Non-linear static “pushover” analysis is usually performed to evaluate the g-factor.
Nevertheless, it has been observed that this analysis does not consider the stiffness and strength
degradation of the cyclic response of beam-to-column joints, which, in the case of steel storage
pallet racks, is usually affected by pronounced pinching. Further researches are recommended to
give estimations of the seismic behavior factor of racks, in down-aisle direction, through the
incremental dynamic analysis (IDA), taking into account the effective cyclic elasto-plastic behavior
of beam-to-column joints.

Moreover, experimental tests have shown that additional bolts in rack connections can increase the
structural performance of beam-to-column rack joints in terms of ultimate moment, ductility and
dissipated energy. Nevertheless, the use of bolts for all joints would be uneconomical and would
nullify advantages of dry connections in rack structures, so further researches are needed to identify
the minimum number of bolted joints and their distribution in the structure to satisfy an assigned
seismic performance.
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