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Preface

The world today is shaped by high dynamics. Multitude of processes evolves parallel and
partly connected invisible. For example, the globalisation is such a process. Here one can ob-
serve the exponential growing of connections form the level of single humans to the level of
cultures. Such connections guide as to the term complexity. Complexity is often understood as
product of the number of elements and the amount of connections in the system. In other
words, the world is going more complex, if the connections increase. Complexity itself is a
term for a system, which is not fully understood, which is partly uncontrollable and indetermi-
nated: exactly as humans. Growing from a single cell, the humans will show latter a behaviour,
which we can not predict in detail. After all, the human brain consists of 10" elements (cells).
If the social dynamical processes yield to more complexity, we have to accept more indetermi-
nation. Well, one has to hope, that such an indetermination does not affect the basic of human
existence. If we look at the field of technology, we can detect, that here indetermination or
uncertainty is often be dealt with explicitly. This is valid for natural risk management, for nu-
clear engineering, civil engineering or for the design of ships. And so different the fields are
which contribute to this symposium for all is valid: People working in this field have realised,
that a responsible usage of technology requires consideration of indetermination and uncer-
tainty. This level is not yet reached in the social sciences. It is the wish of the organisers of this
symposium, that not only civil engineers, mechanical engineers, mathematicians, ship builders
take part in this symposium, but also sociologists, managers and even politicians. Therefore
there is still a great opportunity to grow for this symposium. Indetermination does not have to
be negative: it can also be seen as chance.
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Vorwort

Die heutige Welt der Menschen wird durch grole Dynamik geprigt. Eine Vielzahl verschie-
dener Prozesse entfaltet sich parallel und teilweise auf unsichtbare Weise miteinander verbun-
den. Nimmt man z.B. den Prozess der Globalisierung: Hier erleben wir ein exponentielles
Wachstum der internationalen Verkniipfungen von der Ebene einzelner Menschen und bis zur
Ebene der Kulturen. Solche Verkniipfungen fithren uns zum Begriff der Komplexitit. Diese
wird oft als Produkt der Anzahl der Elemente eines Systems mal Umfang der Verkniipfungen
im System verstanden. In anderen Worten, die Welt wird zunehmend komplexer, denn die
Verkniipfungen nehmen zu. Komplexitdt wiederum ist ein Begriff fiir etwas unverstandenes,
unkontrollierbares, etwas unbestimmtes. Genau wie bei einem Menschen: Aus einer Zelle
wichst ein Mensch, dessen Verhalten wir im Detail nur schwer vorhersagen konnen. Immerhin
besitzt sein Gehirn 10" Elemente (Zellen). Wenn also diese dynamischen sozialen Prozesse zu
hoherer Komplexitét fiihren, miissen wir auch mehr Unbestimmtheit erwarten. Es bleibt zu
Hoffen, dass die Unbestimmtheit nicht existenzielle Grundlagen betrifft. Was die Komplexitit
der Technik angeht, so versucht man hier im Gegensatz zu den gesellschaftlichen Unsicherhei-
ten die Unsicherheiten zu erfassen und gezielt mit ihnen umzugehen. Das gilt fiir alle Berei-
che, ob nun Naturgefahrenmanagement, beim Bau und Betrieb von Kernkraftwerken, im
Bauwesen oder in der Schifffahrt. Und so verschieden diese Fachgebiete auch scheinen mo-
gen, die an diesem Symposium teilnehmen: Sie haben erkannt, das verantwortungsvoller Um-
gang mit Technik einer Beriicksichtigung der Unbestimmtheit bedarf. Soweit sind wir in ge-
sellschaftlichen Prozessen noch nicht. Wiinschenswert wire, dass in einigen Jahren nicht nur
Bauingenieure, Maschinenbauer, Mathematiker oder Schiffsbauer an einem solchen Probabi-
listik-Symposium teilnehmen, sondern auch Soziologen, Politiker oder Manager. Es bleibt
also noch viel Entwicklungspotential fiir dieses Symposium. Bleiben wir gespannt, Unbe-
stimmtheit kann auch positiv sein.
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Modelling human behaviour in the assessment of naviga-
tional safety in restricted areas

Zbigniew Pietrzykowski
Institute of Marine Navigation, Maritime University of Szczecin

Abstract: This article presents a problem of modeling processes of navigators'
decision making during simulation research on ships' movement in a restricted
area. The acquisition and representation of navigators' knowledge makes it
possible to build a model of behaviour which takes into consideration decision
making criteria used by the human being. The use of behaviour models in
simulation research on ship movement in a restricted area allows to analyze
and evaluate the navigational safety in these areas with the human factor taken
into account.

1 Introduction

Increasing awareness of societies and economical factors make people draw more attention
to problems of navigational safety. The safety of personnel, ships, cargo and environment
has to be ensured both at sea and in inland navigation as the vessel traffic increases and so
does vessel size, maximum speeds. The concern particularly refers to ships carrying haz-
ardous goods: tankers, gas carriers, chemical tankers. At the same time the human factor
becomes of more importance due to the fact that human errors are most often causes of
navigational accidents.

The assessment of navigational safety is essential in both analyses and project works (off
line) and in ship control and management (on line). These problems, or in more general
terms, qualitative and quantitative description of vessel traffic in restricted areas are dealt
with by the discipline called marine traffic engineering.

Modelling human decision making processes — those referring to a navigator steering a
ship in a restricted area is a detailed research problem of marine traffic engineering. Navi-
gators' behaviour models are used for designing systems of autonomous ship movement
control and for simulation tests of ship movement. Such models can also be used for a cur-
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rent assessment of a navigational situation and safety analysis in project research as well as
navigator training.

One essential component of the models is navigators' knowledge acquired and properly
represented. This knowledge refers to. e.g. criteria for navigational situation assessment.
Besides, the knowledge can be used in the classical risk analysis, based on probabilistic
methods in designing work, ship control and vessel traffic control.

2 Decision making models

The decision process can be divided into stages. Their correct execution is a prerequisite
for the decision to be correct, which, consequently, affects the effectiveness of decision
maker’s actions (Fig. 1).

information sit. analysis making taking
acquisition P and assessment [P| adecision [P  action

Fig. 1. The stages of the decision making process

The correctness of decisions made by a navigator depends, among others, on the scope and
quality of available information, navigator’s knowledge, experience and skills and his
knowledge of the problem being solved. It also refers to the assessment of a navigational
situation and decisions made during sea-going ship movement control. In this case it is im-
portant which model of a situation is used, adopted methods of analysis and assessment
and the type and scope of decisions considered by the navigator as admissible.

Information describing a navigational situation may be of various character in the decision
making process:

o deterministic (the parameters and state vector values of own and target ships are
known),

« probabilistic (information describing the problem is expressed by appropriate prob-
ability distributions),

« uncertainty (probability distributions are not known),

o fuzziness (uncertainty relates to both an occurrence of an event and its signifi-
cance).

In the classical approach the deterministic form of the mentioned elements is adopted.

A number of classification criteria can be distinguished for decision making models, such
as the character (form) of a model, type of controlled system, number of decision stages,
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number of criteria and number of decision makers. In work [5] two main approaches are
proposed for decision making modelling:

« descriptive approach; it is not based on the knowledge of a model defining the out-
put (effect) as a function of input (cause), but on knowing what input values are to
be selected in order to obtain desired output values;

o prescriptive (normative) approach; this approach is based on the knowledge of a
model defining the output (effect) as a function of input (cause), and it uses a rele-
vant conventional optimizing algorithm for gaining an optimal process control.

Both descriptive and prescriptive approaches can be used for decision making modelling in
various system optimization and control problems:

o deterministic (transition from one state to another at a preset control input, de-
scribed by a deterministic relation),

. statistical (transition from one state at a preset control input to next states at a de-
fined probability),

o fuzzy (transition from one crisp or fuzzy state — at a preset control input, defined by
a crisp or fuzzy relation).

Deterministic, statistical and fuzzy models are created depending on the type of the system
being controlled, decision variables and goals.

There exists a class of problems in which the searched for decision has to account for more
than one criterion. This necessitates finding a compromise as goals are often much differ-
ent. Another difficulty in the modeling decision processes executed by human beings is
that the human often fails to maximize, preferring to reach a defined value of the goal
function, called the aspiration level.

The decision process can comprise one (e.g. one-stage optimization) or many stages (con-
trol). In the case of multi-stage control we can identify problems with various times of their
completion: preset in advance, or set in a covert manner, fuzzy or indefinite.

The number of decision makers is also significant. Problems of decision making where
there are more than one decision makers are a subject of group decision, human teams and
N-person game theories. This diversification results from taking into account decision
makers’ preferences (identical or different) and access to information (identical or differ-
ent).

The variety of decision making models is a consequence of diversity of systems, existing
constraints, goals and criteria used. It also refers to models of navigators’ behaviour in the
process sea-going ship movement control.
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3 Navigators’ behaviour models

The navigator, making a decision, to a greater or lesser degree relies on approximate val-
ues, uses approximate models of objects and approximate constraints and goals. Therefore,
one should consider all possible combinations of ,,certainties” and ,,uncertainties” affecting
ship control. In order to simplify thus formulated problem, the following assumptions were
made [10]:

« The navigator uses a simplified model of own ship. It is assumed that it is a deter-
ministic model, and refers to other objects as well.

« The navigator, planning manoeuvre execution, assesses a given navigational situa-
tion and determines ship movement trajectory: ship’s positions and necessary
courses at subsequent instants. This refers in particular to difficult and complicated
situations. S/he optimizes ship’s trajectory looking for a series of control inputs
such as courses that will assure performing a manoeuvre as s/he has planned.

o In situations where neither difficult nor complex decisions have to be made the
navigator applies simpler solutions. S/he replaces a prescriptive decision making
model by a descriptive one, based on solutions found by a deterministic method or
on fuzzy inference.

« Depending on a situation, the navigator uses deterministic or fuzzy goals and con-
straints.

. Deviations from the worked out trajectory at defined discrete instants are corrected
by him/her on the basis of a descriptive model.

In this way navigator’s behaviour models — decision process models — can be presented as
these superimposed models:

« prescriptive (decision making) and descriptive (ship movement control) (Fig. 2),
« descriptive (decision making) and descriptive (ship movement control) (Fig. 3)

Modelling navigators’ behaviour calls for the identification of goals and constraints used
by them. These include the assurance of navigational safety, incorporation of good sea
practice principles, economical aspect (loss of way, loss of time, fuel consumption). The
navigator implements the goals by using corresponding criteria while making decisions.
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Fig. 2. A prescriptive model of navigator’s behaviour
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Fig. 3 A descriptive model of navigator’s behaviour.
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4 Classical criteria of navigational situation assessment

The assurance of navigational safety is strictly connected with continuous analysis and as-
sessment of a navigational situation based on adequate assessment criteria:

. those resulting directly from regulations (general ones (Colreg [1], local and spe-
cific), and

. those resulting from navigators’ knowledge and experience.

It should be emphasized that even in the regulations that are references to navigators’
knowledge and experience.

The use of criteria of navigational situation assessment requires that quantitative or qualita-
tive measures and indicators are introduced (distance, time, impact energy, safety level in-
dicators). These are, among others, distance to other objects, closest point of approach
(CPA) and time to the closest point of approach (TCPA), indicators of safety/danger level,
ship’s domain. If the relevant regulation do not state otherwise, it is the navigator who
specifies the criteria.

The criterion known as the closest point of approach (CPA) is commonly employed in the
assessment of a navigational situation, and used in automatic radar plotting aids (ARPA).
This criterion assumes that the navigator specifies a minimum (safe) distance for the pass-
ing of another object — minimum closest point of approach (CPA.). An additional criterion
is the time to the closest point of approach (TCPA) — its minimum value 7CPA; is defined
by the navigator as well. There are also criteria taking into account the magnitudes CPA;
and TCPA, at the same time. Examples of such criteria are the risk level indicators or the
collision risk coefficients. In this case the navigator also defines its minimum admissible
value.

In the process of ship conduct the navigator tries to keep a certain area around the ship free
from other navigational objects. The area is referred to as ship’s domain [3]. The presence
of another vessel in the domain area is interpreted as a hazard to navigational safety. Ana-
lytical and statistical methods are mainly used for the determination of ship’s domain.

Generally the determination of navigation safety level is connected with the determination
of navigation safety indicator. The indicator can be written as the functional P [4]:

P=F(B,R,S,M) (1)
Where B — area parameters,
R — vessel parameters,
S — position determination system parameters,
M — hydro-meteorological parameters.

The principal problem is that it is difficult to describe the functional in analytical terms.
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5 Criteria of navigational situation assessment based of
knowledge representation

Each decision in ship movement control is based on the situation analysis and assessment.
That is why more and more attention is drawn to the problems of acquisition, extraction
and representation of navigators’ knowledge on the subject, so that it can be utilized in de-
cision support systems. These problems are dealt with by knowledge engineering. This dis-
cipline uses methods and tools for the acquisition of and structuring of experts’ knowledge
as well as the matching and selection of proper methods of inference and clarification of
problems being solved. This refers to both procedural knowledge — procedure formulated
by the experts — and declarative i.e. descriptive knowledge, defined by sets of facts, state-
ments, rules. Declarative knowledge is particularly difficult to acquire and represent, as is
typical of elements of uncertainty and fuzziness. These elements result from, among oth-
ers, inaccurate and imprecise parameters characterizing the analyzed phenomenon and
from the fact the expert uses linguistic concepts in the description of parameters (e.g. dan-
gerous / (very) safe distance, etc.).

The work [6] proposes a method of navigational safety level determination based on the
representation of expert navigators’ knowledge, using artificial neural networks with the
fuzzy logic.

These networks, after the learning process, make it possible to assess navigational situa-
tions according to the criteria used by navigators. The learning data comprise facts col-
lected within expert research (simulation and questionnaire research): parameters charac-
terizing a navigational situation (such as ship’s state vector parameters) and the assessment
of navigational safety level of the situations recorded. The network was supposed to im-
plement the development (Fig. 1)

7=y, 09, 0) @)
where Ay — deviation from the fairway center line [m],
A¢p  — deviation from the preset course [°],
) — the turn rate.

Both the CPA criterion as well as ship’s domain (see Chapter 4) divide navigational situa-
tions into safe and dangerous ones. The concept of ship’s domain has been generalised and
extended to the concept of ship’s fuzzy domain [7]: area around the ship which the naviga-
tor should maintain free from other vessels and objects; the shape and size of that area de-
pends on the assumed navigational safety level.

The determination of ship’s fuzzy domain is based on the representation of navigators’
knowledge, making it possible to determine navigational safety level for any navigational
situation that may occur. Using the method discussed in [8] and employing an artificial
neural network with fuzzy logic we can determine areas of a preset navigational safety
level. Fig. 4. presents fuzzy domains of ships of various sizes in an area 200 m wide.

Similarly to the notion of ship’s fuzzy domain we can introduce and define the concept of
fuzzy closest point of approach. The criterion of fuzzy closest point of approach is inter-

7
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preted as follows: the navigator, setting the value of the closest point of approach CPAL,
determines a safe passing distance between ships. The passing at a ‘slightly’ larger distance
will assure a higher level of safety. Besides, a ‘slightly lower’ value of CPA (CPA < CPAy)
is allowed. When two ships pass each other at such a distance, there will be no collision
and the situation is acceptable. Thus the tolerance interval (CPAyyin, CPAL 4y 1S assumed,
described by the values of the navigational safety level, as is the case for the ship’s fuzzy
domain.

6 Restrictions in choosing the right track

While steering a ship in a restricted area the navigator has to maintain a safe distance to
other objects and at the same time s/he has to account for the regulations in force, specific
character of the area and the current traffic situation. There is no choice of track, which
results from the shape of the navigable restricted area, from increased vessel traffic and the
necessity to execute such manoeuvres as passing, overtaking, crossing, following another
ship, passing a berthing or anchoring ship and others.

All this requires maximum caution, and to maintain it several criteria are used:
« navigational safety of own ship,
« safe distance of passing, overtaking, crossing courses of other ships or objects,
« clear (noticeable) admissible course alteration,

« steering (if applicable) along the defined fairway centre line, or recommended tra-
jectory,

« economical: loss of way, loss of time, fuel consumption, etc.

For instance, in the passing manoeuvre (ships on opposite courses) in the fairway safe dis-
tance to the other ship has to be maintained (goal) and to the fairway limit (constraint). The
same applies to overtaking. When passing a berthed or anchored ship, the main goal is to
maintain safe distance such that no damage will be done to the other ship, e.g. breaking of
mooring lines or anchor chain, while a safe distance to the area limit has to be kept as well.
Another constraint is a noticeable admissible alteration of ship’s course.

These criteria can be determined on the basis of expert research. Tools of the fuzzy set the-
ory were used for their identification and representation. Some of them are as follows:

« ship’s fuzzy domain Dg — criterion of own and other ship’s navigational safety,

« fuzzy sets of trajectory shift relative to the recommended trajectory (fairway centre
line) Cgp, noticeable admissible course alteration C¢r and, if they occur, safe dis-
tance from a berthed or anchored ship, respectively Cy and Cyr , described by cor-
responding functions of membership ucrr, toyr and tcar.
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Fig. 4. Ship’s fuzzy domain on the waterway of 200 m wide. Navigational safety level y:
0 — safe; 1 — dangerous (collision) [12]

These and not other methods and tools of fuzzy set theory have been used because they
offer, among others, the following possibilities:

« description of criteria for the choice of way (including the navigational safety crite-
rion) intuitively follows the human pattern, accounting for imprecision (fuzziness)
of the criteria — gradual transition from elements belonging to the sets to those not
belonging to the sets of such elements,

« aggregation of criteria defined in various spaces (e.g. distance, course),

« description of human decision making process as an optimization one-stage or
multi-stage problem with fuzzy goals and constraints.
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« Use of classical optimization methods for solving thus formulated optimization
problem.

7 Assessment of navigational safety in the fairway

The criterion of ship’s fuzzy domain can be used for the current assessment of a naviga-
tional situation (on line), as well as for an analysis of traffic processes (off line) in re-
stricted areas, which may comprise various parts of fairways, i.e. straight sections and
bends. For instance, the above criterion was used for assessing navigational safety of a ship
proceeding in a fairway bend 200 metres wide. Figures 5 and 6 present, respectively, an
”ideal” and “dangerous” passages of a ship 95 m in length, 18 m breadth, moving within a
fairway bend, with recorded values of the safety level.
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Fig. 5.”Ideal’ship’s passage on a fairway bend [2]

10



Pietrzykowski: Modelling human behaviour in the assessment of navigational safety in restricted areas

8 Assessment of navigational safety of the manoeuvre of
passing a mooring ship

Ships moving in a restricted area are forced to manoeuvre by passing or overtaking other
moving or stationary objects. While assessing navigational safety, the navigator has to take
into account the safety of his/her own ship and that of other objects. Figure 7 shows an ex-
ample of passing a moored ship and the recorded values of navigational safety level: of
own ship, (passing ship), mooring ship and overall assessment of navigational situation.
This allows to make a more detailed analysis of manoeuvres executed.

2000

1800

1600

1400

Distance [m]

1200

1000

200 -

BO0

200 s00 800 1000 1200 1400 1800 1800 2000
Distance [m]

(a) ship’s trajectory

1-

0.8
0.6
>
0.4
0.2
O |
5 10 15 20 25 30 35 40 45 50
time x15 [s]

(b) values of the navigational situation assessment y

Fig. 6. “Dangerous” passage on a fairway bend [2]

11



4™ International Probabilistic Symposium, 12"-13" October 2006

100 M == = =

200 | | | | |

\ \ \ \ \
0 200 400 600 800 1000 1200 1400 1600 1800
x [m]

y [m]

(a) own ship movement trajectory

177ﬁ77 - - v - ']

> L _
0.5 1 2

0 50 100 150 200 250 300 350 400 450
t[s]

(b) navigational situation assessment: 1- navigational safety level y of the own ship; 2 - safety level of the mooring

ship

Fig. 7 Manoeuvre of passing a mooring ship

9 The probabilistic-fuzzy method for manoeuvring risk as-
sessment

Modelling human behaviour, particularly the acquisition and representation of human
knowledge and experience, enables us to extend methods of manoeuvring risk assessment
used so far. This will be useful in a current analysis of navigational safety and in designing
work. The probabilistic-fuzzy method of manoeuvring assessment is one example of this
approach [9]. The method was used in assessing the safety of a ship manoeuvring within a
fairway bend being in the stage of designing. The presented approach makes it possible to
assess navigational safety taking into account dangerous situations, i.e. situations when a
ship comes too close to the fairway border, which may result in safety failure situation.
The probability of such a situation can be determined on the basis of the density function in
which the random variables are locations of extreme points of the ship in the fairway
(separately for the straboard and port sides of fairway limits), as well as on the basis of the
defined fuzzy set: dangerous situation — dangerous distance to the port (left) and starboard
(right-hand) fairway limit.

The relevant research was carried out in a fairway bend, 150m broad at the bottom, with
the radius of 600m [9]. The fairway was divided into sections with limits running perpen-
dicular to its centre line. The ship used for research was a loaded tanker with 40000 DWT
capacity, length overall L=196m, beam B=28m and draft T=11m. Figures 8 and 9 illustrate
the determined values of a probability of a collision and of dangerous situation occurrence.

12
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— left site of the waterway
— right site of the waterway
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Fig. 8. Probability of an accident on the starboard (right) and port (left) side of the water-
way [9].

10  Models of navigators’ behaviour in the process of ship
control

The models of navigators’ behaviour introduced in Chapter 3 were implemented in the
problem of the ship’s safe trajectory determination. Examples of the trajectories obtained
by using an optimization algorithm — multi-stage control in a fuzzy environment — are
shown in Figure 10.
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Fig. 9. Probability of dangerous situation occurrence for the waterway starboard and port
sides (Zadeh’s approach) [9].
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Fig.10. Trajectories of ship movement in a restricted area; positions (x) on 60 [s] time in-
tervals [11]

It is possible to implement the mentioned models in simulation research into ship move-
ment processes in restricted areas. The diversification of criteria of situation assessment
and the choice of way will enable modelling movement of ships as autonomous objects,
with consideration given to individual behaviour of navigators. In this way the possibility
arises for a comprehensive analysis and assessment of navigational safety in restricted ar-
eas.

11  Summary

The analysis and assessment of navigational safety in restricted areas is essential in the
process of ship movement control in order to prevent accidents as well as in designing new
or modernizing existing waterways. Such tasks have to account for the human factor —
namely navigator’s behaviour. This article presents models of human behaviour which take
into account criteria used by the navigator in the process of ship movement control in a re-
stricted area. Examples are shown of the use of these models in navigational situation ana-
lysis and assessment.
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Stochastic structural modelling

Konrad Bergmeister& Simon Hoffmann
BOKU, Department of Civil Engineering + Natural Hazards, Vienna, Austria

Abstract: The Department of Civil Engineering & Natural Hazards has a more
than 5 year long experience in stochastic modelling of complex structures. This
contribution gives a brief introduction to the models generated during this pe-
riod. Several applications are demonstrated to show the capabilities of this soft-
ware system for structural analysis. Their specific characteristics regarding
geometry, load cases and modelling is outlined. The sampling used for the sin-
gle applications is described. Basic results taken from each single analysis are
discussed. The contributions extend allow no detailed presentation of all results
obtained during the last 5 years, but a substantial list of references shall help
for further investigations.

1 Introduction

During the last few decades practical methods for the reliability assessment of structural
infrastructure have been developed to assist engineers in probabilistic analysis. These
methods help to quantify reliability within the inspection and assessment, as well as imma-
nent uncertainties by sensitivity analysis. Eventually decision making about the structural
resistance is eased. The considered structures can still be in the design phase, under con-
struction or already in use. Therefore it is essential to apply the basic principles and meth-
ods as a problem related reliability analysis including the posing of possible risks. The
objective is to confirm the updating and decision making methods.

1.1 Structural analysis SARA

The procedures used for the applications is implemented in the integrated software system
SARA (Safety Analysis and Reliability Analysis), which was developed in the course of a
project called “Structure Analysis and Reliability Assessment”. Based on a deterministic
nonlinear FEM model finally a Reliability index £ is obtained by the calculation of multi-
ple models simulating the distribution of the input parameters. The concept of the reliabil-
ity assessment with its main steps is demonstrated in figure 1, taken from a more detailed
description of the system in [8] and [9].
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Figure 1: Concept of reliability assessment

2 Application Examples

2.1 Segmental bridge in Vienna

The single span bridge in Vienna over Highway A23 is 25 years old. Due to an ongoing
construction project the bridge was demolished in 2002. During the demolition a range of
non-destructive tests as well as finally a full-scale destructive load test were performed.
The presented reliability assessment was a part of the predictive numerical study [6] for
planning and optimizing the test setup.

2.1.1  Geometry

The length of the bridge is 44.60 m, the width 6.40 m and the height 2.10 m (Figure 2).
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Figure 2: Side elevation of the bridge from the west.
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The fully post-tensioned box-girder bridge was made of 18 segments with lengths of 2.485
m each. The segmental joints were filled with epoxy resin. The segments were cast from
concrete B500 and are rein-forced with mild steel St 50. The post-tensioning tendons con-
sist of 20 strands St 160/180.

2.1.2 Load cases

The bridge was pre-stressed and then loaded with prescribed displacement in the middle of
the span. The ultimate failure load and the descending branch were obtained. The bridge
girder failed typically in the middle of the span. First the prestressing tendons yielded, ten-
sile cracks developed, and consequently the concrete in the compression flange of the box
girder crushed and split.

2.1.3 Modelling

Mean values of the material properties for concrete B500 were generated using ATENA
defaults (based on recommendations by CEB, fib, RILEM etc.). Tensile cracking model in
ATENA is based on the smeared crack approach, which replaces the discrete cracks, oc-
curring in real concrete structures, by strain localization in a continuous displacement field.
Concrete fracture is covered by nonlinear fracture mechanics based on fracture energy with
an exponential softening law derived experimentally by Hordijk [2] demonstrated in Figure
3 and equation 1. The objectivity of the finite element solution is assured by crack band
approach - the descending branch of the stress-strain relationship is adjusted according to
the finite element size and mesh orientation.
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Figure 3: Stress - crack-opening law according to Hordijk [2].

E:(1+cllj exp(—czij—l(l+cf)exp(—c2) (1)
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A more detailed contribution to the material modelling within the software ATENA can be
found in the contribution “Uncertainties of material properties in nonlinear computer simu-
lation” by R. Pukl, included in these proceedings. The used mean values, coefficients of
variation and suitable pdfs of the concrete and steel properties are presented in Table 1.
Statistical correlation among random variables was considered according to the prescribed
correlation matrix as shown in the upper triangle of Table 2.
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Tab. 1: Basic variables used for the simulation.

Variable Material Properties Units  Distribution Mean CoV
E. Concrete Modulus of elasticity Gpa Lognormal 3695  0.15
v Poisson’ ratio - Lognormal 0.2 0.05
f, Tensile strength MPa Weibull 3275 0.18
f. Compressive strength MPa  Lognormal 42.5 0.10
Gy Fracture energy N/m Weibull 81.43  0.20
E. uniaxial compressive strain - Lognormal 0.0023  0.15
at compressive strength
CRred reduction of compressive - Rectangular 0.8 0.06
strength due to damage
Wy critical compressive dis- m Lognormal  0.0005  0.10
placement
) specific material weight ~ MN/m? Normal 0.023 0.1
E, Pre-stressed steel Modulus of elasticity GPa Lognormal 200 0.03
£ Yield strength MPa  Lognormal 630 0.03
F, Prestressing force MN Normal 21.85 0.04
A, Area of strands m? Normal 0.0237 0.001

Tab. 2: Correlation matrix for concrete properties.

Parameter E. f; f, Gs &
E. 1 0.7 0.9 0.5 0.9
f; 0.7 1 0.8 0.9 0.6
f, 0.9 0.8 1 0.6 0.6
G 0.5 0.9 0.6 1 0.5
£ 0.9 0.6 0.6 0.5 1

2.1.4  Analysis

For the estimation of the basic statistical parameters of the ultimate load different numbers
of samples have been used by total numbers of 8 and 32 samples [6]. In both cases compa-
rable results were obtained. Furthermore the results have been used to estimate a reliability
index for the structure considering different levels of the load (mean values) and two alter-
natives of variability (coefficient of variation 0.1 and 0.2). The analysis verified the feasi-
bility of the used complex stochastic nonlinear program system integrating nonlinear
fracture finite element analysis wit probabilistic tools.

2.2 Colle Isarco Viaduct

The goal of the stochastic fracture analysis for the Colle Isarco Viaduct was to estimate the
reliability of the structure and to show the efficiency of the procedures used by SARA ([8]
and [9]). A detailed statistical failure simulation and reliability assessment of the existing
bridge structure was performed. The Colle Isarco Viaduct is a cantilever beam bridge in
Italy with a total length of 1,000 m. Built in 19609, it is a fully post-tensioned box-girder
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bridge and is part of the Brenner Highway in Italy. Several objects of this type are found in
the two separated lanes which form this bottleneck crossing the Alps.

2.2.1 Geometry

The northern cast-in-place balanced cantilever beams are the most sensitive elements of
bridge systems. Therefore, these elements, with varying box girder depths, have been cho-
sen for the analyses. The total length of the beams is 167.5 m. They are subdivided by the
mid-span with a length of 91 m and the cantilever beams with a length of 59 m and 17.5 m,
see Figure 4. The lane slab has a width of 10.60 m and the lower girder slab a width of
6.00 m. Both of them have a thickness of about 0.20 m. The height of the box girder varies
from 10.80 m over the middle support to 2.85 m at the end of the cantilever beams. A
summary of the geometric data used for the analysis is given in Table 3.

Figure 4: Side elevation of the bridge from the west.

Tab. 3: Deterministic geometric data used for the analysis.

Component Location Magnitude (m)
Cantilever north North of pier 9 59.0
Middle-span Pier 9 to pier 10 91.0
Cantilever south South of pier 10 17.5
Width of lane slab Entire slab 10.6

Box section width Entire box 6.0

Box section height Pier 10 4.5

Box section height Pier 9 10.8

Box section height Both ends 2.85
Total length - 167.5

2.2.2 Load cases

A structure is exposed to numerous actions. The groups of load cases examined for this
structure were dead loads, pre-stressing loads, traffic loads, and the boundary conditions.
In addition to the dead load of the box girder, the dead loads of the neighbouring sus-
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pended spans were taken into account (pro rata). The traffic loads acting on the neighbour-
ing suspended span were treated in the same way as the dead loads. The traffic loads were
modelled as regularly distributed loads with a magnitude of 70kN/m. These loads acting
downwards on the pavement of the box girder were incrementally increased until failure.
To find the smallest load capacity, this procedure was performed for differently located
line loads along the longitudinal axis of the bridge. The uniform load along the entire
girder was identified as relevant load case for the smallest load capacity. For the probabil-
istic assessment coefficients of variation of 15%, 30% and 45% for the traffic load were
analyzed. The load case pre-stressing is given by 211 bar cable elements each with a di-
ameter of 32 mm of type 850/970. The configuration of the bearing ensured a statically
determined support of the girder.

2.2.3  Modelling

The finite element model was built in ATENA by using the previously mentioned geomet-
ric data. A detailed description of the non linear material models and discretisation of the
structure can be found in [8]. The uncertainties of the materials caused by natural influ-
ences were included using for the specification their complete distribution function. The
used mean values, coefficients of variation and suitable pdfs of the concrete and steel
properties are presented in Table 4. The reinforcement was modelled multilinearly with a
yield strength f;; = 500 MPa to capture the break down by exceeding the yield strength.
For the pre-stressed steel a similar model was used with a yield strength f,;, = 630 MPa
which equals 75% of the nominal yield strength to allow for wedge slip, shrinkage and
creep. The coefficients of correlation between the different concrete material properties,

which have been considered during sampling by simulated annealing, can be found in Ta-
ble 5.

Tab. 4: Basic variables used for the simulation.

Variable* Material Properties Units  Distribution Mean CoV
E. Concrete Modulus of elasticity = GPa  Lognormal 37 0.15
f; Tensile strength MPa Weibull 3.26 0.18
f. Compressive strength  MPa  Lognormal 42.5 0.10
Gy Fracture energy N/m Weibull 120 0.20
fys Reinforcement Yield strength MPa  Lognormal 500 0.05
fip Pre-stressed Steel Yield strength MPa  Lognormal 630 0.03
Iy Reinforcement Ratio vertical AJ/A, - Normal 0.003 0.10
'™ Reinforcement  Ratio horizontal AJ/A, - Normal 0.003 0.10

Tab. 5: Basic variables used for the simulation.

Parameter E. f; f, Gy
E. 1 0.7 0.9 0.5
f; 0.7 1 0.8 0.9
f, 0.9 0.8 1 0.6
Gr 0.5 0.9 0.6 1
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2.2.4  Analysis

Based on probability simulations of the structure with a total number of 30 samples de-
tailed analysis regarding the reliability index of the structure has been performed [8].
Monitoring data taken from a permanent measurement system [7] was considered for this
analysis. Present and future reliability indices for the ultimate and service limit state have
been estimated based on different load levels and scenarios for the structure’s degradation.
A sensitivity analysis for the single basic variables identified already major parameters for
the structural response. Based on this analysis a specific strengthening concept for the
bridge was developed. Recent works [8] have a closer look on the structure’s behaviour on
degradation and discussed different degradation functions characterisation of the time de-
pendent reliability performance of the structure like the one introduced by Mori [3], (2).

gt)=1-a-t" 2)

Within these studies different damage scenarios as global or local degradation of the pre-
stressed steel are discussed. Furthermore different failure scenarios are identified by a
more detailed sensitivity analysis of the basic variables.

2.3 Footbridge

The pre-stressing system used for the Colle Isarco Viaduct with massive bars is generally
not applied any more for modern pre-stressed bridges. For many years already tendons
made of single wires typically app. 5 mm in diameter are applied. These wires are designed
for much higher stresses and degree of utilization. Furthermore these tendons allow higher
curvature and are much more likely to show single wire ruptures caused by degradation.
All these differences to the analysed structure of the Colle Isarco Viaduct encouraged the
additional analysis [8] of a structure more typical for the majority of pre-stressed bridge
structures built since the 1970’s. Based on [11] a theoretical sample of a pre-stressed
bridge, not realized as an existing structure, was chosen.

23.1  Geometry

The 3 span continuous tee-beam with a total length of 65 m consists of a middle span of 26
m and 2 side spans of 19.5 m. The width for the bridge deck was chosen to be 2.8 m with a
thickness of 0.18 m. The detailed dimensions of the tee-beams 0.86 m high cross section
can be taken from Figure 5. The detailed characteristic of the tendons run described by (3)
is shown in Figure 6. The geometric data used for the analysis is summarized in Table 6.

2.80

0.95 ‘ 0.70 H 0.95

10.10 10.10

Figure 5: Cross section of tee-beam.
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Figure 6: Characteristic of tendons run (10x enlarged in height).
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Tab. 6: Deterministic geometric data used for the analysis.

Component Magnitude (m)
Middle-span 26.0
Side-spans 19.5
Width of deck 2.8
Thickness of deck 0.18
Cross section height 0.86
Web height 0.65
Total length 65.0

2.3.2 Load cases

The groups of load cases examined for this structure were dead loads, pre-stressing loads,
traffic loads, and the boundary conditions. In addition to the dead load of the tee-beam
itself the dead loads of the surfacing and rails were taken into account. The traffic loads
were modelled as regularly distributed loads with a magnitude of 11.76 kN/m. These loads
acting downwards on the pavement of the tee-beam were incrementally increased until
failure. The uniform load along the entire 3 spans was identified as relevant load case for
the smallest load capacity. The load case pre-stressing is given by 4 tendons consisting of 7
tension wires with a diameter of app. 5 mm each of type 1570/1770. The configuration of
the bearing ensured an almost statically determined support of the entire structure.

2.3.3  Modelling

The finite element model was built in ATENA 2D using the previously mentioned geomet-
ric data. The cross section of the tee-beam acc. figure 7 was idealised using 3 rectangles
with constant thickness. For the discretisation of the structure 2D-Quadrileterals CClso-
QQuad Elements have been selected. The element size of the finite element mesh was cho-
sen to be 0.20 m and 0.10 m for the deck respectively, which led to a total number of 3,155
elements and 12,107 nodes. The elements could be grouped into 7 macro elements, consid-
ering material and geometrical qualities. Similar to the assessment for the Colle Isarco
Viaduct the nonlinear concrete behaviour was specified using the SBETA material model
[1]. Horizontal und vertical smeared reinforcement, modelled using a multilinear stress-




Bergmeister & Hoffmann: Stochastic structural modelling

strain law with yield strength of f;; = 500 MPa, was used in the web. The bending rein-
forcement in the web was realized as discrete reinforcement bars with yield strength of fy
= 500 MPa. The tendons were modelled as polyline acc. to figure 8. For the pre-stressed
steel a multilinear law with yield strength f,, = 1170 MPa was used too, again allowing for
wedge slip, shrinkage and creep. The materials uncertainties caused by natural influences
were included using their complete distribution function for the specification. The used
mean values, coefficients of variation and suitable pdfs of the concrete and steel properties
are presented in Table 7. The coefficients of correlation of the concrete material properties,
which have been considered during sampling by simulated annealing, are the same as the
ones choosen for the Colle Isarco according Table 5.

Tab. 7: Basic variables used for the simulation.

Variable* Material Properties Units  Distribution Mean CoV
E. Concrete Modulus of elasticity = GPa  Lognormal 35.57 0.15
f; Tensile strength MPa Weibull 3.04 0.18
f. Compressive strength  MPa  Lognormal 38.3 0.10
Gy Fracture energy N/m Weibull 120 0.20
fys Reinforcement Yield strength MPa  Lognormal 500 0.05
fip Pre-stressed Steel Yield strength MPa  Lognormal 1170 0.03

2.3.4  Analysis

A study based on 45 samples at a time demonstrated several differences to the results for
the Colle Isarco [9]. The free cantilever construction of the Colle Isarco created a signifi-
cant spare of performance for the final state of the bridge, which is missing for the ana-
lysed footway bridge. The different type of pre-stressing allowed to study in addition the
rupture of single wires in the tendons including the local drop out of the pre-stress, rebuild
by the bond to the concrete. The importance of changes of failure modes for different
grades of degradation to the reliability index of the structure is demonstrated.

24 Gantry sign

Gantry signs are simple steel structures with wind as significant dominant load case. Their
high level of standardisation makes them an ideal object for a detailed and sophisticated
optimisation process based on probabilistic methods. In contradiction to bridge structures
shown before, wind as the main load component orthogonal to the main axes of the struc-
ture makes the use of a 3dimensional model inescapable.

24.1 Geometry

For the analysis a most typical geometry was chosen. Shafts and bar are build of 8 mm
plates bended to half shells and welded together to almost rectangular profiles. The main
dimensions including the size of the sign exposed to the wind load can be found in Figure
7.
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Figure 7: Side elevation of the analysed gantry sign.

2.4.2 Load cases

As only body force and wind load had to be considered for the analysis a specific non de-
terministic description could have been extended to the load side. Primal variances of the
loading to the structure are caused by different wind speeds. Therefore its scattering have
been directly included while generating the samples for the probabilistic analysis. In this
case a mean value of 32.88 m/s and standard derivation of 5.31 m/s describing a Rayleight
pdf (4) was chosen, corresponding to a mean wind load of 1.275 kN/m? on the sign.

f(v) = % . le_z[vvz] (4)

-2
%
2.43 Modelling

The finite element model was built in ATENA 3D using the previously mentioned geomet-
ric data. All bended plates of the shafts and bar were modelled by quadratic Ahmad shell
elements with a minimum of 9 integrational points and a number of 4 layers of similar
height in its thickness were chosen. Only the head plates had to be modelled as linear brick
elements and the connection of shafts and bar with linear tetra elements. A simple linear
elastic material model could have been chosen because for the service limit state, as a
maximum deflection, no non linearity had to be considered and the ultimate limit state was
defined as the yielding of the steel plates of the shafts and the bar. This allowed estimating
the reliability index for the service limit state only by a variation of the young’s modulus of
all elements and for the ultimate limit state by a comparison of the computed maximum
stress to the yield stress of the used material. Detailed studies on steel probes of plates pro-
duced in Austria were used for the non deterministic description of the yield stress [10]. By
the use of the multipurpose probability-based software for statistical sensitivity and reli-
ability analysis of engineering problems FREET ([4] and [5]) the best description of the
yield stress distribution of all 444 probes was identified as Gumble max. pdf with a mean
value of 286.27 N/mm? and standard derivation of 17.88 N/mm? as shown in Figure 8.
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Figure 8: Yield stress distribution for a material S235JRG2 with a plate thickness of 8 mm.

2.44  Analysis

Based on 30 samples at a time an analysis for the service limit state and ultimate limit state
was conducted within a diploma thesis. It could have been proved, that the actual design of
the structure shows sufficient reliability for the service limit state and exceeds by far the
demands for the ultimate limit state. Studies using differing plate thicknesses, dimensions
and connections of the shafts and the bar showed possibilities for an optimized design of
the structure and have to be discussed regarding their technical feasibility.

3 Conclusion and Outlook

The paper gives a wide overview of practical applications of the state of the art stochastic
modelling tool SARA. The first three applications are reliability assessments of prestressed
concrete bridge structures. The nonlinearities of their structural behaviour produce in most
cases additional potential of the structure for its ultimate limit state and therefore lower
failure probabilities than those calculated by neglecting these effects. Though for the ser-
vice limit state these changes in stiffness might cause more deflection and consequently a
lower reliability for its service limit state. Thus it appears that nonlinearities of the struc-
tures behaviour have to be considered for a reliability assessment of the entire structures in
most cases. The non linear FEM software ATENA implemented in SARA allows to con-
sider these effects. Especially the studies regarding the Colle Isarco and the Footbridge
showed the necessity to include as well specific damage scenarios and types of degradation
to gain a realistic description of the structures reliability. The implementation of monitor-
ing data and sophisticate degradation functions into the reliability assessment is still a wide
scope of research. Future progress in this field will help us to have not only current as-
sessment of structures reliability, but a forecast of its probable development. Therefore
SARA can build a powerful tool for maintenance planning of structures of different kinds,
not only bridges. Supported by identification methods, which use for several approaches
already some of the resources given by ATENA and FREET, the assistance in cost plan-
ning will not be limited to the maintenance. The last application showed the potential of
stochastic modelling for the optimization of structural design. The extension of the system
by supporting the modelling of 3D structures opens a wide range too of complete structures
and details for a design based on more specific and sophisticated stochastic proof of its
reliability as it is given by level II and III methods in Eurocode 0.

11
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Analysis and modelling of autocorrelation in concrete
strength series

Luc Taerwe
Ghent University, Department of Structural Engineering,
Magnel Laboratory for Concrete Research

Abstract : Consecutive concrete strength values are often considered to be in-

dependent. However, analysis of extensive concrete strength records reveals

that generally a significant autocorrelation is present, which can be explained

on the basis of the concrete production process. The following aspects will be

addressed in the paper :

- analysis of the autocorrelation structure in concrete strength records (total
number of observations varying between 500 and 1800)

- influence of autocorrelation on the common sample statistics (mean, stan-
dard deviation, ...)

- physical background of the autocorrelation structure

- modelling of the autocorrelation structure

1 Introduction

Concrete strength is a random variable which is usually modelled by means of a normal or
lognormal distribution function. Generally it is assumed that consecutive strength values
are independent. However, the detailed investigation of strength records that is presented
below reveals that significant autocorrelation exists between consecutive values. Informa-
tion concerning the correlation structure which is present in concrete strength records is
only scarcely available in the literature. The time-dependent variation of consecutive
strength values was mentioned by SOROKA [1] who investigated the evolution of the stan-
dard deviation as a function of the number of specimens that gradually became available as
the length of the production period became longer. This variable increased with time and
approached a constant value. The phenomenon was explained by RACKWITZ on the basis of
an autoregressive model of order 1 [2]. Some empirical serial correlation functions were
reported by DEGERMAN [3] who made use of strength values from the Swedish concrete
industry. A thorough analysis of the problem based on the analysis of empirical concrete
strength records can be found in [4, 5, 6].
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2 General characteristics of the analyzed series

A general survey of the five concrete strength series that will be analyzed in the following
is given in Tab. 1. The compressive strength of the specimens is determined at 28 days and
expressed in MPa. The series are subdivided into subseries each covering a maximum of
200 results. This subdivision was found useful because this number of observations is suf-
ficiently large to characterize the concrete production process during a certain period, whi-
le on the other hand, the corresponding period is not too long with respect to the inclusion
of possible long-term changes in the basic variables influencing concrete strength.

The complete series are designated as A, B, C, D and E whereas the subseries notation
contains an additional figure. The time period between the days that the first and the last
specimens were tested, is mentioned in the fourth column of Tab. 1. For series A, B and C
the number of specimens per casting day is variable and for series D and E, the daily sam-
ple rate equals 4 or 2. The first three series were obtained at building sites in Belgium whe-
reas the two other series came from precasting plants all having their own concrete mixing
equipment.

Tab. 1 : General survey of the concrete strength series

Series n (*) Division in sub- Observation Type of Mean daily
series period (days) specimen sample rate
A 1786 Al..A9 1158 cubes 3.26
(200 mm)
B 945 B1...B5 1044 cylinders 2.59
C 534 Cl1..C3 1233 cylinders 2.32
D 1468 D1...D8 303 (D1...D4) cubes 4
(158 mm)
422 (D5...D8) 4
E 1158 El...E6 267 (E1...E3) cubes 4
(158 mm)
526 (E4...E6) 2

(*) Total number of test results

In Tab. 2 and 3, the mean Xx,, the standard deviation s, and the coefficient of variation
0 =s,/X, are given for the complete series and the subseries respectively. The consecuti-

ve values of subseries A4 and B4 are shown in Figs. 1 and 2 in chronological order.

Tab. 2 : General characteristics of the concrete strength series

Series N X, Sn o
(MPa) (MPa) (%)

A 1786 46.5 6.56 14.1
B 945 36.8 5.30 14.4
C 534 42.1 6.62 15.7
D 1468 59.9 3.68 6.1
E 1158 72.3 5.94 8.2
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Tab. 3 : General characteristics of the subseries

Subseries n X, Sn o
(MPa) (MPa) (%)
Al 200 45.8 5.47 11.9
A2 199 48.8 6.35 13.0
A3 200 50.2 6.78 13.5
A4 200 48.3 5.73 11.9
A5 200 44.5 5.74 12.9
A6 200 44.8 5.89 13.1
A7 200 46.3 6.33 13.7
A8 200 432 6.08 14.1
A9 187 46.8 7.13 15.2
Bl 200 39.0 5.40 13.9
B2 200 34.9 4.83 13.8
B3 200 36.5 5.33 14.6
B4 200 37.0 4.69 12.7
B5 145 36.4 5.52 15.2
Cl 200 46.1 6.67 14.5
C2 200 40.9 5.17 13.6
C3 134 37.9 5.01 13.2
D1 200 59.8 3.64 6.1
D2 196 59.6 3.17 5.3
D3 200 61.7 3.52 5.7
D4 200 59.0 4.25 7.2
D5 200 59.3 3.96 6.7
D6 200 59.8 3.44 5.8
D7 200 60.5 3.05 5.0
D8 72 58.1 2.95 5.1
El 200 68.0 4.06 6.0
E2 199 69.0 4.05 5.9
E3 200 69.3 491 7.1
E4 200 76.7 4.61 6.0
E5 200 75.6 4.95 6.5
E6 158 75.7 5.53 7.3

3 Serial correlation

For series which are not random there will be dependencies of one kind or another between
successive terms. One very useful measure of this effect is the correlation coefficient bet-
ween pairs of strength values, where the components of each pair are k units apart in the
sequential sampling process. Given n values x, ..., X, the so-called serial correlation of lag
k is defined [5] by

1 n—k
Z(xi Xy ) (xi+k - J_Cn)
1

_(n=k)

1

s i: (1)
- (xi - X, )2
n

n
i=1
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where - n, the total number of observations
- X, , the mean of the series
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Fig. 1: Representation of subseries A4
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Fig. 2: Representation of subseries B4

If the series is regarded as a parent form which is infinitely long, we refer to the autocorre-
lations, instead of the serial correlations, and denote them by o where
_ Covlx, X ]

{Var [Xi] Var [Xi+k]}1/2

Px (2)

This accords with the usual convention in statistics of denoting parent values by Greek
letters and sample values by roman type. The serial correlation of lag 0 equals 1. In the
case of independent observations, 7« = 0 for k > 1. It is important to note that the strength
results must be available in chronological order, otherwises the calculation of r, does not
make sense.

In the following, the structure of equation (1) is briefly discussed. The numerator is part of
the sample covariance which is a sum of products, the factors of which are related to ob-
servations k units apart. In the case of a perfectly random series, the possibility that both x;
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and x;.x are at the same side of the mean level X, is as likely as the event that both are at a

different side. This means that in the long run both positive and negative contributions to
the numerator compensate each other and that 7 is zero. However, in the case of a correla-
ted series, positive contributions will be dominating for a series with slow fluctuations
whereas negative contributions will predominantly occur for a series with rapid fluctuati-
ons. The resulting values or 7, will be either positive or negative and significantly different
from zero. As the dependency between observations, sufficiently far apart, tends to become
negligible, r will approach zero for high k values. The denominator may be considered as
a standardization factor and is equal to the sum appearing in the sample variance.

The consecutive values of 7¢ yield an instructive picture of the internal structure of a series
consisting of correlated observations. The graphical representation of 7y as a function of k
is called a correlogram. The correlograms of subseries A4 and B4 are represented in Figs.
3 and 4. The main difference between these two typical examples is that the first corre-
logram (subseries A4) decays rather rapidly, whereas in the second case (subseries B4) the
values of ry decrease very slowly. The reason for this is that the mean level of subseries A4
remains almost constant whereas in subseries B4 a significant downward trend is present
(Figs. 1 and 2).

0.6
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0.2 !
0.0 | l l | | —t | | I L 15
1 5 10 |
Lag (k)

-0.2 1

Fig. 3: Correlogram of subseries A4
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Wty

Lag (k

n

Fig. 4: Correlogram of subseries B4

In Tab. 4 the values of 7, with k=1, ..., 5 are given for the 31 series. It may be concluded
that, on the mean, | ranges between 0.2 and 0.6 whereas r, varies between 0.1 and 0.5.
The same order of magnitude is mentioned in [4] for strength series of Swedish origin.

In order to test whether the serial correlation of lag k is significantly different from zero,
use is made of the property that if 7 = 0 then [7, 8]
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k-1
Var[rk]=%(1+22rizj for k>1 (3)
i=1

In case that

n <2,/ Var|r 4)

it is concluded that 7y is not significantly different from zero [6]. The highest lag for which
r¢ 1s significantly different from zero is also shown in Tab. 4. Obviously, these values vary
rather widely depending of the correlation structure of the subseries concerned.

Tab. 4: Serial correlations r; to r5 of the 31 subseries

Subseries " 7 73 74 s Highest lag of
significant ry
Al 0.425 0.386 0.276 0.263 0.286 8
A2 0.258 0.128 0.113 -0.011 0.028 1
A3 0.226 0.084 0.091 0.072 0.083 1
A4 0.302 0.173 0.169 0.060 0.006 3
A5 0.196 0.115 0.044 0.011 0.096 1
A6 0.286 0.090 0.177 0.033 -0.023 3
A7 0.277 0.213 0.185 0.174 0.121 4
A8 0.227 0.089 0.145 0.143 0.120 7
A9 0.462 0.375 0.337 0.300 0.343 5
Bl 0.323 0.287 0.077 0.149 0.076 2
B2 0.493 0.412 0.409 0.202 0.134 6
B3 0.536 0.535 0.449 0.393 0.358 12
B4 0.600 0.511 0.509 0.464 0.351 14
B5 0.199 0.145 -0.039 0.015 -0.097 1
Cl 0.451 0.401 0.372 0.362 0.325 7
C2 0.437 0.319 0.300 0.328 0.244 6
C3 0.384 0.194 0.210 0.183 0.223 5
D1 0.432 0.326 0.306 0.237 0.080 4
D2 0.488 0.385 0.242 0.132 0.185 11
D3 0.461 0.412 0.246 0.269 0.217 5
D4 0.586 0.513 0.431 0.402 0.416 10
D5 0.561 0.341 0.272 0.198 0.103 3
D6 0.366 0.201 0.053 0.037 0.064 2
D7 0.389 0.211 0.180 0.221 0.241 5
D8 0.341 0.211 0.133 0.023 0.009 1
El 0.369 0.144 0.227 0.146 0.116 3
E2 0.255 0.030 -0.018 0.107 0.104 1
E3 0.575 0.412 0.388 0.396 0.330 9
E4 0.358 0.278 0.263 0.179 0.104 6
E5 0.252 0.148 0.089 0.125 -0.037 1
E6 0.360 0.168 0.095 0.028 -0.010 1
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4  Physical background of the correlation structure

A possible explanation for the existence of the correlation structure may be found in the
nature of the concrete production process. A given strength value is to a certain extent de-
pendent on the previous values due to the fact that the basic factors which contribute to the
variation of concrete strength, namely cement strength, and moisture content and grading
of the sand, maintain a certain value during a more or less long time interval. On this basic
process, random variations proper to each concrete mix are superimposed. The processes
that describe the fluctuations of the basic variables, may also present a correlation structu-
re. This complex input function is transformed, during the production process, into the out-
put variable namely concrete strength. Further, a certain number of control activities are
performed resulting in slight modifications of the cement or water content of the mix. The
efficiency of this procedure strongly depends on the magnitude of the time lag between the
observation of a significant change of a variable and the appropriate adjustment of a para-
meter. The general interaction scheme is represented in Fig. 5 [2].

Aggregates Concrete
water content o! Mixture ” _strength
f /1 -
t
i titia t;'” fitiu
|
I
: b — s _——— ]
adjust- |
ment t{ te-————— -— —_————
Water Cement 1w\rength
t‘ t.
L L t
tiem it

Fig. 5: Schematic representation of concrete production; adapted from [2]

In [5] and [6] the correlation structure of some input variables was also investigated. In 4
cement strength series, each consisting of 400 observations, also a significant serial corre-
lation was found.

Values of the fineness modulus and moisture content of 378 consecutive deliveries of sand
at a certain concrete plant were recorded. These data cover a period of about four and a
half years. The main statistical characteristics of both series are shown in Tab. 5, whereas
the five first serial correlations are given in Tab. 6.

Tab. 5: Properties of sand data (378 observations)

Mean value Standard Coefficient

deviation of variation
Fineness modulus 2.991 0.154 5.1%
Moisture content (%) 6.09 1.92 31.5%
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Tab. 6: Serial correlations of sand data (378 observations)

" ) 3 V4 s
Fineness modulus 0.380 0.243 0.283 0.199 0.154
Moisture content (%) -0.026 0.100 0.083 0.013 0.056

For the fineness modulus, the highest lag for which ry is significantly different from zero is
7. On the other hand, the moisture content data present no significant serial correlation.

In the concrete production process, the moisture content of sand is generally compensated
by adjusting the amount of mixing water, so the initial variations are only partly reflected
in the concrete properties. However, it is difficult in practice to take into account variations
in the grading of the sand by adjusting the mix proportions. Hence, variations of this vari-
able are, to a great deal, transmitted to the concrete properties and probably this also holds
for the correlation which appears to be present between consecutive values of the fineness
modulus.

5  Practical consequences of the correlation structure

The presence of serial correlation has important consequences on the distribution of the
usual sample statistics. The distribution of X, remains normal but its variance increases
compared to the case of independent observations. Both the expectation and the variance of
Sy are influenced. Moreover, (n—1) Sﬁ /o has no longer a -distribution, and X, , and Sy
are no longer independent [5].

These particularities have to be duly considered for the calculation of OC-lines of compli-
ance criteria [9] because otherwises the calculated probabilities of acceptance will not ac-
curately reflect reality.

It can be shown [8] that

2 n—1
Var[)?n]="7)‘{1+%;<n—j).pj} 5)
and
s s 2 n—1 ‘
Elsil-t |1- o Z-n-s, ©

where 0>2( represents the variance of the strength variable X. In the case of independent
observations p; = 0 for j > 1 which yields the classical results Var[)?n]=0'§/ nand

E|s2|=o?.
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In the boundary case of equicorrelation (o = p for k = 1, ..., n) the previous expressions
reduce to
var[X, |= X [1+ (n 1) p] (7)
n
Els?]=o2 (- ) ®)

In case the correlation structure can be modelled by means of an autoregressive model of
order 1 (see section 6.1) and forn=3 (p, =p| = p) one finds respectively

2
Var[)?3]:%[3+4p+2p2] )

Ebﬂ=a§®—%@p+pﬂ} (10)

In Tab. 7, some values of (Var [)? n ])1/2 / o are mentioned for the case of an AR(1) model

and for the case of equicorrelation. It appears for example that for n = 10, the fact that p =
0.7 makes the reduction of the variance due to averaging half as efficient compared to the
case of independent observations.

Tab. 7: Values of (Var [)? N ])”2 /oy

0 AR(1) model Equicorrelation
n=3 n=>5 n=10 n=15 n=20 n=3 n=20
0 0.5774 0.4472 0.3162 0.2582 0.2236 0.5774 0.2236
0.3 0.6976 0.5680 0.4165 0.3441 0.2997 0.7303 0.5788
0.5 0.7817 0.6671 0.5099 0.4269 0.3742 0.8165 0.7247
0.7 0.8680 0.8747 0.6446 0.5559 0.4944 0.8944 0.8456

Some values of (E [Sf ])1/2 / oy are mentioned in Tab. 8.

Tab. 8: Values of (E [Sﬂy/z /oy

0 AR(1) model Equicorrelation
n=3 n=>5 n=10 n=15 n=20
0 1 1 1 1 1 1
0.3 0.8775 0.9202 0.9583 0.9719 0.9788 0.8366
0.5 0.7638 0.8329 0.9067 0.9361 0.9515 0.7071
0.7 0.6083 0.6931 0.8059 0.8605 0.8918 0.5477

From the foregoing results it is clear that autocorrelation has important consequences on
the distribution of the usual sample statistics.
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6  Development of stochastic models

6.1 Time-series models [4, 7]

Time-series are ordered observations of a random variable, which are typically obtained at
different points in time. Time-series models are widely used in economics, also with the
purpose of forecasting.

A first class of time-series models are the so-called autoregressive processes, abbreviated
as AR(p) where p is the order of the model. The general equation of the AR(p)-model is

P
W=Gu U+ Gyu ,+E =D P HE (11)
j=1

Where E[u] = 0 and & is N(0,0%). It appears that a particular value u; is a weighed sum of p
previous values, to which a random fluctuation is added. In case X is distributed according
to N(u, 0) and € according to N(0,1) then (11) can be written as

P )4
¢jxi_j+£1—2¢jjﬂ+ /1—ij¢j 0.& (12)
j=1 j=1

The most simple model is the AR(1) process or Markov series :

X, =

.M“

1l
—

J

u,=pu,_| +& (13)

where ¢; = p has been introduced. It can easily be shown that

o, = (14)

The autocorrelation decays according to p = 0.

The AR(2)-model, also called the Yule series, is given by
W=Qu_ +Pu_, +§ (15)

It can be shown that

_ @ _ &
- ¢, 2710,

O + 90 (16)

o2 = (1-¢))0;
L+0*)(1-0-0,)0+0-0,)

(17)

The stationarity conditions are

10
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-l1<¢, <+1 o+, <1 -9 +¢, <1

In order to find out which order is significant to maintain in the model, one can make use
of the so-called Box-Jenkins approach in combination with the Ljung-Box test statistic
which is based on the serial correlations of the residual series &.

For subseries A4 and B4, depicted in Fig. 4, one finds the following AR-models.
A4 : AR(1) with ¢, = 0.302

B4 : AR(3) with ¢ = 0.406 ; ¢ = 0.135 ; ¢ = 0.220

However, for most of the subseries mentioned in Tab. 3, an AR-model of order 1 or 2 is
sufficient. Typical values of the parameters are

AR(1)-model : -mean: ¢ =0.3
- upper limit : ¢; = 0.5

AR(2)-model: -mean: ¢ =04; ¢ =
- upper limit : ¢ =0.56 ; ¢ =0.13

Hence the following AR(2)-model was deemed to be rather representative for the concrete
strength series considered :

u,=04u_ +02u,_,+& (18)

This model is used in [9] to analyse the influence of autocorrelation on OC-lines for con-
formity criteria for concrete strength.

The long-term effect which is present in several series can be related to the Hurst-effect
(long-memory property) and the so-called stable distribution functions [11].

6.2 Renewal pulse process

6.2.1 General

We consider the following test statistic

2(n Z( Xy = %) (19)

which is an unbiased estimate of 6> with efficiency equal to

Vmp?:g(H_ 1 ] 20)
Var[¢g®] 3 3n—4

11
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The latter ratio equals 1 for n = 2 and approaches 2/3 for n — eo. The statistic 2 ¢ is called
the mean square successive difference.

The use of ¢ is particularly useful when the mean of the population, from which the ob-
servations are successively drawn, exhibits gradual or stepwise changes, the variance re-
maining constant. In that case the estimate s> of ¢ will tend to be too large because s* also
includes the variation of the population mean. If, during the observation period, a change
in population mean takes place, the effect of this change on the estimate ¢* will be relative-
ly small since ¢* includes only the differences between successive values, and generally
only one difference will be rather high. Therefore, the estimate s* is much more sensitive to
changes in the population mean than is the estimate ¢°.

If we take as null hypothesis that the population mean ¢ remains constant during the ob-
servation period, and as an alternative that u changes in one way or another, we can make
use of the test statistic

. 1)

small values of » being significant. Note that E[r] = 1.

When r is calculated for the subseries mentioned in Tab. 3, one always finds a significantly
low value. This also holds for the cement strength series mentioned in [6].

The foregoing investigation suggests that the processes which produce the concrete
strength results can hardly be considered as being "under control" in the classical statistical
sense. However, this remark mainly holds for short-term variations and not for the long-
term behavior. This statement is not meant as criticism on the current production methods,
but shows that in practice it is very difficult to obtain a production process with perfectly
homogeneous output properties. This comment is also applicable to other types of produc-
tion processes and for many time-dependent phenomena that are influenced by random
disturbances.

6.2.2 Model

Once it is found that the population mean doesn't remain stable at short term, it is attractive
to find out what part of the total variation is due to these changes. In fact, we want to
dispose of a rational procedure to divide the strength records into subgroups such that the
conditions are essentially the same within each subgroup. However, in this case we have
no prior knowledge of the occurrence of assignable causes of variation in the mean level. A
possible way to proceed is to divide a record into subgroups of equal size n. However, the
choice of n is quite arbitrary and the estimated values of the variances within and between
subgroups depend on the chosen length of the subgroups. Hence it is necessary to develop
an appropriate stochastic model and an associated practical estimation procedure.

To elaborate the model, we premise that the mean strength level does not vary in a conti-
nuous way but rather in a discontinuous one and that it presents jumps at certain points in
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time. In between these jumps, the mean level remains constant. Whether these jumps are
caused by the production process itself, or follow from a similar behaviour of the input
variables, is not investigated here. Thus, a series of successive observations consists of
consecutive subgroups, each group corresponding to a certain mean strength level that re-
mains constant in between the mentioned jumps. Each subgroup, which may be considered
as a sub-population, is called a "segment". The number of test results in segment j is deno-
ted T7;, the mean value of the 7} results is denoted m;, and the standard deviation of the T;-
values with respect to m; is denoted s; (Fig. 6). The distinction between consecutive seg-
ments is made on the basis of jumps in the mean strength level, although the standard devi-
ation, too, may show a similar piecewise constant evolution (Fig. 6). In the theory of
stochastic processes this type of behaviour is called a "renewal pulse process". The indivi-
dual values of the random variable X (here cement strength) arise from random variations
which are superimposed on a step-function. The complete model is fully determined by the
distribution functions of the random variables m, s and T.

In [4,6] a statistical procedure was developed to devide the observed series according to
the previous scheme, based on a likelihood ratio test.

Fig. 6 : General representation of the stochastic model

7 Conclusions

- From the analysis presented in this paper it follows that successive concrete
strength values are not indepedent as is usually assumed. Significant serial corre-
lation is present in empirical concrete strength records.

- Five extensive series of concrete strength values, arranged in chronological order,
are available. The total number of observations ranges between 534 and 1786.
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[5]

- The analysis of 31 subseries, each consisting of almost 200 observations, reveals
that r|, the serial correlation of order 1, ranges between 0.2 and 0.6 whereas 7,
may vary between 0.1 and 0.5.

- The existence of serial correlation influences the distribution of the usual sample
statistics used in quality control procedures. The variance of the sample mean X,

is higher compared to the case of independent observations whereas the mean va-

2
n

lue of s is reduced by serial correlation.

- The origin of serial correlation in concrete strength records may be related to the
nature of the production process and more particularly to the characteristics of
the input variables. It was found that cement strength records from several ce-
ment plants also present significant serial correlation. The same conclusion holds
for the fineness modulus of sand used at one concrete plant.

- The observed autocorrelation structure is modelled by means of an AR(2) time
series model and a particular renewal pulse process.

- The conclusions raised in this paper are not only relevant to a better understan-
ding of the random nature of concrete strength but also have practical consequen-
ces with respect to production control techniques and the calculation of OC-lines
for compliance criteria.
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Intervention Strategies for Concrete Structures
including Material Uncertainties

Alfred Strauss', Dan Frangopol® & Konrad Bergmeister'
!'nstitute for Structural Engineering,
University of Natural Resources and Applied Life Sciences, Vienna, Austria
* Lehigh University, Bethlehem, Pennsylvania, USA

Abstract: Intervention strategies for cost optimized maintenance of concrete
structures become in recent years important matters under bridge owners as
well as persons immediately concerned with the preservation. Intervention
strategies should support the preservation of national wealth and should allow
in consequence a structured maintenance planning. The intervention strategies
are closely connected to optimization algorithm. The optimization algorithm
has to include several structural qualities, like the geometrical design, the
material properties, the results of the visual inspection, the results of
monitoring programs, the numerical reliability assessment (BERGMEISTER et al.
[1]) etc. Most of these qualities are time dependent and are afflicted with
uncertainties. The time-dependent structural qualities can usually clearly be
torn up by means of condition profiles and reliability profiles. Costs can be
assigned to the elements determining these profiles. Cost models for the
elements of the reliability profiles have already been developed by KONG et al.
[2] & FRANGOPOL et al. [3]. Since the visual inspection is the most frequent
used methodology in bridge maintenance, it is necessary to develop also cost
models for the associated condition profile and to combine both of them for a
global optimization process. A global realistic optimization process must have
the ability to capture the uncertainties of the material qualities and their
temporal variability-degradation. The aim therefore is to transfer and to deduce
the cost models for the elements of the reliability profiles to the elements of the
condition profiles to combine the cost models and to include adequate the
uncertainties of the material qualities.
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1 Introduction

Management systems have to support decision-makers as to when and how to repair,
rehabilitate, replace, and/or shut down deteriorating facilities. Therefore effective cost
evaluation methods have to include; construction costs, inspection costs, maintenance
costs, user costs, and failure costs, which are essential factors for life-cycle cost analysis of
deteriorating structures (CHANG & SHINOZUKA [4]); (ANG & DE LEON [5]); (FRANGOPOL et
al. [6], [7]). Inspection and maintenance measures, also called interventions, are the most
easily influence able quantities during the structural preservation. The kind of interventions
and their duration are based on various parameters, e.g. material properties, degradation
ratio of material properties, the reliability level of a structure etc.. Intervention strategies
are closely connected to cost optimization algorithms. They also have to include several
structural qualities, like the geometrical design, the material properties, the results of the
visual inspection, the results of monitoring programs, the results from numerical reliability
assessment methods (BERGMEISTER et al. [1]) etc.. Most of these qualities are time
dependent and are afflicted with uncertainties. The time-dependent structural qualities can
usually clearly be torn up by means of condition profiles and reliability profiles. Costs can
be assigned to the elements determining these profiles. Cost models for the elements of the
reliability profiles already are developed by KONG et al. [2] & FRANGOPOL et al. [3]. Since
the visual inspection is the most frequent used methodology in bridge maintenance, it is
necessary to develop also cost models for the associated condition profile and to combine it
with the cost models of the reliability profile to allow a global optimization process. In this
contribution a method will be shown, which permits the combination of the two cost
models to a global cost optimization model considering also the uncertainties in the time
dependent material qualities. The combination can be carried out heuristically based on
engineering experience, by means of multiobjective optimization (NEVES et al. 2006), or
by means of a Cost Optimized Reliability — Condition Profile function CRCP. The CRCP
is less computationally costly than the multiobjective generic algorithm optimization. The
time-saving CRCP function can be extended for the inclusion of uncertainties in the
material qualities but also the uncertainties of the profiles defining elements to a
probabilistic basis (STRAUSS et al. [8]).

2 Condition — Reliability Profiles

The reliability profile, the condition profile and their cost models mainly characterize the
cost optimization process for structures. Its course is essential influenced by the definition
of the objective function or analytical formulation, respectively. The objective function has
to meet the demands of the profiles, cost models and their boundary conditions. Since the
descriptive elements of the profiles and the objective function itself are afflicted by
uncertainties, it is necessary to perform the cost optimization considerations on a
probabilistic level. A probabilistic concept concerning cost optimization strategies requires
the inclusion of the following considerations:

e Conventional optimization processes are time expensive calculation processes
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e Mostly, it is a target at the optimized cost considerations to carry them out as a
function of a property of the reliability profile or the condition profile. The
necessary calculation processes therefore increase according to the bounds and the
step width of the variables property.

e Cost combined reliability profile as well as the condition profile consists of nearby
24 elements to be expressed as random variables.

These facts require the inclusion of an efficient statistical tool in the cost optimization
model, which has to permit a simple definition of random variables and has to include an
advanced Monte Carlo (MC) technique that allow a small number of realizations for
random variables. FREeT is one of those statistical software packages that include an easy
user-friendly definition of the stochastic models and an advanced MC technique the Latin
Hypercube Sampling (LHS) technique [9]. FREeT was therefore in the following selected
to support the probabilistic treatment of the objective function and the analytical model,
respectively.

The condition profile can be defined as the variation of the condition index with time. This
approach is deviated from a proposal for the reliability profile already suggested by THOFT
CHRISTENSEN [10]; ESTES and FRANGOPOL [11]; NOWAK et al. [12]. The main elements
describing the condition profile are (i) the initial condition index Cy, (ii) the time of
condition change initiation #c;, (iii) the condition index deterioration rate ¢ without
lifetime extension, (iv) the time of first application of preventive lifetime-extending
maintenance zp;, (v) the time of reapplication of preventive lifetime-extending maintenance
tp, (vi) the duration of preventive lifetime-extending maintenance effect on condition #ppc,
(vii) the deterioration rate change of the condition index during preventive lifetime-
extending maintenance effect J,, (viii) the improvement in the condition index (if any)

immediately after the application of preventive lifetime-extending maintenance Ay, see Fig.
1.

Condition Profile
\ 1

— ¥/ !
o N /
== IAY P .
(S ! I P .
g tp) ; tpc - °
= , ] e ’|
oS ' -
s tor o 2" Jac-dc
S . —

Life Time (Years)

Fig. 1: Characteristic Elements of the Condition profile

In a first approach, the elements of the condition profile can be considered deterministic.
Elements as shown in Table 1 are in general predefined and, as shown in Table 2, are
variables. These two sets of elements are the descriptive ones for the condition index
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profile optimization. The optimization can be performed with regard to several aspects:
e.g. (1) to minimize the number of interventions for a specified life time 7 and a demanded
index; (2) to minimize the overall costs of maintaining the condition or/and reliability over
the demanded index during the specified lifetime.

Table 1: Predefined elements for the optimization strategy

Condition | Reliability
Name Unit Profile Profile
Symbol Symbol
Time of condition change initiation / damage initiation”: lower
Year tCI,lower ZLRI,/oWer
bound
Time of condition change initiation / damage initiation: upper Vear p ;
b oun d CLupper RILupper
Time of first application of preventive lifetime-extending Year ; ;
maintenance: upper bound Plupper Plupper
Specified lifetime Year ty ty
Initial condition index / initial reliability index "’ - Cyr Lor
Condition index at ty/ reliability index at t,; | - Cy By
Condition index deterioration rate / reliability index deterioration
*) . . . . - Oc R
rate ’ without lifetime extension
Improvement in the condition index / reliability index - Ay A3
Initial duration of preventive lifetime extending Year tep trp
Deterioration rate change of the condition index / reliability index ’
Juri T . . - o. Ao
uring preventive lifetime-extending maintenance effect
" reliability profile
Table 2: Variable elements for the optimization strategy
Vari- Condition Reliability
Parameter Profile Profile
able
Symbol Symbol
First application of preventive lifetime-extending
maintenance XM o1 o1
Time of condition change initiation / damage initiation X(2) ter trr
Duration of preventive lifetime-extending maintenance X(3) tppc tppR
Unprotected period X(4) ty ty
Number of interventions X(5) n N
" reliability profile

The optimization by minimization of the overall costs needs the definition of cost functions
that can be assigned to the interventions. Suitable formulations of cost functions already
proposed for interventions regarding the reliability profile can be found in Kong and
Frangopol [2], see Table 3.

Since the measures of improvement in the condition index y are not independent of the
level of Cj, the level of the condition index at the measure of y has to be included in the
cost formulation. The polynomial formulation, also shown in Table 3, yields an increasing
factor A for the improvement in the condition index .
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Table 3: Intervention-related cost functions

Condition Profile Reliability Profile
Parameter Unit | Intervention / Cost Eq. Symbol Intervention / Cost Eq. Symbol
Val;i):::itcfzscttor : Ay C};O’ A CIEO
: - — Cl - * Cl
Var. cost factor - Cr=Crotp < (&) q Cr=Cpp*(AB) Q
Vafiiz(:tctf;scttor i 3 CgSO, A Céo
: - = h — * q
Var. cost factor - Co=Cartg X (8) h Co=Caytp*(Aa) H
Var. cost factor - P, Cyo
Var. cost factor - Aci=p1 X Ciz+p, x Citps P, Agi=p 1 *Bit+p,*Bi+ps P
Var. cost factor - P; Q
3 Objective Function

3.1 Condition Profile

The analytical model of the above mentioned condition profile could be expressed as
shown in Eq. (1). The equation consists of three main parts: (1) the initial time described
by the Cy; index and the time without deterioration x(2); (2) the period of deterioration
without interventions, described by x(7), x(2) and o; (3) the time of interventions and
reapplication of measures dominated by #» and the value of x(35).

Cl=Cy +[x(D-x2)]- e, +[Ay —x(3)-(a, -6,) ~x(4)- ] x(5) (1)

Based on this classification, Eq. (1) can further be divided into four parts, Cy, C;, C>, and
C3, see Egs. (2) to (5). Cy is the more or less constant part that is not influenced by the
number of interventions. The remaining parts are directly related to the interventions.

C,=C,, +[x()-x22)]-a, 2)
C=ar 3)
C, =—{x(3) (e, -6,)] 4)
C,=—[x#)-a.] (5)

Since C; to C; are in a linearly relation to x(5), they can be combined in AC, which results
in Eq. (6).

CI=C,+(C,+C,+C,) x(5)=C, + AC-x(5) )

This aggregation has the advantage that the cost-increasing factor A can be handled as a
global coefficient, as shown in Eq. (7).
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n=x(5)
/lCl,ge.v = Zpl .(CO+AC(Z_1))2 +p2 (C0+AC<1_1))+p3
= (7)

Applying the global coefficient Acsqes to the cost function as shown in Table 3 yields C,
and Cs respectively.

C,=(Co+p AY") Ay ®)

C,=(C+g-8") x(5) )

The cost due to the . interventions, see Eq. (9), is not correlated with the level of C;. The
cost terms thus associated result in the overall cost for maintaining a condition profile:
CCI :C}/+C§ (10)

The aim is to minimize the overall cost for maintaining a condition profile by means of an
optimization method. The optimization will rely mainly on the parameters as shown in Eq.

(1.
Ce :f(tpl’tcntmwtmn):f(x) (11)

Eq. (11) represents the objective function, a constrained nonlinear multivariable function,
which has to be minimized. The optimization of the objective function is performed in this
study by a line search medium-scale method. To ensure a reasonable course of the
condition profile, the nonlinear multivariable function must be subjected to inequalities
c(x), equalities ceq(x), and the lower (/b) and upper (ub) boundary conditions as shown in
Eq. (13)

c(x)<0; ¢,(x)=0; I, <x<u, (13)

where x, /b, and ub are vectors, c(x) and ceq(x) are functions that return vectors, and f{x) is
the function that returns the minimum of the cost as a scalar. f(x) and ¢(x) are (or can be)
nonlinear functions.

3.2 Reliability Profile

The reliability profile can also be created based on the variation of the reliability index,
similar to the above performed remarks. The main elements describing the reliability
profile are (i) the initial reliability index [, (ii) the time of damage initiation zg;, (iii) the
reliability index deterioration rate oi without lifetime extension, (iv) the time of first
application of preventive lifetime-extending maintenance ¢p;, (v) the time of reapplication
of preventive lifetime-extending maintenance #,, (vi) the duration of preventive lifetime-
extending maintenance effect on reliability #zp, (vii) the deterioration rate change of the
reliability index during preventive lifetime-extending maintenance effect A,, (viii) the
improvement in the reliability index (if any) immediately after the application of
preventive lifetime-extending maintenance Ag. Similar to the condition profile, there are
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predefined and variable elements describing the reliability profile optimization process (see
Table 1 and Table 2 respectively). The set up of the associated objective function can be
performed analogously the previous explanations, which yields to.

Cy :(Cﬂo +P‘Aﬂq)'/1ﬁ,gw (14)

C,=(C, +g-Ad") x(5) (15)

and in consequence to:

Ch =C,+C, (16)

There are therefore two objective functions, see Eq. (10) and Eq. (16):

a) which are used for the cost optimization,

b) which ones have to be combined with each other to get a global cost optimization,

c) for whom the specification factors have to be formulated by random variables to
capture their uncertainties,

d) for whom one or more specification factors should be selectable as variables to
allow a scope examination of cost influence quantities.

4 Objective Function — Probabilistic Treatment

The independent deterministic cost optimization of the objective functions regarding the
condition profile and the reliability profile do not meet all the maintenance requirements. It
is necessary to combine both objective functions and to include the uncertainties of the
describing elements of the profiles. The uncertainties intrinsic in the profiles can be treated
by random variables and an advanced Monte Carlo simulation technique. The high scores
of simulations, necessary for a Monte Carlo Simulation, can be reduced by the Latin
Hypercube Sampling (LHS) technique by a factor 1000 [9]. A special subdivision concept
applied to each of the random variables within the LHS technique allows the reduction to a
small number of necessary realizations and simulations, respectively. Consequently, each
of the objective functions has to be evaluated n times according to the number of the
necessary realizations for one specified initial set of random variables. The scattering input
parameters, together with the simulated scattering output parameters, can be used for
sensitivity analyses. These analyses give already essential insights into the mutual relation
under the profiles parameter.

The main aim of the probabilistic consideration is to deliver the variables of Table 2 as
scattering sizes under the claim of the minimal costs. The minimal costs are also due to the
n simulations scattering quantities. These results permit the decision maker a more realistic
assessment of the costs to be expected and the assessment of the sensitivity of the elements
of the profiles regarding the costs. A more extensive assessment of cost developments
enables the consideration of one or several variables of Table 1 and Table 2 as variable
quantities within a defined range.
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For the necessary requirements, mentioned above, Strauss et al. [8] developed a MATLAB
routine for cost optimization strategies. It contains the LHS technique, FREeT as statistical
software and allows the flexible choice of one or more quantities of the Table 1 and Table
2 as variables.

Fig. 2 shows the results of a probabilistic cost optimization for which Sy and Cy are
selected as variables, for more details see [8]. This kind of investigation gives insight into
the development of the costs and its spread as a function of the variables. Since a cost
optimized profile is assigned to each of the presented points, — simulation results — the
main elements describing the profiles are also available in a statistical/ spreading manner.
These statistical results can be consulted to demonstrate the significance of each single
main element in the cost optimization. Nevertheless there are two independent optimized
courses — condition and reliability profile, respectively — which have to be entangled for a
global cost optimization.

1,2
1 |1 CI- Profiles B - Profiles .-
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Quantity By and Cy, respectively

Fig. 2: Optimized cost Costgz and Costcy vs. i and Cy, respectively.

A strategy proposed by [8] to combine the two optimized courses is to assign the
minimized costs, reliability and condition cost, respectively, to a normalized expression
and sum them, see Eqs.(17).

Cost,, N Cost,,
+ Cost Cost + Cost

= min

COSt min,C/ (1 7)

max,RE min,C/ max,RE

This kind of combining the Cost-Optimized Reliability Profile S with the Cost-Optimized
Condition Profile C7, results in a structure’s characteristic health profile CRCP, see Fig. 3.
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Fig. 3: Optimized cost profile regarding Cy and /35 [8]

As can be seen from Fig. 3, the /Cy Cost Index Profile (CRCP) is more or less a derived
numerical result that is different for every structure or structural component and that can be
captured in a more general form as shown in Eq. (18):

B, =minf, +v-[C, —minC, |" (18)

The parameters v and w can be obtained by the boundary conditions and a curve-fitting
operation, respectively, see Fig. 3. This function can be understood as a characteristic size
of the structure or the component looked at. The above considerations were carried out
under the acceptance of a constant deterioration rate o. The deterioration rate is determined
mainly by the changes in the material in the cross section or the structure itself. Therefore
the demand is given to design the deterioration rate more flexible e.g.:

e in form of a linear function
e in form of a nonlinear function
e combined with a monitoring program.

The last approach captures the actual structural qualities best. It allows the realistic
indication of material, cross section and structural properties. However, the approach
requires the inclusion of an identification algorithm (STRAUSS et al. [13]) and of a
prognosis model by TEPLY et al [15], MAORI [14] etc.
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Fig. 4: Development of failure ratio factors o

How obviously from

Fig. 4 the identification algorithm has the following tasks at different times
e Identifying critical elements of the structure

e Due to the changes in the monitoring to identify the changes in the structure
(reliability index B) or the changes in the cross sections (e.g. resistances and in
consequence the material properties based on cross section or sensitivity analyses, see
Fig.3 on the right)

The changes of the reliability level or the changes of the material properties serve for the
determination of the current degradation rate. Prognoses models like the Weibul functions,
MAORI [14] approaches and TEPLY [15] degradations models can be used in consequence
to derive the future development of the deterioration rate a. Since the monitoring systems
and the identification methods are based on scattering date the prognoses models are too
characterized by scattering. These prognoses models, expressible in most cases inform of
functions, has to be included in Egs. (18) which leads to:

B, (f (1)) =min B, +v(f (a(t))-[C,, - minC,, "V (19)

5 Conclusion

The aim of this contribution was to present a cost optimization concept for the maintenance
planning of engineering structures. In the concept both the reliability considerations and
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the condition consideration (visual inspections) are included. How it is obviously from the
above explanations both considerations can be led to a structure characteristic property, the
»structure’s characteristic health profile CRCP”. The active inclusion of time variable
material qualities requires, however, an extension of this approach. The extension
comprehends the description of the degradation rate a by the use of inverse identification
algorithms and prognoses models. This concept allows a permanent updating of the CRCP
profiles.

References

[1] Bergmeister, K., Novak, D., Pukl, R., and Cervenka, V. (2006). ,,Structural
assessment and reliability analysis for existing engineering structures, theoretical
background.” J. Infrastruct. Syst., under progress

[2] Kong, J. S. and Frangopol, D. M. (2005). “Cost-Reliability Interaction in Life-
Cycle Cost Optimization of Deteriorating Structures.” Journal of Structural
Engineering ASCE, November 2004, 1704 — 1712

[3] Frangopol, D. M. and Neves, L. C. (2003). “Probabilistic Performance Prediction
of Deteriorating Structures Under Different Maintenance Strategies: Condition,
Safety and Cost.” ASCE - American Society of Civil Engineers (Ed.) ASCE,
Reston; ISBN 0-7844-0707-X., August 2003, 9 — 18.

[4] Chang, S. E., and Shinozuka, M. (1996). ‘‘Life-cycle cost analysis with natural
hazard risk.”” J. Infrastruct. Syst., 2~3, 118—126.

[5] Ang, A. H-S., and De Leon, D. (1997). ‘‘Target reliability for structural design
based on minimum expected life-cycle cost.”” Reliability and optimization of
structural systems, D. M. Frangopol, R. B. Corotis, and R. Rackwitz, eds.,
Pergamon, New York, 71-83.

[6] Frangopol, D. M., Lin, K-Y., and Estes, A. C. (1997). “‘Life-cycle cost design of
deteriorating structures.”’ J. Struct. Eng., 123~10, 1390-1401.

[7] Frangopol, D. M., Gharaibeh, E. S., Kong, J. S., and Miyake, M. (2000).‘‘Optimal
network-level bridge maintenance planning based on minimum expected cost.”’
Journal of the Transportation Research Board, Transportation Research Record,
1696~2, National Academy Press, Washington, D.C., 26-33.

[8] Strauss, A., Frangopol, D. M., Bergmeister K. (2006). “Probabilistic Lifetime
Optimization of Structures Combined Condition-Reliability Cost Profiles.” Journal
of Structural Engineering ASCE, under progress

[9] Novak, D., Rusina, R. and Votechovsky, M., Small-sample statistical analysis -
software FREET. In 9" International conference on applications of statistics and
probability in civil engineering (ICASP9), Berkeley, California, USA, 2003.

[10] Thoft-Christensen (1996). “Reliability profiles for concrete bridges.” In D.M.
Frangopol and G. Hearn, editors, Structural Reliability in Bridge Engineering,
McGraw-Hill, New York, 239244,

55



4™ International Probabilistic Symposium, 12"-13" October 2006

[11]

[12]

[13]

[14]

[15]

Estes, A.C., and D.M. Frangopol (1996). “Life-cycle reliability-based optimal
repair planning for highway bridges: A case study” In D.M. Frangopol and G.
Hearn, editors, Structural Reliability in Bridge Engineering, McGraw-Hill, New
York, 54-59.

Nowak, A.S., Park, C.H., and Szersen, M.M. (1998). “Lifetime reliability profiles
for steel girder bridges” In D.M. Frangopol, editor, Optimal Performance of Civil
Infrastructure Systems , ASCE, Reston, Virginia, 139-154.

Strauss, A., Frangopol, D. M., Bergmeister K. (2006). “Assessment of Existing
Structures based on Inverse Statistical FEM Analysis.” Journal of Structural
Engineering ASCE, under progress

Mori, Y. and Kato, T., Practical method of reliability-based condition assessment of
existing structures. In Applications of Statistics and Probability in Civil
Engineering, edited by Der Kiureghian, A., Madanat, S. and Pestana, JM., 2003
(Millpress: Rotterdam), pp. 613-620

Teply, B., Chroma, M., Matesova, D. and Kersner, Z., FReET-D, Program
Documentation Part I + Part 11, Distributed by Cervenka Consulting, 2006.

56



Taerwe & Caspeele: Conformity control of concrete: some basic aspects

Conformity control of concrete: some basic aspects
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Abstract : Conformity control is an important step in the quality control of

manufactured items. This also holds for concrete where an additional problem

arises by the fact that the main mechanical characteristics can only be determi-

ned at a certain age, typically 28 days. In the European Standard EN 206-1,

specific rules for conformity control of concrete strength are given. In the pa-

per the following aspects will be covered :

- current types of conformity criteria for concrete strength

- derivation of the probability of acceptance of current conformity criteria
and discussion of OC-lines

- dependency in the case of compound conformity criteria

- influence of autocorrelation on OC-lines

- basic criteria for the parameter selection in conformity criteria

- discussion of the conformity criteria in EN 206-1.

1 Introduction

When concrete is produced, one or more properties are specified depending on the field of
application and the environmental conditions. It has to be verified whether the produced
concrete complies with the specified properties. This verification is called conformity con-
trol. In the case of concrete with product certification or production control certification, a
more or less continuous production process takes place. Identity testing may be performed
on a particular volume of concrete and shall be agreed between the supplier and the pur-
chaser.

The most commonly specified property of concrete is compressive strength and most con-
trol plans have been derived for this property. However, also conformity criteria for other
properties than strength are mentioned in EN 206-1 “Concrete — Part 1: Specification, per-
formance, production and conformity” as e.g. consistence, density, W/C-ratio, cement con-
tent, air content and chloride content. The latter properties are related to durability
requirements.
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Conformity control is always based on a sample of limited size, from which inferences are
made for the whole population. Hence, there is always a risk of taking the wrong decision.
This means that in some cases “good” concrete will be rejected and “bad” concrete will be
accepted. The associated risks are called respectively the producer’s risk and the con-
sumer’s or client’s risk. It is not straightforward to elaborate a control plan which satisfies
all parties involved and to fix the mentioned risks for which no absolute criteria are avail-
able. Traditionally, a large variety of conformity criteria have been proposed in national
design guidelines. This paper gives a review of several aspects which have to be consid-
ered when deriving conformity criteria. It also reviews the first author’s earlier proposals
for a general approach for conformity control [1].

2 Basic concepts

In the sequel we shall focus on the compressive strength as the quantity to be tested. For
design and production purposes the specified characteristic strength fcx corresponds to the
5%-fractile of the theoretical strength distribution of the concrete class considered (Fig. 1).
In practice, the fraction below the specified fix will be smaller or higher than 5%. We shall
call O the fraction of test results below fy in the offered strength distribution (Fig. 1), hence

Plx<f,l=0 (1)

with X the compressive strength, considered as a random variable.

offered strength
distribution

theoretical strength
distribution

055%
5%

J fck fd(
Fig. 1 : Theoretical and offered strength distributions

For an assumed strength distribution function and for a given conformity criterion, one can
calculate the probability that a concrete lot, characterized by a value of 6, is accepted. This
probability is called the probability of acceptance and denoted as P,. The function P,(0) is
called the operating characteristic of the criterion and is commonly abbreviated as OC-line.
The OC-line has a typical shape as shown in Fig. 2. The ideal OC-line would be the line
ABCD, which is described as P, = 1 for 6 < 0.05 and P, = 0 for 8> 0.05. This OC-line,
corresponding to a hypothetical sample of infinite size, has the greatest discriminating
capacity i.e. the related conformity criterion allows to make a perfect distinction between
good and bad productions. Practical OC-lines like AED show no specific variation at 6, =
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0.05. A production with 6 > 0.05 still has a significant probability of acceptance and a
producer realizing 6, < 0.05, will find out that his production is not always accepted.

Py
1

0 o
8
Fig. 2 : General shape of an OC-line
3 Types of conformity criteria
Common conformity criteria are of the following types
X, > fy + A0 2)
X, > fiy +As, 3)
X, > f, +k 4)
Xmin 2 ck k2 (5)

where X, is the sample mean, o the known standard deviation of the strength population,

sy the sample standard deviation, xmi, the smallest strength value in the sample and A, k;
and k, parameters.

Consider criterion (2). Assuming a normal strength distribution, it can be shown that

P, =®[—/n (uy+A)] (6)

where @(.) is the standardized cumulative normal distribution function and ug is the stan-
dardized normal variable corresponding to 8 for which holds 8= ®(ug). It is quite common
to represent the corresponding OC-line in a diagram with transformed scales according to
the inverse of the function ®(.). In this case, the OC-line becomes a straight line as can be
seen in Fig. 3. In this figure line A is the OC-line for A = 1.64 and n = 10. The slope of the
OC-line is proportional to n’>. This is in agreement with the fact that the larger the sample,
the better the discriminating capacity of the conformity criterion. If A increases (decreases)
for constant n, then the OC-line shifts to the left (right). For up = -4, P, = 50%. The
corresponding value of 0 is called the indifference quality level. As there are two parame-
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ters in the criterion i.e. A and n, it is possible to derive a conformity criterion for which the
OC-line passes through two fixed points in the (&, P,) diagram.

For criterion (3) the exact probability of acceptance is given by the non-central -
distribution. However, generally good approximations are obtained by making use of the
normal distribution. A possible approximation is given by

(7)

which means that, by the fact that o is not known but replaced by the sample estimate s,
the slope of the OC-line is reduced by a factor (1 + A%/2). In case A= 1.4, then 1 + 1%/2 =
1.98 which means that the sample size needs to be doubled in order to obtain the same OC-

line as for the case that o is known.

/1
z/ /

P,

TS

. ST~
~

s N\ ~
0.5 S \ \\‘
AN
0.1 08 1 3 5 10 20 30 40 50

B (%)

Fig. 3 : OC-lines for X;, = f,, +1.64-0 (A: independent observations ; B: correlated ob-

servations)

Criteria of the type (4) can be rewritten as

n =

X, > ck+(%)-0' or x,2f, +A -0 (8)

which is the same structure as (2) with 4> = kj/0. A value of o needs to be adopted for the
evaluation of A’ and the calculation of the OC-line. Generally criteria of the type (4) are
only applied to small samples (n = 3 to 10). OC-lines for criteria of the type (5) can be cal-
culated by making use of the binomial distribution. Generally these criteria are used in
combination with criteria of the type (3) and (4) which results in the following compound

criteria
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fn 2 ck + 1'Sn
A ©)
Xmin = Jek ~ K2
X = f, +k
Xmin = Jek ~ K2

The usual interpretation is that both criteria must be satisfied in order to accept the con-
crete production in case of product certification or the lot in case of identity testing. The
calculation of the probability of acceptance of compound criteria is complicated by the fact
that both criteria are not independent. This means that the global probability of acceptance
P, 1s not equal to the product of the probabilities of acceptance of the separate criteria i.e.
P, X Py, . This is due to the fact that the events expressed by both inequalities are depend-
ent. In case xmin is very small, it is likely that also X, will tend to be small. This trend
should not be accounted for twice as would be the case by the application of the product
rule. Hence P, > P, X Py. The exact calculation of P, is quite complicated [5]. Generally,
one has to make use of Monte-Carlo simulation or numerical integration of integral expres-
sions. It is interesting to point out that, especially for high n-values, the major contribution
of the minimum value criterion to rejection takes place in the region with low @ values
where it is not necessary to reduce P,; of the mean value criterion.

OC-lines corresponding to criteria of the type X, = f,, + A-s, are independent of the stan-

dard deviation ¢ of the strength distribution (Fig. 4, case A). OC lines for criteria:
X, = f.u t+ k;shift to the right with increasing ¢ (case B), whereas the opposite effect is

found for criteria of the type x.,, = f.« + k, (case C). In the case of compound criteria, the

first effect is generally predominant and a shift to the right results with increasing ¢ (case
D). This different behaviour has some particular consequences with respect to the concrete
producer’s strategy.

In cases B and D (Fig. 4) it follows that, for a given 6, a production with low ¢ values has
a lower probability of acceptance compared to a production with higher o, which can give
rise to the following situation. Consider the two basic types of behaviour that are depicted
in the left hand side of Fig. 5, and premise that a target of P, is available. In order that two
producers (with different values o and 07), have the same probability of acceptance, it is
necessary that they realize different fraction defectives (6 > ) in the first case of Fig. 5,
whereas in the second case 6, = 6 (lower part of figure). For the rather extreme case de-
picted in the upper part of Fig. 5 it is possible that both producers can realize the same
mean value. In other words, to obtain the same target P, value, the influence of the mean
value is predominant whereas the standard deviation is of less importance. However, the
situation represented in the lower part of Fig. 5 is completely in accordance with the notion
of characteristic strength and clearly reflects the fact that in the case of high o values, it is
necessary to strive for a higher x4 value in order to reach the target probability of accep-
tance. The situation represented in the upper part of Fig. 5 is rather extreme because the
equality of the means only occurs for a target P, equal to 50%. Nevertheless, the effect is
still important for realistic target values.
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Fig. 4 : Influence of 6 on the location of OC-lines for different criteria
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Fig. 5 : Comparison of offered distributions which yield the same probability of acceptance

In the case of correlated observations the variance of X, is larger than in the case of inde-
pendent observations, for which it equals 6°/n. The result is that the slope of an OC-line
also decreases as shown in Fig. 3 for the criterion X, = f, +1.64-0 (line B). Hence, there

is a significant influence of the correlation structure on OC-lines. More details can be
found in [6].

4 Derivation of conformity criteria

4.1 Traditional approach

Traditionally, the parameters appearing in conformity criteria are derived on the basis of an
Acceptable Quality Level (AQL) or Limiting Quality (LQ) (Fig. 6). The AQL is a numeri-
cal definition of "good" quality. It is the maximum percent below the specified characteris-
tic strength that can be considered satisfactory over a production period. The producer's
risk o is the probability that a good lot will be rejected by the sampling plan (Fig. 6). A

6
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sampling plan should have a low producer's risk for quality which is equal to or better than
the AQL. In some plans o is fixed at 5%, in other plans it varies from about 1% to 10%.

The consumer's risk [ is the probability that a "non-conforming" lot will be accepted by
the sampling plan (Fig. 6). The risk is stated in conjunction with a numerical definition of
"bad" quality such as the Limiting Quality (LQ). The LQ is the level of results below the
specified characteristic strength that is unsatisfactory and therefore should be rejected by
the sampling plan. A consumer's risk of 10% is common. The criteria presented in ISO
3951 "Sampling procedures and charts for inspection by variables for percent nonconform-
ing" are of the type given in equation (3) and based on the AQL concept.

Fig. 6 : AQL (Acceptable Quality Limit), LQ (Limiting Quality) and associated risks

4.2 General remarks

Before the introduction of unified design guidelines at the European level, quite different
conformity criteria for concrete strength were used in the various European countries, al-
though the procedures for the design of structural elements were nearly the same. An at-
tempt to arrive at a more unified approach can be found in the 1978 Edition of the CEB-
FIP Model Code for Concrete Structures (MC 78) [8] where compound criteria of the type
(9) and (10) were introduced. These types of criteria are also mentioned in ENV 206
(1989) and EN 206-1 (2000) [9].

Once the type of criterion is fixed, the next stage is to derive numerical values for the pa-
rameters. In principle, two points in the 6-P, diagram could be fixed (see e.g. Fig. 6) and
the corresponding parameter values calculated. This yields one value for A and one value
for n.

However, 2 problems occur. Primarily it is not easy to find representative values for AQL,
LQ, o and B which satisfy the needs of both producers and purchasers. Choices of these
parameters are to a large degree arbitrary. Secondly conformity control is often performed
on the basis of samples with different sizes.

An obvious choice could be A = 1.64. The corresponding OC-line for the criterion
X, 2 fy +1.64-0 gives P, = 50% for 6= 5%, which means that a producer who produces

the target 5%-fractile, can expect a rejection of his production in one out of two cases. In

7
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Fig. 3 the OC-line for n = 10 is shown. For lower values of &, the probability of rejection
remains fairly high, unless n» would be increased. Hence, an approach is needed which
yields sufficiently safe and economic solutions. A first attempt in this sense can be found
in MC78 where so-called “unsafe” and “uneconomic” regions were indicated in the 6-P,
diagram. However, the origin of these regions is unclear.

4.3 The average outgoing quality limit

Another index which is used for sampling plans is the Average Outgoing Quality Limit
(AOQL). The AOQL is the worst, or "limit", of average quality of outgoing product in-
cluding accepted lots and rejected lots which have been screened. The AOQL concept
stems from the relationship between the fraction defective before inspection (incoming
quality) and the fraction defective after inspection (outgoing quality) when inspection is
nondestructive and rejected lots are screened.

If O is the incoming quality, P,= 1 — P, the probability of lot rejection and if all rejected
lots are screened and made free of defects (i.e. = 0), then

AOQ=6-P,+0-P.=0-P, (11)

The calculation assumes that all defective units in the accepted lots are retained in the lots
while all defective units in rejected lots are identified and either repaired or replaced by
nondefective units. As @ increases with € and P, decreases with increasing &, the function
0-P, goes through a maximum which is the AOQL (Fig. 7). The AOQL is most frequently
used for inspection by attributes. However, there is no principle objection in using it for
inspection by variables too [7]. The fact that all rejected lots have to be made free of de-
fects is no major problem for concrete since rejected lots are subjected to more detailed
inspection. In case of low strength, upgrading measures will be taken in order to assure
adequate structural safety. From this point of view we can state that a rectification of re-
jected lots will take place such that 6 = 0 is a reasonable assumption.

8.P, = ADQ

AQQL 4= re = == - —

45°

[as)

Fig. 7 : General evolution of AOQ as a function of ©

The OC-lines derived by Taerwe [1] are based on the AOQL concept, whereby AOQL =
5%, or from (11) AOQL = (0.Pa)max = 0.05. As in the commonly applied semi-probabilistic
safety format fii is defined as the 5 %-fractile, it results that the curve

6-P, =0.05 (12)
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is a boundary for the unsafe region. This boundary line is plotted in Fig. 8, in the region &
> 5%. It is located in the same region as the former CEB-boundary, which proves the
operational suitability. Values of A for criteria corresponding to AOQL = 5% or (6Py)max <
0.05 are given in Tab. 1 for the case of independent observations and for the case of corre-
lated observations according to a particular AR(2)-model [2,3,6]. OC-lines tangent to the
unsafe region for the case of independent observations are shown in Fig. 8.

Tab. 1 : Values of A of the type X, > f;, + A-s, with OC-line tangent to (12)

n Independent observations AR(2)-model
3 1.76 2.67
4 1.52 2.20
5 1.43 1.99
6 1.38 1.87
7 1.36 1.77
8 1.34 172
9 1.33 1.67
10 1.33 1.62
11 1.32 1.58
12 1.32 1.55
13 1.32 1.52
14 1.32 1.50
15 1.32 1.48
99
P;(".Jgg‘) =
) \\:\ Xn 2 feg +hsp —
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80 k N
0 ~ON
50
40 -
30 k\\
p NS
b \ BN NG
AN
i \\ {10]
Q. X =
0.
01 s 10 S 10 20 30 40

Fig. 8 : OC-lines for independent observations and n =5, 10, 15

When the AOQL concept is used, its value is fixed at 5%, corresponding to the definition
of fu. This choice is quite fundamental since for safety reasons we are interested in the
average fraction defective of the outgoing lots. No arbitrary assumptions had to be intro-
duced for determining the parameter A, and no discussion about balancing risks between
different parties is necessary. When n decreases, the slope of the OC-line decreases as well
as its discriminating capacity. In that case, both the producer's and consumer's risk in-
crease. Hence the consequences of changes in sample size are balanced between the two
parties involved.
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5 OC-curves for conformity criteria in EN 206-1

In the current standard EN 206-1 the following two conformity criteria are mentioned for
concrete strength:

1. A compound criterion of the type (13) in the case of initial production with n =3
and k, =k, =4
{)_Cn 2 ck + kl

e (13)

Xnin 2 ck

2. A compound criterion of the type (14) in the case of continuous production with
n>15 and 4 =1.48

{)_cn >fi+A-o (14

Xmin 2 ck _k2

Although it was indicated in this paper that a criterion of the type X, = f,, +A-s, is more

appropriate according to the notion of characteristic strength (cf. Fig. 5), the European
standard makes use of a criterion of the type (14). In this case o has to be estimated on the
basis of at least 35 consecutive strength values taken over a period exceeding three months
and which is immediately prior to the production period during which conformity is to be
checked. This o value may be introduced in (14) on condition that the standard deviation
of the latest 15 results (s;5) does not deviate significantly from o. This is considered to be
the case if

0.63-0<s;<137-0 (15)

which is the 95% acceptance interval. If condition (15) is not satisfied a new estimate of o
has to be calculated from the last available 35 test results.

Let us first investigate the case of independent observations. For different values of o, Fig.
9 illustrates the probability of acceptance in the case of initial production. Except for the
case 0 =3 MPa, the OC-curves cross the unsafe region given by (12).

Fig. 10 illustrates the probability of acceptance in the case of continuous production (with-
out autocorrelation) and n =15. For all o values the curves remain in the acceptable
region, but the OC-line is far from optimal, because it doesn’t reach the unsafe region.

10
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Fig. 9: Compound criterion for initial production (EN 206-1) and independent observations
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Fig. 10 : Compound criterion for continuous production (EN 206-1) and independent
observations

Let us now consider the fact that realistic concrete strength records present an undeniable
autocorrelation between consecutive values [2, 6]. This autocorrelation can easily be ap-
plied in the Monte Carlo simulations by using an AR(2)-model as selected in [3, 6]. Appli-
cation of this model on the compound criteria in EN 206-1 yields Figs. 11 and 12, for the
case of initial production and continuous production respectively. The same conclusions as
the independent observations can be indicated. The slope of the OC-curves decreases sig-
nificantly. Hence, autocorrelation needs to be incorporated in the derivation of the parame-
ters in conformity criteria.

11
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Fig. 11 : Compound criterion for initial production (EN 206-1) and correlated observations
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Fig. 12 : Compound criterion for continuous production (EN 206-1) and correlated obser-

6

1.

vations

Conclusions

The calculation of OC-lines is briefly explained. The influencing factors and the
particular aspects of the different types of criteria are indicated.

It is proposed to derive conformity criteria on the basis of the AOQL concept
(Average Outgoing Quality Limit). In this way OC-curves that are tangent to the
AOQL-boundary can be derived, which leads to balanced producer's and con-
sumer's risks.

12
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7

3. The OC-lines corresponding to the conformity criteria for concrete strength in EN
206-1 fall within the zone on the OC-plot that is both safe and economic. The OC-
curves could however be optimized using the approaches mentioned in this paper.

4. Autocorrelation of subsequent strength records can be modelled by means of auto-

regressive time-series. Incorporation of this aspect significantly decreases the
descriminating capacity of the conformity criteria.
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Tragfahigkeitsbewertung aus Versuchen-
Probenanzahl versus Aussagesicherheit

Dr.-Ing. Milad Mehdianpour
Bundesanstalt fiir Materialforschung und -priifung, Berlin

Zusammenfassung: Der Einfluss der Probenanzahl auf die erreichbare Aussa-
gesicherheit bei der experimentellen Tragfahigkeitsbewertung wird anhand von
zwei statistischen Methoden, der variablen und der attributiven Methode, vor-
gestellt. Der mathematische Hintergrund der attributiven Methode wird kurz
beleuchtet. Bei der attributiven Methode zeigt sich insbesondere der Vorteil, in
vielen Fillen ohne Zerstérung der Priiflinge, Aussagen hinsichtlich der Tragsi-
cherheit im Gebrauchszustand machen zu konnen. Es wird eine Moglichkeit
gezeigt, bei unverdnderten Anforderungen an Aussagesicherheit die Priiflast
und den Stichprobenumfang zu variieren und gegeneinander aufzurechnen. Der
Einsatz der attributiven Methode wird an zwei Fallbeispielen vorgefiihrt.

1 Einleitung

Die Bewertung der Tragfahigkeit von Bauteilen erfolgt in der Regel rechnerisch, experi-
mentell oder kombiniert aus beiden Methoden. Bei der rechnerischen Modellierung stellt
die realititsnahe Annahme der Materialeigenschaft bzw. -verhalten hdufig ein grofBeres
Problem dar als die Erfassung der realen Bauteilgeometrie. In vielen Fillen erdffnet die
experimentelle Untersuchung die einzige Moglichkeit einer realistischen Bewertung der
Tragfdhigkeit, wenn prizise Eingangsinformationen fiir ein Rechenmodell oder gar ein
geeignetes Rechenmodell fehlt. Die richtige Anwendung experimenteller Methoden setzt
ein fundiertes Know How tiber die Versuchstechnik, liber die mechanischen Zusammen-
hiange und oft die Beachtung der Probabilistik voraus. Bei falscher Anwendung kann die
experimentelle Methode die Realitit verfalscht widerspiegeln. Neben einer sorgfaltigen
Planung der Belastungskonfiguration, der Lagerungsbedingungen und der Versuchsdurch-
fiihrung spielt die Auswertung bzw. die Bewertung der Versuchsergebnisse eine sehr wich-
tige Rolle. Jeder Bauteilwiderstand ist infolge vieler Einflussparameter in Wirklichkeit
eine Zufallsgréfe, weshalb zur Auswertung statistische Verfahren angewandt werden miis-
sen, wenn Ergebnisse aus mehreren Priifungen vorliegen. Die durchgefiihrten Priifungen

1
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stellen im Sinne der Statistik eine Stichprobe dar. Der Umfang der Stichprobe stellt einen
wichtigen Parameter dar, von der die Sicherheit der Aussage {iber die Grundgesamtheit
entscheidend abhéngt. Es ist einleuchtend, dass diese Aussagesicherheit mit sinkender Pro-
benanzahl schwindet.

Aus Kostengriinden bzw. auch aus Griinden des Denkmalschutzes besteht haufig die Auf-
gabe darin, anhand von Untersuchungen an einer reprisentativen Stichprobe mdoglichst
geringen Umfangs, zuverlédssige Aussagen fiir die Grundgesamtheit abzuleiten.

2 Theoretische Grundlagen

2.1 Allgemein

Zur Auswertung von Versuchsergebnissen wird ausgehend von einer statistischen Vertei-
lung der Tragfahigkeitswerte ein Grenzwert geschitzt, welcher von einem Mindestprozent-
satz aller Bauteile erreicht wird. Haufig beeinflusst die Materialeigenschaft die
Tragfahigkeit eines Bauteils dominierend bzw. in vielen Fillen ist es moglich, andere Un-
sicherheiten des Systems vor dem Versuch zu erfassen, zu eliminieren und gesondert zu
beriicksichtigen. Im Bauwesen wird hinsichtlich der Materialeigenschaft i. d. R. die 5%-
Fraktile als Grenzwert festgelegt. Ein Sicherheitsfaktor s = ¥ deckt noch weitere
Unsicherheiten bei der Ermittlung der Beanspruchbarkeit eines Bauteils ab.

Die Aussage iiber den 5%-Fraktilwert, basierend auf der Untersuchung einer Stichprobe
begrenzten Umfangs, ist nur als Schiatzung moglich, d. h. sie trifft nur mit einer gewissen
Wahrscheinlichkeit zu, welche als Aussagewahrscheinlichkeit bzw. Konfidenz bezeichnet
wird. Sie wird in verschiedenen Bereichen des Bauwesens unterschiedlich festgelegt (Bsp.
Stahlbau DIN 18800: 5%-Fraktile bei 75% Aussagewahrscheinlichkeit oder Betonstahl
DIN 488: 5%-Fraktile bei 90% Aussagewahrscheinlichkeit). Das Fraktil bei einer geforder-
ten Aussagesicherheit ldsst sich in Abhédngigkeit des Umfangs der getesteten Stichprobe
ermitteln. Es gibt verschiedene Methoden, eine Stichprobe zu priifen und den Fraktilwert
zu schitzen. Man unterscheidet zwischen der ,,variablen® und der ,,attributiven® Priifme-
thode, wobei die attributive Methode die strengere Priifmethode ist und konservativere
Ergebnisse liefert. Wihrend bei der variablen Methode aus dem Mittelwert und Standard-
abweichung einer Versuchsreihe die konkrete Grof3e der Beanspruchbarkeit als 5%-Fraktil
ermittelt wird, wird bei der attributiven Methode lediglich bewertet, wie viele Proben eine
gewisse Eigenschaft z. B. die Mindestfestigkeit als 5%-Fraktil besitzen.

2.2 Variable Methode

Bei der variablen Methode wird bei jedem Versuch der Zahlenwert fiir eine Messgrofie
bestimmt und aus den vorliegenden Zahlenwerten unter Beachtung des begrenzten Stich-
probenumfangs n eine statistisch abgesicherte ,,GroBe* entwickelt. Wie bereits oben er-
wihnt, handelt es sich bei der statistisch abgesicherten Grofe hier um den 5%-Fraktilwert
bei einer bestimmten Konfidenz. Unter Zugrundelegung einer Normalverteilung der Ver-

2
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suchswerte liefert die mathematische Statistik aufbereitete Gleichungen, woraus der im
Bauwesen geforderte statistisch abgesicherte Schitzwert der x, ermittelt werden kann:

X,=X-k, s, (1)
mit  k,=k(npl-a) k;-werte der nicht-zentralen t-Verteilung
n Umfang der Stichprobe
p p-Fraktil
I-a Vertrauensniveau bzw. Aussagesicherheit
I . .
X=—)x Mittelwert der Stichprobe (2)
n i=1
] n — 2 X
s = ; Z( X, —X) Standardabweichung 3)
—N
und Xx; i-te Realisation der Stichprobe (Nummer des
Einzelversuchs).

Die k;-Werte sind in den einschlégigen Statistikbiichern tabelliert. Abbildung 1 zeigt ex-
emplarisch den Verlauf der k;-Werte zur Ermittlung des 5%-Fraktilwertes einer Versuchs-
reihe in Abhéngigkeit der Probenanzahl fiir 90% bzw. 75% Aussagesicherheit. Aus dem
steil abfallenden Verlauf der Kurven ist zu erkennen, dass insbesondere bei geringen Pro-

14

12

10

Probenanzahl

Abb. 1: Verlauf der k;-Werte der nicht-zentralen t-Verteilung fiir die 5%-Fraktile in Ab-
hingigkeit der Probenanzahl fiir 90% bzw. 75% Aussagesicherheit
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benzahlen etwa unter 5 jeder zusétzlicher Versuch erheblich zu Steigerung der Aussagesi-
cherheit beitragen kann. Da fiir n—eo die t-Verteilung in die Normalverteilung iibergeht,
konvergieren die Kurven gegen den Wert 1,645. Der Betrag 1,645 entspricht dem z-Wert
der Standardnormalverteilung fiir die 95%- bzw. 5%-Fldche unter der Verteilungskurve.
Zur Ermittlung des p-Fraktils x, wird nach (1) das Produkt aus dem k;-Wert und der Stan-

dardabweichung S, von dem Mittelwert x der Versuchsreihe subtrahiert. Die Subtraktion
kann insbesondere bei grofler Streuung der Versuchswerte - worauf man als Priifer keinen
Einfluss hat- sehr kleine bzw. gar negative Werte liefern, die physikalisch nicht sinnvoll
sind. Dies liegt unter anderem an der zugrunde gelegten Normalverteilung der Versuchs-
werte. Ab einem Variationskoeffizienten von etwa 0,2 empfiehlt es sich daher eine andere
Verteilung wie z. B. die Log-Normalverteilung anzunehmen [1]. Das p-Fraktil ergibt sich
dann aus der Multiplikation des Mittelwertes x mit einem anderen Beiwert k,, der dhnlich
wie der k;-Wert der einschldgigen Literatur entnommen werden kann.

23 Attributive Methode

Die attributive Methode wird haufig zum Zwecke der Qualititspriifung von Serienproduk-
ten eingesetzt. Bei der attributiven Methode wird aus einem Los eine Stichprobe des Um-
fangs n entnommen und durchgepriift. Das Los soll einen gewissen Maximalanteil an
»schlechten® Proben (Schlechtanteil p) besitzen. Diese Hypothese ist auf Wahrheit zu prii-
fen. Es sind entsprechend viele Proben im Los vorhanden, sodass die Stichprobenentnah-
me den Schlechtanteil kaum beeinflusst. Bei jedem Test der n Proben wird lediglich
kontrolliert, ob die Probe die erwartete Eigenschaft hat und damit ,,gut* ist oder nicht (sog.
,» ja-nein-Priifung®). Das Priifergebnis entscheidet dariiber, ob die Hypothese iiber den ma-
ximalen Schlechtanteil p im Los zutrifft und das gesamte Los anzunehmen oder abzuleh-
nen ist. Ist dabei die Anzahl i der ,schlechten” Stiicke grofer als eine festgelegte
Annahmezahl 4., so wird das gesamte Los abgelehnt. Im Sinne von Bauteilpriifungen zei-
gen beispielsweise gute Bauteile eine Mindesttragfahigkeit, schlechte nicht. Nach bestan-
dener Priifung einer Stichprobe des Umfangs n, kann auf die Tragsicherheit aller &hnlichen
Bauteile des Bauwerks geschlossen werden.

Zur mathematischen Erlduterung der attributiven Methode werden zunichst die wichtigs-
ten Parameter nochmals zusammengefasst:

e 1 der Stichprobenumfang = Anzahl der Priifungen
e p Schlechtanteil im Los in %
o A, Annahmezahl (die maximal akzeptierbare Anzahl der schlechten Proben,

wenn n Stiick getestet werden)

e P, Annahmewahrscheinlichkeit (Wahrscheinlichkeit, dass die Priifung positiv
ausfillt und das Los angenommen wird)

Die Wahrscheinlichkeit P,, das Los nach der Priifung anzunehmen, hdngt ab von p, n und
vor allem von A.. Sie ergibt sich nach Uberlegungen, welche auf dem Gesetz des
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BERNOULLI-Experiments basieren. Die Wahrscheinlichkeit bei einem Schlechtanteil von
p, nach n Tests genau i schlechte Stiicke zu erhalten ergibt sich zu

P(" genau i Treffer" ) = (?j pt(1-p)” 4)

Die Wahrscheinlichkeit, hochstens 4. schlechte Stiicke zu erhalten (also i=0 oder i=1 oder
... i=A.) ergibt sich aus der Summe der Einzelwahrscheinlichkeiten (Unabhéngigkeit der
Proben vorausgesetzt) zu

PaSAc){[j‘j-pf (1-p)~ )

Mit einer Wahrscheinlichkeit von P(i < A.) treten hochstens A, schlechte Stiicke auf, was
gleichzeitig die Wahrscheinlichkeit dafiir ist, dass die Stichprobe die Priifung besteht und
damit das gesamte Los angenommen wird. Die Annahmewahrscheinlichkeit P(i < A4,) ist
bei ,,strengen‘ Testbedingungen oder durch Festlegung einer kleinen Annahmezahl 4, ent-
sprechend gering. Je kleiner 4. ist, umso kleiner ist P(i < 4.) und umso geringer ist das
»Risiko®, ein evtl. schlechtes Los zu akzeptieren. Wird in einer Hypothese behauptet, dass
es im Los maximal den p-Anteil an schlechten Proben gibt und es wird auf maximal 4. in n
gepriift, so stellt P(i < A.) die Unsicherheit & der Hypothese dar. Das Einserkomplement
W= I- P(i < A_.) ist demnach dann Testsicherheit bzw. Aussagesicherheit [2].

W=l-a (6)

Anders als bei der Qualitdtskontrolle einer laufenden Produktion ist bei Bauwerkspriifun-
gen héufig die vorliegende Stichprobenzahl gering und man ist folglich bestrebt, auch die
Annahmezahl moglichst gering zu halten und setzt von vornherein 4.=0. Solche Priifungen
werden in der Literatur als ,,Success-Run“ bzw. ,,Erfolgslauf bezeichnet [3]. Dadurch
vereinfacht sich die Gleichung (5) zu:

P(z‘=0)=(2]-p” (1-pY)

P(i=0)=(1-p)' (7)
bzw.
o(i=0)=(1-p)’

Durch Umstellung von (7) kann dann festgestellt werden, wie viele Priifungen erforderlich
sind, um auf ein bestimmtes Sicherheitsniveau schlieBen zu kdnnen. Werden beispielswei-
se Stahlbauteile untersucht, deren Tragfahigkeit vorwiegend von der Materialeigenschaft
bestimmt wird, ist es sinnvoll, die Kombination des 5%-Fraktils bei einer Aussagesicher-
heit von 75% zugrunde zulegen [4]. Gepriift wird dann gegen ein aus dem Fraktilwert der
Beanspruchbarkeit abgeleitetes Mindestmall an Tragfahigkeit ,,;.x, das ggf. weitere Sys-
temunsicherheiten in Form von hoherer Priifkraft beriicksichtigen konnte. Lost man die
Gleichung (7) nach n auf, erhdlt man die Gleichung (8), nach der dann 27 Success-Run-
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Tests erforderlich wiren. Da es sich hier um Success-Run-Tests handelt, wurde o(i=0)
durch o abgekiirzt.

Ina
a=(1-p)' = >n=——
(1-p) n(l—p)
0.25=0,95" = n=1023 _ (8)
100,95

In der Regel ist die Entnahme bzw. die Priifung von 27 Bauteilen nicht erwiinscht und wé-
re, abgesehen von dem Aufwand, hiufig aus der Sicht des Bestandschutzes nicht vertret-
bar. Um dennoch mit einer praxisgerechten Anzahl von Proben die gewiinschten
Zuverldssigkeitsaussagen zu erhalten, kdnnen die Priiflasten {iber den geforderten Min-
destmal} an Tragfahigkeit ,;x, angehoben werden. Dabei ist natiirlich darauf zu achten,
dass die technischen Grenzen nicht verletzt werden. Im Folgenden soll gezeigt werden, wie
bei unveridnderten Anforderungen an Zuverldssigkeit bzw. Konfidenz die Priiflast und der
Stichprobenumfang variiert und gegeneinander aufgerechnet werden konnen.

Abbildung 2 zeigt beispielhaft die angenommene Dichte- und die Wahrscheinlichkeitsver-
teilung der Tragfahigkeit aller Bauteile eines Loses (Grundgesamtheit) unter Zugrundele-
gung einer Normalverteilung (o und 4 nicht genau bekannt). Die Annahme einer
normalverteilten Grundgesamtheit wird hier als gut zutreffend postuliert. In der Praxis soll-
te dies immer mit Hilfe von statistischen Tests gesondert gepriift werden, da das Ergebnis
durch die zugrunde gelegte Verteilung entscheidend beeinflusst werden kann.

Das Los soll auf einen Schlechtanteil von maximal 5% gepriift werden, entsprechend wur-

1,00 - -+ 0,09
0,90 - + 0,08
0,80 - 1 007
T 0,70 - 1 006
=
S 0,60
= - 0,05 &
T 0,50 - S
S 40 + 0,04 B
£ 1
S 0,30 - 0,03
0,20 - 10,02
0,10 - -+ 0,01
0,00 0,00
5 min min 25 45

Ertragbare Randspannung in kN/cm?

Abb. 2 geschitzte Dichte- und Wahrscheinlichkeitsverteilung von
Tragfahigkeitswerten (Altstahlbauteile)
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de ,»x (inklusive evtl. Sicherheitsbeiwert fiirs System) festgelegt. Mit einer Wahrschein-
lichkeit von 95% erreicht oder iiberschreitet jedes beliebig aus dem Los herausgegriffene
Stiick die Mindestbeanspruchbarkeit ,,;,,x. Wiirden 27 Bauteile gepriift werden, wobei alle
minX erreichen, liegt die Annahmewahrscheinlichkeit bzw. die statistische Unsicherheit
nach der Gleichung (7) bei

a=(1-005)" =025 (9)

und damit die Aussagesicherheit bei 0,75. Verschirfte man bei n = 27 die Priifbedingun-
gen, indem ,,;,x auf m,-nxL”b anhebt, sinkt naturgemil3 die Annahmewahrscheinlichkeit. Soll-
ten alle 27 Priiflinge den verschirften Test bestehen, hétte man hinsichtlich der Aussage
»maximal 5% Schlechtanteil im Los* eine viel groBBere Aussagesicherheit als zuvor gefor-
dert. In dem Beispiel der Abbildung 2 bewirkt die erhohte Priiflast, dass nur 84% aller
Bauteile m,-,,xL”b iiberschreiten konnten bzw. entsprechend evtl. 16% Schlechtanteil gibt. Die
iiberhohte Aussagesicherheit, wenn alle 27 Priiflinge m,»nxL”b iberschreiten, liegt bei

a=(1-016)" =0,009

(10)
W =1-0,009=0991

Um bei der verschirften Priifbedingung mit ,;,x"“” wie zuvor die gleiche Aussagesicherheit
von 75% zu erhalten, miisste die Anzahl der Priifungen reduziert werden.

_ n0,25 _s

025=084"=n =
n0,84

(an

Mit anderen Worten: Das Los wird nicht auf dem Niveau der 5%-Fraktile untersucht, son-
dern wie in dem Beispiel gezeigt auf dem Niveau der 16%-Fraktile, wodurch viele Proben
eingespart werden konnen, falls der Success-Run-Test bestanden wird. Wegen des steilen
Verlaufs der Wahrscheinlichkeitsverteilungskurve in dem Bereich, in dem tiblich operiert
wird und wegen der In-Funktion bewirkt eine geringfligige Verschiarfung der Priifbedin-
gung eine grof3e Ersparnis an erforderlichen Proben.

Im Folgenden wird fiir das Beispiel eine Beziehung fiir die Festlegung der verschéirften
Priifbedingung ,.x"“" abgeleitet. Die Vorgehensweise lisst sich analog fiir andere Vertei-
lungsformen und Fraktilwerte anwenden.

Um die Tabellen der standardisierten Normalverteilung verwenden zu konnen, werden die
z-Transformierten nach Gleichung (12) betrachtet.

;=X"H (12)

Die z-Variablen der Standardnormalverteilung betragen jeweils

Siir 95% Z5,, =164

(13)
fiir 84%  z,4, = 1,00
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Aus dem Verhiltnis der z-Variablen

Zs,
2" = 1,64 (14)

Z16%

wird durch die Anwendung von (12) fiir ,,,;,x und mi,,xL”b folgende Beziehung aufgestellt

min‘x_ll’t
_ o _ min'x_lu
]’64 - mmeab —u - mmeab —u (15)
O

Nach der Umstellung erhélt man fiir die verschérfte Priifbedingung im Labor

. xLab — min X+ 0’64 ’ /’t (16)
1,64

Da es sich um die ein und dieselbe Grundgesamtheit handelt, ist ein Success-Run-Test mit
8 Proben auf dem Niveau von ,;x**’ hinsichtlich der Zuverldssigkeitsaussage gleichwer-
tig mit einem Success-Run-Test mit 27 Proben auf dem Niveau von ,,;,x. Wahrend sich ,,;,x
aus dem charakteristischen Wert der Beanspruchbarkeit ableiten lésst, ist fiir Gleichung
(16) u als Mittelwert der Grundgesamtheit zu schitzen oder der einschliagigen Literatur zu
entnehmen.

3 Fallbeispiele

3.1 Deutschlandhalle Berlin

Der mittlere Bereich der Deutschlandhalle (sog. Laterne) wird auf einer rechteckigen FIa-
che von 95 m x 58 m von einer stiitzenfreien Dachkonstruktion liberspannt, bestehend aus
58 m langen Spannbetonbindern, verlegt im Abstand von 11 Metern. Zwischen den Spann-
betonbindern liegen Stahlbetonpfetten im Abstand von 2 m. Den Raumabschluss bilden ca.

Abb. 3: Deutschlandhalle in Berlin
Bildquelle: http://www.berlin-china.net/zonglan/lueyou/berlin360/images/messe_deutschlandhalle.jpg
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5200 Porenbetonplatten (Ytong) von 2,00 m x 0,50 m mit einer Dicke von 7,5 cm. Uber
den Porenbetonplatten befindet sich eine bitumindse Ausgleichsschicht von einigen Zenti-
metern und eine mehrlagige Dachpappenabdichtung. Die mit statisch anrechenbaren punkt-
geschweiliten Bewehrungsmatten (glatte Stébe) versehenen Porenbetonplatten tragen die
Dachlasten und dienen gleichzeitig als Warmeisolierung. Das Dach ist flir Revisionsarbei-
ten begehbar. In den vergangenen Jahren wurde das Dach regelmifig inspiziert und teilsa-
niert. Es wurden trotzdem immer wieder kleinere Stiicke Porenbeton auf dem Hallenboden
und im Tribiinenbereich gefunden. Gegen herabfallende Bruchstiicke wurden schlieBlich
Abfangnetze unterhalb der Decke angebracht. Durch zahlreiche Untersuchungen und Gut-
achten wurden die Gefahrenpotentiale der Dachkonstruktion hinreichend dokumentiert.
Ein groBer Teil der Schadensaufnahmen (Sichtpriifung) konnte von einer Zwischentribiine
aus, 8 m unterhalb der Deckenplatten erfolgen, vgl. Abbildung 4 links. Insbesondere in
einer der letzten BAM-Gutachten wurde auf die Problematik von schadhaften Porenbeton-
platten, deren Anzahl damals unbekannt war, eingegangen, vgl. Abbildung 4 rechts. Da die
Bewehrung nicht gerippt ist, spielt die Betondeckung fiir die Tragfahigkeit der Porenbe-
tonplatte eine grof3e Rolle.

Im Rahmen einer umfangreichen PriifmaBnahme wurde zunéchst eine komplette Scha-
denskartierung durchgefiihrt. Alle 5200 Platten wurden zunéchst einer Sichtpriifung aus
nichster Ndhe unterzogen. Ein direkter Zugang zu der Dachunterseite besteht nicht. Daher
musste die Schadensaufnahme durch Industriekletterer durchgefiihrt werden. Da die Ursa-
che fiir die in Abbildung 4 rechts dargestellten Schiden nicht feststand, war es umso wich-
tiger, moglichst alle betroffenen Platten ausfindig zu machen. Hierzu gehorte auch der
Anteil derjenigen Platten, bei denen eine schalenartige Ablosung der Betondeckung bzw.
eine horizontale Trennung im Material auf der Hohe der Bewehrung (bzw. Hohlstellen),
welche jedoch durch die Rissverzahnung gerade noch am Bauteil hingt, vermutet wurde.
Ein solcher Schaden bleibt bei einer Sichtpriifung unerkannt und kann nur durch mechani-
sche Priifung der Plattenunterseite z. B. durch Klopfen entdeckt werden. Eine Abklopfprii-
fung stellte aber einen viel hoheren Priifaufwand dar als die Sichtpriifung, da der
Industriekletterer hierzu die Platte mit der Hand erreichen mussten. Da hierbei auch der
Klang beim Klopfen zu beurteilen ist, ist die unmittelbare Nahe zwingend erforderlich.

Die Abklopfpriifung der Platten stellt eine ja-nein-Priifung dar, d. h. entweder weist die

schalenartige Abplatzungen

Porenbetonplatten

Pfette

Spannbetonbinder

ADb. 4: links: Untersicht der Decke von der Zwischenbiihne aus; rechts: schadhafte
Porenbetonplatte mit schalenartiger Abplatzung der Betondeckung
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Abb. 5: Links: Priifplan fiir die Abklopfpriifung; statistische Rahmenbedingungen bei
maximal 5% schadhaften Platten aus einer Grundgesamtheit bei 95% Aussage-

sicherheit. Rechts: Nomogramm fiir die cumulative Binominalverteilung nach
H. R. LARSON [5]

Platte einen (fiir die einfache Sichtpriifung versteckten) Mangel auf oder nicht. Wenn ja, ist
sie im Sinne der Ausfithrungen unter Kapitel 2.3 als ,,schlecht” zu bezeichnen. Mit Hilfe
der attributiven Methode wurde ein Priifplan aufgestellt, mit dem der Maximalanteil an
schlechten Platten mit vertretbarem Aufwand abgeschitzt werden konnte. Der Priifplan ist
in Abbildung 5 im linken Diagramm dargestellt. Die einzelnen Wertepaare lassen sich mit
Hilfe der Gleichung (5) berechnen oder aus dem rechts abgebildeten Nomogramm ablesen.
Dort ist beispielhaft das Ablesen des ersten Wertepaares des Priifplans rot eingezeichnet.

Ein Beispiel soll die Anwendung des Priifplans verdeutlichen: wenn 59 (optisch unauffal-
lige) Platten einer Abklopfpriifung unterzogen werden (vgl. Ordinate in Abbildung 5 links)
und dabei keine fehlerhafte Platte (vgl. Abszisse in Abbildung 5 links) entdeckt wurde,
dann liegt der Anteil der "schlechten" Platten bei maximal 5 %. Diese Aussage hat eine
Sicherheit von 95%. Wurde aber bei der Priifung eine "schlechte" Platte entdeckt, so muss
der Priifumfang auf 93 Platten erweitert werden, um eine gleichwertige Aussage machen
zu konnen. Dabei darf keine weitere "schlechte" Platte entdeckt werden, sonst ist der Um-
fang wieder gemdf Priifplan zu erhdhen.

Die Festlegung der Eingangsparameter fiir den Priifplan, maximal 5% Schlechtanteil bei
95% Aussagesicherheit, erfolgte in diesem Sonderfall durch eingehende Abwigung der
Gefahrensituation und die Abschédtzung des Risikos eines versteckten Mangels und Be-
riicksichtigung der Ergebnisse einer Ausfallrechnung fiir eine einzelne Platte. Zur Erho-
hung der Sicherheit wurden die 5200 Platten bereichsweise nach Lage und fritheren
Beanspruchung (wie etwa Durchfeuchtung) in mehreren Grundgesamtheiten aufgeteilt und
gesondert gepriift. Die Priifung war lediglich fiir die optisch unauffilligen Platten vorgese-
hen. Platten mit offensichtlichem Schaden waren generell auszutauschen, oder abzufangen.
Die zu priifenden Platten wurden zuvor auf einem Plan festgelegt. Haufig konnte der Prii-
fer aus seiner Kletterposition heraus ebenso die benachbarten Platten abklopfen. Diese
MafBnahme erhohte naturgeméal den Stichprobenumfang und trug erheblich zur Aussagesi-
cherheit bei bzw. es konnte bei gleich bleibender Aussagesicherheit von 95% auf einen

10

nnahmewahrscheinlichkeit 7, des Loses



Mehdianpour: Tragfahigkeitsbewertung aus Versuchen - Probenanzahl versus Aussagesicherheit

geringeren Schlechtanteil von ca. 2% geschlossen werden. Erfreulicherweise gelangen die
Priifungen als Success-Run-Tests.

3.2 Ritterschaftsbank Berlin Mitte

Das vor /900 gebaute vierstockige Gebdude der ehemaligen Ritterschaftsbank in der Moh-
renstr. 66 in Berlin Mitte sollte saniert und teilweise umgebaut werden. Fiir die Sanierung
des Gebidudes sollte der Bestand weitgehend erhalten bleiben. Es wurde insbesondere an-
gestrebt, die vorhandenen Decken weiter zu nutzen. Das Deckensystem besteht, gemil3 den
damaligen Bauweisen, aus Stahltragern mit zwischenliegenden preuBischen Kappen. Ers-
ten Materialuntersuchungen zur Folge weisen viele der Altstahltriger die Merkmale eines
Puddelstahls auf, einige auch die eines FluBstahls. Von Altstahl sind einige ungiinstige
Eigenschaften bekannt, wie z. B. geringe Bruchdehnung, grofle Streuung der Materialei-
genschaften, Inhomogenitét innerhalb des Querschnitts sowie Anisotropie. Daher sollte vor
der Sanierungsmafinahme die Tragfdhigkeit der Altstahltrager fiir den Bau- und den End-
zustand untersucht und hinsichtlich der zu erwartenden Beanspruchungen beurteilt werden.
Zum Einen waren fiir den Endzustand Deckenbelastungen bis zu 5,0 kN/m? geplant, zum
Anderen wurden fiir den Bauzustand stoBartige Beanspruchungen durch herabfallende
Triimmer erwartet. Insgesamt befinden sich an die 400 Altstahltriger im Bauwerk. Fiir
Untersuchungen wurden 8 Triager (Walzprofile) aus dem Bestand entfernt und der BAM
zur Verfiigung gestellt. Die Tragerentnahme erfolgte aus verschiedenen Bereichen des Ge-
baudes. Es wurden statische sowie dynamische Tragfahigkeitstests an Bauteilen durchge-
filhrt. Dem Planer sollte fiir den Gebrauchszustand ein Grenzwert der Beanspruchbarkeit
als ,,zuldssige Spannung® basierend auf einem globalen Sicherheitsbeiwert im Sinne des
alten Bemessungskonzepts geliefert werden. Aullerdem sollte neben der Beurteilung der
Beanspruchbarkeit gegeniiber stoBartiger Belastung noch das Tragverhalten von Altstahl-
bauteilen unter kombinierter Beanspruchung durch Moment und Querkraft untersucht wer-
den. In diesem Beitrag wird nur auf die Abschitzung des Grenzwertes der
Beanspruchbarkeit als ,,zuldssige Spannung“ eingegangen. Da die Anzahl der Proben ge-
ring war und eine Reihe von Untersuchungen unterschiedlicher Art anstand, war es wich-

Abb. 6: Ritterschaftsbankgebdude. Links: Zeichnung von 1896: " Berlin und seine Bauten "
hg. vom Architektenverein zu Berlin 1896, II. und III. Hochbau S. 372 Abb. 395.
Rechts: Berlin Mohrenstr.66, Bild mit freundlicher Genehmigung von: Pitz&Hoh Werkstatt
fiir Architektur und Denkmalpflege, September 2003
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tig, den Grenzwert der Beanspruchbarkeit im Gebrauchszustand abzuschitzen, ohne die
Tréager zu beschadigen. Die Gewissheit, hierzu im Anschluss an alle anderen Untersuchun-
gen abschlieBende Traglastversuche durchfiihren zu kdnnen, war vor allem wegen der an-
stehenden StoBversuche nicht gegeben. Mit Hilfe der attributiven Methode war es moglich,
Ergebnisse von Gebrauchslastversuchen, bei denen keine Beschiddigung der Bauteile be-
fiirchtet wurde, auszuwerten und Aussagen zur Tragsicherheit im Gebrauchszustand zu
treffen. Die geringe Probenanzahl wurde durch schirfere Priifbedingungen ausgeglichen.

In Gebrauchslastversuchen wurden die Trdger im Dreipunktbiegeversuch bis zu einer
Grenzlast ,,;,x mehrmals be- und entlastet und die Tragfdhigkeit anhand der Linearitdt der
Kraft-Verformungskurve beurteilt. Dabei wurde kontrolliert, ob das Tragverhalten linear
bleibt. Das vom Planer vorgegebene Gebrauchslastniveau entsprach einer Randfaserspan-
nung von /0 kN/cm?. Beriicksichtigt man noch in Anlehnung an die alte Stahlbaunorm
DIN 18800 Teil 1 (3.81) einen globalen Sicherheitsfaktor von 7,5 , so ergibt sich der gefor-
derte Mindestwert der 5%-Fraktile fiir die Tragfahigkeit der Trdger im Versuch zu
15 kN/cm?. Tréger, deren Tragfahigkeit auch nur geringfiigig unterhalb ,,;,x liegt, sollten im
Sinne der attributiven Methode als ,,schlecht® bezeichnet werden.

Unter Kapitel 2.3 wurde mit Hilfe der Gleichung (8) die Zahl 27 als die Mindestanzahl an
Success-Run-Tests ermittelt, welche erforderlich wéren, um bei 75% Aussagewahrschein-
lichkeit nicht mehr als 5% Schlechtanteil in einer Grundgesamtheit anzunehmen. Hier
standen aber nur § Tréger, also hochstens nur 8§ Success-Run-Tests zur Verfiigung. Wie bei
8 Proben die gleiche Zuverlédssigkeitsaussage erreicht werden kann, wenn die Tests mit
einer héheren Laborbelastung ,;,x"* durchgefiihrt werden, wurde als Beispiel in Gleichung
(16) ermittelt. Fiir die Gleichung (16) ist die Abschédtzung des Mittelwertes der Grundge-
samtheit u erforderlich. Der Mittelwert der Grundgesamtheit ¢ wurde unter Beriicksichti-
gung der hauseigenen Datenbank auf der sicheren Seite liegend mdglichst hoch
abgeschitzt. Die statistische Berechnung der oberen Schranke fiir t,,. erfolgte mit Hilfe
der Student-t-Verteilung unter Zulassung einer Irrtumswahrscheinlichkeit von maximal
5%. Das Ergebnis betragt t4,,,,=28,04 kN/cm?.

Nach Einsetzen erhilt man fiir die Gleichung (16)

i 2D H064:28_ o5 RN (17)
1,64 cm’

Alle 8 Bauteile konnten jeweils ihren Test auf dem mit (17) ermittelten erhdhten Bean-
spruchungsniveau von 20,1 kN/cm? unbeschadet bzw. ohne Nichtlinearititen in der Kraft-
Verformungskurve bestehen. Daher wurde mit ausreichender Sicherheit auf einen Grenz-
wert der Beanspruchbarkeit von /0 kN/cm? geschlossen.

12
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Deflection of Concrete Members Considering Random
Behaviour of Loading and Material Properties

Guido Hausmann
Institute of Concrete and Masonry Structures, University of Technology Darmstadt

Summary: Within the present paper deflection computations concerning ran-
dom behaviour of loading and system parameters for a prestressed and a rein-
forced concrete member were accomplished. Since the load history is of
particular importance for the actual stiffness distribution, computations on ba-
sis of simulated load histories were carried out. This method requires the com-
putation of the deflection at a lot of points in time, which does not lead to
acceptable time and effort of computation for complex systems. Therefore a
simplified modelling of the live loads was developed, which considers the ef-
fects of load history and resulting stiffness distribution implicitly.

1 Introduction

In modern structural engineering wide span slabs and the minimization of dead load to
optimize the dimensions of columns and foundation are required. These needs can be done
by the use of pre-stressed concrete slabs. Due to serviceability requirements of the con-
struction the allowable deflection becomes the main design criterion in many cases. Be-
sides loading conditions, reinforcement ratio and compressive strength of concrete or time-
dependent behaviour like creep and shrinkage, the deflection of concrete slabs is influ-
enced by the effects of pre-stressing, i.e. the induction of bending moments and normal
forces. To approach the complex system of a pre-stressed concrete slab, initially investiga-
tions of a pre-stressed and a conventional reinforced single span concrete member are car-
ried out. For this reason a MATLAB procedure was developed, which is based on the
determination of deflection at a given time using the moment-curvature relationship. Con-
sideration of the random behaviour of the material properties is offered using Latin Hyper-
cube Sampling. Additionally the calculation is based on a realistic differentiation between
cracked and uncracked regions to obtain the realistic stiffness at a given time. Furthermore
effects of unloading and repeated loading should be taken into account. For this purpose
the consideration of the load history is essential. Usually the load history is unknown,
therefore the calculation is based on load history simulations. Basis of these simulations
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are the user category dependent live load parameters taken from JOINT COMMITTEE ON
STRUCTURAL SAFETY [1]. The results of the investigations of the relatively simple single
span member can be used to model more complex structural systems, e.g. pre-stressed con-
crete slabs. Especially simplifications of the live load history are necessary regarding the
computing time.

2 Mechanical Model for Calculation of Deflection

2.1 Material Models

For the description of material behaviour of concrete under compression the stress-strain-
relationship according to JOINT COMMITTEE ON STRUCTURAL SAFETY [1] is used. In com-
parison to the material laws according to DIN 1045-1 [2] used for deformation analysis,
this material law differs especially for high strains. For a deflection analysis the occurring
concrete stresses are normally below maximum concrete stress, so this difference can be
neglected.

The concrete tensile strength can be calculated in relation of the compression strength ac-
cording to DIN 1045-1 [2]. For the present examinations a linear stress strain relation for
concrete in tension was assumed, limited by tensile strength. Modelling of complex tension
softening behaviour was disregarded. To regard long term effects concerning the tensile
strength, the centric tensile strength is reduced by a factor of 0.85 according to
MERTSCH [3]. For the determination of cracking moment the flexural tensile strength was
assumed.

The time dependent material properties of concrete include compression strength, tensile
strength, young’s modulus and of course creep and shrinkage. Within the scope of the pre-
sent investigations time variant material properties were neglected except for creep and
shrinkage effects. Creep and shrinkage coefficients were calculated according to DAFSTB-
HEFT 525 [4], whereby only linear creeping behaviour was implied.

2.2 Moment-Curvature Relationship

The carrying behaviour of reinforced concrete or pre-stressed concrete sections can be
modelled by the moment-curvature-relationship in good approximation. For the present
examinations the calculation model of moment-curvature-relationship according to
CEB FIB MODEL CODE 1990 [5] was used. Therein the tension stiffening effect is regarded
relatively simple expressed by the parameter £,.

Time dependent effects due to creep can be considered directly by modification of the
stress strain relation of concrete in dependence of the current creep coefficient. Based on
this modified moment-curvature-relationship and creep inducing loading this part of de-
flection can be calculated.
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Deformations due to shrinkage are considered by applying a centric shortening of the sys-
tem, which leads under consideration of the compatibility conditions with asymmetrical
reinforced cross sections to a cross section curvature, which is considered in the moment-
curvature-relationship as an imposed deformation. It is of particular importance whether
the regarded cross section is in state | or state II. In the cracked condition (state II) the cur-
vatures due to shrinkage increase clearly. Therefore the effects of load history have to be
considered also for the deformations due to shrinkage, which are actually independent of
loading conditions.

The effect of prestressing without bond for the determination of moment-curvature-
relationship can be considered by an appropriate normal force. The bending moment due to
prestressing is treated like an external loading.

Depending on the kind of loading different moment-curvature-relations are used for calcu-
lation. If a load arises for the first time, the relationship for instantaneous loading is used.
For the deformation due to creeping the moment-curvature-relationship with modified
stress strain relation of concrete and the parameters for long-term load is used.

Repeated unloading/reloading is considered according to KRELLER [6], which provides a
constant stiffness for the un- and reload procedure after exceeding the cracking moment for
the first time. Reloading beyond the maximum value again the relationship for monotonous
load applies.

23 Calculation of Deflection

From the moment-curvature-relationship for each bending moment the corresponding cur-
vatures with consideration of the non-linearity of reinforced concrete can be easily deter-
mined. The integration of these curvatures over the system leads in good approximation to
the deflection. In addition the distribution of the internal forces of the examined system
must be known. In statically determinate systems the distribution of the internal forces is
independent of the stiffness distribution and does not have to be determined by iteration.

For the present examinations the deflection is determined separately for the three compo-
nents: for instantaneous loading, creep-inducing loadings and deformation due to shrink-
age. The reasons for this procedure is that depending on the deflection component both
different moment-curvature-relationship and different kinds of loading (e.g. only sustained
loads for deformations due to creep) have to be considered.
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3 Stochastic Modelling

31 Stochastic Modelling of Material and System Properties

The stochastic parameters of material and system properties were derived from JOINT
COMMITTEE ON STRUCTURAL SAFETY [1], STRAUSS [7] and FLEDERER [8] and are assorted
in Tab. 1. Among the dimensions (4, d;, b) the material strength (f., E., f., f;) are regarded
as stochastic values as well. The model used to determine the moment-curvature-
relationship according to CEB FIB MODEL CODE 1990 [5] considers the tension-stiffening-
effect by model parameter f,. Uncertainties of £, are regarded by model uncertainty 6,

For determination of creep- and shrinkage coefficients according to DAFSTB-HEFT 525 [4]
the stochastic input variables relative humidity (RH), geometry, compressive strength of
concrete) are considered. Additionally model uncertainties &, and &, for the prediction of
creep- and shrinkage coefficients are implied.

For the investigation of prestressed concrete members the uncertainties of the prestressing
force and location of the tendon (eccentricity) are mentioned by model uncertainties &p and
Hel.

The scatter of the dead loads is composed by both scatter of specific weight and spatial
scatter. Concerning both components the coefficient of variation is assumed as 5 % accord-
ing to GRAUBNER & GLOWIENKA [9]

Tab. 1: Stochastic parameters of material and system properties

Variable X Type of Mean COov
distribution
h Normal hpy 3%
d; Normal dim 17 %
b Normal bm 10 %
f Lognormal 38 N/mm? 13 %
E. Lognormal 35000 N/mm? 15 %
St Lognormal 2.6 N/mm? 30 %
f Lognormal 560 N/mm? 6 %
O, Lognormal 0.8 20 %
RH Normal 70 % 10 %
O Lognormal 1 15 %
0., Lognormal 1 15 %
Op Normal 1 5%
0. Normal 1 5%
g Normal b, -h,-25kN/m? 5%
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3.2 Live Load Modelling

The live load on floors in buildings can be divided into sustained and intermittent load.
Both components are characterised by intensity, duration and the time between two loading
periods. The intensity of sustained loads can be approximated by a gamma distribution,
intermittent loads by an exponential distribution. The required stochastic parameters are
given in Tab. 2, which is taken from JOINT COMMITTEE ON STRUCTURAL SAFETY [1].
Therein o, regards scatter of spatial distribution and ¢, variation between storeys respec-
tively different buildings. Note that these parameters are point in time loads.

Tab. 2: parameters for live loads depending on the user category [1]

User category Reference Sustained Load Intermittent Load
Area
Ao Mt Oy Oy 1/4 Min Oy 1/4
[m?] [KN/m?]  [kN/m?] [kN/m?] [a] | [KN/m?] [kN/m?] [a]
Office 20 0.5 0.3 0.6 5 0.2 0.4 0.3
Residence 20 0.3 0.15 0.3 7 0.3 0.4 1

By means of this information the standard deviation of both components are given as fol-
lowing:

o, = 0'f+0'f-i-/( (D
‘ A
A
O'. = 0'2._0.,( 2
L=y )
A
red=70‘K‘ Sl (3)

Therein k regards the shape of the influence line used to determine the equivalent uni-
formly distributed load. The present examinations are based on &.; = 1. With arising val-
ues of influence area A the scatter of spatial distribution (o;) becomes less important.

By means of the present input parameters a live load simulation is carried out. The princi-
ples of this live load simulation applied here were developed by SCHMIDT [10], whereas
the present analysis is based on input parameters according to Tab. 2. Result of each simu-
lation is a random live load history (Fig. 1 a), which provides the basis for the determina-
tion of deflection at each point in time of load change. Furthermore such a live load history
simulation is used for determination of extreme value distributions (Fig. 1 b) supposing
sufficient number of simulations.
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q [kN/m?3]

q [kN/m2]

(a) Example of a simulated load history (b) Extreme value distribution for a reference time period
of 50 a including fitted Gumbel distribution

Fig. 1: Live loads for user category office

The discrete extreme value distribution based on simulation can now be fitted by an ana-
lytical extreme value distribution. GLOWIENKA & HAUSMANN [11] carried out such an
analysis of extreme value distribution for extreme live loads based on simulations for dif-
ferent user categories, reference time periods and influence areas respectively influence
line shape factors. For reference time periods longer than average occurrence rate of load
changes the fitting to a Gumbel distribution is quite good. The parameters for total live
loads approximated by a Gumbel distribution for reference time periods of 50 years respec-
tively 10 years are given in Tab. 3. They are valid for the user categories office and resi-
dence which will be analysed in the following.

Tab. 3: parameters of fitted Gumbel distribution for live loads [3]

User category T [a] Mean SD Cov
Office 50 2.50 0.925 37 %
10 1.60 0.730 46 %
Residence 50 1.85 0.520 28 %
10 1.26 0.515 41 %

4 Analysis of Selected Examples

4.1 General

Based on the input variables for material and system properties respectively load history
simulations explained in chapter 3 both a prestressed concrete (example a) and a reinforced
concrete member (example b) were investigated. Calculations were carried out using Latin
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Hypercube sampling, an advancement of Monte Carlo method, in order to reduce the num-
ber of samples required. The main dimensions are displayed in Tab. 4.

Tab. 4: dimensions of calculated examples

Example L [m] h/b [cm] A [cm?] Ay [em?] A,
a) 10 20/100 11.3 3.77 3 * 150 mm?
b) 6 30/100 9.24 -—- -—-

4.2 Sequence of Computation

In the following section the principles of computation sequence of the deflection is repre-
sented briefly. The computations were carried out for a reference time period of 50 years.
In the first step load history in dependence of the user category is simulated. At each time
of a load change the deflection is computed separately due to instantaneous loading, due to
creeping and due to shrinking. For the computation of the creep deformation only the sus-
tained load portion is set as creep inducing load. The separate deformation components are
summed up to get the total deformation. As result of a single computation one receives a
time response of deflection. A simulated load history with associated time response of de-
flection is represented in Fig. 2 exemplarily for example b).

T T T T T —ew
| | | | | | | I |==-q
b — L [ [ U
7 'MT\ I I I I I I -
| | | | | | | |
8”’F"f”fﬂ"‘mw”f”f”ﬁ”ﬁ’ §
| \<H+~\ | | | | | |
)| 4 - L - 1 R — -
o Sl 4 | \ Ll ] i \
g | | | | | | | | |
€ 4L L Ll 141 _a__a__
= | | | | | | | | |
é’ | | | | | | | | |
3F--L-—-L - L+ _ 1l _ 1111 _
| | | | | | | | |
| | | | | | | | |
ob - L __-L__L__1__1__1__1+__1__1__
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b--L_-—-Lr__r__ 1 __+__1__1__1__1__
| | | | | | | | |
| | | | | | | | |
0 1 1 1 1 1 1 1 1 1
0 5 10 15 20 25 30 35 40 45 50
t[al
(a) simulated load history user category office (b) time response of deflection

Fig. 2: Results of a single calculation of deflection based on a simulated load history

This sequence of computation is repeated » times under random variation of the input pa-
rameters using Latin Hypercube Sampling. For the present investigations » = 500 simula-
tions were performed. The results can be subjected to a statistic evaluation. In Fig. 3 is
represented the time response of the average values, standard deviations (SD) and coeffi-
cient of variation (COV). Both examples were applied for user category office.
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Fig. 3: statistical evaluation of deflection computation based on simulated load history

The results show that for the reinforced concrete beam a decreasing coefficient of variation

of deflection with increasing service life. In contrast to this the coefficient of variation re-
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mains almost constant for the prestressed concrete member. The proportional component
of the creeping and shrinking deformation increases for prestressed concrete member in
comparison to the reinforced concrete member, however the higher dispersion of the total
deformation comes off mainly by the deformation component from instantaneous loading.
Differences exist likewise in the kind of the distribution function. Fig. 4 and Fig. 5 present
the extreme value distributions of the maximum deflection and the distribution functions at
certain points in time (1 a, 5 a and 50 a). While for the reinforced concrete member all dis-
tribution functions can be approximated by a normal distribution, a Gumbel distribution
fits well to the results of the prestressed concrete member. These differences are important
for the computation of probabilities of exceeding of a defined limit value.

—— Gumbel fit
— simulated CDF

1 1
60 70 80

(a) Extreme value distribution of deflection (b) distribution functions of deflection at certain points in
time (1 a, 5 a, 50 a)

Fig. 4: distribution functions of deflection of prestressed concrete member (example a)

(a) Extreme value distribution of deflection (b) distribution functions of deflection at certain points in
time (1 a, 5 a, 50 a)

Fig. 5: distribution functions of deflection of a reinforced concrete member (example b)
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4.3 Simplified Modelling of Live Loads

The investigations on basis of a simulated load history, as shown in section 4.2, are feasi-
ble for the relatively simple single span member still with an acceptable time and effort of
computation. If more complex systems are examined e.g. prestressed concrete slabs the
time and effort of computation increases substantially. Therefore a simplified modelling of
live loads is suggested here, which considers the effects of load history implicitly and leads
to the same results. On the one hand equivalent creep inducing loads are to be determined,
on the other hand the effects of the extreme values arising in load history must be consid-
ered as well.

From comparative calculations has been obtained that the average value and the scatter of
the creep deformations in good approximation a creep inducing load can be assumed which
is constant in time. The value of the equivalent load corresponds to the sustained load indi-
cated in tab. 2. Only during the first 5 years the deviations are larger in individual cases,
since the value of the creep deformation depends strongly on the load amplitude at the
early concrete age.

For the size of the deformations due to shrinking and direct load the extreme values occur-
ring up to a given time is of importance. Subsequently two problems have to be solved. To
obtain an extreme value distribution of the deflections for a certain reference time period
(e.g. 50 a), it is sufficient to carry out the computation on basis of the appropriate extreme
value distribution of the live loads. For other reference time periods 7 then the extreme
value distribution of live loads has to be adapted accordingly. A comparison of the results
of both procedures is represented in Fig. 6.
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(a) pre-stressed concrete member (example a) (b) reinforced concrete member (example b)

Fig. 6: comparison of extreme value distribution based on simulated load history (user
category office) and simplified load model

For the determination of the distribution function at a certain point in time ¢ the simulated
load history can be replaced by the computation of two different points in time. At the time
t-1 the extreme value distribution of the live loads for the reference time period 7' = t-1 is
used. Thus the maximum preloading of the system is included. At the point in time # the
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point in time loads for the sustained load component according to Tab. 2 are applied. Thus
all unloading procedures actually occurring during load history are replaced by only one
unloading procedure. In Fig. 7 the distribution functions for the deflections for the points in
time after 50 years for user category office are compared.
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(a) pre-stressed concrete member (example a) (b) reinforced concrete member (example b)

Fig. 7: comparison of distribution functions of deflection and its components for 50 a

A good accordance of the results can be ascertained, so that the represented proceeding
appears suitable to replace the extensive computation based on simulated load history. An
examination of the validity for other user categories, which consist exclusively of sustained
load (e.g. libraries) is still upcoming.

5 Conclusion and Outlook

In the present paper computations concerning random behaviour of loading and system
parameters for a prestressed and a reinforced concrete member were conducted. Since the
load history is of particular importance for the actual stiffness distribution, the computa-
tions on basis of simulated load histories were carried out. This method requires the com-
putation of the deflection at a lot of certain points in time, which does not lead to
acceptable time and effort of computation for complex systems. Therefore a simplified
modelling of the live loads was developed, which considers the effects of load history and
resulting stiffness distribution implicitly. Based on this load model reliability analyses can
be accomplished for serviceability states of more complex structures without extensive
consideration of load history and can consequently be used for the development of a design
concept for limiting deflections based on a probabilistic approach.
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Structural Reliability of Sheet Pile Walls
Using Finite Element Analysis

Timo Schweckendiek & Wim Courage
TNO Built Environment and Geosciences, Delft, The Netherlands

Abstract: In geotechnical design nowadays partial safety concepts like Load
and Resistance Factor Design are applied in order to account for the uncertain-
ties in the model and design parameters and to guarantee a minimum required
level of reliability. It is, however, advantageous to determine the reliability le-
vel directly for many applications. It will be shown how reliability analysis for
retaining structures can be carried out in a fully probabilistic manner within
reasonable time effort. A case study of a deep excavation will be used to il-
lustrate the presented concepts. Basically the approach follows the philosophy
that all uncertain quantities in a design should be treated as stochastic variables
instead of making conservative estimates. TNO Built Environment and Geos-
ciences has developed the probabilistic toolbox ProBox that includes methods
for reliability analysis and local sensitivity analysis. ProBox can be coupled
with external models (e.g. FEM-codes) for the evaluation of the limit state
function. Analytical models can be formulated in Probox directly as well. For
the present example the Finite Element Code Plaxis was applied and coupled
with ProBox. Level II as well as level III methods will be applied and the the-
ory of Hohenbichler is applied to combine the failure probabilities of singular
mechanisms to a system failure probability respectively reliability.

Keywords: Reliability, Retaining Structures, ProBox, Plaxis, Finite Element
Method, Directional Sampling, Geotechnics, System Reliability
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1 Introduction

There is a large variety of reliability methods available. However, these techniques are
almost exclusively used by the scientific community and not in engineering practice. Our
proposition is that this fact is not due to lack of suitable methods, but lack of user-
friendliness and experience with applications.

Therefore we intend to demonstrate in this paper that reliability analysis can be carried out
with reasonable time effort for specific structures whose system behavior is known. Level
IT as well as level III methods will be used in combination with finite element analysis. As
specific example an excavation with a retaining structure consisting of a sheet pile wall and
an anchor layer in layered soil is analyzed.

A significant advantage of determining the reliability of structures is that it supports the
use of risk-based or probabilistic design concepts. The failure probabilities that are calcu-
lated by means of the reliability analysis are, of course, crucial elements in these ap-
proaches.

Furthermore, reliability analysis usually gives insight into the sensitivity with respect to the
input variables. This information is especially useful as decision support for optimization
or to know where the reduction of uncertainty or design changes have the largest effects.

The current example was chosen from the field of geotechnical engineering. The subsoil
contains large uncertainties compared to other materials applied in civil engineering. The
principal sources of uncertainties in soil properties are imprecise measurements and inher-
ent spatial variability.

There are several possibilities for modeling these uncertainties. Spatial variability can for
example be modeled be means of random fields. In this paper the random average ap-
proach is followed, where a soil deposit is modeled as a homogeneous material with ran-
dom average properties. In fact, when following this approach, averaging effects can only
be accounted for by adapting the input statistics. Since the calculation example is fictitious
anyway, we do not pay attention to this detail here and assume the input parameters statis-
tics to include the averaging effects already.

2 Proposed Methodology

For determining the reliability respectively the failure probability of a system the relevant
failure modes and mechanisms are to be detected. In general we consider unacceptable
states of the structural system as failure, like e.g. excessive deformations or plastic yielding
of materials. Some of these mechanisms do not directly lead to a collapse of the system
and the system exhibits some residual strength, even though it is already considered as
failed. Considerations about residual strength are especially of interest for systems that
might still fulfill their major essential function after reaching failure according to this defi-
nition, which is the case for water retaining structures like dikes (A dike might still retain
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the water after partial failure of the inner slope.). In the present example, however, we con-
sider residual strength to be irrelevant. The functional requirements of the structure are
expressed by the limit states and omission of their fulfillments is considered failure.

For the presented approach the reliability analysis package ProBox (developed by TNO,
The Netherlands) was coupled with the Finite Element code Plaxis, which is a program
that is specifically suited for the analysis of geotechnical problems. The coupling of the
programs consists essentially of two basic interfaces. On the one hand ProBox was enabled
to amend the input data of each Plaxis calculation before its execution. Secondly the calcu-
lation output is to be accessed by ProBox in order to use it for the limit state function
evaluation (see fig. 1).
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Figure 1: Coupled Reliability Analysis and Interfaces ProBox-Plaxis

In this approach the finite element analysis (FEA) is used as sort of a black box for ele-
ments of the limit state formulation. Due to the implicit nature of the limit state function, of
course, all the available reliability methods in ProBox use numerical procedures, e.g. for
the determination of partial derivatives. ProBox includes techniques like FORM/SORM,
Crude Monte Carlo, Directional Sampling, Directional Adaptive Response Surface Sam-
pling (DARS), Numerical Integration or combinations of these methods.
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3 Example Description

The calculation example is presented before introducing the proposed method in order to
give the reader a clear picture of the type of system that will be analyzed. The presented
example is a simple retaining wall in sand. It consists of a sheet pile wall and one anchor
layer with a whaling realized by means of two connected U-beams.

10.0 m

SLS

“soil failure”\

-5.0m Uy

5.0m

L [m]

Sheet Pile Wall: Sand

Figure 2: Retaining System Geometry

The sequence of execution is:

« 1. Installation sheet pile wall

« 2. Excavation phase 1 (-1.0 m)

« 3. Installation of anchors and whaling, prestressing of the anchors

« 4. Excavation phase 2 to final depth (-5.0 m)
The properties of the involved materials are given in table 1. For the characterization of the
parameter statistics the first two central moments are used. These are based on back-

calculation from typical 95%-characteristic values in the NEN6740 — table 1 (Dutch Stan-
dard for Geotechnical Design).

For stability of the calculations, avoiding ill-posed problems and physically impossible
realizations of the parameters, the following distribution types are applied in the reliability
analysis:

« Normal distribution: Ysa
« Lognormal distribution (2-parametric): ¢, ¢’, v, E

« Beta distribution: v (0<v<0.5), Rinter (0<Rjnter <1)
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A deterministic design was carried out on this example, which resulted in the following
structural dimensions:

« Sheet pile: AZ17, length: 12.0 m

« Anchors: 440 kN capacity (S235) at mutual distance a = 2.0 m, inclination: 45°,
embedment app. 1.0 m in the sand layer

« Whaling: 2xUPE220

The design was made according to the CUR 166 (Dutch Technical recommendation for
Sheet Pile Structures). It was considered to belong to safety class two, which is based on a
system reliability of B = 3.4.

Table 1: Soil Properties of the Calculation Example

PEAT, medium

Name Symbol 95%-Quantile COV  Mean STD Unit
Saturated volumetric weight ., 12 5% 131 065 [kN/m7]
Cohesion e 5 20% 75 1.5  [kPq]
Friction angle @' 15 0% 2389 239 [
Dilatation angle W 0 0 0 0 [
Young's modulus E 500 25% 850 212 [kN/m?]
Poisson ratio v n.a. 10% 035 0035 [
Interface Strength Rinter n.a. 12% 0.6 01 [
CLAY, medium
Name Symbol 95%-Quantile COV  Mean STD Unit
Saturated volumetric weight 7., 17 5% 185 093 [kN/m7]
Cohesion e 10 20% 149 298 [kPal
Friction angle @ 17.5 10% 208 200 [9]
Dilatation angle W 0 0 0 0 [
Young's modulus E 4000 25% 3400 850  [kN/m?]
Poisson ratio v n.a. 10% 035 0035 []
Interface Strength Rinter n.a. 12% 0.6 01 [
SAND, dense
Name Symbol  95%-Quantile COV  Mean 8TD Unit
Saturated volumetric weight e 19 5% - - [kN/m?]
Cohesion e 0 20% - - [kPa]
Friction angle o' 35 10% 35 35 [9
Dilatation angle W 5 LA - - [
Young’'s modulus E 125,000 25% - - [kN/m?]
Poisson ratio v 0.35 na. 0.35 - [
Interface Strength Rinter n.a. n.a. 1.0 5 []
. .
4 Failure Mechanisms

The following failure modes are the essential potential causes to set the system to the un-
wanted state — failure. Their definitions are applied for the formulation of the limit states of
singular failure mechanisms.

4.1 Yielding of the Sheet Pile

The sheet pile is subject to bending and the bending moments lead to
compressive and tensile stresses. If these stresses exceed the yield stress
oy of the applied steel, the structure can exhibit plastic behavior. As men-
tioned before, we consider plasticity in the sheet pile as failure, even

though there is residual strength. There is a contribution of a normal force
component, which can be accounted for via the limit state formulation.

,
ST <<

Figure 3: Bending and Normal Loading of a Retaining Wall
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If the normal force contribution is neglected, we can determine a maximum moment resis-
tance of the sheet pile: My4m = We*o,, where W, is the elastic section modulus and o is
the steel yield strength. In this case the limit state can simply be formulated as:

Z= Mudm - Mmux

where M, is the maximum calculated bending moment.

This limit state formulation would be restricted to account for the uncertainties in the soil
properties and the external loads. A more general formulation gives us the flexibility to
include also the uncertainties on the resistance side and the earlier mentioned normal force
contribution:

Za(wmj
\W(z)  A(2)

, where M(z) is the bending moment N(z) is the normal force and A(z) is the cross section
area of the sheet pile.

As can be seen from the limit state formulation, some of the involved quantities are depth
dependent. This distinction might is necessary, because

1. The maximum moment M, and the maximum normal force N, might not coin-
cide in depth z.

2. The geometrical properties W,; and 4 might not be constant over depth, e.g. when
they are effected by corrosion and this corrosion is estimated by a depth-dependent
corrosion model.

Of course, all these quantities can be treated as stochastic variables, also the steel yield
strength.

4.2 Failure of the Support

The principal function of an anchor in a retaining structure is its contribution to horizontal
equilibrium. Basically this is composed of the active and passive soil pressure and the an-
chor force itself. Anchors consist of a grout body that serves as connection with the soil, a
tensile element (e.g. a steel rod or steel cables) that connects the grout body with the retain-
ing structure and connective elements that connect sheet pile and
tensile element. We neglect the uncertainties in the connective
/ elements, since the tensile element is considered to have a signifi-
| \. cantly higher failure probability. The grout body is treated in the

\. next section. The tensile element itself has a certain cross section
\ A, and, in combination with a given anchor force F,, the tensile

stresses in the anchor can be determined by 6, = F,, / 4,. As for

Figure 4: Anchor Loading
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the sheet pile, reaching plasticity is considered as failure despite residual strength. Using
design values in the above relation leads to a maximum anchor normal force capacity
F,.am and a simple version of the limit state would be:

Z = Fa,adm - Fa
, where F, is the calculated normal force in the anchor.

The calculated normal force is constant over the anchor length, because no interaction be-
tween the anchor strands and the soil is accounted for. Another more flexible limit state
function, formulated directly in terms of maximum stresses in the material, could be:

F

a

YA (x,2)

As for the earlier described yielding of the sheet pile, this formulation has the advantage
that the uncertainties can be accounted for on a more detailed level and that spatial influ-
ences (e.g. variations of the cross section area A, due to corrosion etc.) can be examined as
well.

The reliability of the waling can be determined based on the calculated anchor force F, and
the mutual anchor distance a:

Z:Madm_ aé

4.3 ‘Failure in the Soil’

In the following sections a few failure mechanisms are presented whose strength and load
are determined either by the soil properties, by soil-structure interaction or both. For most
of these mechanisms there are analytical approximations to determine a factor of safety or
a margin of safety. However, the starting point of this research was the application of finite
element analysis for the evaluation of the limit state function, because ideally it gives bet-
ter approximations of the structural behavior taking interaction aspects automatically into
account.

On the other hand this implies that we can usually not refer to these analytical methods in
the limit state function. The limit state has to be formed based on information that is avail-
able in the results (or input) of the finite element analysis or in additional relations or mate-
rial parameters.

Subsequently a number of those mechanisms are explained and possible approaches of
limit state formulations are introduced, also highlighting potential problems. Finally a
more crude, but robust approach is presented that would be sufficient to determine the sys-
tem reliability as explained in section 5.
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a) active failure b) passive failure c) overall failure

Figure 5: Failure Mechanisms in the Soil
4.3.1 Mobilized Shear Resistance in the Soil

In figure 5 we have summarized the most likely failure mechanisms for the contemplated
system. The first three mechanisms are basically based on the idea that the soil shear resis-
tance is insufficient for horizontal equilibrium (for active and passive failure a soil body is
triggered to displace over a failure plane) or moment equilibrium (overall failure is compa-
rable to a slope failure in e.g. a dike body) of the system. Therefore the available analytical
methods for the handling of these mechanisms are usually based on the maximum shear
resistance of the soil. The Mohr-Coulomb criterion can be used for this purpose.

Oxy
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Figure 6: Mohr-Coulomb Yield Criterion (Plane-Strain)

On the one hand it is difficult to obtain the relevant quantities from the results of a finite
element analysis that would be needed to directly use the earlier mentioned equilibrium
approaches (active/passive soil resistance, Bishop slip circle analysis etc.). On the other
hand the finite element method delivers us data that even refer more directly to the ideas
where the analytical methods are based on, namely stresses and strains. As can be seen
from figure 6, the stress state in a Gauss point in combination with the strength properties
of the soil allow us to define a ratio between shear stress and shear resistance, which is
commonly called the mobilized shear resistance:

2
O-xx - o-yy 2
2 [2 +z—xy
_ Tmax _

(0, +0,)-sing+c-cos¢

T

mob

T yield
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This ratio is a handy measure to define failure in an integration point. It is continuous in
the ‘safe’ domain and therefore very useful for optimization or search algorithms, such as
FORM or in parts also Directional Sampling. The question, however, arises where in the
stress field we have to apply this measure. The fact that plasticity occurs in some integra-
tion points does certainly not imply structural failure directly. Ideally we would observe all
the integration points along the expected failure surface(s). The problem is that it is not
known beforehand where this surface will be situated.

One possible solution for this problem is the definition of areas around the expected failure
planes. The average mobilized shear resistance 7, , can be calculated after each finite

element analysis which can be used as a measure for the margin or factor of safety in the
limit state function. The challenge with this approach is to define the failure criterion, i.e.
how much mobilized shear resistance is equivalent to failure (unwanted state)?.

Z = z-mob,max - Tmob
Some tests with this criterion have shown that there are possibilities, e.g. using iterative

procedures (stepwise increase of the failure criterion 7 ) in combination with FORM,

to calculate a reasonable estimate for an upper bound of the failure probability. It has to be
stated that this method requires a considerable effort in adjustments and also a priori
knowledge which makes it not generic and in a certain sense even subjective.

4.3.2  Displacement-Based Failure Criteria

From the previous section it becomes obvious that the definition of failure itself can be a
difficult question for a whole structural system. The presented approach using information
about the stress state was not robust enough to lead to answers in a generic manner. There-
fore it was tried to use excessive displacements as definition of failure.

Figure 7: Possible Displacement Criteria

i The arrows in figure 7 indicate locations where excessive
. displacements would be the result of the occurrence of one of the
i failure mechanisms. Therefore the limit state could theoretically
i be formulated as:

/
| A N Z = mln(”max,i - ui)
: N
i e\
| . . .
e where u . are admissible and u, are calculated displacements.

There are, however, again several difficulties with the use of these criteria in combination
with the reliability methods:

- Relatively large displacements are only reached in case of structural collapse. Often
collapse means that the FEA does not find equilibrium and no results are available.
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« If we apply algorithms like FORM, partial derivatives in a design point estimate are
used for the subsequent estimate. For many of the deformation problems, these de-
rivatives are larger with respect to stiffness parameters around the origin in parame-
ter space, but the failure might be influenced more by strength parameters. This
leads to convergence problems for algorithms including search or optimization rou-
tines.

. At some of the proposed points, like e.g. the sheet pile tip, significant displace-
ments will not even be observed at all before failure is initiated. Again, methods
like FORM have difficulties with convergence.

« If the displacements results are available and the other problems can be solved, the
question arises what amount of displacements is considered as failure. As for the
mobilized shear resistance a certain subjectivity is involved.

« FORM can only give a lower limit for the system failure probability which can be a
bad estimate.

4.3.3 Equilibrium in the Finite Element Calculations

A more robust, generic and objective criterion for the failure of the structure respectively
the soil surrounding it might be the information if the finite element analysis reached equi-
librium in all calculation phases or not. In fact, this criterion is also used in the Dutch tech-
nical recommendations for retaining structures — the CUR 166. In its recommendations
about the determination of the sheet pile length it is stated that, equilibrium is reached in
all construction phases using design parameters, the length is sufficient. This implies at
least the considerations about active and passive failure.

In this research this criterion was used in a broader sense including all the mentioned fail-
ure mechanisms in the soil. A disadvantage is that only the common failure probability of
all the mechanisms is determined and not each one, which would give more insight into the
system behavior:

P

w1 =P(Z,<00..uZ, <0)

However, if the aim is to determine the system failure probability, this is sufficient, as ex-
plained in section 5. The limit state function simply becomes:

Z =1, if equilibrium is reached in all construction phases
Z =—1, if equilibrium is not reached in one or more construction phases

In fact, most of the commonly used reliability methods do not perform well on this kind of
discrete or even binary functions. In order to deal with this problem, the basic idea of
Directional Sampling was adopted and a few modifications on the iterative procedures for
the determination of the A; (vector length in parameter space for direction i for which Z=0)
were necessary.

Due to its generic and robust properties this approach was considered to perform best and
the presented results in the example calculation are also obtained with it.
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5 System Failure

The singular failure mechanisms can either themselves lead to failure of the entire system,
or in combination with others. The fault tree in figure 5 illustrates the singular failure
mechanisms in their context of the system.

Failure

Retaining System

Ao

SLS: Excessive
Displacements

ULS: Failure
Retaining Structure

A

[
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Sheet Pile

Ao

I
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Steel Yield
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LEGEND:
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Figure 8: Fault Tree Retaining Structure With Support
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The green limit states can be calculated directly from the results of the finite element
analysis, whilst the yellow ones can be obtained by combining the green ones. In fact the
top event is not a combination of the underlying failure probabilities, but both, the SLS
(Serviceability Limit State) and the ULS (Ultimate Limit State) have to fulfill their re-

quirements.

In the subsequent discussion of the calculation results it will be shown how the failure
probabilities can be combined using the approach of Hohenbichler [5] to the system reli-

ability.

Note: The probability of pull-out of the anchor is considered to be negligible in this con-
figuration compared to the other failure mechanisms in the soil. Otherwise the probability
of soil failure would have to be used as lower bound for the probability of anchor failure.
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6 Calculation Results

The system that was defined in section 3 was modeled with the finite element package
Plaxis. For the soil elements an elasto-plastic model with Mohr-Coulomb yield criterion
was applied. The one- or two-dimensional structural elements (plates, anchors, grout body)
were modeled as linear elastic. The Plaxis model was coupled with ProBox as explained in
section 2. The results of the calculations using this coupled reliability-FEM analysis are
presented in the following sections. 12 random variables were used whilst others with ob-
viously negligible influence were taken deterministic with their mean value.

6.1 Reliability Analysis Results for Singular Failure Mechanisms

There are, of course, plenty of reliability techniques available in the literature. The appli-
cability of a large number of them to reliability analysis of geotechnical structures has been
investigated by one of the authors during his MSc-thesis [3]. The following sections sum-
marize some results for the Ultimate Limit State terms of the failure probability and the
most important influence coefficients o that are direct outcomes of a FORM analysis or
approximations of these in case of other methods.

6.1.1  Yielding of the Sheet Pile

In this calculation example we consider only the uncertainties in the soil. Therefore it is
sufficient to use the simplified limit state formulation from section 4.1 with M4, = 391.3
[kNm/m] (corresponding to the deterministic design sheet pile). Thus:

Z = 391.3 — Mya [kNm/m]

Table 2: Reliability Analysis Results for Yielding of Sheet Pile

Number of Calculations (FORM): 66
Reliability Index f: 3.73
Probability of Failure: Py 3.72 E-04
Influence Coefficients:
Parameter alpha ; |0>0.1
E (clay) 0.94
E (peat) 0.14
v (clay) -0.23
Rinter (Clay) 0.13
Y (clay) -0.12

The failure mechanism is clearly dominated by the stiffness of the two soft top layers.
6.1.2  Yielding of the Anchor

Again we use the simple formulation for the limit state function from section 4.2 with
Fouan=220 [kN/m], thus:

Z =220 -F, [kN/m]
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Table 3: Reliability Analysis Results Yielding of the Anchor

Number of Calculations (FORM): 66
Reliability Index B: 4.49
Probability of Failure: Py 3.55 E-06
Influence Coefficients:
Parameter alpha ; |0>0.1

E (clay) 0.97

v (clay) -0.16

Y (peat) -0.12

E

Again the shear modulus (G = 20+v) ) of the clay layer dominates the failure mechanism.
+V

6.1.3  Yielding of the Waling

The limit state for the yielding of the waling can be formulated as (see also 4.2):

F, -(2.0)
8

Z=114.7- [kNm]

Table 4: Reliability Analysis Results for Yielding of Waling

Number of Calculations (FORM): 66
Reliability Index B: 4.61
Probability of Failure: Py 2.00 E-06

The influence coefficients are the same as for the previous limit state, since both limit state
functions are linear combinations of F,.

6.14 Failure in the Soil

The limit state used for the calculations is defined according to section 4.3.3.

Table 5: Reliability Analysis Results for Soil Failure

Number of Calculations (DS): 2929
Reliability Index f: 2.62
Probability of Failure: Py 4.32 E-03
Influence Coefficients:
Parameter alpha ; |o>0.1
E (clay) 0.48
v (peat) -0.26
0’ (peat) -0.23
Rinter (clay) 0.12
Y (clay) 0.69
Y (peat) 0.16
c (clay) 0.11
c (peat) -0.15

13



4™ International Probabilistic Symposium, 12"-13" October 2006

6.2 Combination To System Failure Probability

The method explained by Hohenbichler [5] enables us to obtain estimates for the system
reliability, given the reliability indices of the singular mechanisms 3;, the influence coeffi-
cients oy and their mutual correlation coefficients pjx (which can be assumed as fully cor-
related, thus pjx = 1) in this case. Then the correlation between the mechanisms can be
determined by:

o(Z,,2,)= ;&

If two mechanisms show a high degree of correlation, it is not worthwhile to carry out the
calculations, because the common failure probability will be very close to the upper bound:

P, =max{P(z, <0} P(Z, <0)}
Following this reasoning, we can conclude that the probability of the support failure can be
approximated by the probability of yielding of the anchor: . = 4.49. The same ap-
proach for the combination of the yielding of the sheet pile and the support failure leads
=3.73.

to ﬂsupportuyielding sheet pile

In the following we will consider for the correlation between this combination of mecha-
nisms and the remaining ‘failure in the soil’ only the contribution of E (clay), since the
contribution of the rest is small and the assumption is conservative. Thus

p(anmbined H Zsoil failure) = 094 ’ 048 = 065

Using this information we obtain using Hohenbichler the following results for the system
reliability:

Table 6: System Reliability Results

Number of Calculations (FORM / DS): 3127
Reliability Index B: 2.61
Probability of Failure: Py 4.33 E-03

It can be observed that the approximated system failure probability does not significantly
differ from the upper bound approach. This is due to the dominance of the large failure
probability Prir fuinre- It should be mentioned at this point that the equilibrium approach
that was followed for determining this probability is still being refined and may have con-
sidered numerical problems in some cases as ‘failure’ and therefore increased the failure
probability. This subject is being examined at the moment and the improved results will
probably be presented on the symposium. We insist that this paper presents a methodology
that in our opinion is suitable for reliability analysis of retaining structures in terms of its
general framework, whereas the details are still undergoing developments. For the same
reason the presented results should not yet be used to judge the reliability level of the de-
terministic design based on the CUR 166 or whatsoever.

The total calculation time for the 3127 FEM evaluations amounted about 52 hours.
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7

Conclusions and Recommendations

The proposed methodology enables us to determine the system reliability of a retaining
structure with reasonable effort. The total calculation time to obtain the results might
amount about 3 days, but the calculations are carried out automatically, once the model and
the reliability analysis parameters are defined. The following list includes some points of
attention and recommendations for further improvements:

8

The influence factors o are a result of the linearization of the limit state in methods
like FORM. For other methods, as in this paper for Directional Sampling, these
values are approximations and they are calculated in a way, as if linearization was
implied. Therefore the quality and the significance of these o are questionable.

The FEM analysis includes some conservatism at several points. The elasto-plastic
model with Mohr-Coulomb yield criterion certainly overestimates the deflections
of the retaining wall and the bending moments and anchor forces. Also the use of a
plane-strain model (using e.g. friction angles determined by triaxial tests) implies
un under-estimation of the strength. More realistic constitutive models and 3D
analysis would lead to more realistic results.

The pore pressures are supposed to represent a large contribution in the overall un-
certainties. These should therefore also be modeled in a stochastic way.

After the necessary calibrations (see section 6.2) of the reliability analysis for fail-
ure in soil the reliability analysis results might be compared with the requirements
on which the deterministic design was based. We insist that the necessary refine-
ments are not finished yet.

Alternative to using level II influence coefficients for combining the failure mecha-
nisms, one could think about a single Directional Sampling Calculation including
all the limit state functions with an OR combination (serial system) and scaled in
such a way that all the limit states are of similar importance respectively weight.
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Bewertung der Tragfahigkeit bestehender
Stahlbetonbriicken mit Hilfe der Messungen von
Betonstahldehnungen

Kerstin Bierbrauer & Manfred Keuser
Institut fiir Konstruktiven Ingenieurbau, Universitit der Bundeswehr Miinchen

Zusammenfassung: Die Ermittlung der Tragfahigkeit bestehender Briicken
aus Stahlbeton stellt eine Herausforderung dar, im Besonderen wenn iiber das
Tragwerk keine Informationen in Form von statischen Berechnungen oder
Zeichnungen zur Verfiigung stehen. Die fiir die Tragfahigkeit relevanten Para-
meter miissen somit am Bauwerk selbst bestimmt werden. Da diese Parameter
nur zum Teil gemessen werden kdnnen, miissen die fehlenden Werte zunéchst
abgeschitzt und die Schitzwerte anschlieBend verifiziert werden. Im Rahmen
der Entwicklung einer Methode zur Ermittlung der Tragfahigkeit bestehender
Briicken wurden Verfahren entwickelt, die es ermoglichen, die fiir die Tragfa-
higkeit relevanten Parameter - wie die Bewehrungsmenge - abzuschitzen und
zu verifizieren. Mit Hilfe des Vergleichs von gemessenen und berechneten Be-
tonstahldehnungen konnen die Eingangswerte fiir die Nachberechnung des
Briickeniiberbaus bewertet und der Berechnung der Tragfahigkeit zugrunde ge-
legt werden.

1 Motivation

An der Universitit der Bundeswehr Miinchen wurde im Jahr 2000 ein Projekt initiiert mit
der Aufgabenstellung die Tragfahigkeit bestehender Briicken zu ermitteln. Da bei Aus-
landseinsédtzen der Bundeswehr fiir Briickenbauwerke oftmals keine Informationen in
Form von Berechnungen oder Zeichnungen zur Verfiigung stehen, muss deren Tragfdhig-
keit vor Ort untersucht werden.

Fiir die Ermittlung der Eigenschaften von Briickeniiberbauwerken stehen zerstorende und
zerstorungsfreie bzw. zerstorungsarme Messverfahren zur Verfiigung. Diese ermoglichen —
unter Beriicksichtigung ihrer Anwendungsgrenzen — eine zuverldssige Ermittlung der Ab-
messungen des Briickeniiberbaus und der Materialdaten. Bei Briicken in Massivbauweise
ist jedoch besonders die Bestimmung der Bewehrung problematisch, auch unter Verwen-
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dung moderner Messverfahren. Vor diesem Hintergrund wurden Verfahren entwickelt, die
die Abschitzung der Bewehrungsmengen fiir bestehende Briickeniiberbauten erlauben. Auf
die Beschreibung dieser Verfahren wird in diesem Beitrag verzichtet. Detaillierte Informa-
tionen konnen entsprechender Literatur entnommen werden [1], [2], [3].

Untersuchung am
realen Bauwerk

Nachberechnung
des Briickeniiberbaus

Bestimmung der
Eingangsdaten

| o] Ermittlung der Widerstands-
werte aus den Messdaten

¥

¥

Belastung durch
definierte Einwirkung

Belastung durch
definierte Einwirkung

¥

Generierung des
statischen Systems

l

Berechnung der
Bauwerksreaktion unter
definierten Auflasten

Messung der
Bauwerksreaktion unter
definierten Auflasten

Ubereinstimmung
unter Bertlicksichtigung
einer definierten
Toleranz

nein

Berechnung der
Tragfahigkeit

Abb. 1: Vorgehensweise bei der Ermittlung der Tragfahigkeit bestehender Briicken

Da die Bewehrungsmenge aus den Schitzverfahren von der im Tragwerk tatséchlich vor-
handenen Bewehrung abweicht, unterscheiden sich die daraus resultierenden Bauwerksre-
aktionen von den tatsdchlichen, am Briickeniiberbau messbaren Reaktionen. Diese Ab-
weichung muss mittels des Vergleichs der berechneten Bauwerksreaktionen mit den
gemessenen verifiziert werden. Ergibt sich aus der Verifikation eine Diskrepanz, die einen
vorgegebenen Toleranzwert iiberschreitet, muss die Bewehrungsmenge modifiziert wer-
den. Auf der Basis der modifizierten Bewehrung kann ein neuer Wert fiir die Bauwerksre-
aktion berechnet werden. Wird der Toleranzwert eingehalten, wird die Bewehrungsmenge
der Nachberechnung der Tragfdhigkeit des Briickeniiberbaus zugrunde gelegt. Die graphi-
sche Darstellung der Vorgehensweise zur Verifizierung der Bewehrungsmenge und der
anschlieBenden Ermittlung der Tragfahigkeit zeigt Abbildung 1.

2 Losungsansatz

Briickeniiberbauten in Stahlbetonbauweise befinden sich in der Regel bereits unter
Gebrauchslasten im gerissenen Zustand, d.h. in Zustand II. In der Zugzone treten infolge
der Uberschreitung der Zugfestigkeit des Betons Risse auf und fiihren an diesen Stellen zu
deutlich erhohten Spannungen und Dehnungen im Betonstahl. Im ungerissenen Bereich
tibernimmt der Beton weiterhin Zugspannungen (Tension - Stiffening - Effekt). Die Grof3e
der in den Beton eingeleiteten Zugkraft hingt von der Verbundwirkung ab, die maBgeblich
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durch die Lastgeschichte des Bauwerks beeinflusst wird [7]. Dabei spielen die durch ver-
anderliche Lasten wie Verkehr erzeugten, dynamischen Beanspruchungen eine wesentliche
Rolle.

Um die abgeschitzte Bewehrungsmenge am Bauwerk zu verifizieren, werden lokal mess-
bare Grofen bendtigt, die die Verifizierung der Eigenschaften des Bauwerks auf der
Grundlage einer lokalen Aussage erlauben. Hierflir werden in den Rissen gemessene Be-
tonstahldehnungen unter definierten Einwirkungen im Gebrauchslastniveau verwendet.

Um den beschriebenen Losungsansatz zu belegen, wurden im Labor fiir Konstruktiven
Ingenieurbau der Universitit der Bundeswehr Miinchen Versuche durchgefiihrt. Dabei ist
der Versuchsablauf, dem die Versuchskorper ausgesetzt wurden, derart konzipiert, dass die
Versuchskorper fiir die Versuchsdurchfithrung in gerissenem Zustand vorliegen. Als Bean-
spruchungen werden sowohl statische als auch zyklische Belastungen auf die Versuchs-
korper aufgebracht.

3 Ziel

Ziel dieser Untersuchungen ist es ein Verfahren zu entwickeln, das es ermdglicht, die ab-
geschitzte Bewehrungsmenge auf Gebrauchslastniveau zu verifizieren und zu validieren,
um diesen Wert der Ermittlung der Tragfihigkeit des Briickeniiberbaus zugrunde zu legen.

Als Parameter fiir die Verifizierung der Bewehrungsmengen auf Gebrauchslastniveau wer-
den die Betonstahldehnungen in den Zugzonen des Bauwerks verwendet (vgl. Ab-
schnitt 2). Die Verifizierung selbst geht einher mit der Gegeniiberstellung der am Bauwerk
gemessenen Betonstahldehnungen & .45, und den Betonstahldehnungen, die in der Nach-
berechnung des Briickeniiberbaus ermittelt werden, & 4. Der Vergleich der Betonstahl-
dehnungen erfolgt unter Beriicksichtigung eines Toleranzwertes A& entsprechend
Gleichung (1).

gs,meas. = gs,calc. ' (1 i Ags ) (1)

Sowohl die am Bauwerk bestimmten Eingangsdaten und die abgeschitzten Bewehrungs-
mengen als auch die berechneten Betonstahldehnungen enthalten Ungenauigkeiten. Diese
sind z.B. auf Streuungen in den Materialeigenschaften und —mengen bzw. auf Idealisierun-
gen in den mechanischen Modellen zuriickzufiihren. Dabei flieBen zufdllige und systemati-
sche Fehler in den Vergleich der Betonstahldehnungen ein. In dem Zahlenwert des
Toleranzwerts, der die Abweichungen der gemessenen und berechneten Betonstahldeh-
nungen abdeckt, miissen somit die Unsicherheiten von Messung und Berechnung beriick-
sichtigt werden.
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4 Beriicksichtigung von Abweichungen der Eingangsdaten

Die Ergebnisse aus Versuchen bzw. die Ergebnisse der Berechnungen werden im Wesent-
lichen durch zwei Arten von Abweichungen beeinflusst:

« die systematischen Fehler und

« die zufilligen Fehler.

Unter einem systematischen Fehler versteht man z.B. einen instrumentellen Fehler wie die
Messungenauigkeit eines Messgerdts. Der systematische Fehler ist unabhidngig von der
Anzahl der Stichproben und kann nur {iber alternative Vorgehensweisen minimiert bzw.
ausgeschaltet werden [4], [5], [6]. In dem hier beschriebenen Fall erzeugen die Verfahren
zur Messung der Betonstahldehnungen sowie die fiir die Berechnung verwendeten, ideali-
sierten Werkstoffmodelle systematische Fehler.

Zufillige Fehler entstehen z.B. durch die Beschreibung von Parametern bei einer nicht
ausreichenden Anzahl von Stichproben. Durch die Verwendung einer ausreichenden An-
zahl von Stichproben konnen diese minimiert bzw. eliminiert werden. Im Fall der Ver-
suchskorper erzeugen z.B. die Eigenschaften der Werkstoffe wie die Elastizititmoduli, die
Abmessungen der Versuchskorper sowie die Querschnittsfliche und die Betondeckung der
Bewehrung zufillige Fehler.

Wurden aus einer Messreihe n Stichproben x, ermittelt, so streuen die Messwerte um den

Mittelwert x der Messreihe. Das Ma8 fiir die Streuung eines Messwerts um den Mittelwert
ist die Standardabweichung s. Zur Beschreibung von Abweichungen der Messwerte vom
Mittelwert ist die Standardabweichung nur bedingt geeignet, da sie nicht beriicksichtigt,
dass mit zunehmender Anzahl der Stichproben der berechnete arithmetische Mittelwert den
wahren Mittelwert genauer beschreibt. Daher wird zur Beschreibung der Streuung einer
Messreihe um den Mittelwert der mittlere quadratische Fehler Ax eingefiihrt. Fiir Zufalls-
groBBen, die der GAUSSschen Normalverteilung folgen, gilt Gleichung (2):

2

s 1 < -

Ax=t —== (x;, —x) (2)
n \/n(n -1 ,Z::‘

In die Nachberechnung der Betonstahldehnungen flieBen — wie bereits voran erldutert —

Parameter ein, die zufillige und systematische Fehler enthalten. Daher enthalten die be-
rechneten Betonstahldehnungen die Ungenauigkeiten der Eingangswerte der Berechnung.

Die Ermittlung der Abweichung der Betonstahldehnungen aufgrund der zufalligen Fehler
der Eingangsgroflen A& i -y kann mit Hilfe der Fehlerfortpflanzung ermittelt werden.
Zur Ermittlung der Abweichung des Ergebnisses wird die Funktion f(x;) in eine Taylorrei-
he entwickelt. Sind die Abweichungen im Verhiltnis zu den Werten der Bezugsgrofien
klein, darf die Taylorreihe nach dem linearen Glied abgebrochen werden. Gemal
BRONSTEIN et al. [4] gilt fir die Ermittlung der Abweichung des Ergebnisses die Formulie-
rung entsprechend Gleichung (3). Die Abweichung A& carc - entspricht dabei dem grofiten
zu erwartenden Fehler [6].
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cale.,zuf . — —
scalenzuf ox, ox, ox

n

A€, —+\/ alel)%r(af Ax2)2+...+(af Ax,)’ (3)

Zur Ermittlung der Abweichung infolge systematischer Fehler A& cac s wird Glei-
chung (4) verwendet:

n af
Ae. . = |—=—]|Ax,
s,calc.,sys. ;‘ axi | i (4)

Die Abweichungen A& cqic. -y und A& cqrc. sys. €rfassen nur die Ungenauigkeiten der berech-
neten Betonstahldehnungen. Im Zahlenwert des Toleranzwerts Ag sind dariiber hinaus die
Ungenauigkeiten der Messung zu beriicksichtigen.

5 Versuche

5.1 Versuchskonzept

Fiir die Versuchsreihe wurden zehn Stahlbetonbalken mit einer Linge von 3,0m herge-
stellt. Die Querschnittsabmessungen betragen b/h =0,20m/0,40m (siche Abbildung 2).
Alle Versuchsbalken wurden mit Beton der Festigkeitsklasse C30/37 hergestellt, die Aus-
hértedauer betrug 28 Tage. Die Probekorper unterscheiden sich hinsichtlich des Beweh-

rungsgrades p, des Stabdurchmessers d; und der Betoniiberdeckung c,om entsprechend
Tabelle 1.

(@ & 10 - 15cm, 2-schnittig

Montageeisen, ME ME
4 7 ) // S 1 S @ 20e10
@ Asl @ A
3,00 m 20

Abb. 2: Ansicht und Querschnitt sowie Bewehrungsmenge der Versuchskorper

Der Versuchsaufbau wurde als Vier-Punkt-Biegeversuch konzipiert. Fiir die Versuchs-
durchfiihrung wurden die Versuchsbalken auf Rollenlagern gelagert. Beidseitig kragten die
Versuchsbalken jeweils 0,18m iiber die Rollenlager aus. Die Belastung der Balken erfolgte
durch zwei Lasteinleitungsstellen in den Drittelspunkten zwischen den Rollenlagern (vgl.
Abbildung 3).

Die Stahlbetonbalken wurden statischen und zyklischen Einwirkungen unterworfen. Zuvor
wurden die Versuchskorper mit einer Initiallast vorbelastet. Diese erzeugt fiir jeden Ver-
suchskorper ein Biegemoment, das oberhalb des Rissmoments M, liegt. Durch das Auf-
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bringen der Initiallast wird sichergestellt, dass sich die Versuchskorper fiir die Versuchs-
durchfiihrung im Zustand II befinden.

Nach Aufbringen der Initiallast wurde die Bewehrung auf der Zugseite in Feldmitte und
unter einem der Lasteinleitungspunkte auf einem etwa Scm breiten Streifen vorsichtig frei-
gelegt. An zwei Bewehrungsstidben jeder gedffneten Stelle wurden Dehnmessstreifen be-
festigt.

Tab. 1: Modifikation der Versuchskorper

Bezeichnung Betongiite Bewehrungs-  Beton- Anzahl der  Stabstahl- Vorh.
der fo/ grad p iber- Stébe / durch- Bewehrungs-
Versuchs-  Betonstahl- deckung  Anzahl der messer querschnitt
korper giite fix Crom Bewehrungs- d Ag
[N/mm?] [%] [cm] lagen [mm] [cm?]
RO5 30 /500 0,42 2 3/1 12 3,39
RO8 30 /500 0,70 2 5/1 12 5,65
R1 30/500 0,99 2 7/2 12 7,92
R16 30 /500 1,40 2 10/2 12 11,30
St10 30 /500 1,00 2 10/2 10 7,85
St14 30/500 1,00 2 5/1 14 7,69
St16 30/500 1,00 2 4/1 16 8,04
cnom3 30 /500 0,57 3 4/1 12 4,52
cnom5 30/500 0,57 5 4/1 12 4,52
cnom7 30/500 0,57 7 4/1 12 4,52
Jeigen Q/2 Q/2
F VY VvV vV v v N |
A A > S - A
18 264 18 18] 8 | 8 | 8 |18
! J 1 1 1 1
‘ 3,00 ; % 300 %
 M=20016q . . i
ANS) O\ o : -
o~ - e %
| M = 0,855 q - . | \
‘ | ‘ M =0,88 Q/2
| > Q= -O,18®q‘ b ; !
: N o 1 : o
o B ) ‘ L | © I N ! L
j ‘ j o 1 Lo 17
N Q=132q o Q=*QRr -
(a) Belastung des Versuchskdrpers infolge Eigenge- (b) Belastung des Versuchskorpers infolge Auflast
wicht (oben), resultierender Biegemomenten- (oben), resultierender Biegemomentenverlauf
verlauf (mittig) und Querkraftverlauf (unten) (mittig) und Querkraftverlauf (unten)

Abb. 3: Belastung und Reaktion der Versuchskorper unter Eigengewicht und Auflast

In den statischen Tests wurden stufenweise gesteigerte, statische Beanspruchungen gemail3
Tabelle 2(a) auf die Versuchskorper aufgebracht. Zusdtzlich zu den statischen Tests wur-
den die Versuchskdrper zyklischen Belastungen ausgesetzt. Nach Durchfiihrung der zykli-
schen Belastung, d.h. nach 20.000 und nach 40.000 Lastwechseln, wurden die
Versuchskorper nochmals mit der hochsten Laststufe der statischen Versuche beansprucht.
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Die Lasten fiir die statischen Tests sowie die Mittellasten und Amplituden fiir die zyklische
Belastung wurden entsprechend des Gebrauchslastbereichs der Triger festgelegt (vgl. hier-
zu Tabelle 2(b)). Die zeitliche Abfolge ist in Abbildung 4 qualitativ dargestellt.

Tab. 2: Ubersicht iiber die Auflasten fiir die statischen und zyklischen Versuchsabliufe

(a) Laststufen fiir die stu- (b) Laststufen und Beanspruchungen der Versuchskorper fiir die stati-
fenweise gesteigerte, sta- schen und zyklischen Versuchsabldufe
tische Belastung

Laststufe  Auflast Lastbild: Lastbild:
[kN] Statische Belastung Zyklische Belastung

Q2 43,45 Versuchs- Minimale Maximale Mittellast Amplitude
Q3 63,18 korper  Laststufe  Laststufe [kN] [kN]
8‘5‘ 19103’9610 RO5 Q2 Q3 50 £20
Q6 136’41 ROS8 Q2 Q5 75 +25
Q7 159’10 R1 Q2 Q6 90 +40
08 181,80 R16 Q2 Q8 120 + 60
Qo 204’50 St10 Q2 Qo6 90 +40
2 St14 Q2 Q7 90 +40
Stl6 Q2 Q7 95 +45
cnom3 Q2 Q4 55 +15
cnom5 Q2 Q4 50 +10
cnom?7 Q2 Q4 50 +10

A Auflast Q @ Stufenweise gesteigerte,

statische Belastung
(@ iy o Bain
@ 20000 Lastweshee]
Zeit t ;
©) ® ® ® ® (@) bie auf hochete Lact
4@ stufe aus @

Abb. 4: Chronologischer Ablauf der Versuchsdurchfiihrung

Mit Hilfe der Dehnmessstreifen wurden die Betonstahldehnungen wéhrend der stufenweise
gesteigerten, statischen Belastung sowie in den statischen Belastungen nach der zyklischen
Beanspruchung aufgezeichnet.

5.2 Versuchsergebnisse

Sowohl die Ergebnisse der Versuche mit stufenweise gesteigerter, statischer Last als auch
die der Versuche mit zyklischer Beanspruchung zeigen - wie erwartet - deutlich den Ein-
fluss des Bewehrungsgrades (Abbildung 5(a)). Der Einfluss der statischen Hohe, beriick-
sichtigt iiber die verdnderte Betoniiberdeckung cnom, zeichnet sich ebenfalls deutlich in den
Betonstahldehnungen ab. Der Einfluss des Stabdurchmessers auf den Zusammenhang zwi-
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schen Betonstahldehnung und Biegemoment ist vergleichsweise gering und somit vernach-
lassigbar. Dies bestdtigen die Ergebnisse nach aufgebrachter zyklischer Belastung.
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(a) Einfluss des Bewehrungsgrades (b) Einfluss der Anzahl der Lastwechsel am Beispiel
des Versuchskorpers R05

Abb. 5: Einfluss des Bewehrungsgrades und der Lastwechsel auf die Betonstahldehnungen

Die Gegeniiberstellung der Betonstahldehnungen vor und nach aufgebrachter zyklischer
Belastung ergab, dass es ndherungsweise zu keiner Verdnderung der Betonstahldehnungen
kommt, wie die Abbildungen 5(b) und 6 zeigen. Dies ist in Hinblick auf die Messung der
Betonstahldehnung im Riss zu erwarten. Im Riss wird die gesamte Zugkraft infolge der
Auflast auf den Versuchskorper durch den Betonstahl {ibernommen. Da die Kraft im Be-
tonstahl fiir gleiche Laststufen vor und nach zyklischer Beanspruchung im Riss unverén-
dert bleibt, ergibt sich fiir die Betonstahldehnung & keine Anderung zwischen statischer
und zyklischer Belastung. Die Mitwirkung des Betons zwischen den Rissen hat keinen
Einfluss auf die Messwerte.
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Abb. 6: Gegeniiberstellung der Betonstahldehnungen vor und nach zyklischer Beanspru-
chung am Beispiel der Versuchskorper mit variierendem Bewehrungsgrad

Aus der Messung iiber einen gerissenen Bereich resultiert eine Betonstahldehnung, die
den Anteil aus der Mitwirkung des Betons zwischen den Rissen enthélt. Es ergibt sich ein
mittlerer Wert fiir die Dehnungen im Betonstahl. Dieser wird durch zyklische Beanspru-
chung beeinflusst. In Versuchen wurde durch SEIBEL [7] der Einfluss der Anzahl der Last-
wechsel auf die mittleren Betonstahldehnungen untersucht. Der Dehnungszuwachs im
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Betonstahl betrdgt nach 20.000 Lastwechseln etwa 5%. Die Verdnderung des Verbundes
resultiert aus der Schiadigung des Betons der Kontaktzone in Rissndhe [8]. Fiir eine stati-
sche Belastung wird der Bereich, in dem der Verbund zwischen Beton und Betonstahl ge-
stort ist, mit einer Lénge des 2fachen bis Sfachen Stabdurchmessers angegeben (vgl.
Abbildung 7). Durch die zyklische Belastung wird dieser gestorte Bereich vergroBert. Es
verbleibt ein Resttraganteil des Betons auf Zug zwischen den Rissen.
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Abb. 7: Ausbruchkegel des Betons infolge statischer Belastung nach [8]

Fiir die Auswertung der Versuche wurde die Einwirkung infolge Eigengewichts nicht be-
riicksichtigt, da durch die Kalibrierung der Dehnmessstreifen vor Versuchsdurchfiihrung
nur die Dehnungsénderungen in den Betonstdhlen infolge der Auflast gemessen werden.

5.3 Berechnung der Betonstahldehnungen

Fiir die Nachberechnung der Betonstahldehnungen wird ein vereinfachtes Berechnungs-
modell verwendet (vgl. Abbildung 8). Das Berechnungsmodell setzt das Ebenbleiben der
Querschnitte voraus. Des Weiteren findet die Mitwirkung des Betons zwischen den Rissen
keine Beriicksichtigung. Fiir die Berechnungen wurden die Versuchstrager als Stabmodell
idealisiert, bei denen nichtlineares Materialverhalten beriicksichtigt wurde.
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Abb. 8: Berechnungsmodell zur Ermittlung der Betonstahldehnungen
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Das Werkstoffmodell fiir Beton wird gemafl DIN 1045-1 als Parabel angesetzt, der Beton-
stahl mittels des bilinearen Spannungs-Dehnungs-Verhalten abgebildet. Die geometrischen
Daten und die Materialeigenschaften der Versuchskdrper werden entsprechend der Ver-
suchsplanung (vgl. Tabelle 1) angesetzt.

Wie bereits erldutert, werden die auf Gebrauchslastniveau verifizierten Bewehrungsmen-
gen der Berechnung der Tragfahigkeit zugrunde gelegt. Zur Berechnung der Bewehrungs-
menge konnen die gemessenen Betonstahldehnungen verwendet werden. Die gemessenen
Betonstahldehnungen sind hierzu in die resultierende Lage der Bewehrung zu transformie-
ren. Es ergibt sich eine resultierende Betonstahldehnung Ag;,.;. Unter der Voraussetzung
des Ebenbleibens der Querschnitte kann aus dem Biegemoment infolge der Anderung der
Auflast AQ (vgl. hierzu Abschnitt 5.1) mittels der Abschidtzung des Hebelarms des inneren
Kréfte z=0,85d (d: statische Hohe) die Kraft im Betonstahl berechnet werden. Unter der
Annahme, dass fiir den Betonstahl linear elastisches Materialverhalten gilt, kann die Be-
wehrungsmenge gemdl Gleichung (5) ermittelt werden.

erf A, =.—. (5)

5.4 Bewertung der Versuchsergebnisse

Um die in den Versuchen gemessenen Betonstahldehnungen zu bewerten, werden sie Be-
tonstahldehnungen gegeniibergestellt, die - wie in Abschnitt 5.3 beschrieben - rechnerisch
ermittelt wurden (vgl. Abbildung 8).

Die berechneten Betonstahldehnungen zeigen eine recht gute Ubereinstimmung mit den
gemessenen Betonstahldehnungen nach stufenweise gesteigerter statischer Last entspre-
chend Abbildung 9(a) und nach zyklischer Beanspruchung gemall Abbildung 9(b) (vgl.
hierzu auch Abschnitt 5.2).
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Abb. 9: Vergleich der gemessenen mit den berechneten Betonstahldehnungen in Feldmitte
und im Bereich der Lasteinleitung
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Um den Vergleich der berechneten Betonstahldehnungen mit den gemessenen zu bewer-
ten, ist der Einfluss der Abweichungen infolge zufilliger und systematischer Fehler in den
Einflussparametern der Berechnung und Messung zu beriicksichtigen. Diese bilden die
Grundlage fiir die Festlegung des Toleranzwerts Ag; (vgl. hierzu auch Abschnitt 3).

Als Einflussparameter auf die GroBBe des Toleranzwerts A& finden auf der Seite der ge-
messenen Betonstahldehnungen folgende Faktoren Beriicksichtigung:

. die Messabweichung der Dehnmessstreifen,
« die Genauigkeit der Messapparatur,
« die Sorgfalt bei der Anbringung der Dehnmessstreifen auf den Betonstéhlen,

« die Einfliisse der Lasteinleitung und der Lagerung.
Auf der Seite der Berechnung wird das Ergebnis durch folgende Parameter beeinflusst:

o die Nennwerten zur Beschreibung der Eigenschaften der Versuchskorper und

« die vereinfachten, mechanischen Modelle zur Nachberechnung der Betonstahldeh-
nungen.

Die Einflussgrofen auf der Seite der Messung sind mit systematischen Fehlern behaftet.
Sie werden im Wesentlichen durch die Sorgfalt bei der Versuchsdurchfiihrung beeinflusst.
Das fehlerhafte Anbringen der Dehnmessstreifen an den Betonstdhlen wird im Weiteren
nicht beachtet, da zur Festlegung der Betonstahldehnungen mehrere Messwerte entnom-
men und Ausreiller eliminiert werden.

Die Eingangsgroflen in die Berechnung der Betonstahldehnungen werden sowohl durch
systematische (mechanische Formulierung) als auch durch zufillige Fehler (Geometrie und
Material der Versuchskdrper) beeinflusst. So beinhalten die mechanischen Modelle Ideali-
sierungen, die nur durch die Verwendung anderer Modelle minimiert werden konnen. Zur
Beschreibung der Abweichungen der Eigenschaften der Versuchskorper finden deren sta-
tistische Eigenschaften Beriicksichtigung.

Bei der Anwendung dieses Verfahrens bei Briickeniiberbauten ist es unbedingt erforderlich
mehrere Messwerte fiir die Betonstahldehnungen am Bauwerk aufzunehmen. Somit kann
zum einen der Auswertung der Betonstahldehnungen eine ausreichende Anzahl an Stich-
proben (vgl. hierzu auch Abschnitt 4) zugrunde gelegt werden, zum anderen konnen Sys-
temreaktionen bestimmter Briickenquerschnitte, wie die Querverteilung bei Plattenbalken
infolge exzentrisch angreifender Lasten, verifiziert werden.

6 Zusammenfassung und Ausblick

In diesem Beitrag wurde ein Verfahren vorgestellt, das es erlaubt Bewehrungsmengen von
Stahlbetonbauteilen mit Hilfe gemessener Betonstahldehnungen auf Gebrauchslastniveau
zu verifizieren. Die Verifizierung erfolgt mittels des Vergleichs von am Bauwerk gemes-
senen mit berechneten Betonstahldehnungen unter Beriicksichtigung eines Toleranzwerts
Ag,. Dieser Toleranzwert dient der Entscheidung, ob die abgeschitzte Bewehrungsmenge
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akzeptiert und fiir die Berechnung der Tragfahigkeit verwendet wird oder modifiziert wer-
den muss. Die Vorgehensweise zur Verifizierung abgeschitzter Bewehrungsmengen wurde
mit Hilfe von Versuchen an Stahlbetonbalken verifiziert. Es konnte gezeigt werden, dass
gemessene Betonstahldehnungen zur Verifizierung von Betonstahlmengen gut geeignet
sind.

Die Grundlagen zur Festlegung des Toleranzwerts A& wurden auf der Basis der Fehlergro-
Ben in den berechneten und den gemessenen Betonstahldehnungen gelegt. Im nichsten
Schritt ist ein Verfahren zur Festlegung des Toleranzwerts A& zu entwickeln. Seine Quan-
tifizierung geht einher mit der Bewertung der Eigenschaften der fiir die Ermittlung der
Tragfahigkeit zu beriicksichtigenden GrofBen.

Die Verifikation der am Bauwerk ermittelten Eingangsgrofen bildet die Basis fiir die Be-
rechnung einer aktuellen Tragfahigkeit eines bestehenden Briickeniiberbaus. Diese basiert
auf der statistischen Auswertung der Messwerte zur Ableitung von Rechenwerten und die
Modifikation der Teilsicherheitsbeiwerte der DIN 1055-100.

Ausdriicklicher Dank gilt dem Bundesamt fiir Wehrtechnik und Beschaffung in Koblenz
als finanziellem Trager des Projekts ,,Ermittlung der Tragfahigkeit von Briicken®.
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Ein systematischer Ansatz fiir eine Strategie
zur Gewahrleistung der Sicherheit von Gebauden

Burkhard Switaiski
TUV Rheinland Industrie Service GmbH

1 Einleitung

Infolge des gehduften Auftretens von Hallendacheinstiirzen im Januar und Februar 2006
gelangte die Frage nach einer generellen Priifpflicht flir Ingenieurbauten in den Mittel-
punkt des offentlichen Interesses. Die Beflirworter sehen den Staat in der Pflicht, zum
Schutz von Personen und Sachgiitern entsprechende Vorschriften zu erlassen, die Gegner
argumentieren mit der ohnehin bestehenden Verkehrssicherungspflicht des Besitzers oder
Betreibers und lehnen jeden staatlichen Eingriff mit Hinweis auf Versto3 gegen die Grund-
sdtze der Deregulierung und Liberalisierung ab.

Dieser Beitrag soll zur Versachlichung der Diskussion beitragen, indem er ausgehend von
bereits bestehenden Regelungen und den Grundlagen der Risikobetrachtung das Modell
einer Priifsystematik entwickelt, das sowohl die Eigenverantwortung des Betreibers im
Rahmen einer Eigeniiberwachung als auch die Fremdiiberwachung so kombiniert, dass
eine Risikominderung mit vertretbarem Aufwand erreicht wird.

Die Diskussion wird hier auf die bauliche Substanz beschrankt. Betrachtungen der techni-
schen Ausriistung von Gebéduden sind somit ausgeschlossen.

2 Gesetzliche Regelungen

2.1 Die Verkehrssicherungspflicht nach BGB

Aus § 836 bis 838 BGB [1] ergibt sich die Verpflichtung zum sicheren Erhalt von Bau-
werken und baulichen Anlagen (Verkehrssicherungspflicht genannt):

BGB § 836 Haftung des Grundstiicksbesitzers.

(1) Wird durch den Einsturz eines Gebdudes oder eines anderen mit einem Grundstiick
verbundenen Werkes oder durch die Ablosung von Teilen des Gebdudes oder Werkes ein
Mensch getétet, der Korper oder die Gesundheit eines Menschen verletzt oder eine Sache
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beschddigt, so ist der Besitzer des Grundstiicks, sofern der Einsturz oder die Ablosung die
Folge fehlerhafter Errichtung oder mangelhafter Unterhaltung ist, verpflichtet, dem Ver-
letzten den daraus entstehenden Schaden zu ersetzen. Die Ersatzpflicht tritt nicht ein, wenn
der Besitzer zum Zwecke der Abwendung der Gefahr die im Verkehr erforderliche Sorgfalt
beobachtet hat.

(2) Ein friiherer Besitzer des Grundstiicks ist fiir den Schaden verantwortlich, wenn der
Einsturz oder die Ablosung innerhalb eines Jahres nach der Beendigung des Besitzes ein-
tritt, es sei denn, dass er wdhrend seines Besitzes die im Verkehr erforderliche Sorgfalt
beobachtet hat oder ein spdterer Besitzer durch Beobachtung dieser Sorgfalt die Gefahr
hditte abwenden kénnen.

(3) Besitzer im Sinne dieser Vorschriften ist der Eigenbesitzer.

BGB § 837 Haftung des Gebiudebesitzers. Besitzt jemand auf einem fremden Grund-
stiick in Austibung eines Rechts ein Gebdude oder ein anderes Werk, so trifft ihn an Stelle
des Besitzers des Grundstiicks die im § 836 bestimmte Verantwortlichkeit.

BGB § 838 Haftung des Gebiudeunterhaltungspflichtigen. Wer die Unterhaltung eines
Gebdudes oder eines mit einem Grundstiick verbundenen Werkes fiir den Besitzer iiber-
nimmt oder das Gebdude oder das Werk vermoge eines ihm zustehenden Nutzungsrechts zu
unterhalten hat, ist fiir den durch den Einsturz oder die Ablosung von Teilen verursachten
Schaden in gleicher Weise verantwortlich wie der Besitzer.

Festzuhalten ist, dass eine Ersatzpflicht immer dann eintritt, wenn die erforderliche Sorg-
falt zur Abwendung der Gefahr nicht beobachtet wurde. Dabei kann die Erfordernis nicht
vom subjektiven Empfinden des Verantwortlichen abhingen; vielmehr ergibt sie sich aus
demjenigen Verhalten, das zur Vermeidung des Schadens notwendig gewesen wire. Nicht
relevant sind hier tibrigens Giiterabwigungen im Sinne einer wirtschaftlichen Optimierung.

Wie aus einem hdchstrichterlichen Urteil hervorgeht (BGH, Urteil vom 27. 4. 1999 - VI
ZR 174/ 98), ist die Haftung auch dann gegeben, wenn Naturereignisse wie starke Sturm-
bden zum Schaden fiithren. Lediglich der Eintritt auBergewohnlicher Naturereignisse kann
bei Nachweis der fehlerfreien Errichtung und der mit erforderlicher Sorgfalt vorgenomme-
nen Unterhaltung des Bauwerks zu einem Haftungsausschluss fithren (siche auch BGHZ
58, 149, 153 f.; Senatsurteil vom 7. Oktober 1975 - VI ZR 103/ 74 - VersR 1976, 66; vom
23. Mérz 1993 -).

2.2 Korperverletzung im Strafrecht

Der Straftatbestand der Korperverletzung ist im Strafgesetzbuch [2] geregelt:
StGB § 223 Korperverletzung.

(1) Wer eine andere Person korperlich misshandelt oder an der Gesundheit schidigt, wird
mit Freiheitsstrafe bis zu fiinf Jahren oder mit Geldstrafe bestraft.

(2) Der Versuch ist strafbar.

2
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StGB § 226 Schwere Korperverletzung

(1) Hat die Korperverletzung zur Folge, dass die verletzte Person 1. das Sehvermégen auf
einem Auge oder beiden Augen, das Gehor, das Sprechvermégen oder die Fortpflanzungs-
fahigkeit verliert, 2. ein wichtiges Glied des Koérpers verliert oder dauernd nicht mehr
gebrauchen kann oder 3. in erheblicher Weise dauernd entstellt wird oder in Siechtum,
Ldhmung oder geistige Krankheit oder Behinderung verfillt, so ist die Strafe Freiheitsstra-
fe von einem Jahr bis zu zehn Jahren.

(2) Verursacht der Titer eine der in Absatz 1 bezeichneten Folgen absichtlich oder wis-
sentlich, so ist die Strafe Freiheitsstrafe nicht unter drei Jahren.

(3) In minder schweren Fillen des Absatzes 1 ist auf Freiheitsstrafe von sechs Monaten bis
zu fiinf Jahren, in minder schweren Fillen des Absatzes 2 auf Freiheitsstrafe von einem
Jahr bis zu zehn Jahren zu erkennen.

StGB § 227 Korperverletzung mit Todesfolge

(1) Verursacht der Tdter durch die Korperverletzung (§§ 223 bis 226) den Tod der verletz-
ten Person, so ist die Strafe Freiheitsstrafe nicht unter drei Jahren.

(2) In minder schweren Fillen ist auf Freiheitsstrafe von einem Jahr bis zu zehn Jahren zu
erkennen.

Da in der Regel bei VerstoBen gegen die Verkehrssicherungspflicht nicht von Vorsatz aus-
zugehen ist, liegt bei der aus Méngeln und Schiden an Bauwerken resultierenden korperli-
chen Schidigung von Personen Fahrldssigkeit vor: Hinsichtlich der Strafbarkeit fahr-
lassigen Handelns legt das StGB fest:

StGB § 15 Vorsiitzliches und fahrlissiges Handeln

Strafbar ist nur vorsdtzliches Handeln, wenn nicht das Gesetz fahrlissiges Handeln aus-
driicklich mit Strafe bedroht.

Bei fahrlédssiger Korperverletzung ist die Strafbarkeit gegeben durch
StGB § 229 Fahrlassige Korperverletzung.

Wer durch Fahrldssigkeit die Korperverletzung einer anderen Person verursacht, wird mit
Freiheitsstrafe bis zu drei Jahren oder mit Geldstrafe bestraft.

Kennzeichnend fiir die Fahrlédssigkeitstat ist die ungewollte Verwirklichung des gesetzli-
chen Tatbestandes durch eine pflichtwidrige Vernachlidssigung der im Verkehr erforderli-
chen Sorgfalt.
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3 Normen und Richtlinien

3.1 DIN 1076

DIN 1076 ,,Ingenieurbauwerke im Zuge von StraBen und Wegen, Uberwachung und Prii-
fung® (November 1999) [3] regelt Durchfithrung und Fristen fiir Untersuchungen sowie die
Qualifikation der Priifer u.a. an StraBBenbriicken. Sie ist durch Allgemeine Rundschreiben
des Bundesministeriums fiir Verkehr, Bau- und Wohnungswesen verbindlich eingefiihrt
(Allg. Rundschreiben Stralenbau Nr. 25/199 v. 22.11.1999).

3.2 Richtlinie 804.8xxx

Die Richtlinie 804.8001 bis 804.8004 der Deutsche Bahn AG Netz ,,Ingenieurbauwerke
planen, bauen u. Instand halten / Inspektion von Bauwerken* [4] gilt fiir alle Ingenieur-
bauwerke, die Konzernunternehmen der DB AG nutzen bzw. fir die eine Verkehrssiche-
rungspflicht besteht.

RiL 804.8001 ,,Allgemeine Grundsitze* legt die Inspektionsarten, den Umfang, die Quali-
fikation der Inspizierenden sowie die Inspektionsfristen fest. Neben Eisenbahniiberfiihrun-
gen (Briicken) (RiL 804.8002) und Uberbauungen (RiL 804.8003) werden ausdriicklich
sonstige Ingenieurbauwerke erfasst, zu denen auch Dicher und Hallen zdhlen (RiL
804.8004).

33 Vergleich

Die Begrifflichkeiten von DIN 1076 und RiL 804 konnen wie folgt zugeordnet werden:

DIN 1076 RiL 804
Laufende Beobachtung Uberwachung
Besichtigung | e
Einfache Priifung Untersuchung
Hauptpriifung Begutachtung
Priifung aus besonderem Anlass Sonderinspektion

Eine gewisse Unschirfe ist lediglich bei den Bauwerksiiberwachungen nach DIN 1076 und
der Inspektionsart ,,Uberwachung® nach RiL 804 festzustellen.

Die Priiffristen sind wie folgt festgelegt:

DIN 1076 RiL 804
Lfde. Beobachtung/Uberwachung Laufend/halbjéhrl. Halbjghrlich
Besichtigung Jahrlich | et
Einfache Priifung/Untersuchung Drei Jahre Drei (Sechs) Jahre
Hauptpriifung/Begutachtung Sechs Jahre Sechs Jahre

Demnach ist die Besichtigung entsprechend DIN 1076 in der Ril 804 nicht vorgesehen.
Weiter gibt RiL 804 die Mdoglichkeit, die Fristen fiir die Untersuchung bei einfachen Ver-
hédltnissen auf sechs Jahre auszudehnen. Fiir sehr risikoarme Bauwerke wird die Anwen-
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dung der Richtlinie nicht gefordert. Die Einstufung erfolgt nach Anhang 1 zu RiL
804.8004.

Die geforderten Qualifikationen der Priifer sind:

DIN 1076 RiL 804
Lfde. Beobachtung/Uberwachung Sachkundige Fachl. Qualifizierte Personen
Besichtigung Sachkundige

Einfache Priifung/Untersuchung | Sachkundige Ingenieure | Ingenieure Bauwesen, Hochbau
oder sonst. Befdhigung

Hauptpriifung/Begutachtung Sachkundige Ingenieure | Ingenieure Bauwesen, Hochbau,
Architektur mit Berufserfahrung
und speziellen Kenntnissen

Im Bereich der DB Netz wird insbesondere fiir die Durchfiihrung der Begutachtungen ex-
plizit erheblich hohere Anforderungen angegeben als in DIN 1076, obwohl die dortige
Formulierung, dass der sachkundige Ingenieur in der Lage sein muss, die statischen und
konstruktiven Verhéltnisse des Bauwerks zu beurteilen, bei entsprechend schwierigen Ver-
hiltnissen zu dhnlichen Qualifikationsmerkmalen fiihren muss.

Insgesamt ist also festzustellen, dass zwischen DIN 1076 und RiL 804 nur graduelle Unter-
schiede bestehen. Mit Bezug auf die Inspektion von sonstigen Ingenieurbauwerken wie
Hallen und Déchern ist allerdings wesentlich, dass RiL 804 die Unterscheidung in Heft-
und Buchbauwerke vornimmt, womit auch die Notwendigkeit von Begutachtungen ent-
schieden wird. Zudem sieht RiL 804 die Verlangerung der Fristen fiir Untersuchungen auf
sechs Jahre bei einfachen Verhiltnissen bzw. in risikoarmen Féllen den Entfall der Ver-
pflichtung zur Anwendung der Richtlinie vor.

4 Inspektionsmodell

4.1 Grundlegende Anforderungen

Die Inspektion eines Ingenieurbauwerks soll gewéhrleisten, dass innerhalb des gesamten
Nutzungszyklus — beginnend mit der Abnahme und endend mit der AuB3erbetriebstellung —
die Gefdhrdung von Personen und Sachen minimiert wird und die zur Erfiillung des defi-
nierten Zwecks des Bauwerks erforderlichen Eigenschaften erhalten bleiben. Sie ergénzt
somit die Planung, Berechnung und Ausfithrung durch eine Komponente, die sich iiber die
gesamte Nutzungsdauer bis hin zum Abriss erstreckt und Hinweise fiir die notwendigen
Wartungs- und Reparaturmaf3nahmen geben.

In einem Inspektionsmodell sind insbesondere folgende Parameter festzulegen:
« Umfang der Inspektion
o Zeitplan (Inspektionsintervalle)

« Qualifikation des Priifpersonals
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Diese sind so zu definieren, dass mit einem vertretbaren Aufwand Méngel und Schiden,

« die die Stand- und/oder Funktionssicherheit des Bauwerks beeintrachtigen, friihzei-
tig genug erkannt werden, um eine Gefahrdung zu vermeiden;

« deren Nichtbeseitigung zu erhohtem Sanierungsaufwand fiihrt, erkannt und in War-
tungs- und Reparaturanweisungen umgesetzt werden konnen.

Das Inspektionsmodell hat somit

« die Sicherheit des Bauwerks unter Beachtung der geltenden Gesetze und Richtli-
nien im Betrieb unter Beachtung des Sicherheitsbediirfnisses der Offentlichkeit zu
gewihrleisten;

o zum wirtschaftlichen Betrieb und zum Werterhalt des Bauwerks durch rechtzeitige
Initiierung geeigneter Wartungs-, und Reparaturarbeiten beizutragen.

Bei alledem ist festzuhalten, dass Sicherheit nicht in ein Bauwerk ,hineingepriift werden
kann. Die mit dem Betrieb einer Anlage verbundenen Risiken sind in ihrer Groe durch die
Planung, Ausfiithrung und Nutzung vorgegeben, wobei Wartung und Instandhaltung eine
bedeutsame Rolle spielen. Inspektionen dienen dazu, Abweichungen vom Sollzustand fest-
zustellen und dadurch Hinweise auf notwendige Instandsetzungsarbeiten zu erhalten, die
sowohl der Wiederherstellung des urspriinglichen Sicherheitsgrades als auch der vorbeu-
genden Instandhaltung dienen.

Insofern sind durch regelmiBige Priifungen durchaus Kosten zu sparen und die Werthal-
tigkeit des Bauwerks iiber lange Zeitraume zu erreichen.

4.2 Begriffe
4.2.1  Sicherheit

4.2.1.1 Umgangssprachliche Bedeutung

Sicherheit ist umgangssprachlich definiert als Bediirfnis des Menschen, vor Gefahren fiir
Leib und Leben sowie Hab und Gut geschiitzt zu sein. Die menschliche Psyche ist geneigt,
Gefahren, die durch personliches Verhalten — wenn auch nur vermeintlich — beeinflussbar
sind, geringer einzuschitzen als solche, die von Naturereignissen oder nicht technischen
Anlagen ausgehen, auch wenn dies objektiv nicht zutrifft. Beispielsweise werden die Ge-
fahren bei der Teilnahme am 6ffentlichen Stralenverkehr in der Regel unterschétzt, dieje-
nigen aus dem Betrieb technischer GroBanlagen dagegen stark iiberschétzt. Zudem ist
festzustellen, dass duflerst selten eintretende Schadensereignisse mit insbesondere hohen
Opferzahlen sehr medienwirksam sind, hiufig eintretende Fille mit geringeren Schiden
dagegen als normal angesehen werden, obwohl beispielsweise eine Risikobetrachtung letz-
teren ein um Grofenordnung hoheres Risiko zuordnen wiirde.
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Das subjektive Sicherheitsempfinden muss dennoch beachtet werden, da die Akzeptanz
einer Anlage oder der darin angebotenen Dienstleistung mafigeblichen Einfluss auf die
Wirtschaftlichkeit hat. Bleiben etwa in einer Verkaufshalle die Kéufer wegen tatsdchlicher
oder vermeintlicher sicherheitsrelevanter Méngel aus, so wird auf Dauer ein wirtschaftlich
sinnvoller Betrieb nicht moglich sein. Meist ist es auch nur langfristig moglich, den einmal
entstandenen negativen Eindruck durch Sanierungsmaf3nahmen zu neutralisieren.

Das Sicherheitsbediirfnis ist somit ein ,,weicher” Faktor, der trotz seines schwer als Zah-
lenwert erfassbaren Charakters nicht vernachldssigt werden darf.

4.2.1.2 Der Sicherheitsbegriff in der Technik

In der Technik wird mit Sicherheit der Abstand einer vorhandenen oder der Planung zu
Grunde gelegten Zustandes zu dem theoretischen Wert der Unbrauchbarkeit bezeichnet.
Die Unbrauchbarkeit muss nicht zwangslaufig erst durch den Kollaps des Systems erreicht
werden, vielmehr kann eine geometrische Lageénderung von Teilen oder das Uberschrei-
ten bestimmter Werkstoffkennwerte (z.B. der Flielgrenze) diese bereits bestimmen.

Fiir Bauwerke sind nach Eurocode [5] [6] folgende Nachweise zu fiihren:
« Nachweis der Tragsicherheit
« Nachweis der Lagesicherheit
« Nachweis der Gebrauchstauglichkeit.

Die Tragsicherheit ist gegeben, wenn die Beanspruchungen aus den Einwirkungen (Lasten)
kleiner oder gleich den Beanspruchbarkeiten aus den WiderstandsgroBen (Steifigkeiten)
sind.

Die Lagesicherheit ist gegeben, wenn unter Ansatz der zu erwartenden Beanspruchungen
kein Gleiten, Abheben oder Umkippen des Bauwerks oder von Bauteilen eintritt.

Die Gebrauchstauglichkeit wird durch den Vergleich der GroBe von Verformungen mit
zuldssigen Verformungen nachgewiesen.

Neben diesen Begriffen der genannten Normen treten auch die Begriffe
« Standsicherheit (in [3] und [4]
« Verkehrssicherheit (in [3] und [4])
« Dauerhaftigkeit (in [3])
« Betriebssicherheit (in [4])
« Funktionssicherheit (in [4])

auf.
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Die Standsicherheit ist liberraschenderweise in beiden Regelwerken nicht ndher definiert.
Aus dem Inhalt der Priifungen kann aber darauf geschlossen werden, dass es sich hierbei
um die Kombination der Begriffe der Tragsicherheit und der Lagesicherheit handelt.

Die Verkehrssicherheit erfasst nicht unmittelbar mit der baulichen Struktur zusammenhén-
gende Aspekte der sicheren Nutzung des Bauwerks. Bei Briicken fallen hierunter bei-
spielsweise Anfahrschutz (Leitplanken), Beleuchtungen, Geldnder und Beschilderungen.

Auch der Begriff der Dauerhaftigkeit ist in den Vorschriften ohne weitere Erlduterung ent-
halten. Dem Sinn der Regelwerke entsprechend soll er hier definiert werden als die Fahig-
keit einer Struktur, ihre Eigenschaften iiber einen lingeren Zeitraum mit nur unwe-
sentlichen negativen Verdnderungen beizubehalten.

Die Betriebssicherheit betrachtet den Aspekt, dass ein Bauwerk einen Zweck zu erfiillen
hat und diese Zweckerfiillung erhalten bleiben muss. So kann etwa eine Halle der Lage-
rung von Giitern dienen, die dort vor fremdem Zugriff und Witterungseinfliissen geschiitzt
werden sollen. Ubergeordneter Zweck ist hier das Betreiben und Aufrechterhalten eines
logistischen Systems mit den Vorgéngen der Ein- und Auslagerung.

Die Funktionssicherheit ist lediglich in der Ril 804.8004.01 ,,Dokumentationsblatt fiir
sonstige Ingenieurbauwerke* auf dem Titelblatt erwéhnt. Da in der vorzunehmenden Ein-
schitzung des Sicherheitsrisikos ausschlielich das Stand-, Betriebs- und Verkehrs-
sicherheitsrisiko erwdhnt werden und die Beurteilung der Standsicherheit auf dem Titel-
blatt gesondert ausgewiesen wird, ist zu vermuten, dass die Funktionssicherheit die
Zusammenfassung von Betriebs- und Verkehrssicherheitsrisiko ist.

Insgesamt ist die Definition auBerhalb der auf Eurocode basierenden Begrifflichkeiten
Tragsicherheit, Lagesicherheit und Gebrauchstauglichkeit verwirrend und in sich nicht
konsistent.

Es wird daher vorgeschlagen, folgende Gliederung vorzunehmen:

« * Standsicherheit

* Tragsicherheit
* Lagesicherheit
* Gebrauchstauglichkeit

« Funktionssicherheit

* Betriebssicherheit

» Verkehrssicherheit

vorzunehmen.

Der Aspekt der Dauerhaftigkeit ist auf alle Begriffe anzuwenden, da eine Beurteilung iiber
den Zeitpunkt der Priifung hinaus zumindest bis zur nichsten Priifung gelten soll, wobei
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besondere Ereignisse wie Unfille, Gewalteinwirkung oder auBer-gewohnliche Unwetter
die Giiltigkeit der Priifaussage beenden konnen.

Der Begriff der Verkehrssicherheit ist hier dahingehend zu erweitern, dass der Schutz von
Menschen und Giitern nicht durch Schiden und Méngel beeintrichtigt werden darf, die die
Standsicherheit nicht beriihren (z.B. Herabfallen von Einbauteilen).

4.2.2  Risiko und Chance
4.2.2.1 Versicherungsmathematische Definition des Risikos

Das Risiko ist definiert als
Risiko = Eintrittswahrscheinlichkeit X Schadenseinheit

R=E,-S 6]

Die Schadenseinheit S wird dabei auf eine vorgegebene Schadensart beschrinkt. Sie ent-
steht aus der statistischen Betrachtung von i Einzelereignissen mit dem zugeordneten
Schadensumfang Ui. Aus der Gesamtheit der Einzelereignisse kann eine Verteilungsfunk-
tion des Schadensumfangs F(U) gewonnen werden [7] [8].

Diese Definition des Risikobegriffs wird allgemein im Versicherungswesen verwendet. Sie
dient dazu, die Hohe von Versicherungspridmien festzulegen und den Umfang von Riick-
versicherungen sowie Riickstellungen zu bestimmen.

Als Schadenseinheit wird in der Regel die Leistung der Versicherung im Schadenstfall an-
gesetzt, die unter Einbeziehung etwaiger Selbstbeteiligungen des Versicherten nicht mit
der Schadenshdhe identisch sein muss.

Die Eintrittswahrscheinlichkeit eines Schadensereignisses ergibt sich aus statistischen Da-
ten fiir die jeweiligen Objekt- und Ereignisklassen. Die Angabe ist nur dann vergleichbar,
wenn ein Bezug auf einen Zeitraum vorgenommen wird (z.B. Ereignisse pro Jahr).

Als Beispiel sei hier vereinfachend das Risiko dargestellt, das durch den Tod von Personen
im Straenverkehr entsteht. Wird von 7.000 Verkehrstoten pro Jahr ausgegangen, so ist die
Eintrittswahrscheinlichkeit bei 70 Mio. Einwohnern 1 x 10™*. Die Schadenseinheit soll mit
100.000 € festgelegt sein.

Damit wird das Risiko

R =10"" Person/Jahr -100000 Euro =10 Euro/(Person - Jahr)

Dieser Ansatz wiirde aber nur dann gelten, wenn alle Einwohner in eine Versicherung auf
Tod durch Verkehrsunfall einzahlen wiirden. Bei einer Betrachtung beziiglich der Verursa-
cher (z.B. Fahrzeuge) ist diese Berechnung anders aufzubauen:

Wird angenommen, dass die Objektklasse der Versicherten 35 Mio. Fahrzeuge umfasst, so
kommen auf jedes Fahrzeug 2 x 10 Verkehrstote. Damit ist das Risiko




4™ International Probabilistic Symposium, 12"-13" October 2006

R=2-10"* (Person/(Fahrzeuge - Jahr) - 100000 (Euro/Person) =20 Euro/(Fahrzeug - Jahr)

Aus diesem einfachen Beispiel wird klar, dass die saubere Definition von Objektklassen
von entscheidender Bedeutung ist.

4.2.2.2 Die Chance

Komplementdr zum Risiko ist die Chance definiert als

Chance = Eintrittswahrscheinlichkeit X Nutzen

R=E,-N 2)

Als Beispiel fiir eine Chance im technischen Bereich sei hier die Auslegung einer Stahl-
struktur angenommen, die gegeniiber einer den Vorschriften geniigenden Beschichtung
einen Korrosionsschutz besitzt, der erheblich ldngere Standzeiten erwarten ldsst, wenn die
Umweltparameter konstant bleiben. Die Chance besteht nun darin, dass der Mehrpreis
(dieser geht in das Risiko ein) durch geringere Instandhaltungskosten (die Kostendifferenz
ist der Nutzen) zumindest kompensiert wird.

Zur Optimierung technischer Systeme geniigt es nicht, Risiken zu minimieren; vielmehr
sind gleichzeitig die Chancen zu betrachten. Dies geschieht vorteilhaft durch die Minimie-
rung des Quotienten

peR_ES
C E,-N

Bereits an einfachen Beispielen kann gezeigt werden, dass die Minima von £ nicht not-
wendigerweise mit dem Minimum von R und dem Maximum von C zusammenfallen miis-
sen (Bild 1).

4.3 Ubergreifende Konzepte
4.3.1 Lebenszyklus eines Bauwerks

Bauwerke unterliegen wie alle natiirlichen und kiinstlichen Systeme einem Alterungspro
zess, der die Fahigkeit, den erwiinschten Zweck zu erfiillen, mit der Zeit abnehmen ldsst.

Zur Darstellung dieses Vorgangs lassen sich vorteilhaft verzerrte cos?>-Funktionen einset-
zen, die die Eigenschaft besitzen, ausschlieBlich Werte zwischen 0 und 1 anzunehmen.
Wird eine unverzerrte Funktion angenommen, so ist der 50 %-Wert nach p/4, der Nullwert
bei p/2 erreicht. Wird p/2 mit der Gesamtlebensdauer gleichgesetzt, so bedeutet dies, dass
bereits nach der halben Lebensdauer nur noch 50 % der Funktionalitit (im folgenden als
»Wert“ bezeichnet) erhalten sind. Tatsdchlich wird der Wert aber in der Anfangszeit lang-
samer abnehmen und erst zum Ende der Lebensdauer stark abnehmen.

10
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Bild 1: Minimum des Quotienten R/C (schematisch)

Dieser Effekt 14sst sich durch eine Verzerrung der Zeitachse erreichen:

W =cos* &
T t (3)
5_2 (1-5)-t+s-1,

Darin ist
t. Lebensdauer
s Streckung bei =0

Die Streckung s in obiger Formel bewirkt, dass die Funktion ldngs x so verzerrt wird, dass
bei ¢ = 0 eine Streckung um s und bei ¢ = #. keine Streckung erfolgt.

Bild 2 zeigt einen so erhaltenen Wertverlauf {iber die Zeit fiir zwei Varianten mit der Ge-
samtlebensdauer von 30 bzw. 50 Jahren.

Tatsdchlich wird sich der Wertverlauf fiir jedes Objekt individuell ergeben, eine Verallge-
meinerung ist somit auf statistischen Methoden zu basieren. Infolge der verhdltnismafBig
langen Betrachtungszeitraume ergibt sich dabei aber das Dilemma, dass unvorhersehbare
Ereignisse (z.B. gednderte Nutzung, Kriege) einen nicht vorher abschitzbaren Einfluss
ausiiben. Damit ist die Stationaritdt als Grundlage der Anwendbarkeit stochastischer Me-
thoden nicht mehr gegeben.

11
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Bild 2: Lebensdauerzyklen zweier Varianten mit Darstellung der Wertdifferenz

Wird angenommen, dass es sich bei Variante den Verlauf ohne Instandhaltungsaufwand
darstellt und Variante 2 ein entsprechendes Bauwerk mit Instandhaltung abbildet, so ist die
Wertdifferenz bis zur Lebensdauer der Variante 1 (Annahme 30 Jahre) durch die Differenz
Delta 1 und den restlichen Verlauf der Kurve fiir Variante 2 gegeben. Wiirde die Instand-
haltung der Variante 2 nach 30 Jahren eingestellt, so wiirde der Wert sich entsprechend der
gestrichelten Kurve dndern und die Restlebensdauer nur noch 12 Jahre statt 20 Jahre betra-
gen. Wird weiter instandgehalten, ist eine Wertdifferenz entsprechend der Kurve Delta 2
zu erreichen. Diese Betrachtung kann weiter fortgesetzt werden, wobei die Wertdifferenz
stets geringer wird, je ndher man der Lebensdauer der Variante 2 kommt.

Die Wertdifferenz-Kurven stellen zugleich den maximalen wirtschaftlich vertretbaren In-
standhaltungsaufwand dar. Um den tatsédchlichen Mehrwert zu erhalten, miissen von diesen
selbstverstindlich die Bewertungen des Instandhaltungsaufwandes abgezogen werden.

Der Begriff des Wertes ist hier nicht ausschlieBlich monetér zu sehen, vielmehr kann dieser
auch die Funktionalitét abbilden, etwa dergestalt, dass die Tragfdhigkeit einer Konstruktion
bewertet wird.

Wird beispielsweise angenommen, dass die Funktionalitit eines Bauwerks bis zu einer
Tragfahigkeitsminderung von 10 % des zugrunde gelegten Wertes erhalten ist, so wére
diese Grenze bei Variante 1 nach 16 Jahren, bei Variante 2 nach 28 Jahren erreicht. Nach
Ablauf dieser Zeit ist dann eine Sanierung erforderlich, um den urspriingliche Tragfahig-
keit wieder herzustellen. Modellhaft ist der Aufwand in Bild 3 dargestellt, wobei die ku-
mulierten Kosten betrachtet werden (bei Variante 2 fallen im Unterschied zu Variante 1
auch Instandhaltungskosten an).

12
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Bild 3: Kumulierter Aufwand fiir Instandhaltung und Sanierung (Modell)

Alle hier getroffenen Feststellungen setzen voraus, dass der Zustand des Bauwerks wih-
rend des Zeitablaufs auch tatsdchlich bekannt ist. Nur dann lassen sich Instandhaltungs-
mafBnahmen auf ihre Wirksamkeit hin tberpriifen und Sanierungen zum notwendigen
Zeitpunkt einleiten.

4.3.2 Risikomanagement

Als Basis der Betrachtung soll hier die Darstellung eines immobilienspezifischen Risiko-

managements fiir Kommunen dienen, das von BRADLER ausfiihrlich in [9] dargestellt wur-
de.

Dabei beschréinkt sich die Ausfithrung auf die Nutzungs- bzw. Betriebsphase des Bauwerks
beginnend mit dessen Fertigstellung.

Die Bausteine des Modells fiir das Risikomanagement sind in Bild 4 dargestellt.

Grundsatzlich sind die folgenden Fragen zu stellen und zu beantworten:

« Welche Risiken entstehen durch den Betrieb der baulichen Anlage?

« Welche Auswirkungen haben diese Risiken und wie hoch ist deren Eintrittswahr-
scheinlichkeit?

« Welche Risikofaktoren konnen durch geeignete MaBBnahmen verdndert werden?

13



4™ International Probabilistic Symposium, 12"-13" October 2006

Identifikation des Risikos A
Bewertung des Risikos
Steuerung des Risikos ¢ Sl il
Finanzen J R
v
Dokumentation
v
Auswertung

Bild 4: Modell des Risikomanagements

Unter Ansatz der zur Verfiigung stehenden Finanzmittel — Einsparungspotentiale durch zu
ergreifende Mallnahmen sind hier zu beriicksichtigen — wird dann eine Strategie zur Steue-
rung des Risikos in dem Sinne entwickelt, dass das Verhéltnis Risiko/Chance minimiert
wird.

Aus der Strategie leiten sich Aktionen wie beispielsweise die Aufstellung von Wartungs-
und Inspektionsplinen, Instandhaltungsarbeiten und bauliche Verdnderungen ab. Alle Ak-
tionen werden dokumentiert und ausgewertet, um so eine Anpassung der Aktionen, im
weiteren Schritt moglicherweise der Strategie zu erreichen.

Dieser Regelkreis ist in bestimmten Zeitabstinden auf die erneute Betrachtung der Risiken
zu erweitern, da anfinglich lediglich mit Abschédtzungen gearbeitet werden kann, die durch
die gesammelten Erfahrungen zu korrigieren sind.

Als Risiken sind zu unterscheiden:

o Betriebsrisiken
o Marktrisiken

o Umfeldrisiken.

Markt- und Umfeldrisiken sollen hier nicht ndher betrachtet werden, da sie nur in geringem
Male durch technische Eigenschaften des Bauwerks bestimmt werden.

Die Betriebsrisiken kdnnen weiter untergliedert werden in:
« Objektschiden

. Haftungsschaden

14



Switaiski: Ein systematischer Ansatz fiir eine Strategie zur Gewihrleistung der Sicherheit von Gebduden

« Schéiden infolge krimineller Handlungen
o Schiden durch Betriebsunterbrechung

Oft wird argumentiert, diese Schiaden seien durch entsprechende Versicherungen gedeckt.
Nicht beachtet wird dabei haufig der tatsdchliche Umfang des Versicherungsschutzes, ins
besondere im Hinblick auf unterlassene Handlungen zur Minderung des Risikos (unterlas-
sene Wartung und Instandhaltung, grobe Fahrlissigkeit u.a.). Auch sind typische Betriebs-
risiken wie Nutzungsausfall und Funktionsstdrungen in der Regel nicht versicherbar.

Unverzichtbar sind somit im Rahmen der Gesamtstrategie die Teilstrategien
. Priventivstrategie
o Inspektionsstrategie
o Korrektivstrategie

Die Priventivstrategie umfasst alle Manahmen, die dem Erhalt der Funktionalitit dienen.
Dies sind vor allem Wartungs- und Instandhaltungsaktivitdten, die nach einem definierten
Plan vorzunehmen sind.

Die Inspektionsstrategie hat alle Priifungen der Anlage zum Inhalt, die Aufschluss iiber
deren Fihigkeit geben, den festgelegten Zweck zu erfiillen. Dabei ist eine Vorausschau
tiber das Verhalten in der Zeit bis zur niachsten Priifung notwendig. Aus der zu erwarten-
den Verdnderung der Anlage ergibt sich der Inspektionsplan sowohl in Form eines Fristen-
plans als auch des Priifumfangs. Die Inspektionen sind die Grundlage zur Anpassung der
Wartungs- und Instandhaltungspldane und geben vorzunehmende Reparaturen, den Aus-
tausch von Bauteilen bis hin zu groferen Sanierungen oder der AuBerbetriebnahme des
Bauwerks vor.

Die Korrektivstrategie ist bei Anwendung der Prdventiv- und Inspektionsstrategie in der
Regel tiberfliissig. Sie kommt nur dann zum Tragen, wenn auflergewdhnliche Ereignisse
wie etwa die Kollision eines LKW mit einer Gebdudewand eintreten und SofortmafB3nah-
men notig werden, die die Sicherheit und den Wert des Bauwerks wieder herstellen.

Der heute im Immobilienmanagement beschrittene Weg fiihrt eindeutig aus Griinden der
Kostenminimierung zu einer Abkehr von der Korrektivstrategie auch bei vorhersehbaren
und regulédren Betriebsrisiken hin zur Anwendung der Praventiv- und Inspektionsstrategie.

4.3.3 Risikoklassen

Zur Definition einer Priventiv- und Inspektionsstrategie ist es erforderlich, einen verléssli-
chen BeurteilungsmaBstab fiir das dem Bauwerk zuzuordnende Risiko zu entwickeln.

Im Zusammenhang mit der Risikoabschitzung eines Bauwerks sind folgende Gesichts-
punkte zu betrachten und zu bewerten:

e Vulnerabilitat

15
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o duBere Einwirkungen
o Nutzung

Die Vulnerabilitét ist der Maf3stab fiir die Anfilligkeit eines Bauwerks, d.h. fiir das Mal3
der mdglichen Anderungen der hinsichtlich der Stand- und Funktionssicherheit charakte-
ristischer Eigenschaften. Hier gehen beispielsweise die Bauweise, die verwendeten Werk-
stoffe sowie die Eigenschaft der Fehlertoleranz (Redundanzen, Sicherheitsreserven) in die
Bewertung ein.

Die Vulnerabilitit ist stets in Zusammenhang mit den zu erwartenden und bereits erfolgten
duBeren Einwirkungen auf das Bauwerk zu betrachten, da erst diese zu einer Veridnderung
der Eigenschaften fithren. Hier sind nicht nur die Lasten (z.B. als Lastkollektive oder Ma-
ximallasten), sondern auch Einfliisse aus Feuchtigkeit, Temperatur und chemischer Sub-
stanzen (z.B. Chlor in Schwimmbédern) zu erfassen.

Die Nutzung entscheidet liber die mdglichen Personen- und Sachschidden sowie die Folgen
eines Betriebsausfalls.

Obwohl die angesprochenen Problemkreise seit langem bekannt sind, fehlen fiir Bauwerke
im Allgemeinen verldssliche Zahlenangaben. Lediglich fiir Briickenbauwerke lassen sich
aus den Berichten der Briickenpriifungen nach DIN 1076 entsprechende Statistiken gewin-
nen, die flir sonstige Ingenieurbauwerke aber keine Riickschliisse zulassen. Fiir den Be-
reich des Stahlbaus lassen sich Erkenntnisse der Betriebsfestigkeitsrechnung heranziehen.

Die einfachste Klassierung wére hier im Sinne einer Abgrenzung nach der Anzahl der sich
in dem Gebdude authaltenden Personen moglich, die auch mittelbar iiber die Geschossfla-
che angegeben sein kann. Diesem Weg folgen viele Verordnungen der Bundeslédnder wie
beispielsweise die Versammlungsstéittenverordnung oder die Verkaufsstittenverordnung.
Im Vergleich zu den oben aufgefiihrten Kriterien ist hier aber ausschlieBlich der Faktor der
Nutzung beriicksichtigt.

Seitens der LGA wurde eine Klassierung entsprechend Bild 5 vorgeschlagen [10]. Die
grundsétzlichen Gesichtspunkte scheinen hier zwar implizit zumindest ansatzweise bertick-
sichtigt zu sein, jedoch ist eine nachvollziehbare Risikoeinstufung nicht gegeben. Insbe-
sondere ist hier der Aspekt der Vulnerabilitit hinsichtlich Bauweise und verwendeter
Werkstoffe nicht erfasst.

Ein umfassender Ansatz fiir eine Klassierung ist in RiL 804.8004 [4} gegeben, der die Ein-
stufung eines Bauwerks nach obigen Kriterien zumindest teilweise vornimmt und danach
entscheidet, ob es sich um ein Buch- oder Heftbauwerk handelt oder ob die dort vorgese-
henen Priifungen entfallen konnen. Es werden dabei folgende Merkmale beriicksichtigt:

« Belastung des Bauwerks oder des Bauwerksteils
« statische Verhéltnisse

« Konstruktive Ausbildung
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o Zugénglichkeit zu den zu untersuchenden Bauwerksteilen bzw. Verbindungen
« Moglichkeit, einen Schaden zu erkennen
« Schadensfolge

Die Bewertung der Zuginglichkeit und des Schwierigkeitsgrades der Schadenserkennung
hat hier nur eine mittelbaren Einfluss auf das Risiko, etwa dergestalt, dass durch das Nicht-
erkennen von Schédden das Risiko fiir das Bauwerk zunimmt. Somit handelt es sich hierbei
nicht um Gefdhrdungen des Gebédudes an sich, sondern um Erschwernisse bei der Scha-
densaufnahme, die aber durch erhdhten Priifaufwand kompensiert werden konnen (z.B.
Offnen von Bauteilen, Vorrichtungen zur Uberwachung).

Gebéudetypen Beispielhafte, nicht

abschliefende Aufzdhlung

Gefahrdungspotential/
Schadensfolgen

Versammlungsstidtten mit mehr | Stadion, Fernsehturm, Hoch-
als 5000 Personen, bauliche haus
Anlagen mit {iber 60 m Hohe

Kategorie 1

Kategorie 2a

Gebiude und Gebiudeteile mit
Stiitzweiten *) > 12 m sowie
groBflachige Uberdachungen

Schwimmbaéder, Mehrzweck-,
Sport-, Reit-, Tennis-, Passa-
gier- abfertigungs-, Pausen-,

Produktionshallen, Kinos, The-
ater

Kategorie 2b Exponierte Bauteile von Ge- groBBe Vordacher, angehédngte
bauden Balkone, vorgehingte Fassa-
den, Kuppeln
Kategorie 3 Sonstige Gebdude, ausgenom-

men Wohn- und Biirogebdude
in herkdmmlicher Bauweise

Bild 5: Risikoklassierung nach einem Vorschlag der LGA [10]

4.4 Entwurf einer Inspektionsstrategie fiir Ingenieurbauwerke

4.4.1 Voraussetzungen und Randbedingungen

4.4.1.1 Planung des Bauwerks

Bei der Planung des Bauwerks werden auch alle die Vulnerabilitit bestimmenden Grofen
festgelegt. Zusammen mit der vorgegebenen Nutzung und den anzusetzenden &duBleren
Einwirkungen ist damit das Betriebsrisiko bestimmt, aus dem sich als Konsequenz auch
die erforderlichen Wartungs- und Instandhaltungsmafnahmen ergeben, die in die Priven-
tivstrategie eingehen. Die Dauerhaftigkeit der Teilkonstruktionen bestimmt sowohl die
Gesamtlebensdauer als auch den Aufwand flir Reparaturen und Sanierungen.

Aus wirtschaftlichem Gesichtspunkt sind demnach die Gesamtkosten iiber den Lebenszyk-
lus des Gebdudes zu betrachten und nicht ausschlielich die Herstellkosten:
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Gesamtkosten = Herstellkosten + Betriebskosten + Sanierungskosten + Beseitigungs-
kosten

Da die Préiventivstrategie durch die Inspektionsstrategie gestiitzt und stindig angepasst und
verbessert wird, ist bereits bei Entwurf und Planung die Moglichkeit der Priifung hinsicht-
lich der zeitlichen Verdnderungen der mal3geblichen Parameter des Bauwerks sicherzustel-
len.

Dies kann durch Planung der Zugénglichkeit und/oder das Vorsehen von geeigneten Mess-
vorrichtungen erfolgen. Nur so ist zu erreichen, dass Abweichungen friihzeitig erkannt und
entsprechende korrektive MaBBnahmen ergriffen werden kdnnen.

Dieser Aspekt ist im Bauwesen im Gegensatz beispielsweise zur Anlagentechnik und zum
Fahrzeugbau zur Zeit noch stark unterentwickelt. So ist es auch heute noch weitgehend
iiblich, Spannglieder im Spannbetonbau (z.B. bei Briicken) so einzubauen, dass eine U-
berwachung der Spannkrifte praktisch nicht moglich ist. Deren Veridnderung wird dann
erst durch Folgeschédden sichtbar, was zu erheblichen Sanierungskosten flihrt. In Einzelfil-
len ist hier auch schon plotzliches Versagen mit der Folge des Systemkollapses eingetre-
ten.

Forderung I: Wartungs- und inspektionsfreundliche Planung

4.4.1.2 Errichtung des Bauwerks

In der Realisierungsphase entsteht das Bauwerk auf der Basis der Planung durch das Zu-
sammenwirken einer Vielzahl von Gewerken, wobei industrielle Verfahren der Massen-
oder Serienfertigung in der Regel lediglich bei Komponenten Anwendung finden. Bei der
tiberwiegenden Zahl von Bauten handelt es sich um im Prinzip handwerklich erstellte Uni-
kate. Dies fiihrt dazu, dass die in der industriellen Fertigung angewandten Verfahren der
Qualititssicherung nicht unmittelbar iibertragbar sind. Unverzichtbar ist als Teil des Pro-
jektmanagements hier ein Qualititsmanagement, das die Ubereinstimmung der Ausfiihrung
mit der Planung sicherstellt.

Insbesondere groflere Bauvorhaben sind durch Planungsdnderungen wihrend der Bauphase
gekennzeichnet, die oft unter erheblichem Zeitdruck zustande kommen. Jedoch sind auch
hier die oben fiir die Planungsphase aufgefiihrten Grundsitze in jedem Falle einzuhalten.
Dies wird nur dann gelingen, wenn das Projektmanagement bereits in der Planungsphase
zumindest informativ beteiligt wurde und die Planungsgrundsitze verstanden hat.

Forderung II: Qualititsmanagement als Teil des Projektmanagements

4.4.1.3 Priifung vor Inbetriebnahme

Neben den bereits durch Verordnungen vorgeschriebnen Priifungen an Bauwerken vor der
Inbetriebnahme ist eine generelle Priifung des baulichen Substanz auf Ubereinstimmung
mit der Baugenehmigung und der Planung sinnvoll, um eine verldssliche Basis fiir spitere
Inspektionen zu erhalten. Auch kann hier die Beseitigung von Abweichungen im Rahmen
der Gewidhrleistung eingefordert werden.
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Eine sogenannte Endabnahme gibt jedoch letztlich nur einen Augenblickszustand wieder.
Ein GroBteil der Eigenschaften des Bauwerks ist zu diesem Zeitpunkt verdeckt und nicht
mehr oder nur mit unvertretbarem Aufwand priifbar. Aus diesem Grunde kann die Priifung
vor Inbetriebnahme letztlich nur den Abschluss einer baubegleitenden Qualitétssicherung
sein, die entsprechend dokumentiert sein muss.

Forderung III: Durchfiihrung einer Priifung vor Inbetriebnahme

4.4.1.4 Erarbeiten einer Priventivstrategie

Der Erhalt der integralen Sicherheit und des Wertes des Bauwerks erfordert die Festlegung
von Plinen fiir die Wartung und Instandhaltung sowohl des baulichen Teils als auch der
technischen Gebédudeausriistung. Fiir letztere sind hier die Vorschriften der Hersteller
malgeblich, fiir das Bauwerk an sich sind diese anhand von Erfahrungswerten festzulegen.

Forderung IV: Erstellen von Wartungs- und Inspektionsplinen

4.4.1.5 Dokumentation

Auch heute ist die Dokumentation fir die meisten Bauwerke duflerst lickenhaft. Eine Aus-
nahme bilden hier eigentlich nur die Briicken, fiir die verpflichtend Briickenbiicher zu fiih-
ren sind.

Sowohl im Sinne der Qualitétssicherung bei der Errichtung als auch fiir den Betrieb des
Bauwerks und der damit verbundenen Wartungen, Instandhaltungen, Reparaturen und Prii-
fungen ist die Einfithrung eines Bauwerkbuches unabdingbar.

Der Inhalt des Bauwerkbuches soll umfassen:

« Ubersichtsplan, Lageplan

« Baugenehmigung

« Gepriifte Statik

« Ausfithrungspldne und Spezifikationen, jeweils auch fiir einzelne Gewerke

« Unterlagen zur technischen Gebiudeausriistung mit Bedienungs- und Wartungsan-
leitungen, ggf. Priifbiicher und zugehdrige Priifberichte

« Abnahmeprotokolle

« Verzeichnis der am Bau Beteiligten

« Auflistung der Termine des Ablaufs der Gewihrleistung

« Wartungs- und Instandhaltungspldane mit Bestitigung der Durchfithrung
« Inspektionsplidne und Protokolle der Inspektionen

« Verzeichnis der baulichen Verdnderungen (ggf. mit Zeichnungen)

. Liste vorgenommener Reparaturen und Sanierungen (mit Spezifikationen, Zeich-
nungen und Abnahmeprotokollen)
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Bei groBBerem Umfang kann das Bauwerksbuch aus mehreren sinnvoll zu gliedernde Teilen
bestehen.

Forderung IV: Erstellen und Fiihren eines Bauwerkbuches

4.4.2  Festlegung der Risikoklasse

Die Risikoklasse ist maBgeblich fiir Umfang, Priiftiefe und Fristen der anzusetzenden In-
spektionen. Unabhingig von einem erwiinschten Resultat kann eine Bewertungssystematik
erstellt werden, die die Charakteristika des Bauwerks, die wirkenden Lasten und die Nut-
zungsparameter mit Einzelbewertungen versieht nach Gewichtung zu einer Gesamteinstu-
fung fiihrt. Ahnliche Verfahren werden iiblicherweise bei populiren Tests von Waren (z.B.
durch die Stiftung Warentest) angewandt.

Das Gesamtergebnis hingt hier maBgeblich von der Gewichtung der Teilergebnisse ab und
wird je nach individuellem Bediirfnis und Kenntnisstand hochst unterschiedlich ausfallen.
Um hier einen breiten Konsens zu erzielen, ist die Anwendung der Delphi-Methode zu
empfehlen, die auf der These beruht, dass eine Vielzahl subjektiver Expertenmeinungen zu
einem objektiven Gesamtergebnis fiihrt (PATZAK [11]). HERTZ [12] hat hierauf basierend
ein Verfahren zur finanziellen Risikoanalyse durch stochastische Simulation entwickelt,
das durchaus auf das hier vorliegende Problem einer Risikoklassierung hin angepasst wer-
den kann. Allerdings wird empfohlen, das Verfahren um die Bestimmung des Vertrauens-
bereichs (z.B. unter Anwendung der #-Verteilung [13]) und die Berechnung der Varianz zu
erweitern, um einerseits stark abweichende Meinungen einzelner Experten identifizieren zu
konnen und andererseits die Bandbreite der Aussagen darzustellen.

Dabei sollte vorerst die Bewertungsskala der Einzelergebnisse und deren Gewichtung
durch die Experten vorgeschlagen werden. Anhand festzulegender Musterobjekte wird
dann unabhingig von den Experten eine Bewertung und Gewichtung mit den Mittelwerten
und den oberen und unteren Quartilen vorgenommen. Die Gesamtergebnisse werden dann
den Experten zusammen mit den Angaben zu den Musterobjekten mit der Frage vorgelegt,
ob sie der Rangfolge der Objekte zustimmen. Gegebenenfalls sind darauf hin Adaptionen
vorzunehmen, um zu einem breit anerkannten Verfahren zu gelangen.

Ein Vorschlag des Verfassers ist in Bild 6 wiedergegeben.

4.4.3 Inspektionen
4.4.3.1 Inspektionsarten

In Anlehnung an bereits vorhandene und bewihrte Inspektionsschemata wird die Stufung
in

. Eigeniiberwachung
« Untersuchungen

o Begutachtungen
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Vorgeschlagen, die sich sowohl hinsichtlich ihrer Intensitét als auch in der vorauszuset-
zenden Qualifikation des Durchfithrenden unterscheiden. Neben diesen turnusméBig zu
planenden Inspektionen werden in besonderen Fillen (z.B. Havarie, unerwartet auftretende
groBere Schiden) Sonderinspektionen notwendig.

Die Eigeniiberwachung ist eine Kontrolle des Bauwerks durch entsprechend eingewiesenes
Personal des Betreibers, die in kurzen Zeitabstdinden im Rahmen des Wartungs- und In-
standhaltungskonzepts durchgefiihrt wird. Hierbei werden Erkenntnisse {iber Verdnderun-
gen am Bauwerk anhand einer Checkliste dokumentiert und einer sachkundigen Person zur
Beurteilung und Veranlassung entsprechender Mallnahmen zur Beseitigung von Schiden
oder Veranlassung einer Sonderinspektion vorgelegt.

Untersuchungen erstrecken sich auf die Kontrolle der zugédnglichen Teile der Konstruktion
auf Méngel und Schidden, deren Vorhandensein die Eignung hinsichtlich der Sicherheit, der
Dauerhaftigkeit, der Tragfahigkeit und der Funktionssicherheit beeintrachtigen kann. Die
zerstorende Offnung von Bauteilen ist grundsitzlich nicht vorgesehen, kann aber auf Grund
der Erkenntnisse als Sonderinspektion empfohlen werden. Diese Priifungen kdnnen nur von
Personen vorgenommen werden, die gemal3 ihrer Berufsausbildung und der fachlichen Qua-
lifikation in der Lage sind, die statischen Verhéltnisse des Bauwerks zu beurteilen.

Begutachtungen erstrecken sich auf alle die Stand- und Funktionssicherheit des Bauwerks
betreffenden Teile, soweit diese nicht bereits bei andere vorgeschriebenen Priifungen inspi-
ziert wurden (z.B. Brandschutz, E-Technik, Aufziige, HLK). Auch nur mit Hilfsmitteln zu-
gingliche Bauteile sind in den Inspektionsumfang einzubeziehen, die optische Priifung ist
ggf. durch zerstorungsfreie Priifverfahren und Messungen zu ergidnzen. Auch hier konnen
weitergehende Sonderinspektionen (z.B. Offnung, Ausbau von Bauteilen, Entnahme von
Werkstoffproben, Laboruntersuchungen) erforderlich werden. Die Art der Inspektion setzt
voraus, dass liber die Anforderungen fiir Untersuchungen Personen mit langjdhriger Erfah-
rung in der Priifung von Bauwerken eingesetzt werden, die mit den {iblichen Schadensbil-
dern vertraut sind und den Einfluss von Méngeln auf die Sicherheit beurteilen konnen.

Alle Inspektionen sind so zu dokumentieren, dass dem Betreiber Hinweise fiir einzuleiten-
de MaBlnahmen und eventuelle Nutzungseinschrankungen eindeutig mitgeteilt werden.

4.4.3.2 Priiffristen

Anhand der Risikoklasse des Bauwerks sind die Fristen fiir die einzelnen Inspektionsarten
so festzulegen, dass eine Verdnderung am Bauwerk, die die Stand- und/oder Funktionssi-
cherheit gefdhrdet, frithzeitig genug erkannt wird, um durch geeignete Reparatur- und Sa-
nierungsmafinahmen oder die AuBerbetriebnahme Schaden von Personen und Giitern
abzuwenden.

Als Anhaltswert sollen hier die Priiffristen fiir Briicken nach DIN 1076 herangezogen wer-
den. Unter Verwendung des Bewertungsschemas in Bild 6 wiirden Stahlbetonbriicken in
der Regel eine Gesamtbewertung von etwa 4,0 erreichen. Solche Bauwerke sind alle drei
Jahre einer Untersuchung und alle sechs Jahre einer Begutachtung (bei Briicken Hauptprii-
fung genannt) zu unterziehen.
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A Vulnerabilitat [ Punkte | G | wxG |
A1 Statische Verhéltnisse
[Trager auf 2 Stitzen, Kragarme 2
Durchlauftrager, Fachwerk,Stahlbetonrahmen 5
Stahlrahmen, Scheiben, Theorie 2. Ordnung, 10
Auswahl W 5 50%] 2,5
A2 Konstruktion
Einfache Konstruktion (z.B. Decken in Wohnh&usern 2
loder Biirogeb&uden) oder Kragdach Ik <= 3,0 m
genietete, geschraubte Stahlkonstruktion, 5
Kragdacher lk >3,0 m, einzelne SchweiBnéhte an gut
zuganglichen Stellen
Stahlbeton, Betonfertigteile,
'Spannbeton, 5
Kragdacher Ik >3,0 m
geschraubte Holzkonstruktion aus Vollholz, 5
Leimbinder, Kragdacher Ik >3,0 m
Stahlbau mit geschweiBter Haupttragkonstruktion 7|
Brettschichtholz, genagelte Konstruktionen 9
Hohlk&sten 10
Auswahl W 5 50%) 2,5
Summe A 5,0
B Einwirkungen
B1 Lasten
Ivorwiegend ruhende Lasten mit groBen Sicherheits-
reserven 2
ivorwiegend ruhende Lasten ohne groBen Sicherheits- 4
reserven 4
dynamische Lasten 8
Eingebaute Kranbahnen 10
Auswahl W 4 70%] 2,9
B2 Sonstige Einwirkungen
keine 0
Feuchtigkeit 6
chemischer Angriff 10
starke Temperatureinwirkung 4
Auswahl W 4 30%) 1,2
Summe B 4,0
C Nutzung
C1 Personenschéiden
Kein Publikumsverkehr 1
zeitweise Publikumsverkehr 5
standiger Publikumsverkehr 10
Auswahl W 5 70%)] 3,5
C2 Geschossflache
unter 1000 m2 2
bis 5000 m? 5
Uber 5000 m2 10
Auswahl W 5 30% 1,9
Summe C 5,0
Gesamteinstufung
Vulnerabilitat 5,0 30%j 1,5
Einwirkungen 4,0 20% 0,8
Nutzung 1,5 50%) 0,75
Gesamtwert 3,05

Bild 6: Vorschlag Bewertungsschema zur Ermittlung der Risikoklasse

Als unterer Grenzfall werde ein kleineres Biirogebdude mit geringem Publikumsverkehr in
herkommlicher Bauweise betrachtet. Die Gesamtbewertung nach dem Vorschlag in Bild 6
wiirde etwa den Wert 2,0 ergeben. Fiir solche Bauwerke diirfte eine Eigeniiberwachung in
der Regel hinreichend sein.

Hieraus ergibt sich auf der Grundlage der Bewertungsziffern und Gewichtungen des Vor-
schlags etwa die in Bild 7 zusammengefasste Festlegung von Priiffristen.
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Gesamtbewertung Eigeniiberwachung Untersuchung Begutachtung
<2,5 6 Monate Keine Keine
2,5 bis 3,5 6 Monate 5 Jahre Keine
>3.5 6 Monate 3 Jahre 6 Jahre

Bild 7: Vorschlag fiir Inspektionsfristen an Bauwerken (bautechnischer Teil)

5 Zusammenfassung

Auf der Grundlage der haftungs- und strafrechtlichen Bedingungen und bereits bestehender
deutscher Normen und Regelwerke wurde eine Inspektionssystematik fiir Bauwerke entwi-
ckelt, die die bereits heute vorgeschriebenen Priifungen um den Aspekt der Stand und
Funktionssicherheit der baulichen Substanz erweitert. Dabei wurde auch die Tatsache be-
rlicksichtigt, dass in neuerer Zeit im Immobilienmanagement eingefiihrte Praventions- und
Inspektionsstrategien die Gesamtkosten mindern und zu einem wirtschaftlichen Betrieb
mafgeblich beitragen.
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Abstract: Nonlinear finite element method and advanced stochastic package
were coupled in order to account uncertainties, randomness and spatial vari-
ability of material properties in computer simulation of structural behaviour
and failure. The nonlinear FE program ATENA contains advanced constitutive
models for concrete based on damage mechanics, fracture mechanics and plas-
ticity theories with smeared crack approach. The advanced stochastic simula-
tion software FREET is employed for the stochastic treatment. New and
updated (significantly improved) methods were developed and verified in the
simulation of uncertainties, e.g. small-sample simulation of Monte Carlo type
Latin hypercube sampling for both random variables and random fields with
focus on correlation control among variables, accurate representation of ran-
dom fields based on spectral decomposition of covariance matrix and employ-
ing very small number of underlying random variables, hierarchical nonlinear
material models etc. The complex simulation tool SARA which efficiently
combines both above mentioned packages has been introduced at the 3rd Inter-
national Probabilistic Symposium 2005 for the level of random variables. It can
evaluate statistical properties of response variables (stresses, deflections, crack
widths etc.) and consequently reliability analysis of the structure can be per-
formed. Here the upgrade to the level of random fields is described. An effi-
cient method encapsulating the existing material models has been developed
and implemented in the nonlinear finite element framework to account the spa-
tial variability of material properties generated by the random fields technology
or measured in-situ. Several illustrative examples of the stochastic fracture me-
chanics simulation accounting the spatial variability of material properties are
presented.
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1 Introduction

Computer simulation based on nonlinear finite element analysis is a well established and
widely used methodology for investigation of structural behaviour under severe conditions.
Input parameters like material properties for such a simulation are usually considered as
deterministic values. In reality, these values are uncertain and random, which can consid-
erably affect structural behavior, response and damage processes. It has been shown (Pukl
& Bergmeister 2005, Novak 2005) that this subject can be satisfactorily solved in a rational
and mathematically precise way and the random characteristics of nature can be addressed
by computational models based on stratified sampling of random variables. A higher level
and also very natural (physical) technique of uncertainties modeling is their representation
by random fields. The stochastic numerical results from both random variables and random
fields analyses can be statistically evaluated and used for assessment of structural safety
and reliability.

2 Nonlinear Computer Simulation of Building Structures

The nonlinear finite element program ATENA employs advanced constitutive models for
concrete based on damage mechanics, nonlinear fracture mechanics (as illustrated in Fig.
1) and plasticity theories with smeared crack approach. It is a proven tool for computer
simulation of reinforced structures including failure mechanism and post-peak behaviour
(Cervenka & Bergmeister 1999, Cervenka 2000, Bergmeister 2005). The program consists
of solution core and user-friendly graphical environment. The graphical user interface
serves for creating of structural model and evaluation of results, even already during the
analysis. The solution core includes finite element modelling, numerical equation solver,
nonlinear solution methods and nonlinear material models.

For computer simulation of concrete and reinforced concrete structures including its inter-
action with neighbourhood the program offers variety of nonlinear material models for
concrete (plain, reinforced, pre-stressed, fibre reinforced concrete), quasi-brittle materials
like masonry, rock, soils and metals, namely:

« damage-based material model

« fracture-plastic cementitious material

- microplane material model

« Drucker-Prager plasticity model

« Von Mises plasticity model

« plasticity with hardening for reinforcement

« etc.
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All these material models contain number of parameters, which define the numerical
model and describe the nonlinear behaviour. Typical parameters for concrete are Young’s
modulus of elasticity, compressive and tensile strength, fracture energy, Poisson’s ratio etc.
In the standard (deterministic) solution these parameters are treated as deterministic values,
constant within the structure or its parts. This assumption allows calculating a response to
given actions in terms of mean values. Safety issues at the deterministic level should be
addressed by means of global safety factors (Cervenka 2006).

; W
Wio

Fig. 1: Nonlinear fracture mechanics approach for concrete in tension: exponential stress —
crack-opening law

3 Uncertainty and randomness of input parameters

Solution to the variety of complex engineering problems, involving randomness in the me-
chanical properties and in the excitations they are subjected to, can be found by means of
simulation. The Monte Carlo type of simulation is usually used for this purpose. However,
a requirement of large number of samples can be time consuming and thus can be a serious
limiting obstacle in practical cases. An efficient solution of this problem is offered in soft-
ware SARA, which couples the nonlinear finite element analysis with appropriate stochas-
tic methods (Pukl et al. 2003, Pukl and Bergmeister 2005, Bergmeister 2006). Part of the
SARA package is the software FREET for stochastic functions (Novak et al. 2003). It is
used in two stages of analysis:

(1) Generation of random samples, which are passed to the deterministic solver.

(i)  Statistical assessment of random response together with information on dominating
and non-dominating variables (sensitivity analysis) and estimation of reliability using reli-
ability index and/or theoretical failure probability.

For time-intensive calculations like nonlinear fracture mechanics of concrete, the small-
sample simulation techniques based on stratified sampling of Monte Carlo type represent a
rational compromise between feasibility and accuracy. Therefore Latin hypercube sam-
pling (LHS) was selected in FREET as a key fundamental technique. The method belongs
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to the category of stratified simulation methods. It is a special type of the Monte Carlo
simulation, which uses the stratification of the theoretical probability distribution function
of input random variables. It requires a relatively small number of simulations to estimate
statistics of response — repetitive calculations of the structural response (tens or hundreds).

The basic feature of LHS is that the probability distribution functions for all random vari-
ables are divided into Ngin equiprobable intervals (where Nsiy is number of simulations);
the values from the intervals are then used in the simulation process (random selection,
median of interval or the probabilistic mean value of an interval). This means that the
range of the probability distribution function of each random variable is divided into inter-
vals of equal probability (McKay et al. 1979, Iman & Conover 1980). The samples are
chosen directly from the distribution function based on an inverse transformation of distri-
bution function, as illustrated in Fig. 2.

oy

Y, k
Fig. 2: Scheme of the Latin hypercube sampling

The order of representative parameters of variables are selected randomly, being based on
random permutations of integers 1, 2, ..., j, Nsim. Every interval of each variable must be
used only once during the simulation. Being based on this precondition, a table of random
permutations can be used conveniently, each row of such a table belongs to a specific
simulation and the column corresponds to one of the input random variables. Once the
samples of each input random variable alone are generated, the correlation structure ac-
cording to the target correlation matrix must be taken into account. There are generally two
problems related to the statistical correlation: First, during sampling an undesired correla-
tion can occur between the random variables. For example, instead of the correlation coef-
ficient zero for the uncorrelated random variables an undesired correlation can be
generated. It can happen especially in the case of a very small number of simulations
(tens), where the number of interval combination is rather limited. Another task is to intro-
duce the prescribed statistical correlation between the random variables defined by the cor-
relation matrix. The columns in LHS simulation plan should be rearranged in such a way
that they may fulfil the following two requirements: to diminish the undesired random cor-
relation and to introduce the prescribed correlation. A robust technique to impose statistical
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correlation based on the stochastic method of optimization called simulated annealing has
been proposed recently by Votechovsky & Novak (2003). The imposition of the prescribed
correlation matrix into the sampling scheme can be understood as an optimization problem:
The difference between the prescribed and the generated correlation matrices should be as
small as possible. In such a way, the optimal sets of input parameters are generated and
passed to the solver.

The nonlinear finite element solver, represented in SARA by program ATENA, performs
analyses of the structure with generated sets of input variables in order to obtain more real-
istic structural response. The results are evaluated by stochastic methods according to
paragraph (ii). Safety of the structure is assessed directly by built-in reliability methods.
The basic level of introducing randomness into the nonlinear finite element analysis by
SARA system is treatment of the input parameters as random variables. Selected parame-
ters are randomized as described above, and their values differ from sample to sample, but
inside of a single sample they are constants over the structure or structural part respec-
tively. Thus, the spatial variability of the structural properties is neglected at the level of
random variables.

4 Spatial variability of material properties

Spatial variability of structural properties, in particular of material properties, is an impor-
tant phenomenon, which can have substantial influence on the structural damage and fail-
ure — e.g. crack initiation and localization in homogeneous stress state region as it occurs in
four point bending tests. Therefore, it should be properly accounted in the computer simu-
lation of structures if realistic results are desired. The ATENA program has been extended
in order to be able to account for the spatial variability of material properties. General pa-
rameters for the material models are updated according to the predefined values over the
structure.

The parameters of material models in the nonlinear finite element analysis are created and
stored individually for each integration (material) point, since they can have individual
settings and can locally change during the solution (e.g. due to damage processes or stress
redistribution). Standard treatment of the local material models can be itemized as follows:

« input of general parameters

« adjustment of local parameters in integration (material) point (e.g. scaling to the fi-
nite element size)

« changes of local parameters during nonlinear solution (e.g. reduction of lateral
strength and shear stiffness in cracks, increase of compressive strength due to lat-
eral compression etc.)

If the spatial variability should be reflected, the above scheme will change as follows:

« input of general parameters

« substitution of general parameters with predefined local parameters
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« adjustment of local parameters in integration points (here comes the association
with a random field realization)

« changes of local parameters during solution.

Since the number of material models in ATENA is rather high, and the spatial variability
should be enabled for all of them, an efficient methodology has been developed for substi-
tution of the general parameters with the local ones by encapsulating the existing material
models into an envelope. This envelope provides transfer of the local material parameters
from the predefined geometrical matrix to the influenced material model. The value from
the nearest geometrical point is adopted for the material point. If the parameter values are
defined in the material points (Gaussian integration points), they are directly used for sub-
stitution of the general parameters.

The geometrical matrix describing the spatial distribution of the material parameters is
stored in an ASCII file with coordinates and corresponding parameter values. It can be
created in several ways:

« it can contain the values from (in situ) measurements
« it can be written arbitrary by user — e.g. for introducing of (a local) inhomogeneity

« it can be generated in a scientific and mathematically precise way — by random
fields methodology

5 Random fields approach

The term stochastic or probabilistic finite element method (SFEM or PFEM) is used to
refer to a methodology, which accounts for uncertainties in the geometry or material prop-
erties of a structure, as well as the applied loads. The representation of spatial variability of
structural properties by random fields is a high level of their modelling with a scientific
background. Random fields describe the spatial distribution of a structural (material) prop-
erty over the region representing the structure. The spatial correlation of the generated ran-
dom fields, defined by correlation length (and the autocorrelation function), is of crucial
importance. Randomly selected examples of realizations of 2D random fields over a rec-
tangular support for different correlation lengths are shown in Fig. 3 for illustration.

Because of the discrete nature of the finite element formulation, the random field must also
be discretized into random variables. This process is commonly known as random field
discretization. The computational effort in reliability problem generally increases with the
number of random variables. Therefore it is desirable to use small number of random vari-
ables to represent a random field. To achieve this goal, the transformation of the original
random variables into a set of uncorrelated random variables can be performed through a
well-known eigenvalue orthogonalization procedure. It has been demonstrated that a few
of these uncorrelated variables with largest eigenvalues are sufficient for the accurate rep-
resentation of the random field.
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The utilization of the above described LHS method for simulation of Gaussian uncorre-
lated variables is a new simple idea for improvement of random field simulation using or-
thogonal transformation of covariance matrix suggested by Novéak et al. (2000). The
superiority of this stratified technique remains here also for accurate representation of ran-
dom field, thus leading to the decrease of number of simulations needed (Votechovsky &
Novak 2005). The approach is based on utilization of stratified sampling technique LHS
for simulation of dominating uncorrelated random variables. The result is that only a few
random variables and quite small number of simulations is necessary for accurate represen-
tation of a random field.
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Fig. 3: Realizations of 2D random fields with increasing spatial correlation

This methodology is implemented in FREET as a level of random fields, which can repre-
sent the spatial variability of material properties for the structural analysis in ATENA. The
above described technology of encapsulating existing nonlinear material models and spa-
tial distribution matrix are utilized in SARA system at this level. It enables to model the
spatial variability and material inhomogenities in the nonlinear finite element solution in a
highly scientific and systematic way. The results can be therefore directly statistically eva-
luated and used for statistical assessment of response variables, sensitivity analysis and

estimation of structural reliability and failure probability, as recommended by Cervenka
(2006).

6 Selected application examples

The use of the SARA system at level of random fields is illustrated on several selected
examples. Another example of utilizing the SARA system is described in a separate paper
submitted to this Symposium (Strauss 2006).

Random crack initiation and localization in numerical simulation of four-point bending
tests is shown in Fig. 4. The first (uniformly grey) beam was analyzed with the determinis-
tic strength value, which was constant over the whole structure. Two major symmetrical
cracks and symmetrically distributed microcracks appear in this case. In the next four
beams the strength is randomly distributed over the structure. The regions with lower con-
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crete strength are red (dark) coloured. The localized cracks are depicted by short black
lines in the damaged material points; the thicker line the larger crack width. Random ap-
pearance of cracks in the beam and various crack patterns are obvious.

—
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Fig. 4: Four-point bending tests - random fields of strength and crack patterns

A bundle of normalized load-deflection curves from the extensive random-fields simula-
tion of those four-point bending beams is presented in Fig. 5. Due to spatial randomness
the mean of the peak load decreases comparing to the deterministic capacity. Note that also
the average plus one sample standard deviation does not reach the peak deterministic
nominal stress. This is an important fact with serious consequences in rational design and
assessment of structures.

A complex example based on the random field’s methodology was published by Vote-
chovsky and Matesova (2006). It presents numerical simulation of experimentally obtained
size effect in dog-bone shaped concrete specimens under uniaxial tension (illustrative Fig.
6). In the cited paper it is shown how the statistical size effect can be computationally cap-
tured. Since the deterministic model automatically models the energetic size effects caused
by stress redistribution, the complex statistical-energetic size effect gets truly modelled by
the presented software tools.
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Fig. 5: Random stress—deflection curves (the thick red curve represents deterministic calcu-
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Fig. 6: Random crack initiation and size effect curves — experiment vs. simulation
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Fig. 7: Random field of soil property (Drucker-Prager parameter o) around a concrete tun-
nel tube

The application of random fields is also very suitable for solution of soil-structure interac-
tion tasks. The influence of spatial variation of Young’s modulus and material constants of
Drucker-Prager failure criterion (based on cohesion and angle of internal friction) was stu-
died. The stability of concrete tunnel tube in complicated geological conditions has been
analyzed. The thickness of geological layers was between 10 and 25 m, the diameter of the
tunnel tube was 11 m, the typical wall thickness 0.5 m. The whole analyzed part of the soil
with tunnel had the dimensions of 50 X 60 m. It was solved in plane strain state and discre-
tized in 5000 finite elements. Drucker-Prager plasticity was used for modelling of soil be-
haviour. The spatial variability was simulated using Gaussian random fields with
correlation length of 2 m. A model sample is shown in Fig. 7.

7 Conclusion

The random nature and variability of structural features are widely recognized by both in-
dustry and researchers. The object of uncertainty can be solved in a scientific and mathe-
matically precise way and the random characteristics of nature can be addressed by
computational models. A high level technique of uncertainties modelling is its representa-
tion by auto-correlated random fields. An efficient method encapsulating the existing mate-
rial models has been developed and implemented in order to account for spatial variability
of material properties in the nonlinear finite element framework. The variable structural
properties used for calculation can be measured in-situ or generated by random fields tech-
nology.

The presented technology enables to model material inhomogenities in the nonlinear finite
element solution, which can simulate random occurrence of structural damage (crack) even

10
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in a homogeneous stress state (four-point bending beams), capture complex statistical-
energetic size effect etc. These features are in particular important in materials with high
variability and uncertainty of their properties like fibre reinforced concrete, masonry or
soil.

The numerical results can be directly statistically evaluated and used for structural reliabil-
ity assessment.
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Reliability of RC Members
Strengthened with Externally Bonded Reinforcement
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Institute of Concrete and Masonry Structures, University of Technology Darmstadt

Summary: Bonding additional reinforcement on the surface of concrete mem-
bers is a common technique for strengthening nowadays. For those strengthen-
ings the proof of the bond strength, is an essential part of the design. To adapt a
new proof concept for the bond strength to the German design codes, the par-
tial safety factors are presently calibrated such that the required safety level is
reached of all strengthened members as equally as possible. This includes the
determination of the important basic variables as well as the size of the safety
factors by means of a reliability analysis using Adaptive Importance Sampling.
At first some characteristic of the bond between concrete and external rein-
forcement and of the considered proof concept are described briefly. Subse-
quently the reliability analysis is addressed paying special attention to the kind
of safety factor, the stochastic model and the model uncertainties.

1 Introduction

Strengthening of concrete members by gluing additional reinforcement on its surface is a
common technique nowadays, that has proved to be superior compared to other techniques
in many cases. While in the beginning only steel plates were used as external reinforce-
ment, fiber reinforced polymers (FRP) became more and more established over the past 15
years. FRP are used in the form of fabrics or lamellas and strips respectively. For the latter
the fibers are embedded in a matrix of resin ex work, whereas fabrics are worked into the
resin while gluing them onto the surface of the concrete.

Concerning the effectiveness of those strengthenings the force-fit connection of the addi-
tional reinforcement and the concrete member is essential. Thus the proof of the bond
strength is an important part of the structural analysis of strengthened concrete members,
which is — when FRP is used as external reinforcement — decisive in most cases.
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However the most codes or technical approvals respectively concerning those strengthen-
ings use design concepts for the bond strength, which are treating the bond of the exter-
nally glued reinforcement insufficiently. In the meantime however newer and more
appropriate proof procedures are available. As one of these new concepts shall be included
in the German technical approvals, a reliability-based calibration of the partial safety fac-
tors of that concept is conducted, to assure, that using the new concepts results in reaching
the required safety level.

2 Structural Strengthening with Externally Bonded Rein-
forcement

2.1 Bond Between Concrete and Externally Glued Reinforcement

In contrast to the bond between concrete and reinforcement bars the bond between con-
crete and external reinforcement glued on the surface behaves very brittle and fails already
at very small relative displacements and shear stresses respectively. Therefore — in contrast
to reinforcement bars — only forces can be transferred at the plate end or end of laminate
respectively, which are considerably smaller than the ultimate load of the element (s. e. g.
NEUBAUER [8] or NIEDERMEIER [9]). For steel plates with common thickness only about
20 % to 40 % of the yield stress can be transferred and for lamellas of FRP the bond
strength corresponds to only about 15 % of the ultimate load. To transfer larger forces,
cracks along the adhesive surface are needed, in which the slip between concrete and ex-
ternal reinforcement can be reduced. The axial force in the external reinforcement is then
increased gradually over the several sections between the cracks. Therefore bond failure
can occur not only at the end of plate or laminate respectively but also on other locations as
e. g. at concentrated loads or the point where the internal reinforcement starts yielding.
Thus the bond strength has to be verified over the entire area being stressed by shear forces
regarding the crack pattern along the adhesive surface, the more so as the location of fail-
ure is not known a priori.

2.2 New Design Concepts for the Bond Strength of External Rein-
forcement

Both NEUBAUER [8] and NIEDERMEIER [9] developed design concepts, which enable to
prove the bond strength over the entire length of the external reinforcement. Within the
scope of the own research only the concept of NIEDERMEIER is regarded, because it is
planned to included it in the technical approvals in Germany. The concept is described
below in few words. A detailed description of the concepts can be found in [8] and [9].

At first the crack pattern of the member has to be determined in the ultimate limit state.
Subsequently the stresses in the external reinforcement 6; must be calculated in every
crack as well as the differences of stresses Aoy for each section of external reinforce-
ment lying between two cracks. Afterwards the differences of stresses Aoy o, that can be

2
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transferred by the bond strength between two cracks is calculated by means of the formulas
given in [9]. Amongst others AGy 101 1s @ function of the lower one of the stresses o in the
bordering cracks. At last the differences of stresses Aoy e and Aoy o1 have to be compared.
Because the location of the maximum utilization of the bond strength is unknown a priori,
this comparison is necessary over the entire length of the external reinforcement (i. e. for
every section lying between two cracks and at the end of the reinforcement), what is exem-
plified in Fig. 1. In Fig. 1 every triangle is standing for the difference of stresses of one
section. That proof concept of the bond strength is rather extensive. As every section be-
tween two cracks has to be investigated and the number of cracks depends on the load,
there have to be regarded several limit state functions, whose number is depending on the
loading.

Fig. 1: Proving of the bond strength according to NIEDERMEIER [9]

In Fig. 1 the differences of stresses Aoy ¢fr and AGy 41 are displayed as a function of 6. It is
also possible to chart the totals stresses O ¢ and O o) Over the length of the member. That
type of chart is shown in Fig. 2 for the left half a one-span beam (length / = 4.40 m) and for
two levels of loading. Fig. 2 clearly shows, that the bond strength depends on the bond
action. Furthermore it can be seen, that for g; = 2.0 * g, the failure of the bond occurs at the
point x = 0.85 m, where the lines of oy ¢fr and O 1 have an intersection. Thus the location
of bond failure coincides neither with the end of the lamella nor with the maximum of the
bending moment nor with concentrated loads and could not be detected a priori.
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Fig. 2: Tolerable and existing stresses in the external reinforcement of the left half of an

2.2.1

one-span beam for two levels of loading

Conclusions

The mentioned characteristics of the bond between concrete and external reinforcement
result in some particularities which have to be considered at the calibration of the partial
safety factors:

The bond strength is a function of the loading.

The location where bond failure occurs as well as the relevant limit state function
are not known a priori.

The number of limit state functions is variable for one regarded member depending
on the load.

Setting up the limit state function is rather difficult and may be impossible as the
regarded new proof concepts consists of several extensive steps.

In some cases a concrete member holds a sufficient residual load bearing capacity
after bond failure of the external reinforcement. So bond failure not necessarily re-
sults in failure of the member.

As the up-to-date valid technical approvals in Germany comprise insufficient proof
concepts for the bond strength, they cannot be used for the calibration of the partial
safety factors for the new proof concept.
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3 Reliability-based Calibration of Partial Safety Factors

31 Scope and Object

The aim of the reliability analysis is calibrating the safety concept for the proof of the bond
strength so that the proof concept can be included into the German technical approvals.
Because these approvals are applied together with the German design codes for structural
concrete (e. g. DIN 1045-1 [2]) and the other accessory codes, the characteristic values of
loads and material properties (except for the FRP) as well as the partial safety factors are
given. Thus only the partial safety factors of the bond strength must be determined. The
required safety level is prescribed by DIN 1055-100 [4] to 3 = 4.7 for a period of 50 years
and 3 = 3.8 for one year respectively.

3.2 Kinds of Safety Factors

According to the partial factor method the characteristic values of the material strengths
are to reduce by partial safety factors to determine the resistance of a structure. Applying
this on the proof of the bond strength the concrete compressive and tensile strength, the
yield stress of the internal reinforcement and the ultimate stress of the external reinforce-
ment are to reduce. As mentioned above AGy 4 is also a function of the stresses oy.. Subse-
quently reducing the material strengths leads to the ratio of characteristic and design value
of bond strength Yy, er = Rk / Rq being a function of the stresses o too. This is exemplified
in Fig. 3 for the partial safety factor for concrete compressive strength y. = 1.50. It is evi-
dent, that this approach leads to a lower reduction of the bond strength for small stresses
(oL — 0) (i. e. close to the end of the external reinforcement) than for large stresses. Alter-
natively within this study it is investigated, whether it is feasible to reduce only the trans-
ferable differences of stress AGy o1

Whereas choosing which basic variables are to reduce by partial safety factors, governs the
constancy of the safety level for different types of structures, load cases etc. the size of the
partial safety factors governs which safety level is reached. Concerning this it is of impor-
tance that bond failure does not necessarily lead to failure of the member. For this reason
in the up-to-date valid German technical approvals (e. g. [1]) the tolerable stresses of the
external reinforcement must be reduced for high grades of strengthening 1y, (i. e. the ration
of moment capacity after and before strengthening). Hence in the present study a variation
of the safety factors depending on n,, is considered too.
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Fig. 3: Effect of stresses in the external reinforcement on the ratio Yuerr= Rx/ Rq for
'Yb’eff: 1.50

33 Chosen Reliability Method

The characteristics of the regarded proof concept are of importance for the choice of the
reliability method. Using the first- and second-order reliability method (FORM and
SORM), which is desirable because of the little numerical effort, is abandoned here be-
cause of the problems connected with setting up the limit state function as well as the vari-
able and unknown number of limit state functions as mentioned above.

Here the determination of the failure probabilities is carried out using optimized Monte-
Carlo methods. This is comparatively easy because all possible kinds of bond failure are
considered and the location of failure is detected automatically. It is easy to identify and —
if desired — to sort out the cases of members having a sufficient residual load bearing ca-
pacity after bond failure.

To keep the numerical effort small, and because scarce information about the possible lo-
cation of the design point or point of maximum likelihood (PML) respectively is available,
Adaptive Importance Sampling (AIS) is used with normal distributions as importance
sampling functions. The search of the expected value of the importance sampling function
is conducted by means of a simple algorithm. After each iteration the vector, that provides
the largest density and the minimal value for the limit state functions, is chosen as an im-
proved expected value.

To reduce the number of basic variables before starting the reliability analysis a sensitivity
analysis is conducted, by means of which the most important variables are identified. For
this purpose the load bearing capacity is calculated using the mean values for all of the
variables. In the next step each variable is increased or decreased (so that the bond strength
is reduced or the stresses are enlarged) by twice the standard deviation. All variables af-
fecting the proof of the bond strength more than the average are regarded as important.
Using this method reduces the number of basic variables approximately to the half (s. e. g.
KLEINSCHMITT [7]).
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34 Stochastic Model

The stochastic model is based on the specifications of the PROBABILISTIC MODEL CODE [6],
VROUWENVELDER AND SIEMES [13], RACKWITZ [10], SPAETHE [11] and STRAUSS [12]. A
sample of the selected models is given in Tab. 1. The modeling of the concrete strength,
live loads and the model uncertainties are briefly described below.

Tab. 1: Stochastic model and characteristic values of basic variables

Variable Coefficient of Distribution Type Quantiles used in
Variation design
Permanent loads 10 % N 50 %
Variable loads:
- Office 37 % G 97,8 %
- Residence 28 % G 97,5 %
- Hotel guest room 16 % G 97,5 %
- Merchant / retail 45 % G 98,0 %
- Industrial (light) 77 % G 99,2 %
- Snow 25 % G 98,0 %
Strengths:
Concrete compression strength ~8+18%" LN ~2+20%"
Concrete tension strength 8% LN 50 % ?
Reinforcement Steel 5% N 2%
FRP-Reinforcement 5% LN 5%
Model uncertainty:
Lamellas - DET -
Fabrics 12 % LN 10 %

Distribution Types: N: Normal, LN: Lognormal, G: Gumbel, DET: deterministic

)]
2)

Derived by updating the parameters given in [6] with test data
Derived from test results

3.4.1 Concrete Compressive and Tensile Strength

While in the design of structures which still have to be built, the properties of the structure
(e. g. the concrete compressive strength) are unknown and only target values are deter-
mined as the result of the structural analysis, in the case of structural strengthening the re-
garded member already exists. Thus its properties can be measured at the structure, and if
this is done are having usually a smaller uncertainty. The determination of all relevant
characteristics of the structure is very expensive and therefore unusual. However according

7




4™ International Probabilistic Symposium, 12"-13" October 2006

to the German technical approvals [1], the compressive strength and the tensile strength of
the concrete must always be ascertained which is considered in the stochastic model.

For the concrete compressive strength both prior and additional information is used for the
stochastic model. It is refrained from using only the test data because it is often gained by
means of a concrete test hammer, which is leading to a little bit more uncertain results than
other test methods. The prior information is taken from the POBABILISTIC MODEL CODE [6]
for a given concrete strength class, and it is updated with the test results. Because no test
results are available for the reliability analysis, plausible assumptions are made. The mean
of the sample of test results is chosen so that the concrete still belongs to the given con-
crete strength class. According to SPAETHE [11] the coefficient of variation for tests of the
compression strength is in the range of Cyx = 0.005 + 0.08 with a mean value of Cyx = 0.04.
Because of the larger uncertainty of results from the concrete test hammer, the upper value
is used here. Within the reliability analysis for each concrete strength class only one set of
distribution parameters is determined, which is derived using a representative (i. €. mean)
assumption for the test data.

Deriving the concrete tensile strength form the compressive strength leads to results sub-
jected to a rather large scattering. Therefore only the measured values are used for the sto-
chastic model. The coefficient of variation is assumed to Cyx =0.08 again. This value is
confirmed by test results, which were collected from a construction company during struc-
tural strengthenings.

3.4.2 Live Loads

As concrete members are usually strengthened while the self weight of the structure and in
many cases also a part of the additional dead load are acting on it, the additional external
reinforcement mainly is stressed by the live loads. Hence a closer look on those loads
seems to be appropriate and it is refrained from regarding only one type of live load with
one coefficient of variation and one characteristic value.

Instead of that the stochastic models from the PROBABILISTIC MODEL CODE [6] are used
were different kinds of live loads depending on the type of use are distinguished. Accord-
ing to [6] live loads are divided into two components, which are sustained loads with a
fairly large relative duration and intermittent loads, which are acting only for a short time
and changing very often. Using their parameters given in [6] for the different types of load-
ing and as a function of the size of the considered area, the sustained and the intermittent
loads are simulated and combined over the hole life-time of a structure (here 50 years) by
means of an algorithm from GLOWIENKA AND HAUSMANN [5]. Subsequently the maximum
value in that period is determined and the whole procedure is repeated for several times
(say 1000) leading to a representative sample of extreme values, which can be described
quite well by a Gumbel distribution. The parameters of these distributions are printed in
Tab. 1 for some types of use were only the decisive size of area is regarded. From Tab. 1 it
is evident that primarily the coefficient of variation, which is lying within in a range from
16 % to 77 %, is fairly various for the different types of use. Furthermore the characteristic
values given in DIN 1055-3 [3], concerning the imposed loads, are corresponding to dif-
ferent quantiles of the Gumbel distributions.

8
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These results assert the necessity to distinguish between the different types of loads within
in the reliability analysis and furthermore indicate to do so in the design codes by defining
different partial safety factors. However all safety factors (except for the bond strength) are
given by the design codes and in these codes only one factor for all types of live loads is
defined. Therefore it is expected, that the reliability levels of several regarded members are
scattering if they are subjected to different kinds of live loads, the more so as the external
reinforcement is predominantly stressed by the live loads.

34.3 Model Uncertainties

The model uncertainties of the regarded design concept were determined by comparing the
results of conducted experiments (i. e. the observed ultimate load) with the ultimate loads
calculated using the proof concept. About 40 of the several experiments, which are docu-
mented in the literature, were selected, from which one half were strengthened with FRP
strips and the other half with fabrics. Further documented experiments were not used, since
either the documentation was incomplete or the test specimens did not fail by debonding of
the external reinforcement. The ratios of experimental and calculated ultimate Load & =
Fuexp ! Fucalc for the regarded Tests are shown in Fig. 4. It is evident that the values of & are
quite different for strips and fabrics.

4,0 ‘ ‘
| | ®Fabrics ,,,i 777777777777777 41 7777777777777777 l
10 W Strips 3 3 3 [ I
o 1 1 m N
<y l e S
i 2.0 ‘ ﬁ ‘
k4 : u : l
= 0 L e | | .
” | | | ’
10_9000$000000”’?”
00 | | |
0 5 10 15 20

Test No.

Fig. 4: Ratio of experimental and calculated ultimate Load & = Fyexp / Fucalc for several
Tests on strengthened beams

Regarding FRP fabrics there is found a quite good agreement of test results and results of
the calculation. All obtained values of & are within a range of about 1.07 to 1.46 and the
controlling boundaries of the confidence interval (with a confidence of 95%) are pe = 1.18
and oz = 0.14 (i. e. the coefficient of variation is Cyx = 0.12). These are reasonable values
compared to the model uncertainties for other model types, which can be found in the lit-
erature. For example in the PROBABILISTIC MODEL CODE [6] or in VROUWENVELDER AND
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SIEMES [13], the range of the coefficient of variation for concrete resistance models is
Cye = 0.10 + 0.30. According to [6] and [13] a lognormal distribution is chosen for &. In the
reliability analysis & is regarded as a further basic variable, that is multiplied with the cal-
culated values of Gy o).

On the other hand for FRP strips or lamellas respectively the model uncertainties are con-
siderably larger (ug = 2.0, 6z = 0.98 and C,x = 0.49). As in all cases the bond strength was
clearly underestimated by the regarded proof concept, it is assumed that the results of the
proof concept are always conservative. Therefore in the reliability analysis the model un-
certainties are neglected for lamellas, and it is presumed that the proof concept matches the
bond strengths exactly. Otherwise, because it is multiplied with o 41, & would have — be-
sides the live loads — by far the largest sensitivity and maybe dominate the results of the
reliability analysis. Considering these results it has to be asked, if the regarded proof con-
cept is still applicable for strengthenings with lamellas, even though it is mechanically rea-
sonable, or if further research and an improvement of the concept are necessary at first,
before incorporating it into the technical approvals.

3.5 Example Structures for the Reliability Analysis

The reliability analysis will be conducted for a sample of several fictitious members, cov-
ering the range of application admitted by the German technical approvals. The sample
comprises slabs, rectangular beams and T-beams as one- and two-span systems. The varied
parameters are beside some others the grade of strengthening, the reinforcement ratio and
the type of loading (ratio of permanent loads to live load, type of live load).

Slabs are regarded mainly, because strengthening of beams requires an additional external
reinforcement for shear in most cases. As this external reinforcement for shear encloses the
longitudinal external reinforcement and is increasing its bond strength, and as this effect
still cannot be described sufficiently, only beams with a low grade of strengthening and no
external reinforcement for shear are regarded.

4 Summary and Outlook

New proof concept for the bond strength of external reinforcement glued on the surface of
concrete members shall be incorporated into the German technical approvals for structural
strengthenings. For this purpose suitable safety factors for the proof concept are deter-
mined by means of a reliability analysis. Because the choice for the reliability method is
restricted by the characteristics of strengthened members as well as of the regarded design
concept, the probabilities of failure are determined by means of Adaptive Importance
Sampling. The stochastic modeling is done regarding the variable loads and the concrete
strengths in particular. The latter were modeled by using additional information, which is
obtained through test results. The determined model uncertainties differ for the two kinds
of FRP used (fabrics and lamellas) and thus two stochastic models are chosen for them.
First results of the reliability analysis will soon be available.

10



Daus & Graubner: Reliability of RC Members Strengthened with Externally Bonded Reinforcement

5

[8]

[10]

[11]

[12]

[13]

References

DIBt: Allgemeine bauaufsichtliche Zulassung Nr. Z-36.12-39, Verstirkung von
Stahlbeton- und Spannbetonbauteilen durch schubfest aufgeklebte Kohlefaserlamel-
len Sika CarboDur. Berlin: Deutsches Institut fiir Bautechnik, 2002.

DIN 1045-1: Tragwerke aus Beton, Stahlbeton und Spannbeton, Teil 1: Bemessung
und Konstruktion. Beuth-Verlag, Berlin, 2001.

DIN 1055-3: Einwirkungen auf Tragwerke - Teil 3: Eigen- und Nutzlasten fiir Hoch-
bauten. Beuth-Verlag, Berlin, 2006.

DIN 1055-100: Einwirkungen auf Tragwerke, Teil 100: Grundlagen der Tragwerks-
planung, Sicherheitskonzept und Bemessungsregeln. Beuth-Verlag, Berlin, 2001.

Glowienka, S.; Hausmann, G.: Hintergriinde zur Festlegung der charakteristischen
Werte von Nutzlasten. Unpublished Manuscript, 2006.

JCSS: Probabilistic Model Code. Joint Committee on Structural Safety
(www.jcss.ethz.ch), 2000.

Kleinschmitt, J.: Probabilistisch fundierte Bewertung nichtlinearer Berechnungskon-
zepte fiir die Traglastermittlung von Verbundstiitzen aus einbetonierten I-Profilen.
Dissertation, University of Technology Darmstadt, 2003.

Neubauer, U.: Verbundtragverhalten geklebter Lamellen aus Kohlenstofffaser-
Verbundwerkstoff zur Verstirkung von Betonbauteilen. Dissertation, University of
Technology Braunschweig, 2000.

Niedermeier, R.: Zugkraftdeckung bei klebearmierten Biegetrdgern. Dissertation,
University of Technology Miinchen, 2001.

Rackwitz, R.: Einwirkungen auf Bauwerke. In Mehlhorn, G. (Editor): Der Ingeni-
eurbau: Grundwissen, Band 8 Tragwerkszuverlissigkeit, Einwirkungen. Ernst &
Sohn Verlag, Berlin, 1997.

Spaethe, G.: Die Sicherheit tragender Baukonstruktionen. Springer Verlag, Wien,
1992.

Strauss, A.: Stochastische Modellierung und Zuverldssigkeit von Betonkonstruktio-
nen. Dissertation, University of Natural Resources and Applied Life Sciences, Wien,
2003.

Vrouwenvelder, A. C. W. M.; Siemes, A. J. M.: Probabilistic calibration procedure
for the derivation of partial safety factors for the Netherlands building codes. Heron,
Vol. 32, No. 4, S. 9-29, 1987.

11



4™ International Probabilistic Symposium, 12"-13" October 2006

12



Glowienka & Graubner: Probabilistic Modelling of the Load Carrying Capacity of Modern Masonry

Probabilistic Modelling of the Load Carrying Capacity
of Modern Masonry

Simon Glowienka, Carl-Alexander Graubner
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Summary: Since probabilistic calculations to assess the reliability of structural
elements and buildings are gaining a higher importance, the estimation of sta-
tistical parameters of material properties plays a major role. Whereas for steel
and concrete structures the required information based on extensive data of test
results is existent, there is a lack for masonry structures. This is valid especially
for modern masonry. In this paper the main statistical parameters for the as-
sessment of the reliability of big sized masonry are provided.

1 Introduction

Within the scope of the harmonisation of the European design codes the partial safety con-
cept is recommended also for masonry structures. Thus the question of the required value
of the partial safety factors has to be discussed. The comparison of the international ma-
sonry codes (see Table 1) shows, that especially the safety factors on the resistance for
unreinforced masonry are contradictory. Possibly the provided safety factors were cali-
brated on basis of experience and traditions of the different countries. Up to now only
some reliability studies on masonry have been conducted (GALAMBOS et. al [1], HOLICKY
& MARKOVA [2], SCHUEREMANNS [3]). The reason for this can be found in the lack of re-
quired statistical data especially for industrially produced masonry. Due to the great
amount of different unit-brick combinations with different properties of modern masonry
the estimation of the statistical parameters is difficult, too.

In the following sections some required statistical parameter for the assessment of the reli-
ability of masonry, made of big sized units (in the following called big sized masonry) will
be given. The focus will be set on axial loading. The main parameter for the assessment of
the reliability of masonry structures is its compressive strength. Other important material
parameters as the modulus of elasticity are correlated with the compressive strength and
may be defined on this basis. Hence the compressive strength needs to be analysed care-
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fully. For the assessment of masonry walls subjected to out of plane shear the statistical
properties of the friction coefficient and the initial shear strength have to be estimated. Be-
side the influence of the material parameters on the reliability of masonry structures, uncer-
tainties due to the model used to calculate the load capacity play a major role and will be
analysed, too.

Table 1: Summary of safety factors for the ultimate limit state design of unreinforced masonry in
different countries

Masonry Action”
Country permanent variable
Y ¥G Yo
Germany 1.50 1.35 1.50”
Austria 2.20 1.35 1.50
Switzerland 2.00 1.30 1.50”
UK. 2.50+3.50” | 1.20+1.40” | 1.40+1.60”"
Netherlands 1.80 1.20+1.35” 1.50”
Sweden 1.50+2.76"> | 1.00+1.15 1.30”
Australia 1.67+2.22° | 1.20+1.35” 1.50”
USA 1.25+2.5% 1.20 1.30+1.607"
Canada 1.67 1.4+1.25 1.50”
1) Unfavourable effect
2) Depending on the load combination
3) Depending on the structural class an kind of building stones
4) Depending on the effect
5) Depending on the quality of building stones and the building inspection
6) Depending on the analysed design situation (e.g. shear, axial, bending)

2 Specification of Big Sized Masonry

Big sized masonry is made of big sized units in combination with thin layer mortar and is
common in Germany, as it safes on construction time and so reduces the cost of the struc-
ture. In the following big sized units are defined as stones with a height of 248mm and
more, while the length of the stones reaches 998mm in special cases. The most common
materials for this kind of masonry are porous concrete and calcium silicate unit. In the case
of calcium silicate unit more or less solid stones are used for big sized masonry.

The units provide a plane surface and geometrical deviations from the nominal size are
negligible. The units are stone walled in stretcher course with the aid of small chain hoists
if the weight of the units exceeds 25kg. The compressive strength and the weight of units
made of porous concrete are significantly smaller in comparison to calcium silicate units.
In the following the most important statistical parameters for the determination of the reli-
ability of big sized masonry made of porous concrete and calcium silicates units will be
analysed.
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3 Compressive Strength

3.1 Definition of the Calculation Model

The compressive strength of masonry is affected by the compressive strength of the units
and the mortar used. Direct measurements of the compressive strength of masonry are ex-
pensive and thus reduced to minimum. However, the properties of units and mortar are
subjected to quality control, so that the statistical parameters of the basic materials can be
obtained on basis of extensive data. These reasons make clear that a calculation model
should be defined which uses all sources of information for the estimation of the compres-
sive strength of masonry. The model according to equation (1), was proposed by MANN [4]
and provides a good adjustment with experimental investigations. It is also used in Euro-
code 6 for the calculation of the compressive strength of masonry:

fo=a- 1y Lo (1)

Where: fm 1s the compressive strength of masonry
f» 1s the compressive strength of the unit (brick)
fmo 18 the compressive strength of the mortar
a, b, c are factors which characterise the kind of masonry

The factors a, b and ¢ may be obtained using a regression analysis based on experimental
investigations. It should be mentioned that for b+c # I equation (1) is restricted to a special
dimension. For the estimation of the required statistical parameter of the compressive
strength of masonry the model uncertainties due to the transformation of experimental data
to a mathematical model have to be considered. Thus model uncertainties M must to be
added to equation (1).

fu=M-a-f;f, (2)

Where: M is a variable with a mean value of 1.0 which considers
model uncertainties

In the probabilistic model a, b and ¢ can be regarded as deterministic parameters, since the
uncertainties due to the definition of these factors will be included in the model uncertainty
M. Besides the model uncertainty the compressive strength of the bricks and the mortar
will be treated as random variables. Prior values for the factors a, b and ¢ can be found at
SCHUBERT [5]. However it should be mentioned, that the values provided by SCHUBERT [5]
are valid for a slenderness of the masonry specimens the defined as height-to-thickness
ratio of 10, whereas in Eurocode 6 these factors are related to a (theoretical) slenderness of
0.

For thin layer mortar, the influence on the compressive strength of masonry is negligible
and thus the factor ¢ can be set to zero (see SCHUBERT [5]), so that equation (2) becomes:

f. =M -a- f; for masonry with thin mortar layers (3)
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3.2 Parameter Estimation

The required parameters @ and b in equation (3) for big sized masonry are calculated on
basis of a regression analysis of experimental investigations, where the compressive
strength of the units and the masonry were analysed. Note that all variables in equation (3)
are treated as deterministic values within this stage of the analysis. Also the parameter M
remains constant with value of 1.0.

Since the height of the units has a significant influence on the compressive strength a ref-
erence value for the slenderness has to be defined. The specimens used for the following
calculation had a slenderness A defined as height-to-thickness ratio of 3 up to 10. The com-
pressive strengths provided by the tests were converted into a slenderness of zero using an
approach of MANN [4] so that a standardised basis for the parameter estimation was pro-
vided. On these basis the parameter a and b are estimated to determine the mean value of
fm1n such a way that the squared mean error is minimized.

Table 2 shows the results of the analysis. These parameters may be used to calculate the
mean value of the compressive strength of big sized masonry. The parameter a also con-
siders also the slenderness on which the compressive strength of masonry is related to.

Table 2: Parameters for the calculation of the compressive strength

Masonry Parameter

a b
Calcium silicate unit 0.23 1.31
Porous concrete 0.96 0.88

3.3 Determination of the Model Uncertainties

Since no calculation model exactly fits to experimental results model uncertainties have to
be regarded in a probabilistic calculation. In Fig. 1 the adjustment of the model to the data
using the parameters according to Table 2 is shown. The statistical properties of the model
uncertainties M are determined by the comparison of the compressive strength provided by
the model and experimental data. Due to the fact that the model uncertainties are consid-
ered multiplicative in equation (3), the following relationship was used to calculate the
mean value and the coefficient of variation of the model uncertainties:
S esperiment

" fm,mud el (4)
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Fig. 1: Compressive strength of masonry against compressive strength of brick

Considering that these values come from a limited amount of data the confidence provided

by the estimation may be obtained. Table 3 shows the results.

Table 3: Parameters for the model uncertainties of the compressive strength of masonry

) Model uncertainty M consider-
Parameter | Model uncertainty M , )
Masonry ing the amount of data
a b mm OMm VM mMZ) GM3) VM
Caletumssili- | 53 | 131 | 100 | 0.10 | 0.10 | 097 0.13 0.13
cate unit
Porous con- | 96 | 0.88 | 1.00 | 0.10 | 0.10 0.98 0.11 0.11
crete

2) Lower limit
3) Upper limit

1) =95 % (confidence)

34 Resulting Statistical Properties

Due to the fact that the compressive strength of the units and the model uncertainties are
random variables the compressive strength of masonry is random variable, too. Since a
log-normal distribution is assumed for the units and the model uncertainty the resulting
mean value and the coefficient of variation of the compressive strength of masonry may be
calculated by equation (5) and (6):
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Elf,|=EM]-a-E[f,] (5)

VL= v +(1+v2) -1 6)

On the basis of investigations in the context of quality control the required statistical prop-
erties of the bricks are obtained. For calcium silicate units the coefficient of variation of the
compressive strength is about 8% whereas for porous concrete it is about 9%. Using all
information the statistical properties of the compressive strength of masonry can be calcu-
lated. The results are summarized in Table 4. According to [1], [2], [3], [6] the compres-
sive strength of masonry is (approximately) assumed to be lognormal.

Table 4: Statistical Parameters of the compressive strength of masonry

Parameter Mean value Coefficient of Variation Class®
Masonry D N
a | b | A M ]S Jo M o
‘ 229 | 097 | 13.5 16
.('Zalcmrn_ 023 | 1.33 | 29.5 | 097 | 18.8 | 0.07 0.13 0.16 20
silicate unit
389 | 0.97 | 27.0 28
29 1098 | 24 2
Porous 0.96 | 0.88 | 53 | 098 | 41 | 009 | 0.12 | 0.14
concrete
7.5 1 098 | 55 6
1) [N/mm?]
2) Characteristic compressive strength of the brick (common values)

In comparison to the variations of other types of masonry, big sized masonry provides a
smaller coefficient of variation, as Table 5 shows. These values are considered for various
materials of the units (e.g clay, calcium silicate unit, porous concrete etc.) and thus repre-
sent a mean value for the compressive strength of the masonry.

Table 5: Parameters for the calculation of the compressive strength

Author \Y Basic variable
GALAMBOS et al. [1] 0.18 Resistance
HOLICKY & MARKOVA [2] 0.20 Compressive strength
SCHUEREMANS" [3] 0.19 Compressive strength
KIRTSCHIG & KASTEN [6] 0.17 Compressive strength
TSCHOTSCHEL [7] 0.25 Compressive strength
1) For historical masonry made of bricks (clay)

Using the estimated parameter according to Table 4 the characteristic values for the com-
pressive strength can be calculated. These are usually defined as 5%-quantile of the distri-
bution of the dependent parameter. Fig. 2 shows the results in comparison to the
characteristic values according to Eurocode 6. While for porous concrete a good confor-
mance is provided, there are significant variations between the values according to Euro-
code 6 and the results on the basis of experimental investigations for calcium silicate units.
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Fig. 2: Compressive strength of masonry against compressive strength of unit and charac-
teristic values according to EC 6 and the model according to equation (3)

4 Statistical Parameters for the Shear Resistance

For the calculation of the shear resistance of masonry walls subjected to out of plane shear
models based on the shear theory by Mohr-Culoumb are common, in which the shear resis-
tance is dependent on friction and cohesion. For in plane shear the following model, which
is based on Eurocode 6 is recommended:

N
VR:t'lc'(fvo"":u't'_lEj:t'lc'fvo"'ﬂ'NE (7

c

Where: t is the thickness of the wall
fvo 1s the initial shear strength under zero compression
M 1s the coefficient of friction
Ng Mg is the axial force and bending moment on the
section under consideration

[, is the length of the compressed part of the wall /. = 3/2-(I-2-Mg/Ng) <1
[ is the length of the wall

For a probabilistic calculation the statistical properties of the initial shear strength and the
coefficient of friction have to be determined. However a lack of data values is existent in
this case. Especially in the case of the friction coefficient no direct measurements for big
sized masonry are available. Because of this the statistical properties of the coefficient of
friction will be approximated according to SCHUEREMANS [3] in this case. Values for the
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required parameters are summarized in Table 6. However these values should be consid-
ered as prior parameter in a probabilistic calculation, as the data base for the estimation is
poor.

Table 6: Parameters for the calculation of the shear resistance (in plane shear)

Variable masonry mean Vv Source
fficient of fricti Calcium silicate unit 0.8 0.19 SCHUEREMANS [3]
coethicient ot friction 4 Porous concrete 0.8 0.19 | SCHUEREMANS [3]
o i ili i 1.27 0.37 | SCHUBERT [5
initial shear strengthl) fro Calcium silicate unit 5]
Porous concrete 1.00 0.15 | SCHUBERT [5]

1) Under zero compression

5 Model Uncertainties for the Carrying Capacity of
Unreinforced Masonry Walls

For a probabilistic assessment of structures uncertainties due to the calculation models
used have to be considered. The statistical parameters of the model uncertainties are influ-
enced by the accuracy of the chosen resistance model and by the amount of information
available on the properties of the analysed masonry. The resulting model uncertainties can
be estimated by comparison with the results of experimental tests. In this approach it is
approximately assumed that the tests provide the exact load carrying capacity. However in
many cases experimental investigations are rare, because of to the cost associated with the
tests.

For the maximum load carrying capacity of slender masonry walls subjected to axial load,
the model according to Eurocode 6 will be analysed in this paper, which is characterised by
equation (8) and (9):

Np,=D-b-t-f, (8)

h,
, ;f- /2”—0,063
@ :(1—2871)-%]{ 4 j where u = i )

0,73—1,17-67'

Where: b is the thickness of the wall
t is the width of the wall
ey 1s the eccentricity of the axial load e; = My/Ng
hereffective height of the wall A= o-hj
E) is the modulus of elasticity of masonry

To estimate the modulus of elasticity only a few tests with contradictory results are avail-
able. For calcium silicate unit no tests using big sized masonry units have been done at all.
For this reason the parameter f,/Ey is chosen in such a way that the mean value of the

8
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model uncertainty becomes 1.0 to provide an unbiased model. For porous concrete and
calcium silicate unit an amount of 18 tests of masonry walls under representative boundary
conditions were available to calculate the model uncertainties due to the model according
to equation (8) and (9). As the results in Table 7 show the model uncertainties of calcium
silicate units have a higher coefficient of variation compared to porous concrete.

Unfortunately no experimental investigations on walls subjected to in plane shear are avail-
able. Hence the statistical properties of the coefficient of friction will approximately be
chosen as for concrete structures basing on the recommendations of the JCSS Probabilistic
Model Code [8]. Table 7 summarizes the statistical parameters of the model uncertainty for
the calculation of big sized masonry.

Table 7: Parameters for model uncertainties due to the calculation model

Model uncertainties
Model Masonry
mean \'%

Load carrying capacity of ma- | Calcium silicate unit"” 1.0 0.17
sonry subjected to axial load Porous concrete” 1.0 0.15
. i ili i 1.0 0.10

Shear resistance” Calcium silicate unit
Porous concrete 1.0 0.10

1) fu/Eo=1/900
2) fulEo=1/525
3) Based on the JCSS Probabistic Modelcode [8] for concrete structures

6 Conclusion

This paper provides statistical parameters for a probabilistic assessment of masonry struc-
tures made of big sized units, focusing on axial loading. Beside the required material pa-
rameters, model uncertainties have to be regarded in a probabilistic calculation and are
quantified in this paper, too. The estimated values are based on experimental tests of ma-
sonry walls and where test results are missing on basis of expert opinions and literature
research. The determined parameters can be used as prior parameters when additional tests
become available. In comparison to other kinds of masonry, the statistical parameters of
big sized masonry provide a smaller scatter.
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Reliability Analysis of the Fire Protection Lining
in the High Speed Train Tunnel 'Groene Hart'

Alfons Krom & Sten de Wit
Structures and Safety
TNO Built Environment and Geosciences

Abstract: Sprayed fire protection linings in bored, high speed train tunnels are
a new field of application. Questions were raised on the failure probability of
the lining during the service life of the Groene Hart tunnel. The fire protection
lining is reinforced with a wire mesh fixed to the tunnel lining. A systematic
failure analysis has been carried out to identify possibly causes and growth
mechanisms of delaminations of the protection lining. The research shows how
the reliability of a new system can be analysed. The analysis uses standard
reliability methods, and a combination of analytical and numerical modelling,
small and full-size experiments and expert judgments. The conclusion is that
sprayed fire protection linings can be applied in the high speed train tunnel
Groene Hart for short service periods. For long service periods an additional
inspection regime has to be established.

1 Introduction

Fire protection linings are applied in tunnels to protect the concrete against fire. The aim of
the fire protection lining is to reduce the risks during a fire: to protect the tunnel against
collapse so that people in the tunnel can leave the tunnel, and to have time to rescue
casualties. Naturally the fire protection lining should not increase the risk during normal
use of the tunnel.

The Groene Hart Tunnel in The Netherlands is a 7 km long high speed railway tunnel with
an inner diameter of about 13 m, see Fig. 1. A partition wall separates the two tracks. High
speed trains will pass the tunnel at speeds of more than 300 km/h. Inside the tunnel
200,000 m” fire resistant plaster with a wire mesh reinforcement was applied within a very
short period of time. More information is given by Van de Linde et al. [1].
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Fig. 1: Tllustration of the high speed train tunnel (left) and a photo of the tunnel lining
without the fire protection lining (right). Note that the partition wall is not
protected by the fire protection lining.

The fire protection lining should not significantly contribute to the probability of failure
accepted for a structure complying with the Dutch Building Decree during a reference
period of 100 years. The requirements for safety class nr. 3 (primary structure) are
applicable, i.e. the reliability index P; = 3.6, corresponding to a probability of failure of
approximately 10™ in the reference period of 100 year.

It is assumed that the fire protection lining fails when a part of the lining is released from
the tunnel lining. This part must be large enough to cause any potential serious damage,
e.g. penetration of the front window of a train.

This paper gives an overview of the reliability analysis of the fire protection lining. It
includes a description of the fire protection lining, the failure analysis, the modelling of the
structural behaviour of the lining and the reliability calculations.

2 System description

The fire resistant layer consists of a reinforced plaster (Fendolite MII). The average
thickness is 42 mm. This thickness is large enough to withstand the HSL fire test (1000 °C
for 1 hour). The reinforcement is a wire mesh of stainless steel quality AISI 316, consisting
of wires of diameter of 1.5 mm and a mesh of 50 mm in both directions. The wire mesh is
anchored to the concrete lining using stainless steel anchors. The anchors are fixed to the
wire mesh with specially bend washers, see Fig. 2. The fixation with the anchors also acts
as a backup system of the fire protection lining to the concrete lining, which starts to
function in the event that the normal bond between the two lining has failed.

Spacings in the segments (see Fig. 1) of the tunnel lining, used during the construction, are
covered with a bonded plate. There are around 150.000 spacing in the tunnel.
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concrete lining

reinforcement

anchor

Fig. 2: Detail of the fire protection lining (left) and anchored wire mesh fixed to concrete
lining before spraying (right)

3 Failure analysis

Failure is defined as the situation in which the fire protection lining is not connected to the
concrete lining neither by bond nor by the backup system (wire mesh). In this situation the
risk is considered as realistic that in the end parts of the lining fall down.

Note that failure is not defined as the situation in which parts of fire protection lining fall
down but as the situation in which parts of the lining are not connected to the tunnel. In
this way some additional safety may be built in the analysis. The reason for this approach
is that statements can be made on the cracking of the protection lining and the failure of the
wire mesh on the basis of modelling. Statements on the release of parts from a cracked
delaminated fire protection is very difficult.

When parts of the fire protection lining are released from the lining, the bond between the
linings was not good. A part of the lining which is still intact but has no bond with the
lining is called a delamination, see Fig.3. Delaminations may be present from the
beginning due to application errors. Delaminations may also grow in time due to degrading
actions. There are several causes for the initial lack of bond. For example the surface of the
tunnel lining was not clean before the plaster was applied. Because of the large area
involved, delaminations cannot be ruled out.

concrete lining

fire protection layer

Fig. 3: Illustration of a delamination of the fire protection lining and the position of the
cracking. Note that the anchored wire mesh is not shown.
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High speed trains can develop large pressures cycles. As a consequence, delaminations are
subjected to fatigue. Firstly the lining at the delamination can break due to this fatigue
loading and parts of the protection lining can fall down. Secondly the delamination can
grow and once its size is too large to withstand the pressure variation, the lining also
breaks and parts of the lining fall down. In both cases we are dealing with a highly
unwanted situation.

The sequences of events, which may lead to failure of the fire protection lining are
presented in an event tree, shown in Fig. 4. The tree starts with the situation that a
delamination is present. The first branch deals with the detection of the delamination. If the
delamination is detected it is assumed that some repair or monitor procedure is taken to
prevent failure. The second branch deals with the cracking of a part of the delamination.
An illustration of the cracking of the delamination is shown in Fig. 3.

- FAILURE 1A
back-up fails
no detection + unstable layer back-up ok
repair cracking OK
oK
detection and repair
FAILURE 2A
back-up fails
stable layer back-up ok
cracking oK
oK
detection and repair
unstable layer cracking FAILURE 18
stable layer cracking FRILHEE 28
back-up
no layer fail : oK
- alis no layer cracking
cracking oK
DELAMINATION detection and repair
back-up ok a5
oK

detection + repair

Fig. 4. Sequence of events leading to failure and non failure situations of delaminations
(layer).

Failure of a delamination may occur in three different scenarios. The first scenario is that
cracking occurs in a unstable way: the delamination cracks due to one single train passage.
If the backup system also fails, this will lead to failure (1A). There is no failure when the
backup is ok or the cracked delamination is detected and repaired. The second scenario is
that cracking occurs in a stable way due to repeated train passages (fatigue). Again, if the
backup system also fails, this will lead to failure (2A). There is no failure when the backup
is ok or the cracked delamination is detected and repaired. The third scenario is that no
cracking of the delamination occurs. If the backup system is ok, then no failure occurs. If
the backup is not ok then unstable or stable cracking occurs, leading to failure 1B and 2B,
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respectively. No failure occurs when the failure of the backup is detected and repaired and
when no delamination cracking occurs.

The backup system may fail several in several ways. For example the anchor may be
pulled out of the tunnel lining. On the basis of experiments, the relevant failure mechanism
1s fatigue of the wires around the anchors.

The difference between failure modes A and B is the sequence of events. In case of failure
modes A, first the delamination fails, followed by failure of the backup system. In case of
modes B it is the other way round. Here failure mode B is assumed to be dominant. This
assumption is supported by experiments, see the next section. Presumably this is a
conservative approach because if the delamination cracks first, the load on the
delamination decreases due to the direct pressure adjustment behind the delamination.

4 Analytical and Numerical Modelling

4.1 Mechanical load on the delamination

Due to the high speed of the trains, high pressure differences will occur in the tunnel.
During the passage of a train at a certain position in the tunnel, the pressure on the lining
first increases and then decreases. From small-scale experiments it is concluded that a
pressure drop of about 3 kPa over 0.01 s exists within the pressure fluctuation. It is
assumed that in case of a delamination the pressure drop is so fast that the pressure in the
delamination cannot adjust to the pressure in the tunnel. Therefore a pressure difference
exists at the delamination. As a consequence the volume of the delamination will increase,
the pressure in the delamination will decrease, and the delamination will be stressed: it will
bulged out. The pressure difference over the delamination can be estimated by taking the
universal gas law and assuming the delamination as circular plate clamped at the edge, see
Fig. 5.

Po4p:, Vg
concrete 2R
lining \
\ I h
fire
protection d
lining
pD-Apz AV

Fig. 5 Illustration of a circular delamination with radius R, initial volume V, and
height h. The volume increase AV, due to Ap, the pressure drop in the tunnel, is
indicated by the shaded area. py = initial pressure in the tunnel and in the
delamination, Ap; = pressure decrease at the delamination.
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It can be derived that the pressure difference over the delamination Apy is:

1 V, V V,
Ap; =Ap, —Ap, :5(_1)0 +Ap, _f"'\/(po —Ap, +f)2 +4¥0AP2J (1

with  k the compliance of the delamination (1/k = the stiffness)
the other symbols are given in Fig. 5.

In case of a circular delamination with radius R, initial volume V, and height h, Vy/k is
given by:

V, 16E d°h

L. 2
k (I-v9) R

with  E the elastic modulus of the lining

v Poisson's ratio of the lining
d the thickness of the lining
p the density of the lining

As the height of the delamination will be very small, the ratio Vy/k will also be small.
Consequently also the pressure difference will be small. However, the volume of the
delamination depends on the weight of delamination and the number of spacings behind by
the delamination. These spacings were used for the handling of the tunnel segments during
the construction of the tunnel. The volume of the spacings within a segment is spread over
the surface resulting in a spacing thickness dspacing. When the volume behind the
delamination is determined by the weight and the number of spacings behind the
delamination, the ratio Vy/k is given by:

& — 16Ed3 pg(l — Vz) + dspacing
k  (1-v)| 16Ed’ R*

3)

with g the acceleration of gravity.

Note that no difference is made in the position along the tunnel lining. The above relation
is valid for delaminations at the ceiling of the tunnel. For delaminations on the side Eq. 3 is
conservative. The pressure difference on the delamination as function of the radius of the
delamination is given in Fig 6. At small radii of the delamination the pressure difference is
equal to the pressure drop. There is no pressure adjustment because small delaminations
are relatively stiff. So the pressure behind the delamination will not decrease. As the radius
increases the pressure difference over the delamination decreases. The stiffness decreases
and the volume behind the delamination increases. As a consequence the pressure behind
delamination decreases.
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Fig. 6 The relative pressure difference over the delamination (=Ap¢/Ap;) as a function of
the radius of the delamination.

4.2 Stress at the delamination

The pressure difference over the delamination and its self weight causes stresses in the
layer. The stresses in the layer can be estimated by considering the delamination as circular
plate clamped at the edge. The maximum stress in the layer occurs at the edge of the
delamination, see Fig. 3. Using the thin plate theory, this stress is given by [2]:

2

3R
Oloyer = 447 (Ap; +pgd) “4)

with  Apr the pressure difference on the delamination caused by the fast pressure
drop, see Eq. 1.
pgd the weight of the delamination

In Fig. 7 the stress in the fire protection lining is shown at a delaminated layer in which the
spacings are averaged over the delamination. As a reference the stress in the layer is shown
without the pressure adjustment due to the deformation of the layer.

The radius of the delamination has two effects: the pressure Apy decreases and the stress
increases with increasing radius. The result is that there is a (local) minimum in the stress
in the layer as a function of the radius. At small radii the pressure difference is equal to the
pressure drop but the stress in the layer remains low. When the radius increases, the
pressure difference becomes small compared with the self weight contribution. As a result,
the stress in the layer becomes large with increasing radius.




4™ International Probabilistic Symposium, 12"-13" October 2006

0.8

0.6

0.4

0.2

maximum stress in the layer [MPa]

— with pressure adjustment

= = = without pressure adjustment

0 T
0 0.5 1 1.5 2 2.5
radius of delaminated area [m]

Fig. 7 Maximum stress in the layer as a function of the radius of the delaminated due to
a pressure drop of 4 kPa according to Eq. 4. The dashed line indicates the stress
when the effect of the volume increase is not taken into account (Eq. 4 with Aps=
Ap, =4 kPa). The layer thickness is 43 mm.

4.3 Modelling of the backup system

When there is a delamination the backup system (anchored wire mesh) is activated. The
response of the backup system to pressure loads was determined by both small and large
scale experiments. The backup fixation system was tested in the TNO laboratory using
large test panels (4 m?) with 18 anchor connections and small test panels (0.25 m?) with 1
anchor connection. Both static and fatigue tests were carried out, the latter in connection
with the large number of load cycles to the system caused by fast pressure variations due to
passing high speed trains (300 km/h) during the service life of the tunnel.

Fig. 8 shows the wire mesh being pulled out of the layer during the static test on a single
anchor and a typical load displacement diagram for this test. The decreases in load during
the test occur when the wire mesh is gradually pulled out of the plaster. The static strength
was in all cases approximately 3 kN. The static requirement was 12 kN/m” or, with 8
anchors per m?, 1.5 kN per anchor. With a value of 3 kN the static requirement is fulfilled.
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Fig. 8: Static test of the anchor and the layer (1) and the load displacement diagram (r).

Finite element analyses were carried out to assess the effect of the back-up system. In the
finite element model the anchors were modelled as non-linear springs, see Fig. 9. The wire
mesh was not modelled as its effect on the stiffness of the layer was insignificant. The
spring characteristics were derived from the experiments (see e.g. Fig. 2). By calculating
the volume (change) as a function of the applied pressure, the compliance k was calculated.
This compliance was compared with the compliance of the delamination without the
anchors. This resulted in a correction on the compliance in Eq. 3. The correction depends
on the radius of the delamination. In order to keep the reliability analysis simple, the
correction was taken conservatively at pressure drop of 6 kPa.

The same finite element approach was used to calculate the effect of the backup on the
stresses in the layer. By comparing the stresses with and without backup, a correction
factor was derived.

Another correction was applied because the stiffness was derived using the thin plate
theory which is correct when the layer thickness is small compared to the size of the
delamination. Using the same finite element model as used for the anchor effects, a
correction was derived for the analytical model. The analytical model is used in order to
keep the reliability calculations simple.
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Inc: 12
Time: 1.000e+000

Fig. 9  An example of a finite element mesh of delamination with anchors (R =2 m). The
figure shows the displacements in x-direction in an exaggerated deformed mesh
The anchors are visualised by (red) lines running from the position of the anchor
to the origin. Because of symmetry only one quarter needs to be modelled.

5 Reliability analysis

In this section limit state functions are defined for the events presented in Fig. 4. The
functions are used to calculate the reliability index. For most of the variables given in the
limit state functions statistical distributions were set up. The reliability index was
determined using the FORM method. Checks were made using SORM and crude Monte
Carlo. ProBox [3], a probabilistic toolbox developed within TNO, was used to calculate the
reliability as function of the radius of a the delamination.

5.1 Failure of the backup system due to repeated train passages

On the basis of the full scale experiments, failure due to a single train passage was not
considered as a relevant failure mechanism. Only failure due to fatigue is considered.
Failure of the backup is defined as failure of the anchor in the centre of the delamination.
The experiments support the assumption that once an anchor (wires around the anchor) has
failed, anchors in the vicinity fail shortly afterwards. The load acting upon the backup
depends on the pressure difference over the delamination, the size of the delamination, the
number of anchors behind the delamination, and the anchor stiffness. Using the fore
mentioned finite element modelling, the ratio Ck/, between the force on the (centre) anchor
and the pressure difference over the layer could be determined. The limit state is given by:

Z=K-yCy, Ap; (5)
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with K is the fatigue resistance of the backup determined by full scale tests. The
fatigue resistance depends on the reference period considered

Cy,p = 0.14(1— 70

Y a variable to taken into account the variation in Cgy,
Apr is the pressure over the delamination (Eq. 1)

The reliability index as function of the radius of the delamination is given in Fig. 10. The
result can be explained by considering the pressure difference in Fig. 7 and the
function Cgyp.

reliability index 3

5
4
3 | ) \\\\
— 100 year
2 —-30 year
- --- 10 year

1 -
0 .

0 0.5 1 1.5 2

radius of delamination R [m]

Fig. 10 Reliability of the backup as function of the radius of the delamination for three
reference periods. Failure due to repeated train passages.

5.2

Failure of a delamination due to a single train passage

This failure mechanism of the fire protection lining is defined as the stress state by a single
train passage which exceeds the critical stress. Then the layer will crack by a single
pressure load. The largest stress will occur at the edge of the delamination. The
delamination will bend outwards. Therefore the critical stress is taken equal to the flexural
strength of the layer. The limit state is given by:

2

3R
Z=f, _Z?(Apf +pdg)

with .
Apf

the flexural strength of the layer
the pressure difference over the layer

(6)
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The reliability index as a function of the radius of the delamination is given in Fig 11. The
result can be explained by considering Fig. 7. The backup system has a reducing effect on
the stress. But its effect is only apparent at radii larger than 0.5 m.

Discarding inspection and maintenance, the following relation is used for probability of
failure mode 1 given a certain delamination:

P(mode 1) = P(instable cracking of delamination AND backup fails)
= P(instable cracking of delamination | backup fails) x P(backup fails)

< P(instable cracking of delamination, no backup) x P(backup fails) (7)

The first term can be determined from the solid line in Fig. 11. This corresponds to the
situation that no backup is present. This is a conservative approach because the backup is
not present from the beginning which is not the case in reality. The second term can be
determined from Fig. 10. The result of Eq. 7 is given in Fig. 12.

For radii up to 2 m the reliability index is above the target (=3.6) independent of the
reference period. For larger radii (> 2.5 m) the reliability becomes below the target value.
So these delamination have to be found by an inspection program.

reliability 3
[\

— no backup
I — - with backup
0 |
0 0.5 1 1.5 2

radius of delamination R [m]

Fig. 11 The reliability index as a function of the radius of delamination, single train
passage (unstable cracking). The dashed line is shown for illustration only and not
used to calculate the reliability.
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Fig. 12 Reliability index of failure as a result of instable cracking of the delamination and
fatigue of the backup for three reference periods.

5.3 Failure of a delamination due to due to repeated train passages

This failure mechanism of the fire protection lining is defined as the stress state exceeding
the fatigue strength due to repeated train passages. Then the layer will crack by repeated
pressure loads in a stable way. The limit state is the same as for failure mode 1 except there
are two modifications: a correction for fatigue on the flexural strength and without the
constant load, i.e. the weight of the layer. The limit state is given by:

3R’
Z = Cfatiguefc _ZFApf (8)

with  Craigue a correction factor due fatigue on the flexural strength. This factor
depends on the time period considered
Aps the pressure difference over the layer (Eq. 1).

The reliability index as a function of the radius of the delamination is given in Fig. 13.
Comparing with the situation of a single train passage, the reliability is lower up to 1.5 m.
This i1s caused by correction for fatigue. At radii larger than 1.5 m, the index remains
constant because the load, the pressure difference, becomes constant. Note that for the
single train passage the load increases as the radius increases due to the weight of layer.
The backup system has a reducing effect on the stress. But its effect is only apparent at
radii larger than 0.5 m.

The same approach as with failure mechanism 1 is used to calculate the probability of
failure mode 2. Discarding inspection and maintenance, the following relation is used for
probability of mode 2 given a certain delamination:

13
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P(mode 2) = P(stable cracking of delamination AND backup fails)
= P(stable cracking of delamination | backup fails) x P(backup fails)

< P(stable cracking of delamination, no backup) x P(backup fails) 9)

The first term can be determined from the solid line in Fig. 13. This corresponds to the
situation that no backup is present. The second term can be determined from Fig. 10. The
result of Eq. 9 is given in Fig. 14.

Between R = 0.3 m and 0.85 m the target reliability is not met for a reference period of 100
year. The reliability index is clearly below the value of 3.6. For a reference period of 10
year the target reliability is obtained, and considering the various conservative assumptions
this may also be assumed for a period of 30 year.

4
Q. 3 - =
5 7
E \\\ ///
22 i
=
E’ 1 — no backup
— - with backup
0
0 0.5 1 1.5 2

radius of delamination R [m]

Fig. 13 The reliability as a function of the radius of delamination, repeated train passages
(stable cracking). The dashed line is shown for illustration only and not used to
calculate the reliability.
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Fig. 14 Reliability of the lining as a result of stable cracking of the delamination and
fatigue of the backup for three reference periods.

6 Conclusions

The reliability of the sprayed fire protection lining in the high speed tunnel Groene Hart
has been analysed. The analysis shows how the reliability of a new system can be assessed
on the basis of probabilistics, standard reliability methods, a combination of analytical and
numerical modelling, small and full-size experiments and expert judgments. The
conclusion is that the sprayed fire protection linings can be applied in the high speed train
tunnel for short service periods (10-30 year). For longer service periods an additional
inspection regime has to be established.
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Abstract: A modern lifetime oriented design of structures includes inspection
and monitoring strategies. Structural health monitoring guarantees that the load
bearing capacity, the serviceability and the durability of the structure remain
ensured and that the costs of rehabilitation are limited. In the collaborative re-
search centre 477 (CRC 477) at Braunschweig University of Technology
methods for the optimisation of structural health monitoring are developed. In
project field Al the possibilities of reliability-based structural health monitor-
ing are investigated. The methodology bases on a combination of recognized
procedures of system and reliability theory. In reliability analysis using the
First/Second-Order-Reliability-Method (FORM/SORM) the critical weak
points and failure paths of the structure are identified. The optimisation is
achieved when the structural health monitoring measures are concentrated on
these weak-points and failure paths. This is utilized in the knowledge-based
computer program PROBILAS (PRObabilistic Building Inspection and Life
ASsessment). The program was designed to assist engineers to plan structural
health monitoring measures for civil engineering structures. In this paper the
assessment process is explained using a bridge as an example.

1 Introduction

1.1 Motivation

The lifetime oriented design of structures includes maintenance strategies. Structural health
monitoring is essential to evaluate these strategies in such a way that the bearing capacity,
serviceability and the durability remain ensured and the costs of rehabilitation are limited.
The aim of structural health monitoring is the continuous monitoring and assessment of the
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actual state of the structure. The outcome of this is the base for the optimisation of further
measures.

In the Collaborative Research Centre 477 (CRC 477) “Life cycle assessment of structures
via innovative monitoring” funded by the German Research Council (DFG) at the Braun-
schweig University of Technology, methods for the optimisation of SHM are investigated
(see http://www.sfb477.tu-braunschweig.de). In project field Al of the CRC 477 a frame-
work for reliability-based system assessment based on data from SHM is developed. Its
main objective is the optimisation of SHM measures with the help of probabilistic meth-
ods. The methodology is able to identify relevant parameters, to weigh the critical areas
and to determine the actual safety level of a structure.

1.2 Life cycle assessment

Nowadays, the design and management of structures is becoming more and more perform-
ance orientated. Modern building management systems (BMS) are starting to combine sys-
tem assessment with regular inspections and monitoring. The proportion of probabilistic
models within BMS is increasing steadily (e.g. FABER [1]). In the USA, probabilistic mod-
els for life cycle considerations are primarily developed and tested for bridge networks
(e.g. FRANGOPOL et al. [2]), but it is only a question of time until these technologies are
applied to complex buildings as well.

In contrast to Germany, bridges in the USA are often constructed in well-proven and uni-
form configurations. Therefore, the variation of structural elements, types of deterioration
and development of deteriorations is significantly smaller than in Germany. Additionally,
the large amount of similar bridge structures provides a sufficient statistic basis to deter-
mine the leading influences on typical deteriorations (e.g. deterioration due to chloride
ingress). In this case it is possible to draw conclusions from the totality of all bridges onto
single bridges in a network (Top-down principle). In Germany, this is not possible due to a
large variety of types of constructed bridges. Here, conclusions can only be drawn from a
single structure to the totality of structures (Bottom-up principle). According to the condi-
tions in Germany, the developed frame-work concentrates on the individual assessment of
structures based on results from SHM.

2 Reliability-based life cycle assessment

2.1 Framework

The framework for reliability-based life cycle assessment bases on methods of system and
reliability theory. The main idea is that, after a thorough anamnesis of a structure, typical
weak points and failure paths are identified. The gained knowledge about the structural
system is used to formulate a probabilistic model for the whole system. This model con-
sists of limit-state equations for components of the system, information about the random
variables and other uncertain parameters and a logical model, which describes the in-
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teractions between the components. This model is evaluated in a reliability analysis with
FORM/SORM.
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Fig. 1. Structural evaluation process of the framework

With the help of the results of this analysis, further decisions concerning an inspection and
monitoring plan can be made, e.g. it is possible to identify the most significant parameters
of a model. Additionally the weak points of the structure can be weighted. The knowledge
gained can be used to derive a cost optimised monitoring plan for a continuous monitoring
process.

2.2 System reliability analysis

The analysis of the structure starts with the identification of the different sources of risk for
the structure. This information has to be translated into components and subsystems. The
relations between the components are described using logical trees, which combine causes,
intermediate events and their consequences. Two types of logical trees are used for further
analysis.

The event tree shows all consequences of an occurring event and is used to identify all re-
levant failure paths of the structure. The fault tree regards all possible causal sequences of
component and sub-system failures that lead to a system failure. The root element of the
fault tree is called “Top Event” and represents e.g. an overall system failure. The logical
dependence between the subsequent failures of components is described with the help of
logical conjunctions.

There are two basic types of conjunctions between the elements of the fault tree: the serial
system (disjunction), which fails if one of its elements fails and the parallel system (con-
junction), which fails if all of its elements fail. Real systems, in most cases, can be repre-
sented by a combination of these two types.




4™ International Probabilistic Symposium, 12"-13" October 2006

For all components in a fault tree an ultimate limit state has to be defined. A limit state is
described by quantities that represent the resistance of a structure (e.g. material strength)
and by quantities, which represent the actions imposed on the structure (e.g. live load).
Then the limit state equation can be described in the form:

G=R-S (1)

The component fails, when the resistance quantity (R) is smaller than the action quantity
(S). Both quantities are functions of parameters, which are stochastic and/or uncertain and
are generally described by probability distributions. The parameters of the distributions can
either be estimated from measurements or be found in the literature, e.g. (JCSS [3]). If the
random variations of an input parameter are small, the parameter can be assumed as deter-
ministic.

For the reliability analysis the first or second order reliability method (FORM/SORM)
(DITLEVSEN et al. [4]) is utilised. In these calculations a probability of failure (py), a safety
index b (p=®(- f)) and sensitivity values (c-values) for each parameter can be determined.
The weak points (“hot spots”) of the structure can be identified with the help of the system
reliability analysis. Based on the calculated values, the failure path with the highest prob-
ability of occurrence can be found. Especially the parameters of the limit-state equations
within this failure path should be investigated further.

The first reliability analysis of the actual state of the system is carried out with values for
the parameters of the structure according to the prescriptions in the structural design. In
reality, these values may not be identical to the real values of the parameters in the struc-
ture. An example is the compression strength of concrete, which is usually higher than the
value assumed in the design calculation. Therefore, the probabilistic model of the structure
has to be calibrated prior to the further probabilistic assessment of the structure. The cali-
bration can be limited to the important and time-independent parameters identified in the
reliability analysis. Usually, random samples from the regular quality control can be used
for this purpose. With statistic tests the random samples are tested for conformity with the
values assumed in the design process. Afterwards, prior information about the parameter
and the random sample are used to compute new stochastic information about the parame-
ter using Bayesian procedures.

Beside the reliability of the actual state of the structure, a prognosis calculation will be
carried out. The difference is that in his case, the reliability index is calculated in a time-
step procedure. For each time-step, the time-dependent alteration functions are evaluated
for the mean and/or the standard deviation of each considered parameter, before the reli-
ability analysis is started. This results in a time-dependant curve of the safety index.

23 Monitoring and inspection

Based on the calculation results, a monitoring plan can be determined. It contains informa-
tion about the parameters which should be monitored, as well as monitoring, inspection
and probabilistic assessment intervals. The monitoring plan mainly depends on the capa-
bilities of sensors.
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The monitoring interval is unique for each sensor and is dependent on the phenomenon to
be monitored and its significance. For very slow processes, e.g. chloride ingress, a suitable
monitoring interval can be once or twice a year. When the deformation of a deteriorated
bridge is monitored, this is surely insufficient. In these cases the interval must be extended
to several times a day.

The monitoring interval is usually not identical to assessment and inspection intervals. The
assessment interval describes the time between two probabilistic assessments of the struc-
ture based on the monitored data. The inspection interval describes the time between regu-
lar inspections of the structure to identify new deteriorations or errors of the structure. Due
to slow degradation processes, it is not necessary to conduct a probabilistic assessment or
an inspection of the structure every time when new data is available. The ideal time inter-
vals for assessment and inspection can be defined adaptively in conjunction with the re-
sults from the prognosis calculations. In addition, new data is investigated for negative
trends in the behavior of the structure. If negative behavior of the structure is detected, an
extraordinary inspection should be carried out. If the outcome of this inspection indicates
that the probabilistic model has to be modified, a complete probabilistic re-assessment of
the structure has to take place, too. If the prognosis calculations indicate no significant
change in the reliability, an assessment and inspection interval of 2 to 3 years is sufficient.
This interval would be smaller, if the actual safety level of the structure is near to the pre-
scribed target reliability.

3 Life cycle assessment of a bridge

3.1 Bridge structure

The function of a building regarding the bearing capacity and serviceability has to be guar-
anteed over the intended lifetime without substantial loss of the usage characteristics. The
detection of safety-relevant deviations from planned properties of the structure requires an
optimised structural health monitoring process.

For illustration purposes a bridge example is used. The main focus in this article lies on the
ultimate limit states for the flexure and fatigue failure of the bridge structure. The structure
is a multi-span plate-girder bridge over two fields with two girders and a span width of 32
m for each field (Fig 1, 2). The bridge is pre-stressed with post-tensioning tendons. The
tendons have a cross-sectional area of 180 cm? per girder with normative yield strength of
1570 MN/m? and a normative ultimate strength of 1770 MN/m?. A concrete strength class
C 35 according to EN 1992 [5] was chosen in the design.
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Fig. 2. Bridge structure, elevation
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Fig. 3. Bridge structure, cross section

3.2 Probabilistic model

The risk-orientated assessment starts with a survey of possible weak points. First informa-
tion about weak points of structures can be acquired by damage analyses. These analyses
are the basis for the determination of failure scenarios. Further information about possible
weak points and failure scenarios can be derived from the structural design process. In this
example, the weak point analysis is based on the structural design.

The structural design for the bridge structure shows a high action effect in the cross section
at midspan and at the support. At these so called “failure points” the structure can fail due
to the exceeding of the flexure capacity or the fatigue capacity respectively. Further inves-
tigations will be concentrated on these failure modes. The different failure modes are
summarised in the fault tree as serial system (Fig. 4). A system effect like load redistribu-
tion is neglected. The failure of more then one component for the collapse of the system is
considered as system effect. Prior analyses of this type of a bridge showed a so-called “zip-
effect” (SCHNETGOKE et al. [6]).That means that after the failure of the first component the
redistributed load effect on the second component jumps up extensively. Therefore the
reliability of the second component decreases significantly, which results in a small influ-
ence on the system reliability.

System
Failure

.

Flexure Failure
Midspan 1

Flexure Failure
Midspan 2

Fatigue Failure
Support

Fatigue Failure
Midspan 1

Flexure Failure
Support

Fatigue Failure
Midspan 2

Fig. 4. Fault tree
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Fig. 5. distribution of the weight for a semitrailer truck

For all components in the fault tree the limit state functions have to be defined. The first
component illustrated in this chapter is the flexure failure. The flexure capacity for the
bridge section can be calculated using the equilibrium of internal forces. The associated
equation for the flexure capacity can be described as follows:
_ 1 41,
My=dfyd=ged fy 300

The resisting moment according to equation (2) will be compared with the acting moment
due to dead load and live load. The dead load results from the concrete weight of the con-
struction and the additional load (e.g. surfacing, parapet). The load effect of the live load
due to the traffic is carried out with a Monte Carlo simulation. A vehicle classification as
well as the stochastic model of the vehicle weight, axle weight, axle spacing, vehicle
length, vehicle spacing etc. is required for the simulation. In this investigation the neces-
sary input is based on the data in MERZENICH et al. [7]. A typical twin peaked bimodal dis-
tribution of the weight for a semi-trailer truck is shown in Fig. 5. This form of distribution
is typical for trucks. The first mode contains the partially loaded trucks, whereas the sec-
ond involves the fully loaded trucks. The moment-time curve is derived from the traffic
flow simulation and the influence line for the bending moment.

2)

In the next step the distribution for the bending moment will be described with an extreme-
value distribution type I (Gumbel) (Fig. 6).
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Fig. 6. Time series and distribution of the bending moment
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Beside the flexure capacity also the limit state for fatigue failure of the tendons has to be
analysed. The describing model for fatigue failure is based on the PALMGREN-MINER hy-
pothesis. This hypothesis describes the damage of the material due to alternating loads of
the construction. The damage accumulates until a critical value is reached. In the theory a
fracture occurs with the exceeding of this value. The damage progress of the tendon is de-
scribed by the dimensionless damage factor D:

n(Ao;)
- Z N(Ac)) ®)

In the equation n(Ac;) stands for the number of load cycles with the stress difference Ac;.
N(AoG;) i1s the maximum number of alternations for the stress difference Ac;. This maxi-
mum number can be read off directly from the S-N curve. Per definition the fatigue failure
occurs when the dimensionless damage factor D reaches a value of 1. Based on the Palm-
green-Miner hypothesis, the limit state equation for the fatigue failure can be defined to be:

Z=Dyg - Ds (4)
In the context of the first building assessment the number of 0.5-10° trucks is assumed to
be the annual volume of traffic. Further the distribution of the stress differences Ag; is nee-
ded. The stress-time curve results with the relationship between the bending moment and
the stress in the tendon. In the next step the relevant information for the fatigue failure like
stress differences Ag; and associated frequency will be calculated from this curve. There-
fore the so-called counting methods, e.g. the rainflow hysteresis counting method (CLOR-

MANN et al. [8]), are used. The maximum number of alternations can be read of the S-N
curve with the stress differences determined in this way.

The probabilistic approach to fatigue failure is based on the stochastic model for the S-N
curve. An appropriate relationship between the number of stress cycles and the stress dif-
ferences can be found in MAES et al. [9]:

log N(Ao) = g(Ao)+ 0, (5)

where g(Ao) is a deterministic function of the stress range and Oy a zero mean normal ran-
dom variable. The traditional function g(Ao) is the linear respectively bilinear relationship
between log N and log Ao. The resulting relationship is:

g(Ao) =log N(Ao) = ¢, —m-log(AC) (6)

where m is an exponent, which ranges typically from 3 to 5 and ¢y, is a constant. Often the
S-N curve is made bilinear to account for the absence of fatigue failure when the stress
range Ao becomes very small.

The PALMGREN-MINER hypothesis is an empirical description of the complex mechanical
fatigue behaviour procedures and comparatively simple to handle. Therefore the dimen-
sionless damage factor D will be considered as random variable to keep the shortcoming of
the mechanical model (SPAETHE [10]) in mind.
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33 Reliability analysis and life cycle assessment

The result of the reliability analysis for the actual state is shown in Fig. 7. The figure
shows the reliability index [ for every component and for the system. The components
which are significant for the system reliability become obvious based on these results. The
strength of the concrete and the pre-stressing steel and the live load show a prevalent influ-
ence on the reliability due to the high sensitivity factors o for these parameters.

A further reliability analysis is the prognosis calculation to estimate the development of the
reliability of the structure in the future. Therefore a possible degradation and/or a change in
the load configuration of the structure are assumed. The rising amount of traffic of high-
way bridges and the related higher loading of bridges can be taken as an example. Follow-
ing the bottom-up principle, the degradation of the structure is modelled using time-
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Fig. 8. Result of the reliability analysis (prognosis)
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dependant alteration functions for the parameter affected. Due to the small change of the
material strength during the time and the high sensitivity value o for the live load in the
prognosis calculation an increase of the live load by 2 % of the initial value a year will be
assumed. This results in a time-dependent reliability index § shown in fig. 8.

The monitoring plan can now be determined with this curve. On the one hand there is the
regular inspection every 3 respectively every 6 years, on the other hand a measurement of
the traffic load will be suggested after ten years at the latest. The next step will be the reas-
sessment of the structure based on measured data and the update of the monitoring plan.
Within the first 10 years there is a sufficient safety margin between the prognosis and the
target reliability according to structural codes (e. g. Biyear = 4.7 according to EN 1990 [11]).

If the inspections show new weak points, a modification of the probabilistic model follows.
A new reliability analysis including a new prognosis calculation leads to a modification of
monitoring plan if necessary.

The durability of the concrete can be important for the structural behaviour besides to an
increase of the live load. The analysis of past damages shows the environmental influence
on the structure, e.g. steel corrosion due to chloride attack. In the future, the probabilistic
model of a bridge structure will have to consider this deterioration if necessary. Based on
the monitoring of concrete durability, first pieces of information about deviations from the
designed properties can be received. An approach to include a corrosive degradation of the
reinforcement in the reliability analysis is shown in SCHNETGOKE et al. [12]. The methods
developed in the Collaborative Research Centre 477 which enable the monitoring of the
concrete durability are described in e.g. (SCHMIDT-DOHL et al. [13]).

4 Conclusion

This article shows the application of the methods of system and reliability theory to the life
cycle assessment of civil engineering structures. On this basis the inspection, monitoring
and safety assessment of structures can be optimised. The whole procedure is summarised
in the explained framework.

The procedure is illustrated with a bridge structure. After the set up of the probabilistic
model for the structure in form of a fault tree, the modelling of the limit states for the com-
ponents is shown. With the result of the reliability analysis for the actual state and the
prognosis consequences for the further structural health monitoring process became appar-
ent.

Further research will focus on the modelling of different types of structures and extended
usage of the results from monitoring in the assessment process of structures. The integra-
tion of the methodology of the framework into the computer code PROBILAS (PRObabil-
istic Building Inspection and Life ASsessment) is one additional research topic of project
field A1 of CRC 477.

10
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Life cycle assessment of structures
based on reliability analysis
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Abstract: A modern lifetime oriented design of structures includes inspection
and monitoring strategies. Structural health monitoring guarantees that the load
bearing capacity, the serviceability and the durability of the structure remain
ensured and that the costs of rehabilitation are limited. In the collaborative re-
search centre 477 (CRC 477) at Braunschweig University of Technology
methods for the optimisation of structural health monitoring are developed. In
project field Al the possibilities of reliability-based structural health monitor-
ing are investigated. The methodology bases on a combination of recognized
procedures of system and reliability theory. In reliability analysis using the
First/Second-Order-Reliability-Method (FORM/SORM) the critical weak
points and failure paths of the structure are identified. The optimisation is
achieved when the structural health monitoring measures are concentrated on
these weak-points and failure paths. This is utilized in the knowledge-based
computer program PROBILAS (PRObabilistic Building Inspection and Life
ASsessment). The program was designed to assist engineers to plan structural
health monitoring measures for civil engineering structures. In this paper the
assessment process is explained using a bridge as an example.

1 Introduction

1.1 Motivation

The lifetime oriented design of structures includes maintenance strategies. Structural health
monitoring is essential to evaluate these strategies in such a way that the bearing capacity,
serviceability and the durability remain ensured and the costs of rehabilitation are limited.
The aim of structural health monitoring is the continuous monitoring and assessment of the
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actual state of the structure. The outcome of this is the base for the optimisation of further
measures.

In the Collaborative Research Centre 477 (CRC 477) “Life cycle assessment of structures
via innovative monitoring” funded by the German Research Council (DFG) at the Braun-
schweig University of Technology, methods for the optimisation of SHM are investigated
(see http://www.sfb477.tu-braunschweig.de). In project field Al of the CRC 477 a frame-
work for reliability-based system assessment based on data from SHM is developed. Its
main objective is the optimisation of SHM measures with the help of probabilistic meth-
ods. The methodology is able to identify relevant parameters, to weigh the critical areas
and to determine the actual safety level of a structure.

1.2 Life cycle assessment

Nowadays, the design and management of structures is becoming more and more perform-
ance orientated. Modern building management systems (BMS) are starting to combine sys-
tem assessment with regular inspections and monitoring. The proportion of probabilistic
models within BMS is increasing steadily (e.g. FABER [1]). In the USA, probabilistic mod-
els for life cycle considerations are primarily developed and tested for bridge networks
(e.g. FRANGOPOL et al. [2]), but it is only a question of time until these technologies are
applied to complex buildings as well.

In contrast to Germany, bridges in the USA are often constructed in well-proven and uni-
form configurations. Therefore, the variation of structural elements, types of deterioration
and development of deteriorations is significantly smaller than in Germany. Additionally,
the large amount of similar bridge structures provides a sufficient statistic basis to deter-
mine the leading influences on typical deteriorations (e.g. deterioration due to chloride
ingress). In this case it is possible to draw conclusions from the totality of all bridges onto
single bridges in a network (Top-down principle). In Germany, this is not possible due to a
large variety of types of constructed bridges. Here, conclusions can only be drawn from a
single structure to the totality of structures (Bottom-up principle). According to the condi-
tions in Germany, the developed frame-work concentrates on the individual assessment of
structures based on results from SHM.

2 Reliability-based life cycle assessment

2.1 Framework

The framework for reliability-based life cycle assessment bases on methods of system and
reliability theory. The main idea is that, after a thorough anamnesis of a structure, typical
weak points and failure paths are identified. The gained knowledge about the structural
system is used to formulate a probabilistic model for the whole system. This model con-
sists of limit-state equations for components of the system, information about the random
variables and other uncertain parameters and a logical model, which describes the in-
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teractions between the components. This model is evaluated in a reliability analysis with
FORM/SORM.
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Fig. 1. Structural evaluation process of the framework

With the help of the results of this analysis, further decisions concerning an inspection and
monitoring plan can be made, e.g. it is possible to identify the most significant parameters
of a model. Additionally the weak points of the structure can be weighted. The knowledge
gained can be used to derive a cost optimised monitoring plan for a continuous monitoring
process.

2.2 System reliability analysis

The analysis of the structure starts with the identification of the different sources of risk for
the structure. This information has to be translated into components and subsystems. The
relations between the components are described using logical trees, which combine causes,
intermediate events and their consequences. Two types of logical trees are used for further
analysis.

The event tree shows all consequences of an occurring event and is used to identify all re-
levant failure paths of the structure. The fault tree regards all possible causal sequences of
component and sub-system failures that lead to a system failure. The root element of the
fault tree is called “Top Event” and represents e.g. an overall system failure. The logical
dependence between the subsequent failures of components is described with the help of
logical conjunctions.

There are two basic types of conjunctions between the elements of the fault tree: the serial
system (disjunction), which fails if one of its elements fails and the parallel system (con-
junction), which fails if all of its elements fail. Real systems, in most cases, can be repre-
sented by a combination of these two types.
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For all components in a fault tree an ultimate limit state has to be defined. A limit state is
described by quantities that represent the resistance of a structure (e.g. material strength)
and by quantities, which represent the actions imposed on the structure (e.g. live load).
Then the limit state equation can be described in the form:

G=R-S (1)

The component fails, when the resistance quantity (R) is smaller than the action quantity
(S). Both quantities are functions of parameters, which are stochastic and/or uncertain and
are generally described by probability distributions. The parameters of the distributions can
either be estimated from measurements or be found in the literature, e.g. (JCSS [3]). If the
random variations of an input parameter are small, the parameter can be assumed as deter-
ministic.

For the reliability analysis the first or second order reliability method (FORM/SORM)
(DITLEVSEN et al. [4]) is utilised. In these calculations a probability of failure (py), a safety
index b (p=®(- f)) and sensitivity values (c-values) for each parameter can be determined.
The weak points (“hot spots”) of the structure can be identified with the help of the system
reliability analysis. Based on the calculated values, the failure path with the highest prob-
ability of occurrence can be found. Especially the parameters of the limit-state equations
within this failure path should be investigated further.

The first reliability analysis of the actual state of the system is carried out with values for
the parameters of the structure according to the prescriptions in the structural design. In
reality, these values may not be identical to the real values of the parameters in the struc-
ture. An example is the compression strength of concrete, which is usually higher than the
value assumed in the design calculation. Therefore, the probabilistic model of the structure
has to be calibrated prior to the further probabilistic assessment of the structure. The cali-
bration can be limited to the important and time-independent parameters identified in the
reliability analysis. Usually, random samples from the regular quality control can be used
for this purpose. With statistic tests the random samples are tested for conformity with the
values assumed in the design process. Afterwards, prior information about the parameter
and the random sample are used to compute new stochastic information about the parame-
ter using Bayesian procedures.

Beside the reliability of the actual state of the structure, a prognosis calculation will be
carried out. The difference is that in his case, the reliability index is calculated in a time-
step procedure. For each time-step, the time-dependent alteration functions are evaluated
for the mean and/or the standard deviation of each considered parameter, before the reli-
ability analysis is started. This results in a time-dependant curve of the safety index.

23 Monitoring and inspection

Based on the calculation results, a monitoring plan can be determined. It contains informa-
tion about the parameters which should be monitored, as well as monitoring, inspection
and probabilistic assessment intervals. The monitoring plan mainly depends on the capa-
bilities of sensors.
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The monitoring interval is unique for each sensor and is dependent on the phenomenon to
be monitored and its significance. For very slow processes, e.g. chloride ingress, a suitable
monitoring interval can be once or twice a year. When the deformation of a deteriorated
bridge is monitored, this is surely insufficient. In these cases the interval must be extended
to several times a day.

The monitoring interval is usually not identical to assessment and inspection intervals. The
assessment interval describes the time between two probabilistic assessments of the struc-
ture based on the monitored data. The inspection interval describes the time between regu-
lar inspections of the structure to identify new deteriorations or errors of the structure. Due
to slow degradation processes, it is not necessary to conduct a probabilistic assessment or
an inspection of the structure every time when new data is available. The ideal time inter-
vals for assessment and inspection can be defined adaptively in conjunction with the re-
sults from the prognosis calculations. In addition, new data is investigated for negative
trends in the behavior of the structure. If negative behavior of the structure is detected, an
extraordinary inspection should be carried out. If the outcome of this inspection indicates
that the probabilistic model has to be modified, a complete probabilistic re-assessment of
the structure has to take place, too. If the prognosis calculations indicate no significant
change in the reliability, an assessment and inspection interval of 2 to 3 years is sufficient.
This interval would be smaller, if the actual safety level of the structure is near to the pre-
scribed target reliability.

3 Life cycle assessment of a bridge

3.1 Bridge structure

The function of a building regarding the bearing capacity and serviceability has to be guar-
anteed over the intended lifetime without substantial loss of the usage characteristics. The
detection of safety-relevant deviations from planned properties of the structure requires an
optimised structural health monitoring process.

For illustration purposes a bridge example is used. The main focus in this article lies on the
ultimate limit states for the flexure and fatigue failure of the bridge structure. The structure
is a multi-span plate-girder bridge over two fields with two girders and a span width of 32
m for each field (Fig 1, 2). The bridge is pre-stressed with post-tensioning tendons. The
tendons have a cross-sectional area of 180 cm? per girder with normative yield strength of
1570 MN/m? and a normative ultimate strength of 1770 MN/m?. A concrete strength class
C 35 according to EN 1992 [5] was chosen in the design.
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Fig. 2. Bridge structure, elevation
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Fig. 3. Bridge structure, cross section

3.2 Probabilistic model

The risk-orientated assessment starts with a survey of possible weak points. First informa-
tion about weak points of structures can be acquired by damage analyses. These analyses
are the basis for the determination of failure scenarios. Further information about possible
weak points and failure scenarios can be derived from the structural design process. In this
example, the weak point analysis is based on the structural design.

The structural design for the bridge structure shows a high action effect in the cross section
at midspan and at the support. At these so called “failure points” the structure can fail due
to the exceeding of the flexure capacity or the fatigue capacity respectively. Further inves-
tigations will be concentrated on these failure modes. The different failure modes are
summarised in the fault tree as serial system (Fig. 4). A system effect like load redistribu-
tion is neglected. The failure of more then one component for the collapse of the system is
considered as system effect. Prior analyses of this type of a bridge showed a so-called “zip-
effect” (SCHNETGOKE et al. [6]).That means that after the failure of the first component the
redistributed load effect on the second component jumps up extensively. Therefore the
reliability of the second component decreases significantly, which results in a small influ-
ence on the system reliability.

System
Failure

.

Flexure Failure
Midspan 1

Flexure Failure
Midspan 2

Fatigue Failure
Support

Fatigue Failure
Midspan 1

Flexure Failure
Support

Fatigue Failure
Midspan 2

Fig. 4. Fault tree
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Fig. 5. distribution of the weight for a semitrailer truck

For all components in the fault tree the limit state functions have to be defined. The first
component illustrated in this chapter is the flexure failure. The flexure capacity for the
bridge section can be calculated using the equilibrium of internal forces. The associated
equation for the flexure capacity can be described as follows:
_ 1 41,
My=dfyd=ged fy 300

The resisting moment according to equation (2) will be compared with the acting moment
due to dead load and live load. The dead load results from the concrete weight of the con-
struction and the additional load (e.g. surfacing, parapet). The load effect of the live load
due to the traffic is carried out with a Monte Carlo simulation. A vehicle classification as
well as the stochastic model of the vehicle weight, axle weight, axle spacing, vehicle
length, vehicle spacing etc. is required for the simulation. In this investigation the neces-
sary input is based on the data in MERZENICH et al. [7]. A typical twin peaked bimodal dis-
tribution of the weight for a semi-trailer truck is shown in Fig. 5. This form of distribution
is typical for trucks. The first mode contains the partially loaded trucks, whereas the sec-
ond involves the fully loaded trucks. The moment-time curve is derived from the traffic
flow simulation and the influence line for the bending moment.

2)

In the next step the distribution for the bending moment will be described with an extreme-
value distribution type I (Gumbel) (Fig. 6).
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Fig. 6. Time series and distribution of the bending moment
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Beside the flexure capacity also the limit state for fatigue failure of the tendons has to be
analysed. The describing model for fatigue failure is based on the PALMGREN-MINER hy-
pothesis. This hypothesis describes the damage of the material due to alternating loads of
the construction. The damage accumulates until a critical value is reached. In the theory a
fracture occurs with the exceeding of this value. The damage progress of the tendon is de-
scribed by the dimensionless damage factor D:

n(Ao;)
- Z N(Ac)) ®)

In the equation n(Ac;) stands for the number of load cycles with the stress difference Ac;.
N(AoG;) i1s the maximum number of alternations for the stress difference Ac;. This maxi-
mum number can be read off directly from the S-N curve. Per definition the fatigue failure
occurs when the dimensionless damage factor D reaches a value of 1. Based on the Palm-
green-Miner hypothesis, the limit state equation for the fatigue failure can be defined to be:

Z=Dyg - Ds (4)
In the context of the first building assessment the number of 0.5-10° trucks is assumed to
be the annual volume of traffic. Further the distribution of the stress differences Ag; is nee-
ded. The stress-time curve results with the relationship between the bending moment and
the stress in the tendon. In the next step the relevant information for the fatigue failure like
stress differences Ag; and associated frequency will be calculated from this curve. There-
fore the so-called counting methods, e.g. the rainflow hysteresis counting method (CLOR-

MANN et al. [8]), are used. The maximum number of alternations can be read of the S-N
curve with the stress differences determined in this way.

The probabilistic approach to fatigue failure is based on the stochastic model for the S-N
curve. An appropriate relationship between the number of stress cycles and the stress dif-
ferences can be found in MAES et al. [9]:

log N(Ao) = g(Ao)+ 0, (5)

where g(Ao) is a deterministic function of the stress range and Oy a zero mean normal ran-
dom variable. The traditional function g(Ao) is the linear respectively bilinear relationship
between log N and log Ao. The resulting relationship is:

g(Ao) =log N(Ao) = ¢, —m-log(AC) (6)

where m is an exponent, which ranges typically from 3 to 5 and ¢y, is a constant. Often the
S-N curve is made bilinear to account for the absence of fatigue failure when the stress
range Ao becomes very small.

The PALMGREN-MINER hypothesis is an empirical description of the complex mechanical
fatigue behaviour procedures and comparatively simple to handle. Therefore the dimen-
sionless damage factor D will be considered as random variable to keep the shortcoming of
the mechanical model (SPAETHE [10]) in mind.
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33 Reliability analysis and life cycle assessment

The result of the reliability analysis for the actual state is shown in Fig. 7. The figure
shows the reliability index [ for every component and for the system. The components
which are significant for the system reliability become obvious based on these results. The
strength of the concrete and the pre-stressing steel and the live load show a prevalent influ-
ence on the reliability due to the high sensitivity factors o for these parameters.

A further reliability analysis is the prognosis calculation to estimate the development of the
reliability of the structure in the future. Therefore a possible degradation and/or a change in
the load configuration of the structure are assumed. The rising amount of traffic of high-
way bridges and the related higher loading of bridges can be taken as an example. Follow-
ing the bottom-up principle, the degradation of the structure is modelled using time-
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Fig. 8. Result of the reliability analysis (prognosis)
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dependant alteration functions for the parameter affected. Due to the small change of the
material strength during the time and the high sensitivity value o for the live load in the
prognosis calculation an increase of the live load by 2 % of the initial value a year will be
assumed. This results in a time-dependent reliability index § shown in fig. 8.

The monitoring plan can now be determined with this curve. On the one hand there is the
regular inspection every 3 respectively every 6 years, on the other hand a measurement of
the traffic load will be suggested after ten years at the latest. The next step will be the reas-
sessment of the structure based on measured data and the update of the monitoring plan.
Within the first 10 years there is a sufficient safety margin between the prognosis and the
target reliability according to structural codes (e. g. Biyear = 4.7 according to EN 1990 [11]).

If the inspections show new weak points, a modification of the probabilistic model follows.
A new reliability analysis including a new prognosis calculation leads to a modification of
monitoring plan if necessary.

The durability of the concrete can be important for the structural behaviour besides to an
increase of the live load. The analysis of past damages shows the environmental influence
on the structure, e.g. steel corrosion due to chloride attack. In the future, the probabilistic
model of a bridge structure will have to consider this deterioration if necessary. Based on
the monitoring of concrete durability, first pieces of information about deviations from the
designed properties can be received. An approach to include a corrosive degradation of the
reinforcement in the reliability analysis is shown in SCHNETGOKE et al. [12]. The methods
developed in the Collaborative Research Centre 477 which enable the monitoring of the
concrete durability are described in e.g. (SCHMIDT-DOHL et al. [13]).

4 Conclusion

This article shows the application of the methods of system and reliability theory to the life
cycle assessment of civil engineering structures. On this basis the inspection, monitoring
and safety assessment of structures can be optimised. The whole procedure is summarised
in the explained framework.

The procedure is illustrated with a bridge structure. After the set up of the probabilistic
model for the structure in form of a fault tree, the modelling of the limit states for the com-
ponents is shown. With the result of the reliability analysis for the actual state and the
prognosis consequences for the further structural health monitoring process became appar-
ent.

Further research will focus on the modelling of different types of structures and extended
usage of the results from monitoring in the assessment process of structures. The integra-
tion of the methodology of the framework into the computer code PROBILAS (PRObabil-
istic Building Inspection and Life ASsessment) is one additional research topic of project
field A1 of CRC 477.
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Abstract: In recent years, risk management procedures expanded into the as-
sessment of natural hazards in the European Alps. The risk assessment meth-
odology requires information on both, the natural process and the affected
damage potential. While determining hazard potential and the related probabil-
ity of occurrence of defined design events is quite sophisticated, little attention
has been given to the possible range of input parameters needed for modeling.
Furthermore, the affected damage potential has only been evaluated roughly so
far, in particular concerning temporal dynamics and vulnerability. Conse-
quently, uncertainties emerging from risk modeling techniques have only been
addressed recently. In this study, those uncertainties are discussed with respect
to the input parameters needed for the risk assessment procedure. Long-term as
well as short-term shifts in the values at risk are presented for different study
areas and on different scales. A conceptual framework for the consideration of
those changes in risk analyses for natural hazards is developed.

1 Introduction

The term natural hazard implies the occurrence of a natural condition or phenomenon
which threats disastrous to anthropogenic spheres of interest in a defined space and time'.
Natural hazards pose a threat to settlements and infrastructure in European mountain areas,

' Notwithstanding from this definition, some authors characterise the ‘natural process’ as ‘hazard’, and the
‘natural hazard’ as ‘disaster’, and argue that hazards are natural, but in general, disasters are not, and that
disasters should not be seen as inevitable outcome of a hazard’s impact (for a relatively early attempt, see
O’KEEFE et al., 1976). They stress on the conditions of people which make it possible for a hazard to become
a disaster (e.g., CANNON, 1993). This includes the extent and types of people’s vulnerability, in combination
with the technical issue of how society deals (or does not deal) with the hazard in terms of mitigation and
preparedness.
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particularly due to the relative scarceness of areas suitable for land development; e.g., in
Austria, only about 20 % of the whole area is suitable for development activities (BEV,
2006). Thus, since the outgoing 19" century, technical mitigation measures have been im-
plemented to avoid damage to assets and people. Since the late 1970s, those measures have
progressively more been supplemented by non-technical mitigation, such as land-use re-
strictions and preparedness activities in periods of increased jeopardy (e.g., evacuation).

In recent years, the method of risk management, originally derived from technical sciences,
has become a common tool to deal with natural hazards in Alpine countries (e.g.,
KIENHOLZ, 1977; KIENHOLZ et al., 1991; HOLLENSTEIN, 1997; HEINIMANN, 1998; BORTER,
1999; FucHs et al., 2001). Within the risk management framework (e.g., KIENHOLZ et al.,
2004), risk is defined as a function of probability of occurrence of a natural process and the
corresponding extent of damage (VARNES 1984), see Equation (1).

R, :f(PSi»AOj:"Oj,SiaPOj,Si) (1)
where R;;  risk, dependent on scenario i and object j
Dsi probability of scenario i

Ao;  value of objectj
voj, si  vulnerability of object j, dependent on scenario i
Poj si probability of exposure of object j to scenario i

The traditionally technical approach of risk assessment, resulting from the application of
Equation (1), is subject to inherent uncertainties resulting from the fact that the natural
system can only partly be described by stochastic or deterministic models. Those uncer-
tainties have effects on the result of risk assessment, in particular regarding the extent of
the area affected by the hazard process, and consequently on the predicted damage height.
This paper provides an overview of such uncertainties with respect to snow avalanche risk
based on case studies carried out in Davos, Switzerland (FUCHS et al., 2004). Snow ava-
lanches have caused high damage in mountain areas within the last century (e.g., EDI,
1951; SLF, 2000; JOHANNESSON and ARNALDS, 2001; JAMIESON and STETHEM, 2002;
FucHs and BRUNDL, 2005), and had been subject to comprehensive research even earlier
during the period of the penultimate turn of the century (e.g., CoAz, 1888; HEIM, 1885;
PENCK, 1912).

2 Probability of occurrence of snow avalanches

Within the risk management procedure, reliable and precise modelling is a key tool consid-
ering the area potentially affected by avalanches. A variety of models have been derived to
calculate snow avalanche motion and/or run-out distance in the past. Early attempts in
physical modelling of avalanche phenomenon (PERLA et al., 1980; VOELLMY, 1955) based
on “sliding block” descriptions had been further developed towards “continuum” models
(e.g., BARTELT et al., 1999; NETTUNO, 1996) in recent years. Apart from such deterministic
approaches for avalanche motion, empirical procedures for run-out calculation have been
developed as well (LIED and BAKKEH@I, 1980; MCCLUNG and LIED, 1987; LIED et al.,
1995). Although the use of empirical models is more immediate and involves a relatively
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low degree of subjectivity in the choice of input parameters, the information they can pro-
vide is more limited than that obtained from dynamic approaches (BARBOLINI et al., 2002).
With reference to avalanche risk assessment, empirical models can give no information
concerning impact pressures and thus potential damage. Furthermore, the return period of
an avalanche event is not considered because the models had been developed for one spe-
cific frequency class (typically “extreme” events). Conversely, dynamical models allow for
a wide range of information on the avalanche event (velocity, impact pressure, shape of the
deposit). Moreover, the deterministic nature of such an approach guarantees the reproduc-
tion of a specific avalanche event, once certain initial and boundary conditions and model
parameters have been fixed (BARBOLINI et al., 2002). This opens the possibility of simulat-
ing events with different return periods, and therefore to deal with avalanche risk assess-
ment, correlating the frequency of the avalanche with its potential degree of damage.
However, the substantial degree of uncertainty in the definition of either initial conditions
(release area and release depth) and model parameters (friction coefficients) represent one
of the main weakness still connected with the use of dynamical models in practical applica-
tions. Thus, because land-use planning decisions rely on the calculated avalanche run-out
distances, these modelling uncertainties could have large effects on the risk assessment
procedure.

Within the present study, a case study related to the long-term development of risk has
been carried out in Davos, Switzerland (FUCHS et al., 2005). Methodologically, the areas
affected by avalanches were deduced using the incident cadastre of former events, the le-
gally valid hazard maps, and the avalanche models AVAL1-D. AVAL-1D is a one-
dimensional avalanche dynamics program that predicts run-out distances, flow velocities
and impact pressure of both flowing and powder snow avalanches. Calibrated depth-
average continuum models are used to track the motion of the avalanches from initiation to
run-out. AVAL-1D consists of two computational modules for dense flow avalanches and
powder snow avalanches. These modules solve the governing equations of mass, energy
and momentum balance using a finite difference scheme (CHRISTEN et al., 2002). The
dense flow simulation model employs a “Voellmy-fluid” flow law. This law assumes that
the shear strains in the flow body are small and that the flow resistance, given by a dry-
Coulomb type friction () and a velocity squared friction (§), is concentrated at the base of
the avalanche. The magnitude of these two friction parameters is based on extensive model
calibration (BARTELT et al., 1999) as well as observed field events. The powder snow
simulation follows Norem’s description of powder flow avalanche formation and structure
(NOREM, 1995). The model consists of a suspension layer and a saltation layer, mass and
momentum exchange between those two layers being determined by particle settling, tur-
bulent diffusion against the concentration gradient, and aerodynamic shear forces
(CHRISTEN et al., 2002). The net erosion or deposition rate is a function of the kinetic en-
ergy of the impacting forces. More details about the model and its validation are described
in ISSLER (1998) and FORSTER (2000).

During the sets of calculation, the run out zones of 30-year and 300-year avalanche scenar-
10s were determined for the community of Davos. In doing so, the release conditions un-
certainties resulting from the combination of input parameters were considered following a
procedure outlined in BARBOLINI et al. (2002). Thus, based upon a 95 % confidence inter-
val, the run out length of the 30-year events varied + 20 m and the run out length of the
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300-year events varied + 30 m, which resulted in significant effects on the affected values
at risk.

3 Values at risk

For those avalanche scenarios, the values at risk were obtained analysing the zoning plan
with respect to location and perimeter of every building. Additional information, such as
building type, year of construction and replacement value?®, as well as the number of resi-
dents was provided by the official authorities and the mandatory building insurer, and was
joint using a GIS. The number of endangered tourists was derived using the number of
beds within endangered hotels and guest houses and the respective degree of utilisation.

A general shift in damage potential resulted from the development of the study area from a
traditionally agricultural society towards a tourism centre within the 20" century. This de-
velopment could be evaluated since the year 1950, using decadal study periods, and pro-
vided a general idea about the development of assets in endangered areas. This approach
mainly focused on the development of values in areas endangered by avalanches, such as
the number and value of buildings, or the number of persons inhabiting those buildings.

A second development of damage potential, particularly focusing on mobile values and
intangible assets, is based on a seasonal and diurnal assessment of variations in damage
potential. This approach had also been applied related to the number of tourists staying
temporally at a specific endangered location.

3.1 Long-term development of values at risk

Regarding the long-term development in numbers and values of endangered buildings, a
significant increase could be proven for the period between 1950 and 2000 (FUCHS et al.,
2004, 2005). The total number of buildings has almost tripled, from 161 in 1950 to 462 in
2000 (Fig. 1). This increase was due to the shift from 51 to 256 in the category of residen-
tial buildings, while in the other categories the number of buildings was approximately
unchanging. A significant increase in number dated back in the 1960s and 1970s before the
legally binding hazard map came into force. The total value of buildings increased by a
factor of almost four. In 1950, the total sum of buildings was € 240 million and in 2000,
the total sum was € 930 million. In 1950, the proportion of residential buildings was less
than 15 %, compared to the total amount of endangered buildings. Until 2000, this ratio
changed to almost 50 %. Regarding the category of hotels and guest houses as well as the

? Regarding the discussion of market values versus reconstruction costs, see FUCHS and MCALPIN (2005) and
FUCHS et al. (2006a): The first choice for revealing the societal preferences toward buildings would be the
market price. However, since it is the philosophy of mandatory building insurers like in Switzerland to un-
derwrite the risk due to the replacement value to be able to compensate for an eventual total loss and to en-
able a replacement of the damaged building at any time, it does make sense to use the replacement value
within this study, neglecting any risk-dependent change in the demand within the real estate market. Fur-
thermore, this value serves as a basis for the expressed preferences of the societal accepted value of protec-
tion against natural hazards.
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category of special risks, nearly no increase in value could be observed. However, those
categories showed a higher average value per building than residential buildings. The
number of endangered permanent residential population increased slightly. In 1950, a
population of 1,098 persons was exposed to avalanche hazards, until 2000 this value in-
creased to 1,137 persons. This is a relatively moderate increase of 3.6 %, compared to the
increase in tangible assets. If the classification into different building functions is carried
out, this increase turned out to be larger. In residential buildings, 673 persons were con-
cerned in 1950 and 1,116 in 2000, which is an increase of two thirds.
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Fig. 1: Development of values at risk in Davos, Switzerland related to the respective ava-
lanche-prone areas, subdivided in decades and building categories. In the left bar
plot, information on the number of affected buildings is given, while on the right
bar plot the respective reconstruction value is presented.

3.2 Short-term development of values at risk

Parallel to the long-term increases described in the previous section, remarkable short-term
variations of persons at risk are detectable in mountain areas. Those variations could be
determined on seasonal, weekly and hourly resolution, and are exemplarily presented using
results from a case study carried out in Galtiir, Austria (KEILER et al., 2005). This work
complemented the studies in Davos with respect to rapid changes in avalanche risk, and
had shown considerable similarities between mountain communities featuring different
historical roots.

Between 1950 and 2000, the total number of endangered persons fluctuated by a factor of
almost six, however, strong variations could be observed during the winter season as well
as in daytime (Fig. 2). The seasonal fluctuation was characterised by a strongly increasing
number of tourists at Christmas time and the Easter travel season. The end of the winter
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season was highlighted by a sharp decrease in the number of persons to nearly the amount
of the permanent population. Considering the diurnal fluctuation, the weekly structure
could be easily followed. From the beginning of the winter season on, these patterns were
overlapped by general movements of the tourists during daytime. The number of persons
varied by a factor of 1.4 between minimum and maximum in the off-season, and by a fac-
tor of 3.4 in the period of the main season. These changes could occur extremely rapid
within one or two hours.
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Fig. 2: Monthly, weekly, and diurnal fluctuations of the number of exposed persons in the
study area of Galtiir, Austria (KEILER et al., 2005, with permission).

33 Multi-temporal development of values at risk

As presented in the previous sections, the development of values at risk due to socioeco-
nomic transformation in the European Alps varies remarkably on different temporal levels.
Long-term changes and short-term fluctuations have to be considered when evaluating risk
resulting from natural hazards.

Long-term changes in values at risk could be considered as basic disposition. To reduce the
risk resulting from this basic disposition, permanent constructive mitigation measures
could be constructed and land-use regulations implemented. As a consequence, the basic
risk could be reduced due to a spatial reduction of the process area. As pointed out in
(FucHs et al., 2004) for the study area of Davos, the risk due to snow avalanches decreased
fundamentally since the 1950s, even if the values at risk increased in the municipality. This
development could be mainly attributed to the construction of permanent mitigation meas-
ures, and is strongly related to immobile values. Similar results were obtained for the study
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area Galtiir (KEILER et al., 2006). However, extraordinary losses could be estimated if rare
events with severe effects occur, since the delimitation of the respective process areas is
based on defined design events. This problem emerged during the avalanche winter 1999
in Switzerland (SLF, 2000) and Austria.

Short-term fluctuations in damage potential supplement this continuing development of
damage potential within a specific range. Thus, they have to be considered as variable dis-
position. To mitigate those fluctuations, temporal measures could be applied, such as
evacuations or temporary road closures.

Long-term as well as short-term variations in damage potential should be implemented into
risk management approaches. In Fig. 3, the significance for a consideration of variable as
well as basic damage potential is presented. As shown in example a) the event will not hit
any values at risk, and thus, the level of risk reduction is sufficient. In example b), due to
high amounts of variable values at risk, damage will occur. As a result, temporal mitigation
strategies could reduce the variable damage potential until a critical level. In example c),
basic and variable values at risk are affected by a process. Thus, temporal measures are no
more sufficient enough for an effective risk reduction. These examples clearly indicate the
strong need for an incorporation of dynamic assessments of damage potential in commu-
nity risk management strategies.

Furthermore, since the socioeconomic development differs within Alpine regions, studies
on the long-term behaviour of values at risk contribute to the ongoing discussion of passive
and active developing regions and suburbanisation (FUCHS and BRUNDL, 2005). However,
if a potentially dangerous natural event will occur, it depends on the actual amount of val-
ues at risk (basic and variable disposition) within the process area whether or not damage
will be triggered.
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. 3: Schematic description of the concept of basic (long-term) and variable (short-term)
damage potential and the relation to triggering events.
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4 Vulnerability

The term vulnerability is used in hazard and risk management in a large number of ways.
Without controversy, vulnerability is related to the consequences of a natural hazard.
Those consequences are generally measured in terms of damage or losses, either on a met-
ric scale (e.g., as monetary unit), or on a non-numerical scale based on social values or
perceptions and evaluations. This is not necessarily a matter of ambiguity or semantic drift,
but disciplinary focus. Essentially, these different uses have invisible, implied adjectives
preceding them, hence structural engineering vulnerability, lifeline infrastructural vulner-
ability, communications system vulnerability, macro-economic vulnerability, regional eco-
nomic vulnerability, commercial vulnerability (including insurance exposure), and social
vulnerability (WISNER et al., 2004). Consequently, two diverse perspectives on the concept
of vulnerability exist; (1) the perspective from social science and (2) the perspective from
natural science.

From social sciences’ perspective, there are no unique definitions of vulnerability
(CUTTER, 1996). Approaches not only differ between several degrees of voluntariness
when dealing with natural hazards, but also consider individual as well as social influ-
ences, filtered by certain conditions that determine an individual’s perception of risk. De-
pending on various guiding elements such as probability of occurrence, extent of damage,
perception, uncertainty, ubiquity, persistence, reversibility, time delay, and mobilisation
potential (GERMAN ADVISORY COUNCIL ON GLOBAL CHANGE, 1998), vulnerability is sub-
ject to considerable changes.

From a natural science perspective, vulnerability is usually considered as a function of a
given intensity of a process, and is defined as the expected degree of loss for an element at
risk as a consequence of a certain event (VARNES, 1984; FELL, 1994). The vulnerability
value ranges generally between 0 (no damage) to 1 (complete destruction). Its assessment
involves in many cases the evaluation of several different parameters and factors such as
building materials and techniques, state of conservation, presence of protection structures,
presence of warning systems and so on (FELL, 1994; FELL and HARTFORD, 1997). On the
process side, parameters such as the process intensity have to be analysed, usually by map-
ping the geomorphologic disposition and previous events, and/or modelling (defined de-
sign) events. However, with respect to avalanches, it has recently been claimed that
standardised approaches to evaluate the impacts to buildings are still missing
(HOLLENSTEIN et al., 2002).

BARBOLINI et al. (2004) proposed an empirical vulnerability relation for alpine buildings
based on the studies of JONASSON et al. (1999) and KEYLOCK and BARBOLINI (2001).
Knowing the degree of damage and the deduced specific loss of the buildings, the vulner-
ability function was analysed for five impact pressure ranges (BARBOLINI et al., 2004).
However, heterogeneous construction methods of buildings in alpine countries as well as
socio-economic changes have not been sufficiently addressed in the study of BARBOLINI et
al. (2004), an issue that is very important in the vulnerability analysis, particularly for a
temporal approach of avalanche risk assessment.
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To partially close this gap, KEILER et al. (2006) applied an empirical approach outlined in
WILHELM (1997) to determine vulnerability functions for different construction types of
buildings (building categories) related to avalanche pressure (Fig. 4). The susceptibility of
loss to the building categories is partly based on the analyses of destroyed buildings during
the avalanche winter 1954 in Vorarlberg, Austria, by VOELLMY (1955). WILHELM (1997),
and accordingly BORTER (1999) differentiate between four vulnerability thresholds (see
Fig. 4):

« The general damage level (p,) corresponds to an avalanche pressure of 2—-3 kPa and
causes mentionable damage (estimated at 3 %), such as destroyed windows and
doors.

« The specific damage level (p,;) is the consequence of an avalanche impact pressure
that inflicts damage on the building structure. Thus, each building category has a
different specific damage level due to its different construction type.

« The destruction level (p,;) describes the avalanche pressure that can produce maxi-
mum loss within each building category.

o The detach limit (p,;) of each building category describes a damage threshold below
the destruction level, but demolition and reconstruction of the buildings is neces-
sary. Therefore, maximum loss is postulated for a degree of susceptibility to loss of
50 % and more because additional costs arise for the demolition and reconstruction
that can add up to the maximum loss.

However, since the construction type of buildings has typically to be identified by field
studies, this procedure is very time-consuming and thus costly. Furthermore, the effects of
avalanches in the run-out area is not yet completely known®, consequently, modelled im-
pact pressures can only be a rough estimate of the real system behaviour. There were ex-
amples where an avalanche destroyed a building situated perpendicular to the avalanche
axis (e.g., in the hamlet of Valzur, Paznaun, Austria, in February 1999), but there were
cases where such a building was able to stop such an avalanche completely (e.g., in the
village of Airolo, Ticino, Switzerland, February 1951). To conclude, the vulnerability
component of risk analysis is still poorly specified, mainly due to a lack of intensive ex-
perimental or observational data.

? Future research concerning the behaviour of avalanches in the run-out areas is needed, in particular related
to the structure of buildings. Buildings can have similar effects on avalanches as avalanche retarding mounds.
Thus, due to a shift in the building pattern within the accumulation area, buildings oriented towards the val-
ley bottom tend to result in smaller risk than buildings that are located closer towards the transit area. Inde-
pendent from the related political implications and the associated impacts on land-use planning, further
studies on this effect should be carried out due to the probable reduction of the run-out areas and, as a conse-
quence, the resulting risk.
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Fig. 4: Degree of possible loss as a function of avalanche impact pressure and vulnerability
of buildings, the latter varies due to the material used for construction (building
categories). Building categories: 1 = lightweight construction, 2 = mixed construc-
tion, 3 = massive construction, 4 = concrete (reinforced) construction, 5 = rein-
forced construction. Limiting values: p, = damage level, p,; = specific damage
level, p,; = detach limit, p,; = destruction level, p = avalanche pressure [kPa] (modi-
fied according to WILHELM, 1997:72).

5 Discussion and Conclusions

Natural hazard risk management is subject to a range of uncertainties which have to be
taken into account. Regarding the probability of occurrence ps;, uncertainties resulting
from avalanche modelling have to be considered. In addition to some basic limitations that
occur when using models, the major uncertainties result from the use of the input parame-
ters. As outlined in BARBOLINI et al. (2002), data related to the fracture depth and the po-
tential extent of the release area is concerned, in addition to the length and angle of the
accumulation area in consequence of topographic conditions. As a result, the range result-
ing from these uncertainties within the avalanche run-out areas was calculated regarding
the variations outlined in section 2. This procedure caused a wide range of results which
traced back to the high concentration of assets in the study area (see Fig. 5); and repre-
sented the typical problems when dealing with design events in the area of risk analyses
resulting from alpine natural hazards.

In the year 1950, 83 buildings with a total replacement value of approximately € 107.6
million had been located inside the run-out areas affected by the 30-year avalanche scenar-
i0s. In the year 2000, 33 buildings with a replacement value of € 19.3 million were situated
inside the areas affected by a 30-year avalanche, which is nearly 40 % in number and 18 %
in value of the 1950s calculation. The endangered residential population amounted to 591
persons living in the areas of a 30-year avalanche run-out zone in 1950. In 2000, in conse-
quence of the construction of permanent mitigation measures, 87 residents remained ex-
posed, which is an 85 % reduction. However, the range of these results was considerable:

10
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Inside the areas of a 30-year avalanche event, the number of buildings scattered almost
25 % in number and value for the scenario 1950 and 50 % for the scenario 2000. Concern-
ing residential population, the values ranged from + 20 % for the scenario 1950 to a re-
markable factor of around 450 % for the scenario 2000. Compared to the results of the
300-year avalanche scenarios, those values were relatively small.

Even if the number of buildings affected by the 300-year scenarios has decreased from 161
to 125, the upper limit decreased only from 178 to 174. Thus it could be deduced that when
interpreting the scenarios adversarial (accumulation length of the avalanche +30 m), no
fundamental shift in the risk occurred in spite of the construction of mitigation measures.
Concerning the values of endangered buildings it becomes apparent that the upper limit of
the scenariosgg (€ 162.2 million) is near to the lower limit of the scenariojgso (€ 172.3 mil-
lion), which is far below the development of the precise scenario. Using the results of the
exact scenario, nearly a bisection of the endangered building values is detectable, from
€ 239.4 million to € 121.7 million. The average number of persons (residential population),
which was 2.4 per dwelling, might be an upper limit in the category of vacation homes in
the area under investigation. However, more exact data related to vacation homes are miss-
ing in the official statistics. Comparing scenariojosp to scenariozgg, the number of endan-
gered persons increased from 1,098 to 1,137 persons. Considering the minimum values
(accumulation length of the 300-year scenario — 30 m), this value decreased from 832 to
636 persons. Considering the maximum values (accumulation length of the 300-year sce-
nario + 30 m), nearly a doubling is detectable from 1,156 to 1,971 persons. Particularly in
the category of endangered persons it becomes evident that the range of the scenarios is
higher than the difference between the scenario under consideration of mitigation measures
and the scenario without mitigation measures.

As shown in the previous section, short-term fluctuations in damage potential might lead to
a temporal increase in risk, resulting from a modified recreational behaviour within the
society. Until now, there is a particular lack in information related to short-term fluctua-
tions of values at risk. In contrast to the immobile damage potential (buildings and infra-
structure, etc.), persons and mobile values can either leave or be removed out of hazard-
prone areas in case of dangerous situations. For developing efficient and effective evacua-
tion and emergency plans, information on numbers of persons and mobile values as well as
their location and movements in the area is needed. In consequence, permanent mitigation
structures could be complemented by temporal measures to achieve an efficient and effec-
tive risk reduction.

If uncertainties in the vulnerability of objects would have been included within this study,
the ranges would have been considerably higher. However, until now, there is no reliable
methodology to account for such values within the risk management procedure. Thus, ex-
pressions regarding the range of uncertainty in natural hazard risk management will rather
increase than decrease in the future. Possible improvements could be achieved applying the
promising approach by GRET-REGAMEY and STRAUB*, however, large uncertainties will

* GRET-REGAMEY and STRAUB, Integrating Bayesian networks into a GIS for avalanche risk assessment, this
issue; and GRET-REGAMEY and STRAUB, Spatially explicit avalanche risk assessment linking Bayesian net-
works to a GIS, Natural Hazards and Earth System Sciences, forthcoming.
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remain in a sustainable dealing with natural hazards in mountain areas. Until now, the spa-
tial planning authorities need to have a precise boundary to draw the outline of endangered
areas not or only to a certain extent appropriate for land development. Consequently, a
dichotomy arises between the (scientifically) accurate and precise delimitation of areas
endangered by natural hazards including confidence intervals, and the practical require-
ments emerging from the implementation of legal requirements (FUCHS et al., 2006b).
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Fig. 5: Scenariojgso and scenarioygg related to a 30-year and a 300-year avalanche event
and presentation of the associated uncertainties following the suggestions outlined
in BARBOLINI et al. (2002). Modified from FUCHS et al. (2005, with permission).

Information on the temporal variability of values at risk both from a long-term as well as
from a short-term point of view provide in combination with process knowledge provides
the basis for dynamic risk visualisation. Such information may help to recognise high-risk
situations more easily and enables a situation-oriented and risk-based decision-making
(e.g., ZISCHG et al., 2004; SCHWAB et al., 2005; ZISCHG et al., 2005). Apart from the dam-
age potential, risk analyses are based on the concept of recurrence intervals of hazard proc-
esses. If due to ‘global change’-processes those defined design events have to be exceeded,
the remarkable increase of values at risk would result in a significant shift in monetary
losses (and presumably fatalities). First results on risk associated with torrent hazards sug-
gest an increase in the probabilities of the design events in the Alpine region, however,
these results still need some additional analyses to be verified, and are subject to ongoing
research.

To conclude, risk analyses concerning natural hazards should be carried out with respect to
a dynamic change of input parameters, particularly with respect to exposed values at risk.
This is essential for efficient disaster risk reduction and contributes to the concept of resil-
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ience as part of proactive adaptation. Regarding snow avalanches in the European Alps, the
most important input parameter is the temporal variability of damage potential, since the
natural avalanche activity did not vary substantially during the past decades (LATERNSER
and SCHNEEBELI, 2002). Thus, future research is needed to quantify the impact of modifi-
cations in damage potential on (1) the result of risk analyses, (2) the assessment of risk in
the cycle of integrated risk management, (3) the adjustment of coping strategies, and (4)
the perception of risk by all parties involved, including policy makers.

The latter is the most crucial issue in Europe, since until now, dealing with natural hazards
is based on mono-disciplinary approaches. In Austria, the forest law of 1975 restricts all
hazards planning to forestry engineers (REPUBLIK OSTERREICH, 1976, 2004), in France,
experts responsible for these issues are predominantly geologists (STOTTER et al., 1999),
while in Italy, the requirement for those specialists is a PhD in agriculture or a master’s
degree in forestry or geology (AUTONOME PROVINZ TRENTINO-SUDTIROL, 1998). However,
since risk resulting from natural hazards is a subject matter affecting life and economy
within the whole society, multiple stakeholders’ interests have to be considered when miti-
gation measures and coping strategies are developed and decisions are made. Thus, there is
a particular need to involve (1) economists with respect to an efficient and effective use of
public expenditures, (2) social scientists with respect to both, society’s risk perception and
an enhanced risk communication, (3) geographers and land-use planners as well as (4) all
other disciplines representing any other party involved.
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Abstract: Considering the significant monetary losses associated with avalanche
disasters, it is crucial that decisions made in regard to hazard mitigation are based on
a consistent assessment of the risks. This in turn necessitates a proper assessment of
the uncertainties involved in the modeling of the avalanche frequencies and intensi-
ties, the possible avalanche extent, as well as the estimations of the damage potential.
In this study, we link a BAYES’ian network to a Geographic Information System for
avalanche risk assessment. We identify the major sources of uncertainty and show
the potential of BAYES’ian inference techniques to improve the avalanche model us-
ing observed data. The probabilistic model, which consistently incorporates available
information, can serve as a basis for spatial risk assessment. It is implemented here in
a test area in the Swiss Alps.

1 Introduction

Economical damages from natural hazards are on the rise (MunicheRe, 2006). In moun-
tainous areas such as the Swiss Alps, costs associated with damages due to snow ava-
lanches and floods have grown exponentially in the last decade. In order to deal with these
expenditures, decision makers are recognizing the need for a risk-based strategy, which
explicitly addresses the involved uncertainties together with the consequences of such
events (PLANAT, 2004). This type of strategy requires, on one hand, a probabilistic ava-
lanche hazard model, which includes all available information on the physical processes
and the observations of past events, on the other hand, a risk assessment procedure, which
combines the available observational information and expert opinions.

Probabilistic approaches to avalanche hazard are not new (HARBITZ et al., 2001;
BARBOLINI et al., 2002, 2003; ANCEY, 2004, 2005). These studies use observations to ei-
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ther estimate release probability and/or the parameters of the dynamic avalanche models.
ANCEY (2005) applies BAYES’ian inference, but only to investigate the dependency of the
friction parameters in the dynamic avalanche model on the avalanche volume. To our
knowledge, BAYES’ian inference has never been used to update both uncertainties in the
release and the flow process based on avalanche observations.

In order to facilitate the explicit modeling of uncertainties in risk assessment procedures,
several authors (e.g. FRIIS-HANSER, 2000; FABER et al., 2002) suggest the use of
BAYES’ian Networks (BN). There are only few reported applications of BN in the field of
natural hazards (e.g. AMENDOLA et al., 2000; ANTONUCCI et al., 2003; HINCKS et al., 2004;
BAYRAKTARLI et al., 2005; STRAUB, 2005). All these studies, however, do not estimate risk
in a spatially explicit manner, which is essential for land-use planning. Geographic Infor-
mation Systems (GIS) have the capacity to incorporate the complexities of spatial dimen-
sion within such analyses. A large number of GIS applications for natural hazards have
been developed (e.g., WADGE et al., 1993; CARRARA and GUZZETTI 1995, CHEN et al.,
2003; BELL and GLADE, 2004). However, until now, in spite of the recognized uncertain-
ties in spatial models and data, we are only aware of one previous attempt at considering
the output of GIS in probabilistic terms (STASSOPOULOU et al.,1998).

It is thus the aim of this study to (1) develop a probabilistic avalanche hazard model (2) to
integrate this probabilistic hazard model into a BN linked to a GIS (3) to show, how
BAYES’ian inference modify the risk assessment results. We illustrate the approach by as-
sessing the risk of avalanches in a run-out zone located in the municipality of Davos (Swit-
zerland). This paper links the findings of two previous studies (STRAUB and GRET-
REGAMEY, 2006; GRET-REGAMEY and STRAUB, 2006).

2 Method

2.1 BAYES’ian probabilistic avalanche hazard model

We apply a state-of-the-art two-dimensional dynamic simulation model, the AVAL-2D,
used in Switzerland for avalanche prediction and hazard zoning (GRUBER, 1999;
MAGGIONI and GRUBER, 2003). The avalanche process can be divided into the release
process and the dynamic avalanche flow. Both parts are associated with uncertainties,
which must explicitly be addressed.

In the AVAL-2D, the avalanche release process is represented by the annual maximum
detached snow volume, described by the area A, and the snow depth H of the detached
snow mass. We focus on five release scenarios (79, 730, 7100, and r3gpg) with different return
periods (R); typical values of the return periods are 10 years, 30 years, 100 years, and 300
years. Representative values for the size of the release areas and the snow depths under
these release scenarios are based on calibration of the model at different sites (U. GRUBER,
pers. communication 11/2005, SLF). We introduce a sixth scenario, r;, with an annual ex-
ceedance frequency equal to 1, which is assumed to correspond to no avalanche, as ava-
lanches that occur every year will not lead to damages in the built environment. In order to
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include both the uncertainty related to the type of release scenario and its probability of
occurrence, we determine different alternative exceedance probability curves for each re-
turn period (®r). The probability of r; is represented by a separate random variable @, as
the probability of occurrence of the nil-scenario is dependent on the definition of a relevant
avalanche. The annual probability of any release scenario », conditional on ¢ and &,, is

written as p Roe (r) and following the total probability theorem, the unconditional annual

probability is:
Pe(r) =222 Pus 0 (") Po,0 (6r:)
D 0

where pg o, (6;,9) is the joint probability of ©, =6, and ® =¢.

The AVAL-2D calculates flow resistance at the base of the avalanche using two parame-
ters: the dry-Coulomb type friction («) and a velocity squared friction (). In this study, the
parameter u is modeled probabilistically, while the parameter ¢ is modeled as a determinis-
tic parameter, with different values for slope angles, topographical classifications, and sur-
faces. As the parameter u depends on different topographical classifications, we identify
nine different parameter scenarios for 0, . 6,9, corresponding to a set of values for .

In summary, the input parameters to the AVAL-2D are a set of four random variables

0= {@ 2P, R0 #}. The dynamic avalanche model itself can be interpreted as a determi-

nistic function fay,, which, for given values of @, gives the annual maximum pressure P
for any spatial coordinate u on a 5m x 5m raster as:

P(u,0)=f,,, (u,0)+ec(u)

Because the model is only a simplified representation of reality and because some of
the deterministic input parameters of the model are actually uncertain, we consider
the additive error term ¢ in the formulation for P.

2.2 Spatially explicit risk assessment using BAYES’ian Networks

We organize the risk assessment procedure including the probabilistic avalanche model in
the form of a BN as suggested by STRAUB (2005). BN are directed acyclic graph, where
the nodes correspond to the random variables and the arcs represent the dependency struc-
ture of the problem, see PEARL (1988) and JENSEN (2001) for a comprehensive summary.
Figure 1 shows the a-priori probabilistic avalanche risk assessment model represented by a
BN. A detailed description of the data and sources of the variables used in the BN are pro-
vided in GRET-REGAMEY and STRAUB (2006).
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Fig. 1: BAYES’ian network of avalanche risk assessment with the a-priori probabilistic ava-
lanche model.

In order to estimate the risk on a cell basis, we integrate the BN created in the Hugin envi-
ronment into ArcGIS 9.3 (ESRI, 2000). The input nodes of the BN are initialized with val-
ues provided by spatially explicit datasets such as location and type of buildings. A digital
elevation model provides information used in the AVAL-2D to calculate values used as
evidence for the conditional probability tables of the “friction parameter” and the “pres-
sure” nodes. The main output of the BN is thus the annual risk for each cell expressed in
monetary terms, which includes not only costs of damaged building, but also costs associ-
ated with damaged contents, infrastructure, and societal losses.

2.3 Updating the avalanche model with BAYES’ian inference

BAYES’ theorem allows for updating a prior probabilistic model with observations of the
process under consideration. Finding the conditional distribution of a subset of the vari-
ables, conditional on know values for some other subset (the evidence) is the goal of infer-
ence. Here, we update the prior probabilistic model of the set of variables ®, represented
through the joint probability mass function of ®, with observations related to the extent of
past avalanches (q). The observations of avalanches are considered one-dimensionally
along the avalanche path and were obtained from the winter reports 1950 to 2003 (unpub-
lished data, SLF Davos, Switzerland). A threshold is introduced on the observations of the
run-out distance. Observations, which are considered to correspond to a return period
lower than 10 years are introduced in the analysis only through the information that the
run-out distance was lower than the threshold. This threshold was chosen in the example as
1300m, which is lower than the lowest calculated run-out distance for the r;y scenario.
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STRAUB and GRET-REGAMEY (2006) perform a sensitivity study to check the appropriate-
ness of this choice.

The choice of the prior probability mass functions for the set of variables ®, Og, and ®,
and the impact of this choice on the updating procedure is discussed in details in STRAUB
and GRET-REGAMEY (2006).

In the posterior model, the updated variables®,, ® and R may be collapsed into the sin-
gle variable R . The posterior model is then fully described by the two parameters ©, and

R .As derived in details in STRAUB and GRET-REGAMEY (2006). The posterior joint prob-
ability mass function is calculated as

Pre,jq (r, 9#) = @Z;pR\HR,(/) (