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Guest lecture 
Foundation Engineering For Gravity Structures In 
The Northern North Sea 
Ove Eide 

Chief Engineer, Norwegian Geotechnical Institute, Oslo, Norway 

Knut H. Andersen 
Head, Analysis Group, Norwegian Geotechnical Institute, Oslo, Norway 

SYNOPSIS During the past 10 years, 15 gravity structures have been installed in the northern North 
Sea. As new gravity structures are being designed for installation on softer soils and at greater 
depths, they still pose a great challenge to soil mechanics and foundation engineering. Great 
improvements have been made during the 10-year period. This applies to soil investigations, in-situ 
measurements, undisturbed sampling, laboratory testing and design analyses. Compared to structures 
on land, offshore gravity structures are characterised by large foundation areas, the installation 
method, and the cyclic wave loading state. The paper reviews investigation methods, site and soil 
conditions, construction principles, instrumentation and installation. The main emphasis , however, 
is given to current foundation design practice and experiences from full scale measurements. 

INTRODUCTION 

Exploratory drilling for oil and gas on the 
Norwegian Continental Shelf started in 1966, and 
the first commercial discovery was made in 1968 
in the Ekofisk area. Oil production started 
here in 1971 from the jack-up platform Gulftide. 

Oil and gas fields in the northern North Sea are 
shown in Fig. 1, and the different continental 
shelfs around Norway are shown in Fig. 2. 
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Fig. 1. Oil and gas fields in the northern 
North Sea. 
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Reserves discovered and produ&tion in the 
Norwegian sector south of 62 are shown in 
Fig . 3. 

The Ekofisk oil storage tank, Fig. 4, the first 
concrete structure to be placed in the northern 
North Sea, was ordered by Phillips Petroleum 
Company in May 1971 from the main contractor 
e.G. Doris (Marion, 1974) . Construction work 
was carried out ·in Stavanger, Norway, by the 
contractors Selmer and H0yer Ellefsen, who later 
formed the company Norwegian Contractors 
together with Furuholmen. 

The purpose of the tank was to store oil during 
bad weather conditions when offshore loading to 
a tanker was prohibited, and before the pipeline 
to shore had been layed . The capacity of t~e 
tank is one million barrels, i.e . 160 000 m , 
corresponding to three days production. During 
storage, oil replaces sea water . The water is 
cleaned before it i s pumped into sea again. 

This pioneering work with concrete opened up the 
prospect of building concrete gravity platforms 
in the North Sea , and a great number of platform 
concepts were developed , at least 20 (New Civil 
Engineer special feature, 1973). 
Back in 1973 prognoses indicated that as many as 
80 concrete platforms may be required in the 
next 20 years . This is certainly not the case, 
but in Norway concrete platforms have been con
tinuously under construction since 1973,and it 
looks as though this will continue for many 
years to come . 

Mrd.t.o.l 

Expected tot•l ncovenllle reserves 

4.0 Proven end low risk re11rves 

2.7 Preven reserv11 

1.1 Reserves in fields with 
epprovtd denlop1111nt 
IJIIRI 

0.21 Quantity 
pred•ced by 
1.1.13 

. 3. Reserves discovered and producti~n in 
t he Norwegian sector south of 62 • 

The fixed offshore platforms may serve severa: 
different purposes, i.e. drilling, production 
and providing living quarters, and sometimes 
also oil storage. Loading into a tanker usua: 
takes place from a separate loading buoy if tl 
platform is not connected to a pipeline. 

SECTION I-I 

Fig. 4. The Ekofisk oil s t o rage t ank • 
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One reason for utilizing fixed platforms for oil 
and gas production in the North Sea is the great 
depth to the reservoirs, usually 3000 to 5000 m. 

By2diverting the wells, a very large area (many 
km ) can be covered from one platform location, 
as illustrated in Fig. 5. 

The structure of a typical North Sea oil well is 
shown in Fig. 6. 

The potential advantages of concrete gravity 
platforms compared to traditional steel jackets 
may be listed as follows: 

• The structure can be completed near shore in 
calm waters and the deck and all fittings 
installed. 

• There is a short installation period and 
limited risk during installation. 

• The concrete will gain strength with time, and 
has few corrosion and fatigue problems, and 
consequently there will be less need for 
inspection. 

• Conductors and risers are protected in 
concrete shafts. 

• There is potential oil storage capacity with 
small additional cost. 

Fig. 5. Diversion of wells to deep reservoirs. 
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Costs are certainly a major competitive aspect, 
and the first concrete platforms were less 
expensive than steel jackets. This has, 
however, been evened out by improvements in the 
steel jackets, increased capacity of pile 
driving equipment and crane barges. The cost 
of the concrete structure or the jacket itself 
is, however, less than 10% of the total cost of 
the platform investment, which may be of the 
order of u.s. $ 2 billion. 

Up to 1983, 13 concrete and 1 steel gravity 
drilling and production platform have been in
stalled in addition to the Ekofisk tank, as 
listed in Table I. 

Figure 7 shows typical pictures of the different 
platforms. All the concrete platforms are 
single base structures, whereas the Maureen 
steel gravity structure is a tripod (The Oilman, 
1983). 

A major reason for Phillips Petroleum Company 
choosing the Tecnomare tripod platform for 
Maureen was that it provided an open space in 
the center,and the platform was to be installed 
over a pre-installed template. In fact, the 
structure was placed within 50 mm of the ideal 
position. 
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Fig. 6. Oil well configuration. 
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Cormorant A and Brent C, Sea Tank. Maureen, T ecnomare 

Brent B and 0, Condeeps Frigg COP-1, Doris. 

Fig. 7. Examples of gravity platforms installed 
in the North Sea. 
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TABLE I. Gravity structures 1 to 15 are already installed in the North Sea, 16 to 18 are still to be installed. 

Construe- Year Water Sub-
No Type Name Operator tion Sector in- depth merged 

site stall- ~~~9~~· ed m 

1 Doris Ekofisk Phillips Norway Norway 1973 70 1.9 
Tank 

2 Con- Beryl A Mobi 1 Norway U.K 1975 120 1.7 
deep 

3 Con- Brent B Shell Norway U.K. 1975 140 1.7 
deep 

4 Doris Frigg Elf Norway U.K. 1975 98 1.8 
CDP-1 

5 Sea Frigg Elf Scotland U.K. 1975 104 1.8 
Tank TP-1 

6 Doris Frigg Total Sweden U.K. 1976 94 1.8 
Manifold 

7 Con- Brent B Shell Norway U.K. 1976 140 1.8 
deep 

8 Con- Stat- Mobil Norway Norway 1977 145 2.0 
deep fjord A 

9 An doc Dunl in A Shell Holland U.K 1977 153 

10 Con- Frigg Elf Norway Norway 1977 102 
deep TCP-2 

ll Doris Ninian 
Central 

Chevron Scotland U.K 1978 136 

12 Sea Cormor- Shell Scotland U.K 1978 150 
Tank ant A 

13 Sea Brent C Shell Scotland U.K. 1978 140 
Tank 

14 Con- Stat- Mobil Norway Norway 1981 145 
deep fjord B 

15 Teena- Maureen Phillips Scotland U.K 1983 96 
mare 

l6 Con- Stat- Mobil Norway Norway 1984 146 
deep fjord C 

17 Con- Gull- Statoil Norway Norway 1986 133 
deep faks A 

l8 Con- Gull- Statoil Norway Norway 1988 143 
deep faks B 

rhe gravity structures, as listed in Table I, 
are all located on favourable foundation soils, 
~ither dense sand or very stiff clays. They 
3ave all been installed on the unprepared sea
~ed , except that boulders have been removed by 
trawling in some cases. 

[t should be mentioned, however, that the first 
:ondeep feasibility study for a platform on the 
•orties Field, a study paid for by BP, had soft, 
3ormally consolidated clay to 15 - 20 m depth. 
rhe foundation concept, which was judged to be 
feasible, utilized 20 m deep cylindrical concrete 
skirts (NGI, 1972). 

~ooking ahead, the next concrete gravity plat
form to be installed is Statfjord C in May this 
{ear. The Gullfaks A platform, which is now 
~nder construction, is scheduled for installa
tion in 1986. A second concrete platform, 
3ullfaks B, has been ordered from Norwegian 
:ontractors, and will be installed in 1988. 
rhese three are all conventional Condeep plat
forms and are included in Table I. The year of 
installation and depth of water for the various 
?latforms are illustrated in Fig. 8. 
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Found a-
tion Skirts Dowels Soi 1 properties 
are~ 

m 

7,400 0.4 m con-
crete ribs 

None Fine dense silty sand 

6,200 3.0 m steel 3 Fine dense silty sand (0 - 10 m) 
0.5 m concrete overlying very stiff silty clay 

6,200 3.5 m steel 3 Stiff silty clay with inter-
0. 5 m concrete bedded sand 1 ayers 

5,600 None None Fine dense silty sand (8 m) 
overlying stiff silty clay 

5,600 2.0 m concrete None Fine dense silty sand (3 - 7 m) 
crete overlying stiff silty clay 

5,600 None None Fine dense silty sand 

6,300 4.5 m steel 3 Stiff silty clay with inter-
0. 5 m concrete bedded sand 1 ayers 

7,800 3.0 m steel 3 Stiff silty clay (cover sand 
0.5 m concrete 2 - 10 em) 

10,600 4.0 m steel 4 Stiff silty clay with 
bedded sand layers 

inter-

9,300 1.2 m steel 3 Fine dense silty sand (3 - 6 m) 
0.5 m concrete overlying stiff silty clay 

15,400 3.8 m steel None Stiff silty clay with inter-
bedded sand 1 ayers 

9,700 3.0 m concrete None Stiff silty clay with inter-
bedded sand 1 ayers 

10,100 3.0 m concrete None Stiff silty clay with inter-
crete bedded sand 1 ayeres 

18,200 3.6 m steel 4 Stiff clay (sand cover 0.2 -
0.9 m concrete 1.5 m) 

4,350 3.4 m steel Guide 
piles 

Stiff clay (sand cover 2 - 6 m) 

12,770 3.8 m steel 4 Stiff clay (sand cover 0 - 3 m) 

11,000 0.4 m steel 4 3 m moraine material above stiff 
0.4 m concrete clay 

8,700 1.3 m concrete None Dense sand 

1970 1980 1990 
0~--------------~------------~ 

e 
x.· .... 
0.. ..... 100 c 
a: w .... 
< 
3t 

200 

Fig. 8. 
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Year of installation and depth of water 
for the various gravity platforms in 
the North Sea. 
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Other fields with potential for concrete gravity 
platforms now being studied are the Oseberg 
field for Norsk Hydro, and the Sleipner field 
for Statoil. 

An essential part of designing a gravity type 
structure is meeting the foundation require
ments. The size of the foundation slab and the 
loading conditions differ greatly from struc
tures on land, and several new foundation design 
problems have had to be solved. 

Both soil investigation and foundation design 
calculations have greatly improved during the 10 
years since the Ekofisk tank was installed. The 
foundation designs for the earlier platforms 
were mainly based on static loading from the 
100-year design wave, including degradation 
effects from cyclic loading, whereas todays 
practice is to perform analyses for 
large displacements due to cyclic design storm 
loading (Foss et al., 1979 and Andersen et al., 
1982). Fortunately, lack of experience in the 
earlier days regarding the foundation behaviour 
of such structures has not resulted in any set 
backs (Eide et al., 1979). 

• 

\ 
'I ~\ ...... 

ig. 9. Water depth contour lines in metres. 

59° 

ss• 

57• 

ENVIRONMENTAL CONDITIONS 

The water depths at the different platform lo 
tions are given in Table I. There is a gener 
increase in water depth northwards, from 70 m 
the Ekofisk site to 153 at the Dunlin site. 

Another typical feature is the deep Norwegian 
Trench, shown in Fig. 9. The maximum depth i 
the trench is 300 - 400 m. The oil and gas 
fields developed so far, are all located on tl 
plateau west of the trench, along the borderl 
between Great Britain and Norway. The Troll 
field, which is the largest offshore gasfield 
the world, is located in the middle of the 
trench, and gravity platform concepts are now 
being developed for water of these depths, Fis 
10 (Schjetlein 1983). 

Fig. 10. Norwegian Contractors tripod Condeep 
T-300, proposed for the Troll field. 
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Meteorological observations are carried out on 
all the fields where platforms have been 
installed. The results of wind measurements on 
the Statfjord A platform in the period June 1980 
to June 1982 are given in Table II, (Tryggestad, 
1983). 

TABLE II. Wind observations at Statfjord A, 
June 1980 - June 1982 

r-·--· 

Season 

Winter 
Spring 
Summer 
Autumn 

Fig. 11. 

Speed m/sec. Diregtion 
Mean Max1mum ( ) 

10.0 30.9 330 
8.6 30.9 150 
6.4 15.4 340 
8.2 28.3 310 

50 year storm heights for a 
fully-developed storm lasting 12 hours 
(DOE 1978) 

100 year design wave heights 
!NPD 1977) 

Design wave heights according to the 
Department of Energy in U.K. and 
Norwegian Petroleum Directorate. 
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Waves used to be measured visually from weather 
ships, but are now mainly observed by wave rider 
buoys or radar on the platforms. At present, 
waves are measured in the Beryl, Brent, Ekofisk, 
Frigg, and Statfjord fields. Observations are 
made for 20 minutes every third hour. 

The maximum wave heights used for design of 
platforms are shown in Fig. 11 (HUslid et al., 
1982). The design wave height increases from 24 
m at Ekofisk to 31 m in the Brent - Statfjord 
fields. The wave period is equally important 
when calculating wave loads on a gravity plat
form. Usually periods in the range of 15 to 20 
sec. are considered for the 100-year design 
wave. 

Actually, very little was known about the sea 
state for the design of platforms in the 
North Sea before oil activity started back in 
1971. An illustration of this is that the 
design wave at Ekofisk was increased several 
metres during the period when the Ekofisk tank 
was being designed. 

The Ekofisk tank was put to the test the first 
winter already. Five months after installation, 
on November 19, 1973, it was hit by a storm with 
a maximum wave height which,according to Det 
norske Veritas, was 23 m. The wave load was 
estimated to be between 70% and 90% of the 
design load (Clausen et al., 1975). 

Another serious storm was experienced in the 
Frigg field on 24 November 1981. The wave load 
on the CDP-1 platform was estimated to have been 
almost equal to the design load. Even though 
the wave height did not reach the design value, 
the shape of the critical wave was particularly 
unfavourable and accounted for the high load on 
the structure. 

A storm duration of 6 hours, and a Rayleigh 
distribution of wave loads have been assumed 
when designing the foundation of gravity struc
tures for the North Sea (Schjetne et al., 1979). 

The accumulated effect of storms over a period 
of time, and during the entire lifetime of the 
platform, must also be considered, both with 
regard to stability, cyclic displacements, dyna
mic behaviour, settlement and base contact 
stresses. 

The tide was measured at the Troll field during 
two periods in 1980/1981. The tidal range is 
quite significant, and varies 0.5 m at spring 
tide, i.e. between half moon and new or full 
moon. The maximum tidal range is assumed to be 
somewhere between 1.5 and 2.0 m (Tryggestad, 
1983}. 
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Fig. 12. Schematic distribution of water masses 
in the secti~n from Shetland to 
Norway, N 60 45' (Hackett, 1981). 

Figure 12 shows the different water masses in a 
cross-sec~ion from Shetland to Norway at lati
tudeN60 45' (Hackett, 1981). 

• NNSW, Northern North Sea Water on the plateau 
to the west of the Norwegian Trench. 

• AIW, Atlantic Inflow Water comes through the 
Faeroe - Shetland Channel, flowing 
southward along the western slope of the 
Norwegian Trench. 

• NCW, Norwegian Coastal Water flows along the 
Norwegian coast from the Kattegat to the 
Barent Sea as a wedge of fresher water. 

· NTW, Norwegian Trench Water flows northward 
under the Coastal Current, restricted to 
the west by the Shelf Edge Current. 

• NTBW, Norwegian Trench Bottom Water along the 
bottom on the eastern side of the 
Norwegian Trench. 

The current in the North Sea does not contribute 
very much to the environmental loads on a gra
vity platform, but it may be of great importance 
with regard to the scour potential around a 
platform. It is also of importance for towing 
conditions. 

GEOLOGICAL CONDITIONS 

When evaluating the foundation conditions in the 
North Sea, it is important to understand the 
geological history of the area (L0ken, 1976 and 
Heiberg et al., 1982). During the Quaternary 
Period, i.e. the last 2 million years, the North 
Sea area was exposed to major climatic changes. 
These resulted in several cycles with drastic 
changes in geological conditions, which are 
reflected both in the bathymetry and in the 
geotechnical properties of the sediments laid 
down during this period. 

1634 

In glaciated areas the changing sea level 
creates a very complex geological situation. 
Firstly, the world water balance is altered 
during glaciated periods, and the frozen wat 
held in glaciers on the land surface causes 
eustatic lowering of the world-wide sea leve 
It has been estimated that 
the sea-level may have been lowered by 80 -
m during glaciations (West, 1968). Secondly 
weight of the ice, approximately 3000 m thic 
central parts of Scandinavia during glaciati 
maximum, caused isostatic depression of the 
landmasses. During deglaciation and removal 
the ice load, a slow recovery took place, 
leading to upwarping of glaciated areas and 
downwarping of the marginal areas. 

The eustatic variations occur simultaneously' 
the increase and decrease of the glaciers, 
whereas the isostatic variations are slow, a1 
depend on the elastic properties of the eartl 
crust. 

The actual change in sea level is the net dil 
ference between the eustatic and the isostatj 
variation. In central glaciated areas the 
isostatic upheaval after the glaciation was 
larger than the eustatic rise, which resultec 
a net rise of land, such as most of the U.K., 
Norway, Sweden and the northern part of Denmc 
The opposite situation is going on in areas 
such as southern England, Denmark, northern 
Germany and the Netherlands. This effect of 
land uplift and down-warping is still proceed 
today, as shown in Fig. 13. 

Fig. 13. Present uplift and down-warping in 
northwest Europe. Rate of change in 
mm • per year. 
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Fig. 14. Three stages of hypothetical degla
ciation and shore line transgression 
in the North Sea (L0ken, 1976}. 

luring the last glaciation, at a maximum of 
tbout 20 000 years B.P., the ice sheet caused 
1rosion and loading of the older sediments both 
.n the plateau area and on the slopes of the 
lorwegian Trench. Just after the last glacial 
:etreat, the plateau area and the channel 
ihoulder were dry land. The sea level rose 
·apidly, and these areas were exposed to heavy 
1rosion, which resulted in soft, loose sediments 
>eing deposited as a beach on the upper part of 
:he slope. Only a very thin cover of sand, less 
:han 0.5 m thick, is of recent age. 

luring the last glaciation, the northern areas 
>f the North Sea and the Norwegian Trench were 
:overed by a grounded ice sheet, Fig. 14a. At 
:his stage the southern areas were dry land with 
.ce-dammed lakes, exposed to permafrost and sur
:ace erosion by rivers and winds, in a similar 
tanner to the arctic areas today. 

.s a result of a gradually changing climate from 
1trongly arctic to somewhat milder, the 
:hickness of the ice sheet decreased at the same 
:ime as the sea water level rose. This resulted 
:irst in buoyancy of the ice within the 
lorwegian Trench, followed by the breaking up of 
:he floating ice by a calving front. Some fluc
:uations, both in the sea water level and in the 
.ocation of the ice front, most probably 
>ccurred due to short climatic oscillations. 
'or example, a radio-carbon dating from a vibro
:ore sample at 1. 5 m depth at a site located 
>etween the Statfjord and Gullfaks areas gave an 
tge of 18 860 ± 260 years B. P. to a silty clay 
lUSt below an upper layer of reworked till 
Rokoengen et al., 1982} •. 

•bout 13 000 years B.P. the Norwegian Trench 
1ust have been a wide, open fjord with drifting 
.cebergs, from the calving ice front of the gla
:iated Norwegian landmass on one side and the 
lry land of the North Sea plateau, still more or 
.ess covered with ice sheets, on the British 
iide (Fig. 14b}. 

1635 

As a result of the continuous improvement of the 
climate, the front of the melting ice sheets 
retreated, producing large amounts of sediments 
suspended in meltwater rivers, which carried the 
material out into the Norwegian Trench. Here 
beaches of gravel and sand were built up at the 
temporary shoreline near the top of the Trench 
slopes, whereas the finer material of silt and 
clay filled up the deeper western parts of the 
Norwegian Trench. 

About 11 000 years B.P. 1 the sea, encroaching 
from the north, gradually submerged the northern 
parts of the North Sea plateau. Most of the 
Norwegian land area and probably large parts of 
the Scotland and Shetland areas were still 
covered by ice. The major banks were small and 
large islands. The large shallow tidal flats in 
the central North Sea areas suffered shoreline 
erosion and reworking of the sediments under 
conditions similar to those in the German and 
Dutch coastal areas today. 

During the following 2 000 years all the rest of 
the glacier ice melted away from the land areas, 
and the sea encroached further southwards. By 
about 8 500 years B.P. the shoreline was pro
bably about 35 m lower than the present level. 
A little later the northern part of the North 
Sea and the southern part of the British Channel 
became connected. 

The result of this geological history is that 
large areas of the North Sea, which are at pre
sent shallower than 150 m, have been dry land 
several times during the glacial periods. At 
the times when the glacial ice sheets were 
retreating, erosion took place on the banks, 
whereas re-sedimentation occurred in the 
depressions. This is the reason why erosion 
relics from glacial moraines are found as sur
face sand and gravel on the banks. Loose sand 
and silt deposits are found along the slopes of 
the Norwegian Trench, and in the middle of the 
trench more than 50 m of soft, normally con
solidated clay occurs. 
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The depressions on the shelf plateau are in 
general filled with soft and normally con
solidated marine clay and silt. Most of the 
remaining areas have a cover of uniform top sand 
over overconsolidated glacial clay. The 
shallow areas are usually more overconsolidated 
than the deeper areas. 

Some special features which may affect the foun
dation of platforms adversely, should be men
tioned. 

Slope instability and submarine slides are well 
known from Norwegian fjords (Bjerrum, 1971) and 
very large submarine slides have occurred at 
Storegga, off M0re (Bugge et al., 1978). Op to 
now little data has been available on slope con
ditions in the North Sea, but a submarine slope 
stability study is running at NGI with par
ticular concentration on the Western slope of 
the Norwegian Channel (Karlsrud and Edgers, 1982 
and Edgers and Karlsrud, 1982). 

Gasified sediments are found in the North Sea, 
and in most cases the gas is biogenic methane 
produced within the sediments. Only small traces 
of petrogenic gases, migrated upwards from 
deeper gas and oil reservoirs, have been found. 
The presence of such shallow gas can be 
recognized in seismic records as acoustic 
blanking, and it is very important to locate 
such zones before drilling and soil sampling are 
started. 

Pockmarks are shallow, more or less circular 
depressions found in areas with soft and nor
mally consolidated clays. The size of the pock
marks depends on the thickness of the soft clay 
layer, in such a way that in areas with a rela
tively thin top layer there will be many small 
pockmarks, whereas a thicker top layer results 
in fewer, but larger pockmarks, up to 15 m deep 
and 300 m wide. Size and distribution of pock
marks in the western part of the Norwegian 
Trench is given by Hovland (1981). 

The explanation for the pockmarks is not quite 
clear, but they are probably caused by migrated 
gases. 

Iceberg plough marks are found in areas of 
morainic material at water depths between 120 
and 350 m. The typical size is 3 - 5 m in depth 
and 25 - 50 m in width and up to several km in 
length, but maximum values of four times as 
large have been measured. A special study of 
the effects of iceberg plough marks on the 
engineering of pipelines and gravity platforms 
is being undertaken by the Norwegian Continental 
Shelf Institute (IKO). 

Rock boulders of all sizes up to 1.5 min 
diameter are found, mostly lying on top of the 
stiff clay with little or no embedding, as found 
in the Statfjord area (L0ken, 1976). These 
boulders are believed to have been rafted by ice 
and melted out of floating icebergs from 
Norwegian fjord glaciers at a stage illustrated 
approximately in Fig. 14c. These boulders were 
removed from the platform sites before the gra
vity platforms were installed. 

A more serious problem, related to skirt 
penetration, is the rock boulders embedded at 
some depth in the sediment. Such boulders can 
be recognized in seismic records by their para
bolic reflections. 
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SITE INVESTIGATIONS 

Site investigation for gravity platforms in 
North Sea are discussed by: Bjerrum, 19731 E 
19741 McClelland, 19751 Ruiter, 1975: H0eg, 
1982: Kjekstad et al., 1978; Andresen et al. 
1979; Schjetne and Brylawski, 19791 and Lunn, 
and St.John, 1979. It involves the followin' 
aspects: 

• Continuous geophysical profiling 
• Bathymetry and sea-bed inspection 
• In situ soil testing 
• Undisturbed sampling 
• Laboratory testing on board 
• Laboratory testing on shore 
• Establishing engineering design parameters 

Site investigations are usually carried out 
stages, starting with a preliminary investig 
tion. The final investigation is carried ou 
when the platform location is fixed in relat 
to the reservoir. In some cases the soil an, 
foundation conditions will also influence th 
selection of the final location of the platf 

The instruments used for continuous geophysi 
arofiling are shown in Fig. 15. In order to 

eterm1ne the type of soil material located 
between the different reflectors, the profil 
has to be calibrated against borings. Boreh 
should preferably be located at the crossing 
points of profiles. 

Single group hydrophone cable 

50m 
160m 

350m (variable) 
380m variable) 

NOT TO SCALE I 

Fig. 15. Analog instrumentation layout. 

At a2potential platform site one may cover a 
5-km area with a 200 to 1000 m grid of high 
power sparker profiling. Detailed informati 
close to the platform site is obtained using 
equipment giving less penetration and higher 
resolution, such as a multi-electrode sparke 
boomer. 2 The actual platform area, of the or 
of 1 km , may be covered with a 100 to 200 m 
grid, and the final area where detailed soil 
investigations are carried out (250 x 250 m) 
be surveyed with a grid spacing of approxima 
25 m. 

Simultaneously with the sparker-boomer surve 
one can carry out bathymetric mappinf with a 
high precision echo-sounder and sea loor 
inspection with a side-scan sonar. The rela 
he1ghts of a number of points on the sea flo 
can be determined with a differential pressu 
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meter on board a submersible. The contour map 
obtained in this way may have an accuracy of 5 
to 10 em (Fig. 16). The submersible helps 
locate sea floor obstructions such as boulders 
or shipwrecks. 

0 

LEGEND: 
"' Seacalf (CPT! 
o Wison (CPTJ 
• Borehole 

145
' t 
~ wu 
~145.6 

145.7 

r 
145.7 

Water depths in metres 

Fig. 16. Site investigation for a gravity plat
form in the North Sea. 

In situ soil testing. In 1972 an underwater rig 
was developed by Fugro-Cesco to perform cone 
penetration tests (Zuidberg, 1975). This equip
ment, known as the "Seacalf", has been used 
extensively. The penetration force (max. 200 
kN) is hydraulically applied at the seabed. It 
is operated from the ship, and the reaction 
force is absorbed by the dead weight of the 
equipment. 

A gravity structure requires good coverage of 
the upper soil layer by surface cone penetration 
tests (Fig. 16). The penetration depth obtained 
by "Seacalf" may be of the order of 10 - 15 m in 
dense sand and heavily overconsolidated clays, 
and up to 25 - 30 m in soft, normally con
solidated clays. 

Deep CPT tests have to be carried out inside the 
drillstring. This is done utilizing a seabed 
control unit, as shown in Fig. 17. Strokes of 
1.5 to 3m have been usual, but equipment which 
gives continuous penetration to great depths is 
also available now. 

The piezocone is a piece of equipment which, in 
addition to cone resistance, measures pore 
pressure at the tip during penetration (Lacasse 
and Lunne, 1982). It gives valuable additional 
information about layering, and offers the 
possibility of measuring permeability in situ. 
This equipment is now being used in the North 
Sea. 

1637 

Down-hole vane tests are carried out in soft 
clay deposits, such as in the Norwegian Trench, 
but usually not in stiffer soils. 

Other in situ tests, such as pressuremeter 
readings, dilatometer readings and gamma logging 
have only to a small extent been used in the 
North Sea. 

Hydraulic fracturing tests are carried out in 
order to determine the required conductor depth 
for mud circulation to deck level when drilling 
for the 20" casing. 

Great improvements have been achieved in 
undisturbed sampling in the North Sea. To start 
with, percussion wire line sampling, as deve
loped in the Gulf of Mexico, was the most common 
practice. Thin wall cylinders with internal 
diameters of 54 - 75 mm, are driven into the 
soil at the bottom of the drillstring by blows 
of a wire line operated hammer. The quality of 
the samples are usually poor as the driving 
causes disturbance. 

Push sampling, using the weight of the drill
string to penetrate the tube,provides samples 
of better quality. The method can, however, 
only be used in fairly soft material due to the 
limited penetration force. 

The sea-bed jacking units shown in Fig. 17 make 
it possible to transmit higher penetration for
ces to the drill pipe. The sample can thus be 
cut with a constant rate of penetration and with 
one stroke, even in dense material. Piston 
samplers are now available for sampling in soft 
materials offshore. 

Re-entry guide 

Ballasted to 
200 kN 

Compensated pipe 

Compensated lift line 

Jacking rams 

Piston-sampler 

Fig. 17. Sea bed control unit for sampling and 
in-situ testing. 
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A laboratory on board the vessel where samples 
can be x-rayed, extruded, classified, tested, 
photographed and sealed, serves several pur
poses such as: 

• enabling continuous updating of the soil pro
perties in order to modify the sampling or 
boring program. 

checking the disturbance of each sample imme
diately after recovery. 

• obtaining shear strengths and water contents 
as quickly as possible after sampling. 

The practice at NGI has been to extrude stiff 
clay samples as soon as possible to prevent 
swelling by sucking water from cuttings or free 
water in sand layers. The samples are then 
waxed and sealed for transportation to labora
tories on shore. Soft clay samples are, 
however, kept in the cylinders to avoid unne
cessary handling and disturbance. 

X-ray inspection of the samples in the tube on 
board the ships has proven very useful. It 
gives immediate information about the quality of 
the sample and type of material regarding 
layers, gas etc, Fig. 18 . 

Onshore laboratory testing. Andresen et al. 
(1979) describe the details of the static and 
cyclic testing techniques followed by the 
Norwegian Geotechnical Institute once the 
samples have been brought ashore. The specified 
laboratory procedures and data evaluation 
attempt to account for offshore sampling 

Fig. 18 . X-ray of a sample from a depth of 90 
m. Fissured clay with elongated 
fissures. Some sand and gravel . The 
large void may be due to stress 
release or gas expansion. 
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d i sturbance and the effect of the release of l 
h igh in-situ stresses on the soil specimens~ 

'k 
When establishing design parameters and pr,e~· 
for foundation design analyses, most emphasi$ 
placed on the test results from undisturbed 
samples (Kjekstad and Lunne, 1979). In situ 
test results give valuable additional infor
mation about homogeneity and variation in soi. 
conditions. Substantial efforts have been 
focused on correlating cone penetration 
resistance and sleeve friction with strength , 
deformation characteristics of sands and cla~ 
and this is made use of in the evaluation of 
design parameters. Lately piezocone test 
results are also utilized. 
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Fig. 19 . Borehole profile , Brent B site. 
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>RTH SEA SOI L CONDITIONS 

te soil conditions in the North Sea are quite 
>mplex as a result o f the geological history 
1tlined previously. It is important for foun
ltion evaluati on to understand the geology at 
1e site, and such a study is therefore normally 
1cluded. 

1e mechanical properties of the soil are a 
!Sult of geological events, i.e. sedimentation, 
!chanical pushing by ice, preloading by gla
iers, freezing, drying or chemical effects, 
radients and shear stresses from wave actions 
:Sjerrum, 1973). 

:1e phenomenon which has caused concern and 
iscussion is that less stiff clays can be found 
elow highly overconsolidated layers (Fig. 19). 
possible explanation of this may be that con
~lidation in the deeper layer has been pre
anted by permafrost. There is no indication 
nat cementation plays an important role for the 
~il properties. 

he soil structure is always studied and re
orted and illustrated by photos. Highly over
onsolidated clays are in some cases fissured, 
hich may influence shear strength properties. 
ifferent types of fissures are recognized, as 
llustrated in Fig. 20. 

a) 

ig. 20. 

b) c) 

Typical fissures found in overcon
solidated silty clays in the North 
Sea (Heiberg et al., 1982)• 

:teeply inclined, open fissures as shown in Fig. 
:oa, usually reveal lower strength when tested 
•n large diameter triaxial samples, than on 
:maller samples or in classification tests 
!mploying a fall cone, torvane or pocket 
•enetrometer. 

~ypes b) and c) in Fig. 20 are more or less dense 
:issuring found in some glacially activated pro
:iles in the North Sea. Sometimes type b) is 
:ound above type c) in the same borhole pro
:ile. The fissures may have been caused by 
;tress release after unloading from a grounded 
.ce sheet, or possibly by permafrost. Slicken
;ide fissures, possibly caused by syneresis, 
tave been observed less frequently. The bore
lOle profile in Fig. 19 may serve as an 
.llustration of the soil conditions described. 

lost of the sands at water depths less than 150 
a are very uniform in grain size distribution 
lnd very dense. The dense packing may be attri
>uted to the sedimentation processes, 
>reshearing by wave loading or mechanical pre
loading by glaciers. The borehole profile from 
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the Ekofisk site, shown in Fig. 21, may 
illustrate this type of soil. As previously 
mentioned, loose sand may be found on the sur
face of the western slope of the Norweg i an 
Trench, and flow slides have been experienced in 
some Norwegian fiords (Bjerrum, 1971). 

The gravity platforms in the North Sea have so 
far had the i r foundation sites on competent 
soils, dense sand and very stiff clays. Eight 
of the platforms are on sites with stiff, silty 
clay below 0.2 - 3 m. In the other six cases 
there are dense, silty, fine sand layers to 
depths greater than 3 m, as indicated in 
Table I. 
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Fig. 21 . Borehole profile at the Ekofisk site. 
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At most of the platform sites the sea-bed is 
extremely flat with only small differences in 
elevation over the foundation slab area. The 
maximum slope of the sea-bed has been 
experienced in the Frigg field for the TF-1 and 
TCP-2 platforms, where the slope was 0.6 , 
giving a 1 m difference in elevation over the 
base area with its length of approximately 100 
m. On all the other sites the maximum dif
ference in sea-bed elevation has been from 0.1 
to 0.4 m. 

Fixed platforms are now being considered for the 
Troll field in the middle of the Norwegian 
Trench, with a water depth of 340 m and soft, 
normally-consolidated clays to great depths 
(Fig. 10; Dybwad et al., 1980; Schjetlein 1983). 
The soil conditions are illustrated by the bore
hole profile in Fig. 22. Last summer a very 
comprehensive soil investigation was carried out 
at the site, utilizing piezocone, field vane and 
piston sampler for taking undisturbed samples 
(Moeyes and Hackley, 1983). For the first time 
in the North Sea, X-ray inspection of the 
samples in the tube was done on board the ship. 
This proved very useful in checking the quality 
of the sample. 
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Fig. 22. Borehole profile in the Norwegian 
Trench. 

CONSTRUCTION OF CONCRETE GRAVITY PLATFORMS 

All the concrete gravity platforms have been 
constructed according to the same basic prin
ciples (Fig. 23; Gerwick, 1975; Mo, 1976; 
Derrington, 1976; and Werenskiold, 1976): 

1640 

==tl~~ ..· ···'···.- ·---· '' 

(a) Construction of 
caisson base in dry 
dock 

..... ·:· -'~:.;.M#'f. • ,_.+ .... • ••· •• ,• .. !·· 

~Steel deck 

ldl Deck mating at deep 
water site 

lbl Slipforming of 
caisson walls 

(e) Tow out 

Fig. 23. Construction sequence for concrete 
gravity structures (Mo, 1976). 

Base section is constructed in dry dock 
Floating out to deep water construction site 

• Slipforming caisson and towers 
Deck mating with the structure submerged 
Towing to the site and installation 

Main factors in the design are: 

Floating stability 
Capacity of carrying deck load during towing 
out 
Wave loading 
Foundation 
Load cases for structural design 

The design of the base sections may vary with 
regard to the following features: 

• Flat base slab contra spherical domes 
• Cantilevered slab or not 
• Type of skirts if any 
• Dowels or not 

Typical base sections and skirt geometry are 
shown in Figs. 24 and 25. 

The advantage of the spherical domes is that 
they can withstand higher contact stresses and 
be f<;>rced to penetrate into the ground. The 
cantlleve~ed slab gives advantages regarding 
wave load1ng and scour. The design of the skirt 
s¥stem may b7 th7 most important item to play 
w~th when adJ ustlng a gravity platform to the 
Slte and soil conditions. 
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he purpose of the skirt system is to: 

Confine any soft top soil layers and bring the 
foundation level down to more competent soils. 

Improve hydraulic conditions at the edges, and 
reduce the hazard of scour. 

Facilitate conditions for grouting the base 
area. 

Centerline of 

·' t ··•::.;· :j. ·" I u 

Platforms 

.:.1::'1·' 

I 
I 

(ondeep: 
Beryl A 
Beryl B and D 

Doris: 
Frigg Scotland Manifold 
Frigg CDP-1 

Sea Tank: 
Frigg TP-1 

(ondeep: 
Statf jord A 

·+····r ..... ,.r ··r·····-· r·T""1 Andoc: 
Ounlin A 

I 

0 20m 40m 

Condeep: 
Frigg TCP-2 

Sea Tank: 
Brent C 
Cormorant A 

60m 

Fig. 24. Cross-section through caisson bases of 
different concrete gravity structures. 

All the Condeep platforms and the Howard-Doris 
Ninian Central platform are equipped with steel 
skirts, mainly 3 - 4 m deep. The Sea Tank plat
forms are equipped with wedge-shaped, 2 - 3 m 
deep concrete skirts. The Ekofisk tank and the 
two other Howard-Doris platforms have virtually 
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no skirts. For the Norwegian Trench with its 
soft clay conditions, skirts as deep as 20 - 30 
m are now being considered. 

The purpose of the dowels are to: 

• Keep the platform in position prior to skirt 
penetration. 

• Prevent damage on steel skirts at touch down. 

• Avoid skidding. 

On the Ekofisk tank and the CDP-1 platform 
skidding during installation has been reported. 

Condeep Beryl A 
Condeep Brent B 
Condeep Brent 0 

Condeep Frigg TCP2 

Condeep Statf jord A 

l 
Andoc Ounlin A 

Howard-Doris 
Ninian Central 

• dowel location 

Fig. 25. Geometry of steel skirts for some 
concrete gravity platforms. 
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All the Condeep platforms have been equipped 
with a sub-base drainage system (Eide et al., 
1982). Different type of filter systems have 
been built into the base, depending on the 
structure and the top soil conditions. The 
systems have been operated by a suction pressure 
10 to 20 m below LAT. The drainage system 
employed at the Statfjord B platform is shown in 
Fig. 26. 

lt.6m 

Typical for all st•ndpip•s 

Elev. 
LAL .. 

LA], -_Sm 

LAJ,cJ!l" 

L.,Td~" 

/. Ch•ck of 
w~terftow 

Fig. 26. Base drainage system employed at 
Statfjord B. 

The purpose of the drainage system is to speed 
up consolidation and improve the stability 
shortly after installation as illustrated in 
Fig. 27. The drainage system also reduces 
generation of excess pore pressure during 
storms. 
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Increase in safety factor FS against 
bearing capacity failure versus time 
after platform installation for 
Statfjord B. 1642 

A platform removal system has been required ~ 
the more recently built platforms. The draina~ 
system may be used for this purpose, as the 
water pressure in the skirt compartments can be 
increased in order to pull the skirts out of tl 
ground after the platform has been deballasted. 

Construction of gravity platforms as described 
here requires a deep water site, especially fo1 
the deck mating operation. Furthermore, the 
towing route to the site must have a sufficient 
depth of water. The deep Norwegian fiords and 
the west coast of Scotland offer these possibi
lities. 

The building site and the towing route for the 
first 13 gravity structures are illustrated in 
Fig. 28, and in addition the Statfjord B and tl 
Maureen platform are now in position. Of the 1 
structures, eight have been built in Norway, 
five in Scotland, one in Holland and one in 
Sweden. Two of the structures built in Scotlar 
and the one built in Holland were towed to 
Norway for deck mating. 

Of the 15 structures 11 are located in the 
British sector and four in the Norwegian sector 
By 1988 three more concrete platforms will be 
installed in the Norwegian sector. 

The towing time to the sites has been of the 
order of one week, depending on weather con
ditions. Installation has to take place in the 
summer season from May to September. 

Platforms: 

D = OunlinA 
S = Statfjord A 
C = Cormorant A 
N = Ninan Central 
BB = Brent B 
BC = Brent C 
BD "" Brent 0 

Fig. 28. 

TCP = Frigg TCP-2 
TP = Frigg TP-1 
COP"' Frigg CDP-1 
B = Beryl A 

LEGEND 

M "' Frtgg·Scotland Manifold 
E "' Ekofisk =rank 

Construction sites: 

Andalsnes )1: Deck mating 
Stavanger u Module loading 
StrOmstad 
Rotterdam 
Ardyne Point 
Loch Kirshorn 

Platform construction sites, approxi
mate towing routes and final posi
tions. 
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STRUMENTATION 

strumentation is included for two reasons. 
e is to obtain correct and safe installation 

the platform. The other is to check perfor
nce during operation (DiBiagio et al., 1976; 
Biagio and H0eg, 1983). 

e sensors which have to be placed in the base
ction during construction work in the dry 
ck, will be submerged in sea water for two 
ars or more before installation of the plat
rm. This makes special requirements of the 
nsors, and as they are not accessible for 
. intenance or replacement, they are usually 
plicated. It is also very important that 
asurements during installation are available 
, such a form that the installation personnel 
.n make immediate decisions. This makes spe
al requirements of the data acquisition 
·stem. Some of the instruments for the 
,stallation phase may also continue to be used 
' the operational phase. 

1e main control measurements for the 
1stallation phase are as follows: 

Position determined by acoustic transponders 
or electronic distance measurements. 

Draught determined from sea water pressure 
measurements near the base. 

Base clearance determined by echo sounders and 
special mechanical devices. 

Axial stresses and bending moments in dowels 
determined by strain gauges. 

Ballast water level in different cells 
controlled by pressure transducers. 

Tilt measurement controlled by biaxial 
inclinometers. 

Water pressure in skirt compartments 
controlled by means of differential pressure 
transducers. 

Contact pressure against spherical domes 
measured by earth pressure cells. 

Strain in reinforcing steel in spherical domes 
giving total loads on domes. 

10rt term settlements have been measured by 
eans of a closed hydraulic system with reser
Jir on the platform and transducer on the sea 
loor. During skirt penetration inspections 
long the periphery of the base have been 
arried out by a submarine taking video tapes 
Jr immediate checking on board the platform. 

Jr performance measurements during the opera
ional phase, the following are recorded: 

Skirt water pressure, in order to study the 
effect of the drainage system. In addition, 
the amount of drainage water is measured. 

Earth pressure cells, in order to study load 
distribution, both static and dynamic. 

1643 

• Inclinometers, to study long-term tilt 
effects. In addition optical levelling on 
deck is done twice a year. 

Settlements, usually recorded relative to a 
reference point at 50 to 60 m depth. 

• Pore water pressure in the soil at different 
levels below the platform base. 

Accelerations at caisson and deck level. 

Long term horizontal displacement due to pre
dominant storm direction • 

Possible scour of the sea bottom near the plat
form is monitored by a submarine. Reference 
sticks are set up in order to improve these 
inspections. 

As an example case, the instrumentation of the 
most recently installed concrete gravity plat
form in the North Sea, the Statfjord B Condeep 
platform is given in Tables III and IV and 
illustrated in Fig. 29 (DiBiagio and H0eg, 
1983). 

Str.in gauge 

Fig. 29. Instrumentation for monitoring the 
long-term performance of Statfjord B 
(DiBiagio, 1983). 
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Position determined by acoustic transponders 
or electronic distance measurements. 

Draught determined from sea water pressure 
measurements near the base. 

Base clearance determined by echo sounders and 
special mechanical devices. 
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determined by strain gauges. 

Ballast water level in different cells 
controlled by pressure transducers. 

Tilt measurement controlled by biaxial 
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ans of a closed hydraulic system with reser
ir on the platform and transducer on the sea 
oor. During skirt penetration inspections 
ong the periphery of the base have been 
.rried out by a submarine taking video tapes 
·r immediate checking on board the platform. 

·r performance measurements during the opera
onal phase, the following are recorded: 

Skirt water pressure, in order to study the 
effect of the drainage system. In addition, 
the amount of drainage water is measured. 

Earth pressure cells, in order to study load 
distribution, both static and dynamic. 
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Inclinometers, to study long-term tilt 
effects. In addition optical levelling on 
deck is done twice a year. 

• Settlements, usually recorded relative to a 
reference point at 50 to 60 m depth. 

• Pore water pressure in the soil at different 
levels below the platform base. 

• Accelerations at caisson and deck level. 

Long term horizontal displacement due to pre
dominant storm direction. 

Possible scour of the sea bottom near the plat
form is monitored by a submarine. Reference 
sticks are set up in order to improve these 
inspections. 

As an example case, the instrumentation of the 
most recently installed concrete gravity plat
form in the North Sea, the Statfjord B Condeep 
platform is given in Tables III and IV and 
illustrated in Fig. 29 (DiBiagio and H0eg, 
1983). 

Strain gauges 

Fig. 29. Instrumentation for monitoring the 
long-term performance of Statfjord B 
(DiBiagio, 1983). 
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TABLE III. summary of Instrumentation for 
Monitoring Installation. Mobil -
Statfjord B Condeep Platform 

Measurement Number of 
instruments 

Type 

!Wave height 
!Wind speed and 

direction 
Clear tow path 
Under keel clearance 
Draught 
Touchdown 
Penetration depth 
!Water pressure 

under base 
Inclination 
Ballast water level 
Short-term 

settlement 

Total 

3 
4 
2 
4+[4] 
5 

10+[10] 

2 
43 

1 +[1] 

76+[15] 

Waverider buoy 
Anemometer 

Sidescan sonar 
Echosounder 
Pressure sensor 
Pressure sensor 
Special device 
Pressure sensor 

Servo-inclinometer 
Pressure sensor 
Pressure sensor 

Note: Numbers in brackets [] denote redundant 
instruments 

TABLE IV. Summary of Performance Monitoring 
Instrumentation. Mobil - Statfjord B 
Condeep Platform 

Me~surement Number of 
instruments 

Type 

Wind speed and Anemometer 
direction 

Inclination 2 Servo-inclinometer 
Long-term 2 Tell-tale rod 

settlement 
Water pressure 10+[10] Pressure sensor 

under base 
Pore water 10+[10] Pressure sensor 

pressure 
Tidal variations 1+~ 1l 

Pressure sensor 
Strain top/bottom 16+ 16 Strain gauges 

tower 
Strain in inclined 14+[14] Strain gauges 

braces 
Linear acceleration 4 Servo-accelerometer 
Angular 5 Servo-accelerometer 

acceleration 

Total 65+[ 51] 

Note: Numbers in brackets [] denote redundant 
instruments. Wave data is obtained from 
a neighbouring platform. 

The strain gauges at top and bottom of one tower 
are used to determine the forces and moments 
that are caused by environmental loads above 
that level, and the long term creep in the 
concrete. The strain gauges on the inclined 
struts around the base are used to obtain infor
mation about long term load distribution and 
cyclic forces during storm periods. 
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INSTALLATION PHASE 

Installation of the platforms from a floating 
position above the final location has been 
carried out by ballasting, i.e. sluicing water 
into the different cells. Platform installati 
may be divided into five different phases. 

Positioning 

This is maneuvering the platform in a floating 
position to the exact location where it is 
intended to be installed. The orientation of 
the platform is also checked. For free-standi 
platforms, the usual requirements have been tt 
the centre of the platforms should be within < 
50 m diametef circle, and the orientation shot 
be within ±5 • Where the platforms have been 
placed close to other already installed plat
forms, special requirements have existed. 

Touch Down 

This is the time when the lowest part of the 
structure touches the sea bottom. Touch down 
the start of dowel penetration for platforms 
with dowels, or skirt penetration for platfor1 
with just skirts. Touch down is recorded eitl 
by instrumented dowels or by other appropriat4 
systems. 

Skirt penetration 

It is necessary to calculate the skirt penetr. 
tion resistance, and the need for eccentric 
ballasting to achieve vertical penetration. 
On the basis of experience, this can now be d, 
with considerable confidence, both for steel 
concrete skirts (Lunne and Kvalstad, 1982). 

The wall friction and point resistance for st 
skirts have been correlated to cone penetrati 
resistance, qc• For clay profiles with some 
interbedded sand layers the following relatio 
have been found: 

wall friction 
point resistance 

f = 0.03 qc 
t = 0.4 qc 

For clay profiles with less sand, values 
approximately 50% higher have been back
calculated. 

For sands where piping has not been observed 
back-calculations gave: 

wall friction 
point resistance 

f = 0.003 qc 
t = 0.6 qc 

Where piping occurred much less penetration 
resistance was observed. 

Penetration resistances for some platforms 
equipped with steel skirts are shown in Fig. 

The main concern during skirt penetration is 
avoid piping below the skirts and to keep thE 
platform vertical. To avoid piping it has ~ 
necessary to provide an evacuation system to 
remove the water trapped within the skirt COJ 
partments. The evacuation capacity was desi~ 
for the expected penetration rate in order t< 
avoid large overpressures in the skirt 
compartments. 
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~ platform designers have used large pipes to 
:cuate directly into the sea. One structure 

holes in the skirts at various levels. The 
t recently installed Condeep platforms 
ticed water directly from the skirt compart
,ts into the cells. The amount of water was 
ulated so that the penetration rate main
ned zero pressure change in the skirt com
·tments. 

:h some of the platforms the water pressure in 
:h skirt compartment could be regulated 
)arately. Both overpressure and suction
:ssure could then be applied when the penetra
)n rate due to ballasting approached zero. 
: purpose of this system was to adjust the 
.t of the platform, and by use of suction
:ssure in the skirt compartments additional 
1etration force can be mobilized 

Soil resistanc:e 106 kN 

Symbol:-& indicates depth when conc:rete skirts contact seabed 

J. 30. Observed skirt penetration resistance 
for platforms equipped with steel 
skirts. 

se Seating 

is phase has been particularly important for 
: Condeep platforms which had spherical-shaped 
ttom domes. The main object of the instrumen
tion is to check the base contact stresses 
ich should not exceeed some allowable value. 
llasting is then terminated and grouting exe
ted. 

~ platforms with flat base slabs, penetration 
s to be stopped with an appropriate space 
tween the slab and the sea floor in order to 
~mit grouting. 

nally, ballasting takes place after grouting. 
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Sub-base Grouting 

Grouting of the space between sea floor and the 
base is carried out for the following reasons: 

To avoid further penetration and to keep the 
platform vertical. 

To ensure uniform soil stresses on the slab 
and to avoid overstressing of any structural 
elements during continued ballasting and 
environmental loading. 

To avoid piping from water pockets below the 
base during environmental loading. 

Grouting is especially important with uneven 
or sloping sea floors. The evacuation of 
displaced skirt water and excess grout 
material has either taken place directly into 
the sea or through a valve where grout quality 
can be checked (Boon et al., 1977; Ground 
Engineering, 1978). 

A typical time schedule for the installation 
phase is shown in Fig. 31. 

Assumed maximum submerged ~eight::::-r._ 

~ 3000 
a::. 
I..LI 
1- Installation Grouting <( 

3 Jm 1- 2000 Ylfl/Tftt/W///TfoW//J 
Vl 
<( 
...J 
...J 
<( 
a:\ 

u... 1000 0 

1-
:X: 
l::l 
ijj 
3 

0 
0 10 20 

TIME IN DAYS 

Fig. 31. Time schedule for installation and 
grouting of Statfjord B. 

Installation of all the gravity platforms has 
taken place without any major problems, but each 
platform has had some minor events, including 
the following: 

Ekofisk Tank 

The major concern was related to contact 
stresses between the base and the soil, and the 
problem was raised just prior to tow out. 
Phillips had not been able to document the bathy
metry to the satisfaction of Det norske Veritas 
who acted as certifying authority. Unevennesses 
greater than 30 em might have caused unaccep
table local stresses against the base section. 
Preparation for grouting was improvised, but 
turned out not to be necessary, as the observed 
unevenness around the periphery was less than 
10 em. 
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Ber~ 

The first conductor was installed with the water 
level in the drill shaft 20 m below mean sea 
level. This was a temporary low water level as 
the cell pressures had not yet been regulated to 
their final value. Even with 3.5 m deep s~irts, 
piping took place, and approximately 400 m of 
silt and fine sand was washed into the cell 
through the 1" wide annulus around the conduc
tor, and it all happened in a couple of minutes. 
The additional settlement due to this event was 
2 em, and regrouting had to be carried out. The 
intact instrumentation proved very useful during 
this event. 

Brent B 

During grouting of the last compartment a 
serious leackage took place into the minicell, 
probably from a broken, embed~ed grout pipe. 
The leakage was 200 m /h at its maximum, 
and the skirt water pressure dropped more than 
40 m before it was regulated back to normal by 
giving access to sea water. The leakage was 
stopped by adding various sorts of fiber 
material to the water which was sluiced into the 
skirt compartment, and grouting was finally 
completed. 

Frigg TP-1 

The seafloor here slopes 0.6°, and the platform 
was grounded against the slope. Narrow toleran
ces were given due to a bridge connection to an 
already existing platform. This made it 
necessary to pull and rotate the platform with 
the concrete skirt partly embedded Some sort 
of "bulldozing" took place (Foss and Warming, 
1979). 

The capacity to apply eccentric ballasting was 
not sufficient for vertical penetration and some 
tilt of the platform had to be accepted. 

During the gro~ting operation grout of the order 
of 600 - 700 m was lost out onto the sea-bed. 
This was due to piping taking place during skirt 
penetration and insufficient skirt depth. 

Cormorant A and Brent C 

During grouting the same type of problem as was 
experienced with TP-1 was encountered. A step
by-step grouting procedure helped to solve the 
problem, but on CorTorant A the total volume 
injected was 7500 m3 , compared to the theoreti
cal value of 4900 m • 
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SOIL PRESSURE ON DOMES kN/m2 
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• Measured 
Calculated assuming 
ljl = 42• and q,... = 1.7 

E 0.2 . .. .-
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Fig. 32. Soil pressure on domes as a functi 
of penetration depth. Comparison 
measured and calculated values. E 
TCP-2 Condeep platform (Kjekstad, 
1978). 

Frigg TCP-2 

The slope0of the sea-bed here is the same a~ 
TP-1, 0.6 , corresponding to 1 m difference 
elevation over the base diameter. Due to the 
cylindrical cells the Condeeps have great ca 
cities for eccentric ballasting, and the don 
at TCP-2 were made especially strong in orde 
be able to penetrate. The platform could th 
be made to penetrate vertically. Actually, 
request from E&f, the platform was installed 
a slope of 0.1 to the slope of the sea-bed. 
The maximum eccentricity during penetration 
25 m. Contact stress as a function of penet 
tion depth is shown in Fig. 32 (Kjekstad and 
Stub, 1978). 
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mt D 

>marine inspection during skirt penetration 
>wed that some local piping still took place 
a skirt penetration depth of 1.5 - 2.0 m. 
full penetration depth of skirts here was 
m. 

to a local sand layer, high contact pressure 
; developed at one dome, and this determined 
~n ballasting should be stopped and grouting 
~rted. The platform continued to penetrate 
)ther 10 - 12 em after ballasting was stopped. 
~ high contact pressure at the critical dome 
)pped off due to punch-through failure in the 
:al upper sand layer. The reduction in dome 
1tact stresses with increased penetration 
?th took place during one day as shown in 
1· 33. 

NET CONTACT PRESSURE, kN/~ 

1000 1500 2000 2500 

100 

200 

NET CONTACT PRESSURE, kN/m2 

ig. 33. Dome contact stresses during installa
tion of Brent D Condeep platform. 
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Ninian Central 

The Ninian Central Howard-Doris platform was 
ballasted centrically and allowed to tilt during 
the skirt penetration phase. When the final 
penetration depth of 3.7 m was reached on the 
one side, penetration was 2 m less on the other 
side, corresponding to an inclination 51 '• With 
further centric ballasting the structure rec
tified itself, and at final ballasting the 
inclination was only 6', corresponding to 0.2 m 
difference in elevation over the base area. 

Statfjord A 

At Statfjord A a still more pronounced delayed 
skirt penetration took place after ballasting 
was terminated than that experienced at Brent D. 
The additional penetration after ballasting was 
stopped, was of the order of 0.2 - 0.3 m. This 
is assumed to be due to relaxation of the skirt 
wall friction due to rate effects. This rate 
effect is estimated to have been of the order of 
20%. 

Statfjord B 

Contrary to the other Condeep platforms 
Statfjord B has a flat base slab. The reason is 
that the base area had to be extended in 
order to obtain adequate foundation stability. 
The cantilevered slab is supported by inclined 
struts (Fig. 34) and the basement is used for 
storage of sand ballast. Statfjord B is the 
largest gravity platform installe2 in the North 
Sea, with a base afea of 18,200 m and submerged 
weight of 3.7 • 10 kN. 

Due to the flat base it was important to control 
the skirt penetration, and to stop at a certain 
depth. On the basis of previous experience this 
was handled very efficiently. During the skirt 
penetration phase water was sluiced both from 
the skirt compartments and from open sea in such 
a way that no differential skirt water pressure 
developed. 

The experience from Brent D and Statfjord A was 
that skirt penetration continues after the 
stopping of ballasting, and this was not accep
table for Statfjord B. Instead of waiting for 
long term penetration to occur, the principle 
used was to unload, as illustrated in Fig. 35. 

The most expedient penetration force to regulate 
is the skirt water pressure. One meter of dif
ferenti~ skirt water pressure corresponds to 
1.8 • 10 kN penetration force. The penetration 
force applied is shown in Fig. 36. lhe maximum 
total penetration forfe was 1.8 • 10 kN, which 
consiste~ of 1.3 • 10 kN ballast water and 
0.5 • 10 kN suction force. 

In order to demonstrate the efficiency of 
unloading by reducing suction, this principle 
was applied 20 em above the preset penetration 
depth. During the eight-hour stop, no further 
penetration took place. The same procedure was 
employed at the final penetration depth (Fig. 
37). 

The platform w~s installed with an inclination 
less than 0.01 (1:6000), and the average skirt 
penetration depth differed less than one centi
meter from the preset value. 
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Fig. 34. Statfjord B Condeep platform. 
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Fig. 36. Observed skirt penetration resistance 
during installation of Statfjord B 
Condeep platform. 
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Fig. 35. Unloading required to avoid delayed 
skirt penetration. 
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TIME IN DAYS 
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Fig. 37. Time scale for the final skirt 
penetration at Statfjord B. 
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UNDATION DESIGN ANALYSES 

described in the previous text, foundation 
gineering plays an important role when 
anning and controlling the installation of the 
atform. In addition, the foundation engineer 
.s to ensure that the foundation behaviour will 

satisfactory after the platform has been 
,stalled. The platform and its soil foundation 
11 then be subjected to severe environmental 
1ading. The major geotechnical problems to be 
1nsidered for this phase, are: 

stability of the soil foundation 
soil stiffness for dynamic analyses and calcu
lation of cyclic displacements 
settlements and permanent displacements 
base contact stresses 
piping and erosion 

1ch of these problems will be dealt with in 
)me detail in the following by defining the 
~oblem, describing calculation procedures and 
~esenting observed behaviour. 

rABILITY 

eneral ----
he geotechnical design analyses have to ensure 
hat the soil has a bearing capacity sufficient 
or carrying the weight of the platform and the 
yclic forces from the environmental loading. 

he stability analyses have to consider the 
allowing factors: 

Horizontal and moment forces constitute an 
important part of the driving forces. The 
analytical method must be able to deal with 
this kind of loading in a realistic manner. 

The wave load period is typically of the order 
of 10 - 20 seconds. This may introduce dyna
mic (inertia) effects. Further, undrained 
shear strength of soil may depend on time to 
failure. 

The soil foundation will consolidate under the 
weight of the platform. The amount of con
solidation prior to the arrival of the design 
storm will influence the undrained shear 
strength to be used in the analyses. 

The cyclic loading from the waves in the 
design storm induces cyclic shear stresses in 
the soil which will generate pore pressures in 
the soil and reduce the effective normal 
stresses. The "cyclic strength" of the soil 
may thus be smaller than the original 
undrained static strength. The static 
strength may also be reduced by the cyclic 
loading. 

Depending upon the soil conditions, drainage 
may occur during the design wave and during 
the design storm. This will influence whether 
the design wave may be assumed to act under 
drained or undrained conditions and the effect 
of cyclic loading on soil strength. 

Smaller storms may also generate pore 
pressures which later drain away. This 
"precycling/drainage" will influence the soil 
behaviour under subsequent cyclic loading. 
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For tripod platforms the vertical and horizon
tal forces and the local moments are not the 
same on the front pod and the rear pods. 

The factors mentioned above are discussed in 
more detail in the following: 

Stability Analysis Procedure 

The stability analyses are usually performed as 
limiting equilibrium analyses in wh~ch. 
equilibrium between driving and res1st1ng forces 
is controlled (e.g. Morgenstern and Price, 1965; 
Janbu, 1973; Lauritzsen and Schjetne, 1976). 
Various potential failure surfaces have to be 
analysed to find the most criti~al one. The 
procedure by Lauritzsen and Sch)etne (1976), 
Fig. 38, is tailor-made for stability analyses 
of gravity platforms. The base is transformed 
into a square with the same area. The vertical 
load is applied on the "effective foundation 
area". The effective foundation area is defined 
in the same way as in bearing capacity formulas 
(e.g. Hansen, 1970, Meyerhof, 1953). The hori
zontal force is distributed over the whole foun
dation area. If the ratio between horizontal 
skirt spacing and skirt depth is large, it must 
be considered whether the horizontal part of the 
sliding surface may go up between the skirts. 

B 

SECT IONS: / ____ ..... , 

ACTIVE FLAT INCLINED PASSIVE 
f+---------;.!1+--------'"1"--·-·-----------1 

Fig. 38. Principles of slip surface method 
(Lauritzsen and Schjetne, 1976). 

The analysis is performed with the forces from 
the design wave. Even if the wave loads are of 
a dynamic nature, the analysis is usually per
formed as a quasi-static analysis. The dynamic 
(inertia) effect is taken into account by 
multiplying the static wave forces with dynamic 
amplification factors which depend upon the 
dynamic characteristics of the platform and the 
soil. For current North Sea designs the dynamic 
amplification of the forces has been relatively 
small (of the order of 10%). For platforms in 
greater depths of water or on other soil con
ditions, the dynamic amplification may become 
larger. 

The load duration is so short that even for sand 
it may be realistic to assume that the soil is 
undrained during the action of the design wave 
(Andersen et al., 1982). Bowever, for sand one 
should be careful in relying on high undrained 
shear strengths which depend upon large negative 
pore pressures. These may drain away locally. 
For clays, it is assumed that undrained con
ditions prevail during the design wave. 
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soil strength from laboratory tests must be 
determined from specimens subjected to the same 
stress and loading conditions as occur in situ 
(Fig. 39). The analysis can be performed as a 
total stress analysis or as an effective stress 
analysis with pore pressure parameters represen
tative of the in situ loading conditions. 

' -, / 

I 
DSS 

'~-fft ... ~"' I \ Trin 
Triu DSS extension 

compression 

Fig. 39. Typical elements along a potential 
failure surface beneath an offshore 
gravity platform. 

Analyses of Tripod Platforms 

The analyses described in the previous section 
are valid for gravity platforms in general and 
cover both single base and tripod type plat
forms. The tripod type platforms, however, 
require some additional considerations. 

Figure 40 shows schematically a tripod platform 
and the forces that it transfers to the soil. 

v 

! 
h 

..... / ....... ___ ,. 

Fig. 40. Forces on a tripod platform. 

/ 

, 
/ 

/ 

The forces are a static vertical force due to 
the submerged platform weight and a cyclic hori
zontal wave force acting a distance,h, above the 
sea bottom. These forces are transferred to the 

soil through the three pods. In Fig. 40 it is 
assumed that two of the pods are symmetrical 
around an axis in the load direction. They will 
then have identical loads. 

The problem to be solved is to find how the 
horizontal force and the moment are distributed 
among the various pods. Assuming the two back 
pods to have the same forces, there are 6 
unknowns, namely MF, HF, VF, Ms, Hs and Vs. To 
determine these unknowns, there are three 
equations: 

(1) vertical force equilibrium, IV= 0 

(2) • horizontal force equilibrium, l:H 0 

(3) moment equilibrium, EM = 0 

To be able to solve the problem, it is therefore 
necessary to make three assumptions. These are: 

(4) & (5) there is failure in the soil beneath 
both the front pod and the back 
pods. 

The last assumption is that: 
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(6) the structure will find the most efficient 
way of distributing the loads among the 
pods. This means searching for the load 
distribution which gives the highest total 
failure load. 

The assumptions have been proposed by Lauritzsen 
(1983) who has also formalized a procedure to 
perfom tripod stability analyses. Their vali
dity is being checked by means of model tests 
and finite element analyses. 

Fig. 41. Illustration of interaction between 
the failure zones beneath the various 
pods for a tripod platform. Results 
from model test carried out by 
Danmarks Ingeni0rakademi. The figure 
is a photograph of the soil surface 
after the platform model has been 
removed. 
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~other factor which has to be considered when 
alculating the bearing capacity of a tripod 
~undation, is interaction through the soil. 
he failure surfaces from the three pods may 
~erlap, and the bearing capacity may be 
nfluenced. An example is shown in Fig. 41, 
hich shows the foundation beneath a tripod 
odel test after failure. How far apart the 
ods must be to avoid interaction depends upon 
he failure mode of the pods. 

onsolidation Effects on Stability 

hen designing the platform it is assumed 
~at the design storm may arrive during the 
Lrst autumn after the platform has been 
nstalled. If the platform is to be towed out 
nd installed safely, this has to be done during 
he summer, before severe storms may be 
xpected. Then open spaces between the base and 
he soil will be grouted, and the platform will 
e ballasted to its full weight. These opera
ions should be completed before the design 
torm is expected. 

n the case of sand foundations, drainage will 
'ccur relatively rapidly, and it is reasonable 
o assume that the soil consolidates under the 
'eight of the platform before the design storm 
1rrives. As an example, pore pressure measure
lents in the sand beneath the Ekofisk tank 
luring ballasting which increased the vertical 
>ressure by 60 kPa in the course of approx. 55 
lays did not show any excess pore pressure in 
:he sand due to this operation (Eide et al., 
979). 

'or clays consolidation goes much slower. For 
:he Brent B Condeep platform on silty, sandy, 
;tiff to hard clay interbedded with layers of 
:ine, silty sand, pore pressure and settlement 
>bservations have shown that consolidation was 
:ompleted for approx. 10 months (Andersen and 
~as, 1980). For the Statfjord A Condeep plat
:orm on silty, sandy, very stiff to hard clay 
~ith only one sand layer at a depth of 31 - 35 
n, observations have shown that consolidation 
las taken more than 3 years to complete (Lunne 
lnd Kvalstad, 1982). For soft clays it is 
~xpected that consolidation may even take much 
Longer than 3 years to be completed. 

[f a platform is installed late in the summer on 
l site where clay layers are important for the 
stability, it must therefore be assumed that the 
Jesign storm occurs before any consolidation 
takes place in the clay. However, if the plat
form is installed early in the summer, it may be 
assumed that some consolidation occurs. For 
some platforms in the North Sea 3 months of con
solidation has been assumed in design. The 
amount of consolidation and the corresponding 
increase in effective stresses may be calculated 
by ordinary consolidation theory as for struc
tures on land. Experience from the North Sea is 
that consolidation occurs faster than assumed in 
design (Lunne and Kvalstad, 1982). If the 
strength increase due to consolidation is to be 
relied upon in design, however, it is vital that 
the platform is installed early in the summer 
and that no delays occur. 
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Design Storm Loading 

The platforms have to be designed such that the 
so~l is a~le to withstand the design force after 
be1ng subJected to the cyclic loading from the 
other waves in the storm. In the North Sea it 
has often been assumed that the design storm 
dur~tion is 6 hours and that the design wave 
arr1ves at the end of the storm when the effect 
of cyclic loading on the soil strength is most 
severe. A typical 6 hour design storm com
position is shown in Table v. Laboratory tests 
have shown that cyclic loading will tend to 
generate e~cess pore pressures in the soil, and 
the effect1ve normal stresses and the shear 
strength of the soil will be reduced (e.g 
Andersen, 1983). 

TABLE V. Storm compositions for various storm 
durations (Hansteen, 1981) 

3-hr. duration 6-hr. duration 24-hr. duration 
No. % of No. % of No. % of 
of max. of max. of max. 
cycles force cycles force cycles force 

1 100 1 100 1 100 
2 95 2 96 2 96 
4 88 4 89 4 96 
8 81 8 82 8 86 

1 5 74 15 77 15 81 
30 67 30 70 30 76 
50 59 50 64 50 71 
90 51 90 58 90 66 

200 41 200 49 200 60 
500 23 500 37 500 52 

900 20 900 44 
1800 34 
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Clay foundations will be undrained during a 
design storm and the cyclically induced excess 
pore pressure will accumulate from cycle to 
cycle during the storm. In fact, drainage may 
be so slow that the excess pore pressure 
generated during one storm does not dissipate 
before the next storm arrives. For clays it may 
therefore be necessary to analyse the accumu
lated effect of cyclic loading from several suc
cessive storms. 

With sands drainage will occur much faster than 
for clays. Some drainage may therefore occur 
during the design storm and make the effect of 
cyclic loading less severe than if it had 
occurred under completely undrained conditions. 
However, even in sand the cyclic storm loading 
may induce some excess pore pressure. 

Field Observations of Excess Pore Pressures 
Induced by Storm Loading 

An example illustrating that storm loading does 
induce excess pore pressure in the clay beneath 
a gravity platform is shown in Fig. 42. The 
example shows pore pressure observations in the 
soil beneath the Brent B Condeep platform during 
a major storm with a significant wave height of 
10.3 m the first winter, some 3.5 months after 
installation. The maximum wave is roughly twice 
the significant wave height, and the maximum 
wave forfes were estimated to give a moment of 
8.6 • 10 kNm (43% of the design moment) and 
1.54 • 10 5 kN (31% of the horizontal design 
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force). The storm has its maximum intensity 
when the difference between the maximum and the 
minimum pore pressures in Fig. 42 are greatest. 
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Fig. 42. Pore pressure measured in the soil 
beneath the Brent B Condeep platform 
during a storm with a significant wave 
height of 10.3 m. Depth = 4 m beneath 
sea floor (Andersen and Aas, 1979). 

The average pore pressure then increases by 
approx. 10 kPa. Similar pore pressure increases 
were also recorded in piezometers at other 
depths. This is a relatively modest pore 
pressure increase, but it is of the same order 
of magnitude as expected from laboratory test 
results and theoretical analyses. Laboratory 
test results also show that the amount of cycli
cally induced pore pressure increases strongly 
with increasing cyclic shear stress. Further, 
the soil beneath the Brent B platform has 
experienced some consolidation under the weight 
of the platform during the 3.5 months from 
installation to the arrival of the storm (Fig. 
78), and this has caused some increase in the 
soil strength. Thus there are reasons to expect 
a considerably higher cyclically induced excess 
pore pressure during a design storm arriving 
soon after a platform has been installed. These 
observations indicate that cyclic storm loading 
generates excess pore pressures in the clay 
beneath gravity platforms and that the effect of 
cyclic loading on soil behaviour must be taken 
into account in the stability analyses of gra
vity platforms on clay. 

The pore pressure measurements beneath the Brent 
B Condeep platform also produce some evidence of 
the effect of consolidation under the weight of 
the platform on the soil strength and the effect 
of cyclic loading. The second winter after the 
platform was installed, there was a major storm 
with the same significant wave height of 10.3 m 
as the first winter. It is interesting to note 
that while a pore pressure of 10 kPa was 
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generated the first winter, there was no ten
dency to pore pressure generation the second 
winter. The main reason is most probably that 
the soil strength increased due to the con
solidation which took place between the two 
storm periods. The soil was actually fully co 
solidated before the second winter period {Fig 
78). 

Another example of field observations which 
shows that storm loading may also induce exces 
pore pressures in sand foundations, is the 
observations on the Ekofisk tank. The Ekofisk 
tank is located on a very dense, fine sand. 
Figures 43a and 43b show pore pressure measure 
ments in the sand beneath the platform during 
major storm 4.5 months after installation. T 
significant wave height during this storm was 
m. The maximum wave height was estimated to b 
21 m, corresponding to 90% of the 24 m design 
wave. Figures 43a and 43b show that the avera 
pore pressure increases by 10 - 20 kPa during 
this storm. These observations indicate that 
generation of excess pore pressures during a 
storm must be considered and taken into accoun 
in stability analyses even for structures plac 
on very dense sand deposits. 

Fig. 43a. Pore water pressure observations in 
the soil beneath the Ekofisk tank 
before and during the 6th November 
storm for typical gauges (Clausen e 
al., 1975). 

First International Conference on Case Histories in Geotechnical Engineering 
Missouri University of Science and Technology 
http://ICCHGE1984-2013.mst.edu



0 

10 

20 

30 

LEGEND: 
-4th Nov. 13Qg-14~ 
---16th Nov. 

650 750 850 

PORE WATER PRESSURE 
kN/m2 

-
® 0 

0 
(i)9 

0 

(0 

950 0 40 80 

PORE WATER PRESS
URE I.NCREASE, kN/m2 

DURING 6. NOV. STORM 

g. 43b. Pore water pressure versus depth in 
the soil beneath the Ekofisk tank. 
The increase in pore water pressure 
is taken as the rise in pressure from 
4th November at 1300 - 1400 hours to 
6th November at 1300 - 1400 hours 
(Clausen et al., 1975). 

relic Loading Effects on Bearing Capacity as 
)Served in Plate Loading Tests 

s observed in laboratory tests and evidenced by 
~e field observations, storm loading will 
nduce excess pore pressures in the soil beneath 
~avity platforms. This will reduce the effec
ive normal stresses and the shear strength of 
he soil. Fortunately, none of the North Sea 
ravity platforms have experienced foundation 
earing capacity problems. Therefore there are 
o field observations showing the effect cyclic 
oading will have on the bearing capacity of the 
oil. The problem has been modelled in centri
uge model tests (e.g. Rowe and Craig, 1979). 
o provide additional data and experience, NGI 
as carried out field plate loading tests. The 
·urpose of these tests was to provide a check of 
•earing capacity analyses based on triaxial and 
.imple sheaf laboratory tests. The model plate 
'as 1 x 1 m and equipped with skirts. The soil 
ras a stiff, overconsolidated clay. Figure 44 
:hows that for the cyclic load sequence applied 
:o the plate in this case, large cyclic displa
:ements occurred for cyclic forces constituting 
>nly 70% of the foundation capacity for monoto
lic static loading. 

1igure 45 shows that cyclic loading also causes 
i reduction in the bearing capacity for sub
;equent static loading. The reduction in static 
)earing capacity in Fig. 45 is extreme, since 
:he foundation had been subjected to very severe 
~yclic loading. However, more moderate cyclic 
Loading will also reduce the static bearing 
:::apacity. 

~igures 44 and 45 illustrate two different 
failure situations. The failure in Fig. 44 is 
associated with large displacements that occur 
juring cyclic loading. Figure 45 shows the 
effect of cyclic loading on the bearing capacity 
for subsequent monotonic static loading. 

The plate loading test results indicate that the 
bearing capacity of the soil may be significant
ly reduced by cyclic loading and show that it is 
essential to take the effect of cyclic loading 
into account when calculating the bearing capa
city of the soil beneath a gravity platform. 
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Fig. 44. Results from in situ cyclic and static 
plate loading tests on a stiff clay at 
Haga (Stenhamar and Andersen, 1982). 
For the cyclic tests, the figure pre
sents the cyclic displacement ampli
tude as a function of the cyclic force 
amplitude. The cyclic test was run by 
applying 20 cycles with a force ampli
tude of 8 kN, 20 cycles with 9 kN and 
so on with increasing cyclic force 
amplitude. The number of cycles, N, 
at the various force amplitudes are 
given in the figure. 
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Effect of Cyclic Loading on Soil Strength in 
General 

Calculation of the bearing capacity of the soil 
beneath a gravity platform has to be based on 
soil strength determined in laboratory tests on 
small soil specimens. To be able to interprete 
the laboratory test results and to determine a 
soil strength which accounts for the effect of 
cyclic loading, it is necessary to first con
sider what happens to the soil when it is sub
jected to cyclic loading. This is illustrated 
by means of the stress paths in Fig. 46. 

a. CYCLIC STRENGTH 

~~a·,-a·,l 

b. REDUCED STATIC CAPACITY 

Fig. 46. Behaviour of soil subjected to cyclic 
loading. 

As mentioned previously, cyclic loading will 
induce an excess pore pressure in the soil which 
leads to reduced effective normal stresses. A 
soil element with a cyclic shear stress ampli
tude of TBcy will thus move towards the failure 
envelope as indicated in Fig. 46a. After a cer
tain number of cycles, N1, the failure line is 
reached. The soil element will then experience 
large shear strains and be in a state of cyclic 
failure. The failure mode may take the form 
either of large cyclic shear strain amplitudes 
or large permanent shear strains, depending on 
the combination of cyclic and average shear 
stresses that the soil element has been sub
jected to. 

If the cyclic shear stress amplitude is smaller, 
e.g. rAcy in Fig. 46a, a much smaller pore 
pressure will be generated after the same number 
of cycles, N1· However, if cycling is con
tinued, this element will also reach the failure 
line unless the cyclic shear stress is very 
small. The "cyclic strength" of a soil element 
is therefore not a material constant, but 
depends upon the number of cycles that it is 
subjected to. 

If cycling is stopped before the element has 
r~ach~d the failure line, the cyclic loading 
Wll~ :nfluence the static strength that can be 
mob1~1zed under subsequent monotonic static 
load7ng. This is illustrated in Fig. 46b. The 
stat1c stress path for the element which has 
been subjected to cyclic loading will reach the 
failure li~e at a lower shear stress than for an 
elem~nt wh1ch has not been subjected to previous 
cycl1ng. The shape and the slope of the static 
stress paths may also change due to the cycling 
and ~he reduction in static strength due to ' 
cycl1ng may be smaller than the percentage 
~eduction in effective stresses. The reduction 
1n static strength will depend upon both the 
aver~ge shear.stress and the cyclic shear stress 
~pl1tude dur1ng cycling. Like the cyclic 
~ength, it will also depend upon the number of 
'les. 

Cyclic Soil Strength 

The elements in the soil beneath a gravity plat
form will be subjected to a variety of stress 
paths and combinations of average and cyclic 
shear stresses (Fig. 47). The average shear 
stress, Ta, is composed of 1) the initial shear 
stress in the soil prior to the installation of 
the platform, T0 , and 2) a shear stress which is 
induced by the submerged weight of the platform 
ata· The initial shear stress has been acting 
under drained conditions. The shear stress due 
to the weight of the platform will first act 
under undrained conditions, but as the soil con
solidates under the weight of the platform, this 
shear stress will also act under drained con
ditons. The cyclic shear stress, 'cY• is 
induced by the cyclic wave forces. ~n a storm, 
the wave height varies continuously from one 
wave to another, and the cyclic shear stress 
will also vary from cycle to cycle. 
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Fig. 47. Example of loading of soil elements 
along a potential failure surface in 
the foundation beneath an offshore 
gravity platform. Simplified. 

The data presented in the following are from 
laboratory t~sts on clay specimens with both Ata 
and the cycllc loading applied under undrained 
C?nditions. With sand it will as discussed pre
Vlo~sly be more representative to apply at 
dra1ned, and it is also necessary to evalu~te 
the 7ffect of partial drainage during cyclic 
load1ng. The following section will first pre
sent the results from tests in which the cyclic 
shear stress is kept constant throughout the 
test. Afterwards it will be shown how the cycic 
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,ar strength can be determined for conditions 
·re the cyclic shear stress varies from one 
'le to another, as happens during a storm. 

.mples of measured cyclic strengths of clay 
'c~mens loaded with symmetrical, constant, 
'llc shear stresses under simple shear condi
•ns, are presented in Fig. 48. The number of 
'les to failure depends upon the magnitude of 
' cyclic shear stress and the overcon
idation ratio. At a given ratio between 
'lie shear stress amplitude and undrained sta
' shear strength, the higher the overcon
idation ratio is, the sooner cyclic failure 
reached. It is therefore important to pre
·e the laboratory specimens to the same over
,solidation ratio as in situ. 

10 100 1000 

NUMBER OF CYCLES TO 
FAILURE I y tf'':!: 10%1 

10000 

r. 48. Number of cycles to failure for 
undrained symmetrical cyclic simple 
shear loading on Drammen clay with 
various overconsolidation ratios. 'hf 
is the undrained static shear strength 
from tests with approx. 2 hrs. to 
failure. 

~ effect of the average shear stress on the 
nber of cycles to failure, is illustrated in 
l· 49. The figure shows the number of cycles 
failure for different stress paths and 

:ious combinations of average and cyclic shear 
:esses. If the average shear stress distribu
>n in the soil is calculated, and if the storm 
tding is simplified to a certain number of 
Livalent cycles of the maximum wave in the 
>rm, both •a and N will be known for all the 
!ments. Depending on 'a• N and the assumed 
:ess path for each element along the potential 
.lure surface, the cyclic shear stress, 'cyr 
.ch will cause failure can be determined from 
r. 49. The cyclic strength to be used in the 
tbility analysis will be •a + 'cy for each of 

elements. (In the above it is assumed that 
in the various elements along the potential 
.lure surface remains constant throughout the 
>rm. In reality, however, some stress 
listribution will occur, and there will be 
te changes in •a·) 
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A real stor · . with . m ls.as ment1oned composed of waves 
mentsv~~~!nEhhe1ghts and periods. The soil ele-
. t d a a platform will therefore be sub-
;~~e~s ~0 an arbitrary variation in cyclic shear 
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Fig. 49. Example of cyclic strengths for 
various stress paths and shear stress 
combinations (Andersen, 1983). su is 
the undrained static shear strength. 

In practice it is not possible to simulate all 
relevant cyclic load histories in the labora
tory. Usually, therefore the laboratory tests 
are run with one constant cyclic shear stress 
throughout the test. To be able to use these 
tests to predict the soil strength for real 
storm loading, procedures have been developed to 
predict soil behaviour under varying cyclic 
shear stresses, from tests employing constant 
cyclic shear stress. One such procedure uses 
the cyclic shear strain as a memory of the 
effect of cyclic loading (Andersen, 1976; 
Andersen et al., 1978). This procedure is based 
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on so-called "strain contour diagrams" 
constructed from cyclic tests with constant 
cyclic shear stress. Examples of contour 
diagrams are shown in Fi~. 50_which is valid for 
cyclic simple shear loadlng Wlth zero average 
shear stress. Separate diagrams have to be 
established for other stress paths and other 
combinations of cyclic and average shear 
stresses. 

10 100 IDOO 10000 

NUMBER OF CYCLES 

Fig. 50. Countour diagrams for cyclic shear 
strain and excess pore pressure. 
Simple shear tests with symmetrical 
cyclic loading on Drammen clay. thf 
is the undrained static shear strength 
for specimens sheared to failure in 
approx. 2 hrs. (Andersen et al., 
1980). 

Figure 51 shows how the "strain accumulation" 
procedure is used to determine the development 
of the cyclic shear strain amplitude of a soil 
element during a 6-hour storm. The assumed 
cyclic shear stress history is given in Table V. 
It is assumed that the small waves arrive first 
and that the maximum wave arrives at the end of 
the storm when the effect of cyclic loading is 
most pronounced. The graphs on the left in Fig. 
51 show examples of two storms with different 
maximum cyclic shear stresses. For each of the 

%60 

tcy !40 

lkPal t 20 ~~~~; 

0 ):::::*=*=*=:::: 
dO 

tcy t40 

lkPal ! 20 

0 t=:==::::... 

%60r-------~----~ 

%ItO 
'[cy 

lkPal 
t20 

® 
®.~·-

0 '-----1-----' 
0 %10 t20 

1 10 100 1000 10000 

NUMBER OF CYCLES. N 

Fig. 51. Maximum cyclic shear strain amplitude 
as a function of the maximum cyclic 
shear stress amplitude in a 6-hour 
design storm (right hand diagram). 
The construction of points A and B are 
shown in the diagrams on the left. 
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two storms the cyclic loading is determined by 
scaling the load levels for a 6-hour storm in 
Table v, such that the maximum cyclic shear 
stress corresponds to 100% in the table. 

The maximum cyclic shear strain for each element 
in Fig. 51 occurs during the cycle with the 
maximum cyclic shear stress. This maximum 
cyclic shear strain amplitude is plotted as a 
function of the maximum cyclic shear stress 
amplitude on the right hand graph in Fig. 51. 

The right hand graph in Fig. 51 shows that if 
the maximum cyclic shear stress in a storm 
exceeds a certain critical value, the cyclic 
shear strain amplitude becomes very large. This 
critical value is the "cyclic strength" of the 
clay. This cyclic strength is not a material 
constant, but depends upon the storm composition 
and the storm duration. It also depends upon 
the overconsolidation ratio. Figure 52 shows an 
example of the ratio between cyclic strength and 
conventional undrained static strength for a 
simple shear element. The cyclic strength is 
valid for the 6-hour storm in Table V. 
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Fig. 52. Cyclic strength normalized with 
respect to the undrained static shear 
strength. su is the undrained static 
shear strength for 2 hours to failure 
prior to cycling (Andersen et al., 
1982). 

Diagrams like the one in Fig. 52 may also be 
established for other stress paths and various 
values of the average shear stress. It should 
be kept in mind that in the general case, the 
cyclic strength to be used in a stability analy
sis is equal to the sum of Ta and tcy at 
failure. 

The values in Figs. 51 and 52 are evaluated for 
a 6-hour storm. As mentioned previously, the 
clay foundation may be undrained for a longer 
period than a 6-hour storm. The effect of storm 
duration on the cyclic strength of plastic 
Drammen clay is presented in Fig. 53. The 
results in Fig. 53 show that it is important to 
base the analyses on a correct storm duration 
figure. 

Another procedure for predicting soil behaviour 
under varying cyclic shear stress from tests 
with constant cyclic shear stresses, is to use 
the cyclically induced excess pore pressure as a 
parameter instead of the cyclic shear strain. 
For sands where it is important to incorporate 
partial drainage, this pore pressure accumula
tion procedure may be most suitable. For clays 
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the other hand, it is difficult to perform 
re pressure measurements in cyclic laboratory 
sts with a high degree of accuracy. Since 
ere is not likely to be significant drainage 
ring a storm, it is recommended that strain 
cumulation procedure be used for clays. For 
st practical purposes it is the cyclic shear 
dulus and the cyclic shear strength that are 

primary importance. These parameters will be 
termined directly from the strain accumulation 
ocedure without involving the uncertain pore 
essures. 
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Effect of storm duration on cyclic 
strength of Drammen clay. Based on 
constant volume, simple shear tests 
(Andersen et al., 1982). 

tatic Shear Strength Reduced for Effect of 
ndrained Cyclic Loading 

30 

:eduction in undrained static strength due to 
:yclic loading can also be determined from 
.aboratory tests. The laboratory tests are then 
'irst subjected to undrained cyclic loading. 
,fterwards they are loaded to failure by 
1ndrained monotonic static loading. 

:xamples of results from static tests on clay 
;pecimens with and without previous undrained 
:yclic loading are shown in Fig. 54. Both the 
1ndrained static shear strength and the 
1ndrained static shear modulus are reduced by 
:he cyclic loading. An example of reducti?n in 
1ndrained static shear strength as a functLon of 
:yclic shear strain which occurred ~uring cyclic 
loading, and the number of cycles, 1s presented 
ln Fig. 55. 

~or design purposes, the reduced undrained sta
tic shear strength can be evaluated by first 
ietermining the cyclic shear strain ~plitudes 
in the soil beneath the platform dur1ng the 
iesign wave at the end of the design storm. 
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These cyclic strains can be obtained from the 
finite element analysis used to calculate cyclic 
displacements or from other simplified methods. 
When these cyclic strains are known, the reduc
tion in undrained static strength can be deter
mined from diagrams of the type in Fig. 55. 
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Fig. 55. Reduction in undrained static shear 
strength due to undrained cyclic 
loading. Simple shear tests on 
Drammen clay with OCR = 4 (Andersen, 
1976). 
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For sands where partially drained states may 
occur, it may be more convenient to work with 
pore pressures and effective stresses (e.g. 
Smits et al., 1978~ Rahman et al., 1977). 

The static laboratory tests are often run to 
failure in approx. 2 hours with a constant rate 
of strain. Andersen et al. ( 1982) have shown 
that strain-controlled loading gives a shear 
stress variation with time which is close to the 
first quarter of a sinusoinal variation. 
Constant rate of strain tests may thus be a 
reasonable approximation of the wave force 
loading in situ. The time to failure in situ, 
however, would be much shorter than 2 hours and 
closer to 5 seconds. The effect of this dif
ference in time to failure is presented for some 
clays in Fig. 56. For plastic clays the effect 
of time to failure may be quite significant, and 
ideally the laboratory tests should be run with 
the same time to failure as is required in situ. 
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Increase in undrained static shear 
strength when time to failure tf, is 
reduced from 140 minutes to 5 seconds. 
Numbers in parentheses indicate 
plasticity, Ip, in percent (Andersen 
et al., 1982). 

Stability Analys~s Based on Static Strength 
which is Reduced for the Effect of Cyclic 
Lo~dl~ -

For foundation design of gravity platforms in 
the North Sea, it has been the practice to per
form the stability analyses by calculating the 
safety against failure due to the single charac
teristic wave force, assuming that it arrives at 
the end of the storm. The static strength red
uced to account for the effect of cyclic loading 
from all the other waves in the storm is taken 
to represent soil strength. A load coefficient, 
Yf, of 1.0 has been applied to the cyclic wave 
forces when evaluating the effect of cyclic 
loading from the waves in the storm. However, a 
load coefficient, Yf 100 of 1.3 is applied to 
the forces from the single characteristic wave 
when performing the stability analysis. In 
total stress analyses based on reduced undrained 
static shear strengths, a material coefficient 
Ym of 1.3 is required. 

In the case when horizontal sliding is the cri
tical failure mode, the critical horizontal 
design force, H, will be: 

H suA • A 

Ym' Yf,100 
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where: 

suA is the static strength reduced to ac
count for the effect of cyclic loadins 

A is the foundation area 

In the case of horizontal sliding there is no 
difference between working with partial safety 
coefficients and a lump safety factor, and the 
product y~ • Yf,100 = 1.69 is equivalent to 
working wlth a lump safety factor, SF, of 1.69 
i.e.: 

H 

Ym' Yf 1 100 SF 

This way of analysing the stability means that 
the safety factor is applied to cover uncertai 
ties in the undrained shear strength and the 
design force. No safety factor is applied to 
cover uncertainties in the forces from the oth 
waves in the storm when evaluating the effect 
cyclic loading on the static shear strength. 
may be argued, however, that the forces from t 
smaller waves are just as uncertain as the 
design wave forces and that a load coefficient 
should be applied to the forces from all the 
waves in the storm. The consequences of uncer 
tainties in the forces from all the waves are 
illustrated by an example: 

Figure 57 shows the results from analyses of 
platforms where horizontal sliding is the crit 
cal failure mode. The analyses are made for 
platforms on clay with different overcon
solidation ratios. The platforms are designed 
according to current practice, meaning that th 
material coefficient, Ymr is 1.3. In order to 
see the consequences of uncertainties in the 
storm, all the wave forces in the storm have 
been increased by a certain percentage in exce 
of the design values, and the corresponding 
material coefficient has been calculated. 
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Fig. 57. Effect of increases in wave forces l 
a platform which is designed with st 
tic strength analyses according to 
current practice. The diagram is 
valid for Drammen clay and for plat
forms where horizontal sliding is tr 
critical failure mode (from Anderser 
et al., 1982). 
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gure 57 shows that for normally consolidated 
ays the wave forces can be increased by 30% 
fore the material coefficient drops to 1.0. 
r higher ocerconsolidation ratios, however, 
ly small increases in wave forces lead to 
ductions in the material coefficient from 1.3 

1.0. For OCR= 10, for instance, this drop 
'Curs for a 5% increase of the wave forces in 
e storm. 

tese results indicate that when making stabi
ty analyses based on static strength reduced 

> account for the effect of cyclic loading, the 
trgin of safety against uncertainties in storm 
>ading depends dramatically upon the overcon
>lidation ratio and this margin of safety is 
1desirably low for highly overconsolidated 
.ays. This is the case both when working with 
1mp safety factors and when working with par
cal safety coefficients. 

will- be shown later, stability analyses based 
1 cyclic shear strength will be better suited 
) account for the uncertainties in wave forces. 
Lrst, however, the influence of rate effect on 
1e shear strength and on the calculated bearing 
~pacity will be shown. 

s mentioned before, the static tests are often 
rought to failure in about 2 hours with a 
8nstant rate of deformation. The actual wave 
oading, however, is of a much shorter duration 
nd in cases where the wave loads are the main 
riving forces, it would be more appropriate to 
un the static tests to failure in 5 to 10 
econds. For plastic clays, the undrained sta
ic strength increases significantly with 
ecreasing time to failure. For lean clays, the 
ffect is less pronounced, and for sands it is 
egligible. The effect of rate of loading on 
he measured undrained soil strength is shown 
or some clays in Fig. 58. 
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~ig. 58. Influence of 30% strain rate effect on 
foundation capacity. H is the hori
zontal design force that can be 
carried by the foundation (Andersen et 
al. , 19 82) • 

rhe influence of rate effect on the foundation 
capacity, computed according to current prac
tice, is illustrated by means of an example. It 
is assumed that the strength increases by 30% 
when the time to failure is reduced from 2 hours 
to 5 seconds. It is also assumed that the same 
numerical values of Yf and Ym are required as 
for the conventional 2 hours to failure. This 
may be subject to discussion, since the specifi
cation of material coefficients ought to be clo-
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sely linked with the selection of soil strength 
values. Figure 58 shows that for OCR= 1, the 
foundation capacity increases with the same per
centage as the strength increase. However, for 
high OCRs the calculations show that the calcu
lated foundation capacity is little influenced 
by the rate effect. 

Stability Analyses Based on Cyclic Shear 
Strengths 

For the more recent platforms, stability analy
ses based on cyclic shear strengths have been 
included in addition to analyses with static 
shear strengths (Foss et al., 1978; Andersen et 
al., 1982). The choice of numerical values for 
the material and load coefficients (or for the 
lump safety factor) is more open for discussion 
in this case. The material coefficient should 
be applied to the cyclic shear strength, and it 
seems reasonable to apply the value of 1.3 as 
for the static strength. When deciding upon the 
numerical value of the load coefficient, 
however, it must be kept in mind that the load 
coefficient in this case is applied to the for
ces from all the waves in the storm and not only 
to the force from the single design wave. 

Figure 59 shows the results of cyclic strength 
analyses compared to analyses with reduced sta
tic strengths according to current practice. 
The results of the cyclic strength analyses are 
shown for various values of the product Ym • Yf 
(= SF in the case of horizontal sliding). The 
diagram shows that in the case with no rate 
effect, and if a material coefficient of 1.3 and 
a load coefficient of 1.0 are applied, the 
cyclic strength analyses will be governing for 
overconsolidation ratios higher than 3.5. 
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It is believed that the cyclic strength analysis 
will lead to a more consistent safety level 
independent of the overconsolidation ratio, and 
it is recommended that cyclic strength analyses 
should be included in addition to or instead of 
the static strength analysis in cases where the 
wave forces are the main driving forces. The 
numerical value of the load coefficient (or the 
lump safety coefficient, SF) must be decided 
upon by the regulatory authorities. 

Effect of Storms Prior to the Design Storm 

In design it is usually assumed that the design 
storm arrives early during the first major storm 
season before any other significant storm 
loading has occurred. In reality, however, the 
platform will probably experience smaller storms 
accompanied by drainage before the design storm 
arrives. This precycling/drainage will 
influence the soil behaviour under subsequent 
undrained storm loading. The foundation 
engineer must therefore investigate whether this 
may deteriorate the soil and make it more unfa
vourable if the design storm arrives at a later 
time than usually assumed. 

With sands, laboratory tests have shown that 
repeated cyclic loading accompanied by drainage 
may reduce the tendency to cyclically induced 
excess pore pressure considerably. Bjerrum 
(1973} presented results from laboratory tests 
on very dense sand which showed that the rise in 
excess pore pressure per cycle decreased by a 
factor of 10 - 100 if the specimens were first 
precycled with a low cyclic shear stress and 
then allowed to drain (Fig. 60}. The precycling 
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Pore pressure rise per cycle observed 
in undrained simple shear tests with 
cyclic loading on fine sand samples 
prepared with relative densities of 
80% (Bjerrum, 1973). 
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corresponded roughly to a summer storm for the 
sand beneath a typical North Sea gravity plat
form. 

This effect of precycling and drainage may have 
important practical implications for gravity 
platforms on sand. If the platform is installei 
early in the summer, it will most likely be sub
jected to a small amount of wave loading which 
will precycle the sand beneath the platform and, 
since drainage is likely to occur fairly 
rapidly, make it more resistant to subsequent 
undrained cyclic loading. 

For a sand with a reasonably high permeability, 
it is also likely that some drainage occurs 
during the first, less critical part of the 
design storm. The beneficial 
precycling/drainage effect may thus actually 
occur during the first part of the design 
storm. 

The possibility of a beneficial precycling/ 
drainage effect ought to be considered in the 
foundation design of gravity platforms on sand, 
both for laboratory testing where some pre
cycling and drainage might be applied prior to 
the undrained testing, and when evaluating soil 
properties for the calculations. Neglecting 
this effect may lead to unneccessary conser
vatism. 

With clays, laboratory tests have shown that 
precycling and drainage may be beneficial for 
normally consolidated clays and lead to smaller 
pore pressure generation during subsequent 
cyclic loading (Fig. 61). For overconsolidated 
clays, however, laboratory tests have shown that 
precycling and drainage may be unfavourable and 
lead to softening of the clay and greater 
generation of pore pressure due to cyclic 
loading (Fig. 62). 
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Fig. 61. Cyclically induced excess pore 
pressures and cyclic shear strains 
during consecutive series of undrained 
cyclic loading. Drainage between each 
seri~s. Simple shear tests with sym
metrlcal, constant cyclic loading on 
normally consolidated Drammen clay 
(Andersen et al., 1977}. 
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pressures and cyclic shear strains 
during consecutive series of undrained 
cyclic loading. Drainage between each 
series. Simple shear tests with sym
metrical constant cyclic loading on 
Drammen clay with OCR = 4 (Andersen et 
al., 1977). 

~ith normally consolidated clays the cyclically 
induced pore pressure will drain away very 
slowly, and one cannot rely on the beneficial 
:ffect occuring before the design storm arrives. 
~or overconsolidated clays, where there may be a 
negative effect of precycling/drainage, the con
solidation of the soil due to the weight of the 
olatform will occur in parallel with the 
orecycling/drainage. Provided the platform is 
jesigned with the assumption that the design 
storm arrives before significant consolidation 
~as occurred, it is believed that the beneficial 
:ffect of consolidation due to the weight of the 
[Jlatform will dominate over the negative effect 
of precycling/drainage. For platforms on clay 
the effect of precycling/drainage is believed to 
have less practical importance than for plat
forms on sand. 

~ield observations of cyclically induced pore 
[Jressures for consecutive storm pe~iods, with 
time intervals long enough for dra1nage to occur 
between the storms, would have shed more light 
on the effect of precycling/drainage on foun-
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dation behaviour. Unfortunately, such measure
ments are not available at present. 

SOIL STIFFNESS FOR DYNAMIC ANALYSES AND 
CALCULATION OF CYCLIC DISPLACEMENTS 

General 

The cyclic wave forces will lead to cyclic 
deformations in the soil and cyclic displace
ments of the platform. The cyclic displacements 
have to be calculated to evaluate the stresses 
in oil wells, pipe line connections,etc. They 
also have to be calculated to ensure that cyclic 
displacements and accelerations higher up in the 
platform do not cause discomfort for the crew or 
damage the equipment on board. 

The dynamic behaviour of the platform under 
cyclic wave action also has to be analysed to 
make sure that the natural period of the plat
form is not too close to the periods of waves 
with high energy. In all cases dynamic amplifi
cation of the wave forces has to be calculated 
and taken into account in design. The stiffness 
of the soil under cyclic loading is an important 
parameter in dynamic platform analysis. The 
soil is often represented in the dynamic analy
sis by equivalent springs. 

The calculation of cyclic displacements and soil 
spring stiffnesses is based on the cyclic 
stress-strain properties of the soil. The ana
lyses have to consider the same fac~ors as men
tioned in the beginning of the sect1on on 
stability, i.e. type of loading, wave load 
period (inertia effects, rate effects on soil_ 
properties), consolidation, influence of cycllc 
loading on soil properties, drainage, 
precycling/drainage and for tripod platforms 
load distribution on and interaction between the 
pods. Detailed discussion of the effect of 
these factors will not be included in the 
following. Their effect on stress-strain pro
perties and the calculation of cyclic disp~a?e
ments and stiffnesses will in general be s1m1lar 
to their effect on shear strength and the calcu
lation of bearing capacity. In the following 
the main emphasis will be given to platforms on 
clay. With sand the effect of drainage m~y have 
a favourable influence and has to be cons1dered. 

Analysis Procedure 

The cyclic displacements and spring stiffnesses 
may be calculated by the finite element.m~thod. 
Figure 63 shows a typical model. The ~1n1~e 
element analysis accounts for stress dlstrlbu-

Fig. 63. 

SOIL STIFFNESS 

FE analyses Closed form 

-~ 
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Finite element model and some simple 
closed form solutions for calculating 
soil stiffness under cyclic wave 
loading. 
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tions and may also account for soil layering and 
non-linear stress-strain properties. Proper 
modelling of these factors is essential. This 
will be exemplified by the plate loading test 
results presented later. As in the case of sta
bility analyses, it is usually assumed that the 
design wave arrives at the end of the design 
storm when the effect of cyclic loading is most 
severe. When evaluating the effect of cyclic 
loading on the soil properties, a soil foun
dation of clay is assumed to be undrained during 
the storm. For sands, however, the effect of 
drainage during the storm must be considered. 
As in the case of stability analyses, it is 
believed to be appropriate both for clay and 
sand to assume that the soil foundation remains 
undrained during the single design wave, unless 
the sand is very permeable. 

In the finite element analysis the problem has 
often been approximated by a plane strain model. 
For undrained conditions, this will underesti-
mate the soil stiffness. For storm loading on a 
typical North Sea gravity platform a low soil 
stiffness will be conservative with respect to 
cyclic displacements and dynamic behaviour. 

The finite element analysis may be performed 
with elastic-plastic cyclic soil models where 
the stress-strain relationship depends on the 
number of cycles. Every load cycle is applied 
and followed in the analysis. Computer programs 
capable of doing this exist (e.g. Prevost, 
1981). However, there are uncertainties in such 
computations, and in the modelling of the 
complex constitutive soil model which is 
required. Experience concerning the quality of 
the results from such calculations is also 
limited. In addition, such analyses are so 
costly that it may be prohibitive to analyse 
more than a few load cycles. 

An alternative is to use a simplified, less 
costly approach where the relationship between 
the cyclic shear stress and cyclic shear strain 
amplitudes is modelled (Andersen et al., 1978). 
This relationship will also depend upon the 
number of cycles, and also in this case a 
realistic soil model has to be established. How 
this can b~ accomplished will be shown in a 
later sect1on. Such simplified finite element 
a~alyses were used to back-calculate the cyclic 
d1~placements of the Condeep Brent B platform 
(Flg. 65) and the agreement between calculations 
and measurements was encouraging. 

Approximate values of cyclic displacements and 
spring stiffnesses may also be calculated by 
closed form solutions (e.g. Gazetas, 1983). 
However, these formulas have a limited ability 
to account for soil layering and non-linear 
stre~s-strain properties, and must be used with 
caut1on. 

Tripod Platforms 

For tripod platforms special consideration has 
to be given to the distribution of the horizon
tal force on the various pods and to interaction 
between t~e pods through the soil. Movement of 
one pod w1ll lead to movements of the soil 
underne~th the other pods, as indicated in Fig 
64. Thls fore~ distribution and interaction • 
must be taken 1nto account in the analyses used 
to ~eterm~ne cyclic displacements and soil 
spr1ng st1ffnesses. 
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h 

Fig. 64. Illustration of interaction between 
the pods through the soil for a triJ 
platform under cyclic wave loading. 

Field Observations of Cyclic Displacements anc 
£lnamic Behaviour 

Several of the North Sea gravity platforms ha• 
been instrumented with accelerometers to ensu1 
that the cyclic displacements and the dynamic 
behaviour are in agreement with the design 
assumptions. The measurements on the Condeep 
Brent B platform constitute the most complete 
measurements and interpretation of such acce
lerometer data. Observations were made durin• 
several major storms the second winter after 
platform had been installed. The soil was th• 
fully consolidated under the weight of the pl. 
form. The most severe of the storms had a 
significant wave height of 10.3 m. The maxim1 
wave forces in this storm were ~stimated to 
constitute a moment of 8.5 • 10 kNm (43% of I 
de~ign moment) and a horizontal force of 1.51 
10 kN (30% of the horizontal design force). 

Figure 65 shows observed cyclic horizontal an• 
rotational displacement of the platform at se, 
bed elevation as a function of wave forces. ' 
displacements were found by integrating the 
measured accelerations. The highest standard 
deviation of cyclic horizontal platform displ 
cement at sea-bed elevation was found to be 
approx. 1 mm, corresponding to a maximum ampl 
tude of approx. 4 mm. The highest standard 
deviation of horizontal deck displacement was 
found to be approx. 15 mm corresponding to a 
maximum amplitude of approx. 60 mm (Hansteen, 
1979). 
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lated standard deviations of cyclic 
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n Fig. 66 the observed cyclic displacements at 
ea-bed elevation are extrapolated to the design 
orce values by a combination of measurements 
nd calculations. The figure shows that if the 
esign storm, wit~ a horizontal design wave 7 
orce of 5.1 • 10 kN and a moment of 2 • 10 
Nm, arrives before the soil consolidates under 
he weight of the platform, it is expected to 
ause a cyclic horizontal ~isplacement of 90 mm 
nd a rotation of 6.5 • 10- radian correspond
ng to a cyclic vertical displacement of approx. 
0 mm at the platform periphery. Theoretical 
alculations have shown that if the cyclic hori
ontal displacements reach a value of approx. 
50 mm, yielding may occur in the oil wells 
.nderneath the platform (Andersen et al., 1982). 
'he figure further indicates that the con
olidation will have a beneficial effect and 
educe the predicted cyclic horizontal and rota
.ional platform displacements at sea-bed eleva
. ion to roughly one third of those before 
:onsolidation. 
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Fig. 66. Expected cyclic displacements at 
sea-bed elevation during storm for 
the Brent B Condeep platform. Design 
forces are a horizontal force o;. 
50 000 t and a moment of 2 • 10 tm 
(from Andersen and Aas, 1980). 

The equivalent soil shear modulus for an homoge
neous elastic halfspace, back-calculated from 
the measured cyclic displacements, was found to 
be 150 MPa for horizontal displacements and 250 
MPa for rotations. It is important, however, to 
be aware that these measurements were made after 
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the soil had consolidated and under less severe 
storm loading than the. design storm. The ~xtra
polations in Fig. 66 indicate that the equ1~a
lent shear stiffnesses to be used for a des1~n 
storm arriving soon after platform installatlon 
(no consolidation) is only 10 - 25% of the 
measured ones. 

Figure 67 shows acceleration spectra for the 
first three modes as calculated from the 
measured accelerations during the major storm 
the second winter. The resonance periods are 
1. 78, 1. 72 and 1 .19 seconds and are reasonably 
well below the wave periods. For structures in 
deeper water, however, the resonance periods may 
increase to more than 4 seconds. This becomes 
very close to the periods for the smaller waves 
and may lead to high amplification of the forces 
from the small waves. Since there is a large 
number of small waves, this may mean that fati
gue becomes an important design ?onsideration • 
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Acceleraton spectra for the Brent B 
Condeep platform as calculated from 
measured acceleratons (Hansteen, 
1979). The two first modes of 1.78 
and 1. 72 seconds represent bending in 
the two horizontal directions. The 
third mode of 1. 19 seconds is torsion 
about the vertical axis. 

Experience from_ Plate Loading Test~ 

The plate loading tests on stiff, overcon
solidated clay, mentioned in the section on sta
bility, give valuable information concerning the 
calculation of cyclic displacements and soil 
spring stiffness. The plate tests so far inter
preted with respect to displacements and stiff
ness, are tests employing undrained monotonic 
static loading. However, the conclusions that 
will be drawn from these tests in the following 
are equally valid for cyclic behaviour. 

For simplicity, the interpretation has con
centrated on the behaviour at 50% of the failure 
loads. Results from tests with vertical loading 
as well as from tests with combined vertical, 
horizontal and moment loading have been ana
lysed. The average normalized secant shear 
stiffness, Gso/su, has been back-calculated for 
an equivalent homogeneous elastic halfspace and 
found to be in the range 115 to 150, depending 
upon the type of loading. The undrained 
strength used in the normalization is the 
average strength back-calculated from the 
measured failure load. 
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The normalized secant shear modulus measured in 
laboratory tests at 50% of the undrained 
strength, is in the range G5o/su = 10 - 25 
depending upon type of test and overcon
solidation ratio. The laboratory tests were 
consolidated to the in situ stresses and sub
jected to the same type of loading (stress 
controlled) and the same time to failure as in 
situ. 

The laboratory tests thus give a soil stiffness 
which at 50% of the failure value is 5 - 15 
times smaller than the average stiffness back
calculated from the plate loading tests. This 
difference is probably due to the fact that the 
major part of the soil beneath the plates is 
subjected to a shear stress which is signifi
cantly smaller than 50% of the shear strength 
and that the shear modulus increases strongly 
with decreasing shear stress. Simplified finite 
element analyses showed that if the shear stress 
distribution in the soil, the non-linearity of 
the soil modulus and the influence of the stress 
path were accounted for, reasonable agreement 
between measured and calculated displacements 
were achieved. In the case of the plate sub
jected to horizontal and moment loading, the 
results showed that it may be important to per
form three-dimensional analyses. In this case 
two-dimensional plane strain analyses overesti
mated the displacements and underestimated the 
stiffness by a factor of 1.67. 

Soil Re~resentation in Simplified Finite Element 
An~~~~ 

The soil properties used to calculate cyclic 
displacements and soil spring stiffnesses must 
as mentioned be determined from laboratory tests 
1hich are representative for the soil elements 
1eneath the platform. The stress situation 
1eneath the platform is very complex, and it is 
.mpossible to simulate all possible stress 
.ituations in laboratory tests. However, 
.riaxial and simple shear tests represent some 
mportant elements (Fig. 47), and such tests 
.re usually include,d in a laboratory test 
1rogram for the foundation design of gravity 
>latforms. These tests ought to be subjected to 
~ombinations of static and cyclic shear stresses 
representative of the stress conditions beneath 
the platform. 

To calculate cyclic displacements and soil 
spring stiffnesses, it is also important to know 
the soil modulus outside the zone immediately 
beneath the platform. The stresses and strains 
there will be relatively small, and the accuracy 
of ordinary triaxial and simple shear tests may 
not be good enough. Resonant column tests 
should therefore be included to determine the 
soil modulus at small stress and strain levels. 

In this presentation results from cyclic labora
tory tests on Drarnrnen clay will be used to show 
some typical stress-strain behaviour of various 
soil elements and to indicate how to determine a 
representative soil model for use in the 
simplified finite element analysis described 
previously. 

Figure 68 shows the stress-strain behaviour of 
Drammen clay under different cyclic loading con
ditions in the laboratory. Figure 68a shows 
that symmetrical cyclic loading in the simple 
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Fig. 68. Stress-strain behaviour of Drammen 
clay under various cyclic loading c 
ditions (OCR 0 4). 
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b) Non-symmetrical triaxial loading 
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hear apparatus causes relatively symmetrical 
~yclic shear strains. The cyclic strain ampli
ude increases and the secant shear modulus 
ecreases with the number of cycles. This is 
lue to the pore pressure build-up which is 
enerated by the cyclic loading. 

'igure 68b shows that if the cyclic shear stress 
s not symmetrical, the predominant behaviour 

1ay be an increase in the permanent strain with 
tumber of cycles and a relatively small increase 
. n the cyclic shear strain amplitude. 

'igure 68c shows that in the triaxial tests, 
:here may be a permanent shear strain develop
lent even if the shear stress is symmetrical 
1bout zero. This is different from the simple 
:hear test results which showed a symmetrical 
:train response. The reason for the permanent 
itrain in this triaxial specimen is that the 
Indrained extension shear strength is lower than 
:he compression strength of the specimen. A 
iymmetrical stress will therefore lead to a 
1igher degree of strength mobilization on the 
~xtension side than on the compression side. 

~he three examples in Fig. 68 show that it is 
Lmportant to model the type of loading correctly 
1hen trying to determine the stress strain beha
riour or the modulus in situ from laboratory 
:ests. It also shows that the stress strain 
lehaviour is complex and complicated to for
mulate in a general material model. 

lowever, for calculating cyclic displacements 
1nd soil spring stiffnesses, it is the cyclic 
>hear modulus which is of primary interest. 
>igure 69 shows that for Drammen clay the cyclic 
>hear strain amplitude is essentially only a 
:unction of the cyclic shear stress amplitude 
1nd the number of cycles. Both simple shear and 
~riaxial tests under various loading conditions 
1re included. 

~igure 69 represents a simplified picture of the 
:yclic soil behaviour which needs further 
investigation. Fqr instance, the data do not 
:ontain results from tests with average shear 
stresses in excess of 35% of the undrained shear 
strength. Such tests would probably plot some
N"hat less favourably in the diagram. There may 
~lso be soils with properties which do not plot 
as favourably as the data in Fig. 69, even at 
low values of 'a· However, until more infor
~ation becomes available, it seems reasonable to 
assume that the cyclic secant shear stiffness of 
a soil element is governed only by the cyclic 
shear stress amplitude and the number of cycles 
and that it is independant of both stress path 
and average shear stress. This simplifies the 
soil modelling in the analysis considerably and 
means that the shear modulus determined from 
simple shear tests can be used for the whole 
foundation. 
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Figure 70 shows an example of cyclic secant 
moduli determined in simple shear tests. The 
ordinary laboratory tests do not give accurate 
results at small shear stresses, and the 
variation below a shear stress ratio of 0.25 is 
determined by interpolation to the initial modu
lus values determined from resonant column 
tests. It is obvious from this figure that even 
for one type of test the soil modulus is not a 
constant, but significantly dependent on parame
ters like cyclic shear stress ratio, 'cy/su, 
overconsolidation ratio and number of cycles. 
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NORMALIZED CYCLIC SHEAR STRESS, t cylsu 

Fig. 70. Secant shear modulus, Gs, for cyclic 
loading on Drammen clay. Based on 
stress-controlled simple shear tests 
(Andersen et al., 1980) and resonant 
column tests (Rivette, 1981). su is 
the undrained static simple shear 
strength for 2 hours to failure. 

For typical North Sea gravity platforms it is 
conservative to assume high cyclic displacements 
and low soil spring stiffnesses when analysing 
storm loading conditions. As in the case of 
stability analyses, it is therefore often 
assumed that the design wave arrives at the end 
of the design storm when the effect of cyclic 
loading is most severe. The stability section 
presented a procedure for deriving the cyclic 
shear strain amplitude as a function of the 
cyclic shear stress amplitude for design waves 
arriving at the end of a storm. Such rela
tionships are presented in Fig. 71. This rela
tionship can be put into mathematical form and 
used as a soil model in the simplified finite 
element analysis. Details of the mathematical 
modelling and determination of soil parameters 
for this model are found in Andersen (1983). 

The assumption that the design wave arrives at 
the end of the design storm will, as mentioned, 
give conservative values for cyclic displace
ments and soil spring stiffnesses for typical 
North Sea gravity platforms. For dynamic analy
ses it may be more realistic to use the expected 
average soil spring stiffness in the design 
storm (e.g. NPD, 1979). One definition of 
average soil spring stiffness is that it is 
equal to the ratio between standard deviations 
of wave forces and cyclic displacements at the 
interface between the soil and the platform. 
These average soil spring stiffness values can 
be calculated on the basis of the same prin
ciples as described above. Details are pre
sented in Andersen (1983). 
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Cyclic shear strain as a function o 
cyclic shear stress under the desig 
wave forces. The maximum wave is 
assumed to occur at the end of a 
6-hour storm. Based on constant 
volume, simple shear loading on 
Drammen clay. su is the undrained 
strength for 2 hours to failure 
(Andersen et al., 1982). 

Earthquake Analyses 

Earthquake analyses also require a foundation 
soil stiffness for the dynamic analyses of th 
platform under such loading conditions. 
Earthquake analyses are described by Selnes 
(1981). The earthquake analyses are normally 
performed with other computer programs and wi 
other soil parameters than those used for sta 
loading analyses. 

The main reason for mentioning soil spring 
stiffness for earthquake analyses here, is to 
emphasize that the soil spring stiffness to b 
used in the dynamic analyses of earthquakes rr 
be quite different from the one calculated fc 
storm analyses. 

The soil properties for calculating the soil 
spring stiffness for earthquake analyses can 
determined from the same laboratory tests whi 
are used to calculate the soil spring stiffne 
for storm loading. However, the following di 
ferences between earthquake and wave loadings 
may lead to very different resulting foundati 
soil spring stiffnesses: 

Type of loading. The dominating earthquake 
loading consists of movements propagated fr 
the bedrock upwards through the soil. The 
whole soil foundation is influenced by this 
loading and not only a zone close to the pl 
form as is the case with storm loading. Si 
the cyclic soil modulus is non-linear and 
depends upon the cyclic shear stress level, 
this means that for earthquake loading ther 
will be a lower modulus than for wave loadi 
in the soil away from the platform. 

The maximum cyclic shear stress may not be 
same for the design earthquake and the desi 
storm. Since the soil stiffness is non-lir 
and depends upon the cyclic shear stress 
level, this will also influence the resulti 
soil stiffness. 
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Duration (no. of cycles). An earthquake has a 
much shorter duration than a storm. The 
number of significant cycles may be 100 times 
higher in a storm than in an earthquake. The 
effect of cyclic loading may therefore be dif
ferent in the two cases. 

Load frequency. The earthquake load period 
is of the order of 0.1 to 0.01 times the load 
period for waves. This will influence the 
cyclic soil behaviour. It also means that 
inertia effects are important and must be 
taken into account in the analyses. 

n the case of storm loading, it is normally 
nfavourable to use a low soil stiffness in the 
ynamic analysis of the platform. In dynamic 
nalyses for earthquake loading, however, it is 
ore uncertain whether a high or a low soil 
pring stiffnesses is unfavourable. A range of 
oil spring stiffness values must therefore be 
onsidered in the earthquake analyses. 

n example with calculated soil spring stiff
esses for dynamic storm and earthquake analyses 
or a typical North Sea gravity platform is pre
ented in Fig. 72 (Hansteen, 1983). In this 
ase the soil spring stiffnesses for storm 
oading are even lower than the lower bound 
alue determined for earthquake loading. 

Differences wave loading/earthquake loading 

• Type of loading 

• Max. cyclic shear stress 

• Duration (no. of cycles) 

• Load frequency 

Typical values: 

----~------J------ Sea wave 

SOIL 25 

150 

Earthquake 

30-80 

200-600 

ig. 72. Differences between wave loading and 
earthquake loading. Comparison bet
ween soil stiffness values for wave 
load analyses and earthquake analyses 
for a typical platform. 

ETTLEMENTS AND PERMANENT DISPLACEMENTS 

eneral 

fter installation the submerged weight and the 
nvironmental loads will cause permanent defor
ation in the soil beneath and outside the plat
orm. This may cause the following permanent 
latform displacements: 

vertical settlement 
differential settlement 
lateral displacements 

here will also be displacement of the seafloor 
utside the platform associated with the above 
latform displacements. 
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The permanent displacements will cause stresses 
in oil wells, pipelines etc. Overloading of 
these elements may have serious consequences, 
and stresses induced in them by the soil defor
mation must be evaluated. These stresses will 
depend on the distribution of displacements with 
depth in addition to the total displacement. 
The oil wells, the pipelines etc. are installed 
some time after the platform has been installed, 
and only the displacements occurring after this 
time will induce stresses in them. It is there
fore of interest to know the time sequence of 
the displacements. The time sequence of the 
vertical settlement is also needed to evaluate 
the increase in soil strength and stiffness due 
to consolidation under the weight of the plat
form. The vertical settlement will also reduce 
the free-board between the deck and the sea. 

To provide the necessary information, the 
geotechnical design analyses have to include 
calculations of the settlements-and the other 
permanent displacements. Both total values, 
variations with depth and time sequences are of 
interest. 

The vertical settlement of a gravity platform 
may be separated into different components. 
These components are not independant mechanisms. 
Several of them occur simultaneously and 
influence each other. However, a separation 
into the components listed in Table VI may be 
useful when attempting to predict settlement. 

The first three components will also occur in 
the case of a structure on land. Components 4 
and 5, however, are caused by cyclic loading and 
seldom occur to the same extent on land as 
offshore. The cyclic loading may lead to 
increase in the settlement compared to a struc
ture with only static loading. This is 
illustrated by the settlement records in Figs. 
73 and 74. Both examples are for structures on 
stiff, overconsolidated clays. For structures 
without cyclic loading, the long-term settle
ment (after consolidation is completed) usually 
plots as a straight line in a semi-logarithmic 
plot as shown in Fig. 73. This means that the 
settlement rate decreases with time. For struc
tures with cyclic loading, however the settle
ment often does not slow down, but continues at 
the same rate. This is illustrated in Fig. 74 
which shows that the settlement curve bends 
downwards in the semilogarithmic plot. Similar 
observations have been made on other structures. 

Differential settlement may take place due to 
lateral variations in soil properties beneath 
the platform or non-symmetrical permanent or 
cyclic base loads. Differential settlements 
must in particular be given attention in the 
case of tripod platforms, where non-symmetrical 
cyclic base loads will occur. 

Permanent lateral displacement may be caused by 
non-symmetrical horizontal loads due to pre
ferred wind, current and wave directions. 
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TABLE VI. Vertical Settlement Components for an 
Offshore Gravity Platform 

~~=--Settlement Compone~n~t ____________________ _, 

s 
t 
a 
t 
i 
c 

0 
n 
1 
y 

--

c 
y 
c 
1 
i 
c 

1 
0 
a 
d 

1a. Initial settlement. 
(Shear strains under 
undrained conditions 
due to application 
of static load.) 

1b. 

t-· 

2. 

1----

3. 

---
4a. 

4b. 

5. 

Undrained creep 1.·_ l -~l 
(shear strains under ~ 
undrained conditions 
due to the sustained B llvol = 0 
load from the weight 
of the platform. 
(Continuation of 
component 1 a) . 

Consolidation settle-

~~~~ins(~~~u~~t~;~e ~~-':._! :~:;~ 
pressure d1Ss1pat1on ~ 
under the weight of E] llvol > 0 
the platform. ) 

Secondary settle-

--L1B-ment . (Volumetric 
and shear strains 
under: drained condi-
tions and constant El ll vol > 0 
effective stresses.) 

Local plastic yield-
ing and redistribu- ~~ tion of stresses 
during cyclic load-~ ing. (Undrained.) 

0 llvol = 0 
Shear strains caused 
by cyclically indue-

--i~~. lj ed excess pore pres-
sures and the corre-
spending reductions 
in effective stress 0 llu > 0 
and soil stiffness. llvol = 0 
(Undrained.) 

Volumetric strains 

~ due to dissipation 
of the cyclically 
induced excess pore 
pressures. E3 llu+O 

llvol > 0 

Analysis procedures 

With vertical settlement, components 1, 2 and 3 
(Table VI) occur under constant static load and 
can be evaluated by the same procedures used for 
structures on land. Even if there are uncer
tainties related to the calculation of these 
components, the procedures are relatively well 
established for calculating both total settle
ment, distribution with depth and time sequence. 
Since many of the existing platforms in the 
North Sea are founded on stiff to hard clays, it 
m~y just be mentioned that the data from 

measured settlements of buildings on overcon
solidated London and Gault clay has been uti
lized to supplement settlement calculations 
based on parameters from oedometer tests. Fr 
back-calculation, Butler (1975) found an equi 
lent Young's modulus of E = 130 • su and a 
Poisson's ratio of v = 0.1 to give good corre 
tion with measured settlements. The measured 
settlements included both settlement componen 
1 and 2 (Table VI). 

The vertical settlement due to cyclic loading 
(components 4 and 5) is more difficult to cal 
late. This is a load situation which seldom 
occurs to the same extent on land, and there 
no generally accepted calculation methods to 
predict these settlement components. In the 
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Fig. 73. Settlement record for the Waterloo 
Bridge, London. After Cooling and 
Gibson, 1955 (reproduced from Bjerr 
1966). 
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ase of the existing North Sea gravity plat
Jrms, the predictions of these settlement com
Jnents have been made on an empirical basis, by 
;suming that the rate of vertical settlement 
Eter the end of consolidation will be 10 - 15 
n/year. This figure includes settlement com
Jnents 3, 4 and 5 (Table VI). However, this 
npirical design practice cannot be uncritically 
>ed to predict settlement of gravity platforms 
1 general. It is limited to single base plat
)rms on stiff clays and dense sands in water 
~pths less than 150 m and is not valid for con
ltions with soft clay, greater water depths and 
:her platform geometries (e.g. tripod 
Latforms). 
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Settlement record for the San Jacinto 
Monument, Texas, which is subjected to 
cyclic wind loading. After Dawson, 
1974 (reproduced from Bjerrum, 1966). 
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One way of calculating the settlement due to 
cyclic loading under undrained conditions 
(components 4a and 4b), would be to perform 
finite element analyses with elastic-plastic 
cyclic soil models where the stress-strain curve 
depends upon the number of cycles. Every load 
cycle should then be applied and followed in the 
analyses. Computer programmes capable of doing 
this exist (e.g. Prevost et al., 1981). 
However, as mentioned in the section on cyclic 
displacements and soil stiffnesses, there are 
uncertainties involved in such computations, and 
they may be very costly. 

An alternative calculation approach is to per
form more simplified finite element analyses 
along the same lines as the simplified finite 
element analyses described to calculate cyclic 
displacements and soil spring stiffnesses. 

The volumetric strains due to dissipation of 
the cyclically induced pore pressure {component 
5) may be calculated in the same way as conven
tional consolidation settlement, but with the 
reloading compressibility taken into account. 
The stress change causing settlements is set 
equal to the cyclically induced excess pore 
pressure. 

The differential settlement associated with 
static loading (i.e. settlement components 1, 2 
and 3) may be evaluated by the same procedures 
as used to calculate the average vertical 
settlements provided data about lateral 
variation in soil properties and any unequal 
distribution of the vertical load are available. 

The differential settlement due to non
symmetrical cyclic base loads are more difficult 
to calculate. Calculation procedures as 
described for calculating settlement due to 
cyclic loading (components 4 and 5, Table VI) 
should be considered. Differential settlement 
due to non-symmetrical loading due to preferred 
wind, current and wave directions may be eva
luated from simplified finite element analyses. 

The permanent lateral displacements may also be 
evaluated from simplified finite element analy
ses provided data about non-symmetrical horizon
tal loads due to preferred wind, current and 
wave directions are available. 

Settlement Analysis of Tripod Platforms 

Tripod platforms are more susceptible to dif
ferential settlements due to their non
symmetrical cyclic base loads, and this must be 
given special consideration. 

In the static load case, consideration also has 
to be given to the interaction between the pods 
through the soil (Fig. 75). This may cause a 
tendency for some rotation of the pods. If the 
platform is rigid, this will induce forces in 
the structure. This effect may be evaluated by 
finite element analyses. 
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Fig. 75. Illustration of interaction between 
the pods through the soil for a tripod 
platform during vertical settlement. 

Field Observations of V~~tical Settlement 

Settlement has been measured for most of the 
gravity platforms in the North Sea. A summary 
of some of the settlement records is presented 
in Fig. 76. These records are all for platforms 
on stiff to hard overconsolidated clays and 
dense sands. More details about the settlement 
records may be found in Clausen et al. (1975), 
Andersen and Aas (1979), Eide et al. (1979), 
Lunne et al. (1981) and Lunne and Kvalstad 
(1982). For most platforms the settlement 
measurements did not start until some months 
after the platform had been installed. The 
settlement records have therefore been extrapo
lated back to time equal to zero by means of 
)ne-dimensional consolidation theory. The 
settlement at the end of consolidation has been 
Ln the range of 80 to 230 mm. These numbers and 
:he settlement records in Fig. 76 do not include 
:he initial settlement. Figure 77 shows a more 
letailed interpretation of the settlement of 
:he Condeep Brent B platform. The initial 
settlement has in this case been estimated by 
means of theoretical calculations. 

i 
'200 

250 

MONTHS AFTER PLATFORM INSTALLATION 
10 15 20 25 30 35 40 45 50 55 60 65 

Beryl 'A' 

g. 76. Summary of measured settlement for 5 
North Sea gravity platforms (excluding 
initial settlement). 
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Fig. 77. Interpretation of the settlement 
observations of the Brent B Condeep 
platform (from Andersen and Aas, 
1980). 

Back-calculation of this settlement gives an 
estimated value of E/su in the range 100 to 1~ 
to be used together with v ~ 0.1 to calculate 
the sum of initial and consolidation settlemer 
(Lunne et al., 1981). As mentioned, Butler 
(1975) found E ~ 130 • su for London and Gault 
clay. Lunne et al. (1981) also back-calculatE 
a constrained modulus, M ~ k • su, to calculat 
the consolidation settlement and found values 
kin the range 190 to 280, with an average of 
250. They also found that the agreement with 
constrained moduli measured from the reloadin~ 
branch in oedometer tests was reasonably good. 

The time required for consolidation is not 
always well defined because the foundation soi 
contain layers of both sand, silt and clay whi 
consolidate at different rates. However, the 
time required for consolidation has been esti
mated from the time-settlement curves and whe~ 
available, from pore pressure measurements. P 
example of settlement and pore pressure record 
is given in Fig. 78. The equilibrium pore 
pressure values are slightly below zero due to 
the influence of the underbase drainage system 

The consolidation time for platforms on soil 
consisting mainly of dense sand varies from 
almost instantaneous consolidation for the 
Ekofisk tank on a 26 m thick upper sand layer 
8 to 10 months for platforms with 10 m thick 
upper sand layers. For the Condeep Brent B 
platform on 45 m thick layer of clay interbedd 
with sand layers and with sand beneath 45 m, t 
consolidation time is approx. 10 months. For 
the Statfjord A platform on mainly soil con-
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.g. 79. Distribution of measured vertical 
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sisting of clay, the observed consolidation time 
is approx. 40 months. The predicted con
solidation times depends upon the assumed 
thickness of the layer and on drainage con
ditions, but in general consolidation occurs 
faster than predicted (Lunne et al., 1981). 

The settlement records seem to indicate that the 
settlement which occurs after consolidation is 
completed (components 3, 4 and 5 in Table VI), 
occurs with a rate in the range of 3 to 13 
mm/year. This agrees favourably with the design 
assumptions of 10 - 15 mm/year. 

Settlement distribution with depth has been 
measured on three platforms. Figure 79 shows 
that roughly 70% of the total settlement 
actually occurs in the upper 14 m. However, the 
settlement distribution with depth depends 
strongly on the soil layering. 

Field Observatio~s of Differential Settlement 

Differential settlement recorded on &our of t~e 
platforms has been in the range 0.01 to 0.05 , 
corresponding to differential settlement of up 
to 90 mm across a 100 m diameter base. The 
measurements cover time periods of 15 to 64 
months, but for two of the platforms the 
measurements did not start immediately after 
installation. 

These measurements are all from single base 
platfoms. For tri~od platforms higher differen
tial settlement m~ght be expected due to the 
non-symmetrical cyclic base loads • 

Field Observations of Permanent Lateral 
Dl.splacements 

Permanent lateral displacement has been measured 
on three platforms. Figure 80 shows the 
measurements from the Condeep Brent B platform. 
The measurements do not cover the very first 
storm, but do include storms with wave forces of 
up to 45% of the design forces. The measured 
displacements have been small - less than 28 mm, 
which may be of the same order as the accuracy 
of the measurements. Similar results have been 
obtained from the measurements on the two other 
platforms. 

BASE CONTACT STRESSES AND STRESSES ON SKIRTS 

General 

As mentioned in the section on installation, the 
foundation analyses have to predict distribution 
of normal and shear stresses on the base and the 
skirts. The stress distribution has to be known 
in order to design the base and the skirts such 
that they will be strong enough to withstand the 
expected stresses. During the operation phase 
the cyclic stresses induced by the wave forces 
have to be calculated. It is also necessary to 
evaluate how the non-uniform stresses which deve
loped during installation will be redistributed 
during the operational phase. The submerged 
weight carried by the skirts may with time be 
transferred to the base, causing increased base 
contact stresses. 
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DISTRIBUTION OF LATERAL DISPLACEMENT 
WITH DEPTH 
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Fig. 80. Measured permanent lateral dispiace
ments for the Condeep Brent B plat
form. The measurements started on 
February 4, 1976, some 5 months after 
the platform had been installed 
(Andersen and Aas, 1979). 
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The cyclic base contact stresses may be calc~ 
lated by finite element analyses of the type 
used to calculate cyclic displacements. The 
calculation of redistribution of static stree 
with time, however, is more uncertain, since 
there are several effects occurring at the sc 
time. Experience from performance observatic 
is therefore very valuable. 

Field Observations of Base Contact Stresses 

The base contact stresses have been measured 
Condeep platforms with spherical domes. The 
cyclic base contact stresses measured on the 
Brent B platform during the most severe storu 
during the first winter are presented in Fig. 
81. This storm is the same as described pre
viously for measured cyclic displacements. 
The results from finite element analyses are 
included in the figure. Both calculations ar 
measurements indicate that the cyclic stress 
distribution is almost linear within the innE 
80% of the diameter. The calculations indic< 
that significant cyclic stress concentration~ 
will occur towards the periphery. 

The comparison in Fig. 81 indicates that the 
measured stresses are of the order of 50% of 
calculated ones. This is probably because tl 
skirts along the periphery carry a significar 
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Fig. 81. Measured and calculated cyclic bas 
contact stress variations for the 
Condeep Brent B platform during a 
storm with significant wave height 
10.3 m (Andersen and Aas, 1979). 
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rtion of the wave moment. The effect of these 
irts is not fully accounted for in the calcu
tions. Originally it was anticipated that the 
asured cyclic base contact stresses could be 
ed to back-calculate the wave moment 
perienced by the platform, thus providing a 
eck on the theoretically predicted wave 
ment. However, because stress concentrations 
ar the periphery and forces on the skirts have 
t been measured, these measurements are not 
fficient to check the theoretical calculations 

the wave moment. 

e static base contact stress variation for the 
ndeep Brent B platform is shown in Fig. 82. 
e figure compares the measured base contact 
resses on the 19 domes just after grouting 
tween the platform base and the soil with the 
resses measured 2 years later. The high 
resses developed against some domes during 
1stallation seem to remain for a long time. 
'wever, no tendencies to significant long-term 
,creases which may locally overstress the base 
1ve been recorded. The measurements indicate 
,ly modest changes in base contact stresses 
th time. The stress changes which have 
:curred, have mainly been due to special opera
.ons, such as changes in platform weight 
:hanges in deck load and oil storage), 
·outing, use of the underbase drainage system 
td installation of conductors through the plat
>rm base. 
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ig. 82. Measured static base contact stresses 
beneath the Condeep Brent B platform 
just after grouting and two years 
afterwards (Andersen and Aas, 1979). 
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PIPING AND EROSION 

Waves and currents may cause erosion and piping 
of the soil around and beneath a gravity plat
form. Such piping and erosion may damage the 
soil foundation and must be carefully considered 
in design. 

Whether erosion of the soil surface around the 
platform will occur or not depends upon the 
water particle velocity, the soil grading and 
the transient hydraulic gradients set up in the 
soil by the cyclic wave moment. 

The cyclic wave moment causes cyclic pore 
pressure changes in the soil. These pore 
pressures vary from point to point in the soil 
and cause pore pressure gradients and a tendency 
for flow of water in the soil and along the 
interface between soil and platform. Beneath 
the uplift side of the platform,. the gradients 
cause a tendency to flow from outside the plat
form in underneath the skirts. At the 
compression side, the flow tendency is in the 
opposite direction. 

If the gradients are too large they will also 
lead to piping and erosion along the skirts on 
the uplift side where there is access to free 
water from the outside. It is therefore 
required that the platform does not lift off the 
ground at the uplift side when subjected to the 
maximum wave moment. If a crack opens up, water 
is sucked in and subsequently squeezed out, 
leading to erosion and possibly serious con
sequences for the structure. For a platform 
without skirts, a positive contact pressure is 
therefore required. Pockets of free water under 
the structure should not be allowed to remain if 
it is possible for this water to be squeezed out 
through the soil and thus lead to erosion in the 
front of the platform. A structure equipped 
with skirts can take some suction, depending on 
the depth of skirts and soil conditions, but 
each case has to be considered separately. 

The potential for piping along the skirts in 
front of the platform is limited if there are no 
pockets of free water underneath the platform. 
However, the gradients may cause some flow and 
increased pore pressure in the soil outside the 
front of the platform. This causes reduced 
effective stresses and increased danger of scour 
from the soil surface due to currents. It may 
also cause hydraulic fracturing in the soil. 

The gradients in the soil change continuously as 
a wave passes the platform, and there will be a 
nonsteady flow in the soil. The pore pressure 
distribution may be determined from finite ele
ment analysis. 

The potential problems caused by surface erosion 
are handled by using scour protection or by 
designing the foundation in such a way that the 
platform is safe even if all the soil which is 
susceptible to erosion is washed away. The 
majority of platforms are equipped with skirts 
along the periphery, which protect the soil 
beneath the platform from erosion. The soil 
around the platform may be protected from ero
s:~n by placing, for instance, a gravel layer 
outside the platform periphery. If danger of 
erosion is not fully accounted for, the sea 
floor must be kept under inspection. Means of 
preventing further erosion must be available in 
a short time if tendencies to scour should be 
detected. 
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Field_~bservations of Ero~ion 

In general, the gravity platforms in the North 
sea have not experienced significant erosion 
(Dahlberg, 1982). 

o~e case in which some erosion has occurred, is 
the Frigg TP1 platform. This platform has a 
square base and is situated on dense, fine sand. 
Originally, it did not have erosion protection. 
Early after installation in 1976 about 2 m of 
erosion was observed locally around two corners 
(Dahlberg, 1982). However, erosion protection 
by gravel bags and gravel fill effectively 
stopped further development. Regular inspec
tions have verified that this protection remains 
effective. The Frigg TP1 case is especially 
interesting since the Frigg TCP2 platform, which 
has a circular base and is located only 40 m 
away, has not experienced erosion. It may 
therefore be concluded that a square base is 
more susceptible to scour than a circular base. 

The Frigg TP1 and the Frigg TCP2 platforms are 
both equipped with skirts. A third platform on 
the Frigg field, the Frigg CDP1 does not have 
skirts, and a central open space between the 
base and the platform has not been grouted. 
With this platform, Dahlberg (1982) reports that 
divers have observed periodic puffs locally 
around the periphery, when the sediments were 
carried in suspension, as the excess pore water 
escaped due to the hydraulic gradient set up by 
the cyclic wave action. 

The Ekofisk oil storage tank is only equipped 
with 400 mm high ribs beneath the periphery and 
has not been grouted either. This platform is 
placed on dense, silty, fine sand. Scour pro
tection was placed on the sea floor around this 
platform. The scour protection consisted of a 
1.0 to 1.5 m thick, 10m wide layer of well 
graded gravel with a maximum grain size of 80 
rom. Submarine inspections after a year with 
severe storms showed that the protection worked 
satisfactorily, even though the finer grains had 
been washed out from the upper part of the pro
tective gravel layer. 

Platforms on clay have all been equipped with 
skirts, but have not been surrounded by scour 
protection. No erosion has been observed around 
platforms on clay. 

CONCLUSIONS 

Each of the 15 gravity structures installed in 
the North Sea represents an interesting case 
history regarding the installation phase and the 
long-term foundation behaviour. 

During installation some problems have been 
experienced: 

skidding of platforms without dowels 
• eccentric skirt penetration resistance 

piping below skirt tip level 
delayed skirt penetration after termination of 
ballasting 
loss of grout out onto the sea-bed during the 
grouting process 
leakage into the platform during grouting. 
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None of these problems has been really seri< 
and all the installations are reported to h~ 
been successful. 

The instrumentation has proved very useful 
during installation for: 

measuring vertical penetration 
avoiding overstressing of the base by reco1 
dome contact stress 
controlling the effect of the suction whict 
applied to improve penetration and obtain 
immediate unloading 

• improving the installation design for new 
platforms. 

Long term foundation behaviour has also provE 
to be satisfactory: 

generation of excess pore pressure during 
storms has been moderate and of the order c 
magnitude expected 
observed settlement is about as expected 
dynamic motion appears to be in agreement 
with predictions. 

Scour problems have been less than expected. 
Only one platform with a square base on sand 
experienced scour at two corners. One platfc 
without skirts on sand has experienced some 
pumping effects, creating ratholes along the 
periphery in the predominating storm directic 

The stability of gravity platforms has been < 
lysed employing the following partial safety 
coefficients: 

Yf 1.0 load factor on dead weight 

Yf 1.3 load factor on maximum waveloads 

Yf 1.0 load factor on other wave loads i 
6-hour storm 

Ym = 1.3 material factor. 

The stability analyses have been made in the 
form of quasi-static analyses with the forces 
from the design wave and an undrained static 
shear strength reduced to allow for the effec 
of cyclic loading. In current design practic 
the stability is also analysed employing cycl 
soil strength values. 

For future platforms in greater depths of wat 
the dynamic platform behaviour will become mo 
critical, and the calculation of spring stiff 
nesses and damping to represent the soil will 
become more important. Present calculation p 
cedures can be used for these analyses. 

If deep-water gravity platforms are installed 
soft clays, the cyclically induced settlement 
may have to be given more attention than in t 
case with existing platforms. 
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