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SUMMARY

The présent study examines the lcad transfer mechanism and
subsequent soil displacements around a 0.114m diameter pile passing
through a sand stratum.

The available literature on deep foundations is reviewed. It was
found that the amount of literature pertaining to pile behaviour in
layered soils, was limited.

A model pilot study showed that the most efficient means of
eliminating end bearing, while simulating an underlying clay stratum,
was by driving the base of the pile into a frictionless cylinder.

The composite test pile incorporated 1load cells for  the
measurement of the load distribution. The sensitivity of the initial
'Shell' type cell was found to be insufficient at the smaller loads
which were developed near the pile base. Subsequently, the more
sensitive 'Core' type cell was designed and proved satisfactory.

The test pile was loaded in a 3m diameter by 3m deep concrete
testing tank equipped with sand placement machinery and a dust
extraction unit. Small plates, linked to transducers, were used to
measure the sand displacements around the pile.

A smll dynamic probe was used to monitor the uniformity of
placement and degree of compaction of each sand layer.

A series of loading tests was carried out in loosely placed and
compacted sand layers.

The test data was recorded on punched tape. Processing and
plotting of the test results was accomplished using the facilities of
the DECsystem—20 computer. The results showed :

1. the stress transfer curves were similar to those proposed by
Vesic, in sand, and those obtained by Meyerhof and Sastry in
layered soils. No skin friction was developed at the top or the
bottaom of the sand,

2. the vertical sand displacement decreased with increasing depth,
radial distance, and sand density,

3. the CRP, MLT, and pull-out tests showed that the skin friction was
dependent on the direction and sequence of testing,

4. . an expression for the coefficient of earth pressure Ks along the
pile shaft was determined, based on the experimental data. The
values of Ks were found to increase with increasing density and to
decrease with embedded length.
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NOTATION

Ab = DPile base area

As = DPile shaft area

B = Pile breadth (or diameter)

Ca = Adhesion between pile shaft and adjacent soil
Cu = Cohesion of soil

D = Depth of foundation below ground level
d = Pile spacing

Ef = DPile group efficiency

Ep = Young's Modulus of pile

Es = Young's Modulus of soil

fs = Skin Ffriction

G = Shear Modulus

I = Influence factors developed by Poulos
K = Pile stiffness factor

Ka = Active earth pressure coefficient

Ko = Earth pressure coefficient at rest

Kp = Passive earth pressure coefficient

Ku = Coefficient of lateral earth pressure to uplift -
L = Length of Pile

1 = Width of pile group

N = SPT value

Nc,q,y = Bearing capacity factors

Pu = Applied 1load

qc = Static cone resistance

Qp = Total pile point resistance

qp = Unit pile point resistance

Qs = Total pile shaft resistance

as = Unit pile shaft resistance

Qu = U[Ultimate bearing capacity

qu = Unit ultimate bearing capacity

Qul = Ultimate uplift capacity

R = DPile radius

Rk,h,b = Settlement correction factors developed by Poulos
S = Settlement

S = Ratio of pile spacing to pile diameter
sq = Settlement of a pile group

ix
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Coefficient of friction between pile shaft
and adjacent soil

Soil unit weight

Poisson's ratio

Overburden pressure

Effective overburden pressure

Horizontal pressure on a pile shaft at failure
Angle of internal friction

Angle of friction between soil and pile

Shape factors

Shearing stress

Shear strength
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CHAPTER 1

RELATION TO PREVIOUS WORK AND OBJECTIVES OF THE PRESENT RESEARCH

1.1 Introduction and Relation to Previous Work

The current research forms an integral part of an ongoing

investigation into pile behaviour at The Polytechnic of Wales.

The work carried out on the hebaviour of piles in glacial tills
by Perren (1978) showed that when piles are placed in granular
materials, contractors are reluctant to terminate the pile in the said
strata and prefer to found them deeper in underlying clays or soft

rock formations. The main reasons for this are :
1. difficulties in obtaining a dry hole,
2. the granular material is loosened beneath the pile tip, and

3. the difficulties of ensuring the installation of good quality

concrete.

There is little information on the behaviour of piles in this

type of layered soil strata.

Meyerhof and Valsangkar (1977) extended current bearing capacity
theory and semi~empirical methods of estimating ultimate pile loads in
uniform soils to that of layered soils. This was subsequently

compared with the results of model and field tests of piles in
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non—uniform soils of two and three layers. The model study of
Meyerhof and Valsangk.,r (1977) investigated the behaviour of 76mm
diameter model piles penetrating through a weak stratum into dense
sand. Additional tests were made on piles resting in a sand layer of
various thicknesses underlain by a weak deposit, to study the

resistance to punching of the piles into the underlying soil.

Meyerhof and Sastry (1978) investigated the behaviour of jacked
and driven piles in multiple layers of clay and sand. The first
part of their study dealt with the case of clay overlying sand and the

second part with sand overlying clay.

The second part of Meyerhof and Sastry's (1978) investigation was
found to be the closest pertaining to the ground conditions discussed
by Perren (1978), ie.granular material overlying clay. They have
presented graphs showing the variation of total load, unit point
resistance and radial stress with depth for a dense sand layer

embedded in soft clay.

The main objective of the model pile study by Meyerhof and Sastry
(1978), as with that of Meyerhof and Valsangkar (1977), was to
investigate the failure mechanism when the pile fails by punching into

the underlying soil as the pile approaches the sand-clay interface.

The amount of data available in the 1literature on piles in

layered soils is limited particularly when dealing with bored piles.

As mentioned previously, Perren (1978) stated that contractors
were reluctant to terminate bored piles in the gravel layer and
preferred to found them in the underlying clay or soft rock

formations. The bearing capacity of a pile of this type would

1.2



comprise the skin friction developed along the shaft of the pile

in the granular material and the end bearing in the clay or soft rock.

The purpose of the study presented in this Thesis is to
investigate the 1load transfer mechanism along the shaft of a bored
pile and the subsequent soil displacements in the granular stratum

when the pile is end bearing in a clay layer.

The skin friction developed in the granular material Wouﬁfixxa
affected by the end bearing of the pile in the clay, if the effect of
the end bearing was to cause movement of the interface between the
clay and the granular soil. This movement could be either in the
downward direction, caused by dragdown of the granular material into
the clay layer, or in the upward direction caused by heaving in the

clay or both,

Tomlinson (1977) has suggested that a sand skin could be dragged
into an underlying clay layer to a depth of three pile diameters as

shown in Figure 1.1.

Heave of the so0il surface is caused by a rupture of the
underlying soil due to foundation loading. The base of the pile

can be located either at the surface or at some depth in the clay,

It is proposed to examine firstly the case where the foundation
is located at the soil surface as follows. Prandtl (1920,1921)
studied the process of penetration of hard bodies, such as metal
punches into another softer, hamogeneous, isotropic, material fram the
viewpoint of plastic equilibrium. This classical work known as
Prandtl's theory bhas also been applied for estimating the bearing

capacity of soils. The procedure is based on an analysis of the
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stress conditions for the ultimate failure of the soil. The punch
represents the foundation while the softer material represents the
soil. When the shear strength of the soil is reached due to loading
of the foundation, a two-sided expulsion of soil fram underneath the
base of the footing may take place according to the mode given in

Prandtl's system shown in Figure 1.2, this implies a certain degree of

symmetry.

According to Prandtl's theory the triangular wedge (or a cone in
the case of a pile) of soil beneath the base of the foundation behaves
as a rigid body, and under loading would move downwards with no
deformation. This would cause the logarithmically spiralled wedges to
deform plastically, exerting a force on the boundary between the zones
of plastic flow and the passive state. The volume change in the
plastic region of the body is assumed to be zero so that the ramaining
deformations can be construed as plane sliding along the rupture
surface. This in turn would cause heaving of the soil surface. If
the so0il surface was the interface between a clay layer and overlying
sand stratum this heaving of the interface would cause a compaction of
the sand 1in the area above the heaved clay thus influencing the

development of skin friction in this region.

Terzaghi  (1943) modified ©Prandtl's theory for shallow
foundatipns. He todk into account the cohesion, weight and friction
of the soil and assumed a perfectly rough foundation base. Meyerhof
(1951) has subsequently modified the theory to allow for shallow and
deep foundations. This is based on the plastic theory, the plastic
zones near a deep foundation in a cohesive soil are as shown in Figure

1.3. The distance above the pile base where the failure surface

1.4









intersects the pile shaft, for the extreme case (i.e. for a perfectly

amooth shaft) is equal to the pile diameter, see Figure 1.3.

Meyerhof (1951) stated that the movement of the material in the
plastic zones is parallel to the failure surface. As the depth of the
foundation increases the direction of the soil movement changes from a
general downward and outward direction to an upward one, which for a
deep foundation is practically vertical; a movement towards the shaft
is, however, unlikely in practice (see Figure 1.3). In the vicinity
of a smooth shaft the soil particles are moving upwards while along a
rough foundation the particles are being dragged down at the pile soil

interface.

According to Tsytovich, et al. (1974) the settlement of a
foundation in a C~¢ soil (i.e soil possessing both cohesion and

internal friction) is attributed to two factors :

1. the settlement of a linearly deformable area lying below the

foundation base, area A in Figure 1.4, and

2. the deformation of the trapezoidal area B, expanding in the
horizontal direction owing to the movement of the top part of the
shear areas C. The extent of this movement is dependent upon the

consolidation of the areas D.

'For the case where 4 pile is founded in a non—uniform soil mass
and the pile base is located at the interface between the two soil
layers Prandtl's theory can again be employed with the modification of
a surcharge (representing the overburden soil) acting on the

horizontal plane passing through the pile base. This is illustrated

1.5



TTTTTTTP7 777770770077 I Ve

FIGURE 1.4

DIAGRAM FOR AN APPROXIMATE DETERMINATION
OF DEEP FOUNDATION SETTLEMENT
(from TSYTOVICH, BEREZANTSEYV,
DALMATOV and ABELEV 1974)



in Figure 1.5.

The upward movement of the passive wedges, due to sliding along
the rupture surface (Figure 1.2), of a pile driven into clay, will
cause a bulging of +ihe ground surface, since consolidation arcund the
pile is insignificant due to the slow disipation of pore pressures.
The protrusion of the ground surface takes some time to occur and
often lasts for several days after sinking of the pile. However,
Tomlinson (1977) has stated that heaving and the development of high
pore pressures do not oOccur when bored and cast-in—situ piles are
installed. This is due to the small volume of soil which is displaced
due to pile settlement under 1loading in camparison to the large

displacement volumes for driven (displacement) piles.

For the research study described in this Thesis, for each pile
loading test the 114mm diameter steel pile was driven to a penetration
of 12mm. This accounts for a displacement volume of 4.9 x 10~"*m’.
Assuming the heave at the top of the clay layer to be 100% of the
displacement volume and the cross—section of the heave to be in the
form of a parabola extending to about 6 pile diameters from the pile
centre line (as found by Codke and Price 1973 and others), the average
height of the heave would be approximately O0.3mm with a maximum height

of 0.6mm, see Figure 1.6.

As the depth of the base of the pile in the clay stratum
increases the 1likelihood of any heave occurring at the clay—-sand
interface decreases due to a larger amount of clay available for
consolidation in area D of Figure 1.4. In general contractors prefer
to terminate bored-and-cast-in-situ piles in the underlying clay
gstratum to ensure a better quality concrete, as discussed on

rage 1.1,
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POSSIBLE CROSS-SECTION OF HEAVED CLAY SURFACE
DUE TO PILE DRIVING



For the present study the assumption has been made that this
possible small amount of heaving or bulging of the clay surface, will
not take place due to local consolidation of the clay and the weight

of the sand overburden.

Assuming, therefore, that the heave of the clay due to the
penetration of the pile is negligible it was decided to eliminate the

end bearing resistance as well as any possible dragdown of the
overlying sand,

During the course of a pilot study, different methods of
eliminating end bearing were explored in a series of experiments.

These are described in the next section.

To simulate the conditions of a bored pile, the soil was placed

around the pile rather than the pile being driven into the soil.

1.2 Pilot Study

The main objectives of the pilot study were :

1. to gather background information for the larger scale experiments

to follow,

2. to determine the most efficient means of eliminating end bearing
so that the development of skin friction in a granular soil could

be investigated independently.

The pilot study also provided for the testing of the equipment

and instrumentation to be used in the semi-fullscale tests to follow.
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The pilot experiments were carried out in the 0.60 m deep by 0.45
m diameter perspex tank shown in Figure 1.7. Three solid steel model
piles (or rods) with diameters of 9.5mm, 12.7mm and 15.9mm were driven
into dry Leighton Buzzard sand by a 100 kN triaxial machine at a speed

of 0.6mm/min.

Three different methods of end bearing elimination were

considered before a satisfactory solution was achieved.

Initially an attempt was made to simulate the situation using a
polystyrene block instead of a clay base. The end bearing resistance
of the polystyrene was found to be independent of the overburden
pressure and, hence, its value could be determined in a separate test.
The skin friction could then be determined at any stage by subtracting
the end bearing resistance fran the applied load. However, a number
of problems were encountered. When the test was carried out the sand
was found to run into the voids in the sides of the hole in the
polystyrene formed by the driving of the pile. This gave rise to an
additional frictional resistance on the pile. This movemént of the

sand also reduced the support from the sand surrounding the pile.

It was next decided to use a gelatine base. However, it was
found that the load/penetratiop curve for a pile driven into a
gelatine base was very irregular. The gelatine was found to initially
adhere to the pile, then it suddenly yielded producing a bulb of slip
line cracks. Being hygroscopic, the gelatine was also found to be
unstable. Its strength and volume depended upon humidity and

tempera ture.
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Having encountered these problems with the different materials
tested it was concluded that the best method of investigating the skin
friction was to eliminate the end bearing resistance by passing the
pile into a cylinder provided with a frictionless o0il seal for keeping
the sand out. No end bearing resistance was measured in this way and
the sand surrounding the pile was not disturbed. In addition to
eliminating the end bearing resistance these pilot experiments gave
the candidate experience and confidence in the use of transducers and
recording equipment, e.g._ tufnel holders were developed for the
displacement transducers and the conductive plastic linear motion
potentiometer transducers (see section 6.5) were selected for use
because of the linearity of their response and their adaptability to a
varying range of input voltages. Hence, the need for an additional
conditioning unit was eliminated and the transducers could be operated
in the same voltage range as the strain gauges and other electrical

recording equipment.

1.3 Objectives and Outline of the Present Research

The semi-fullscale study investigated by the candidate was the

development of the . . .
measurement of theASKin friction resistance along a pile shaft and its
effects on the surrounding soil. This involved the design and
manufacture of a composite pile camprising eight individual load cells,
These load cells allow for the measurement of the

load along the length of the pile. The pile was fabricated fram 114rm

diameter, 4.5mm thick steel pipe.
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CHAPTER 2

LITERATURE REVIEW

2.1 Introduction to Literature Review

At the present time, the amount of available literature on deep
foundations is vast. The academic and technological progress in this
field in the past century is immense. 1In the light of this, the scope
of this review of 1literature has been restricted to; a summary of
past and present day formulae, and the general concepts which are

relevant to the topics of this present research work.

2.2 Early Formulae

The development of '"static" formulae over the past century to
calculate the ultimate bearing capacity of pile foundations, has

primarily been accomplished by using the principles of soil mechanics.

The factors influencing the load carrying capacity of a pile

1. As a pile is loaded, the applied load is transferred through the
pile shaft to the pile base, causing a downward displacement of
the base. This downward movement 1is opposed by the shearing

resistance of the soil.
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2.

As the pile moves downward, tangential forces act on the pile
shaft to oppose the above movement. These forces are caused by

skin friction and adhesion between the pile shaft and the soil.

The volume of soil displaced by a pile of 1length D (embedded
length) is supported by the soil at the level of the pile base
prior to pile installation. This volume of soil produces a
pressure on the horizontal plane at depth D equal to ¥D;
where Y 1is the average density of the soil from the surface to
depth D. Prior to installation of the pile, the soilisin a state
of equilibrium at depth D, supporting the pressure ¥YD. This
will cause a vertical pressure to act on the base of the pile

(see Figure 2.1).

Taking these three factors into account, the ultimate bearing

capacity of a pile is generally assumed to be reached when

Pu + W = qg As + qj Ab + YDAb  (2.1)

where Pu = Applied load

W = Weight of the pile

as = Ultimate value of tangential force per unit area of the
shaft due to adhesion and skin friction.

ap = Ultimate value of resistance per unit area of base due to
the shearing of the soil.

As = Shaft area

Ab = Base area
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The terms W and YDAb in equation (2.1) are generally assumed to

be equal and are disregarded.

Therefore, equation (2.1) becomes

Pu = qg As + qp Ab  (2.2)

In order to find a solution for the ultimate bearing capacity of
a pile (equation (2.2)), engineers at the turn of the century assumed
the soil to be an ideal material. The assumption was made that the
soil was a uniform, dry, granular material. The facts that the soil
properties changed due to the installation of the pile, the soil
compacted or could dilate, and was often saturated, were generally
ignored. The time dependency of the soil properties, clay in

particular, were also not taken into consideration.

Idealizing the soil as stated above, Paton (1895) applied
Rankine's theory of conjugate stresses to obtain a solution for the

bearing capacity of a pile.

According to Rankine, when a state of plastic equilibrium is

reached in a soil then

9, 1 + sind

oy 1 - sin¢ (2.3)

Where o, ,05 = conjugate major and minor principal stresses
respectively.

¢ = angle of internal friction of the soil

2.3



Paton proposed that the normal pressure on the pile shaft at

depth D is between

YD - (1+sing¢) and yD (1-sing)
(1-sing) (1+sing)

depending on whether YD is the minor or major principal stress. If
the 1lower value is taken for safety, then the total force on the

pile of length D is

YDgl—sin¢).As
2(1+sin¢)

and the total skin friction on the pile is

pYD(l-sing) As
2(1+sin¢)

(2.4)

where b is the coefficient of friction between the pile shaft and the

soil.

To obtain the ultimate bearing capacity at the pile base consider

the equilibrium conditions under the base (see Figure 2.1).

22 = M (2.5)
p 1-sing

where qp = major principal stress

P = minor principal stress
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considering the equilibrium conditions to one side of the pile base

9, p (1+sind)

o3 YD (l-sing) .

Therefore, substituting into equation (2.5)

(1+sin¢)?
_ e (2.6)
9 = YD(iZging)? ,

the total load Pu can now be determined by substituting equations
(2.4) and (2.6) into equation (2.2) :

(1-sin¢) (1+sint)?
Py = BYD « Ab.  (2.7)

—————.As + YD ———
2(1+sind>)As (1-sin¢)?

The main source of error with the above equation (2.7) was in the
determination of the angle of internal friction ¢ . At that time most
engineers considered Rankine's ¢ to be the same as the observed 'angle

of repose' of the soil whether it be a sand or a clay (Whitaker 1970).

2.3 Recent Theories

The amount of work done on determining the ultimate bearing
capacity of piles in the past century reflects the various conditions
a pile can be subjected to in the field. A npumber of factors

accounting for the bearing capacity of a pile are :
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1. pile size, shape, and surface roughness,
2. method of installation,

soil . . . . .
3. Jgrain size distribution, shape, and

4.. relative density of the soil.

Engineers in the past 100 years bhave proposed a number of
formulae for calculating the ultimate bearing capacity of piles. Each
formula is dependent on how the engineer has treated the factors

mentioned above and their variations with time.

The problem of calculating the bearing capacity of the base of a
pile Qp has beenattempied in the past primarily by an approach based on
the work by Prandtl (1920), (1921) and Reissner (1924). They
presented a solution, t© the problem of the penetration of a rigid
stamp into an incompressible (rigid plastic) solid. This solution,
first applied to the problem of bearing capacity of soils by Caquot
(1934) and Buisman (1935) is usually written in the form (Vesic

1963) :

gp= CuNelc + aNglq +72BNyCy  (2.8)

where Cu = cohesion of soil

q = overburden pressure
vy = soil unit weight
B = foundation width

CesLqsCy = shape factors

Nc,Nd,Ny = bearing capacity factors
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Both § and N factors are dimensionless functions dependent on

the angle of shearing resistance of the soil (see Figure 2.2).

Terzaghi (1943) proposed an eguation for the bearing capacity of

a cylindrical foundation near the surface :

Qu = nR? (1.3CuNg+Y,DeNg+0.6YRNy)+2nRgsDr (2.9)

where R pile radius

Y unit weight of soil

qs = unit skin friction

Cu = soil cohesion

Df = embedded depth of pile

Nb,Nd,Ny_= bearing capacity factors dependent on ¢

Y, =Y+ 2%?%%%35 adjusted unit weight of the annular area of
soil surrounding the pile, of thickness nR. This.change
in unit weight is caused by the skin friction between the
soil and pile shaft and shearing stresses T on the outer
boundary of the annular mass of soil being dragged down.

The value of T 1is very uncertain and depends on the

volume compressibility of the soil.

Terzaghi and Peck (1967) modified the point bearing component of
Terzaghi's (1943) equation by changing the shape factor for the
cohesive term to 1.2. Therefore, the point bearing capacity of a pile
passing through a compressible soil, end bearing in a dense or stiff

soil is, for a circular pile of radius R,

ap = 1.2CuNc + Y DeNy + 0.6YRNy (2.10)

2.7






and for a square pile, BxB,
ap = 1.2CuN¢c + YDiNg + 0.4YBNy (2.11)

If the soil is homogeneous the shearing stresses set up in the soil
above the base level, as a consequence of the displacements, have two

significant effects :

1. They may alter the shear patterns so that the previously

determined bearing capacity factors are no longer applicable, or

2. they may alter the intensity of the vertical pressure in the soil

near the base of the pile.

The latter effect appears to be the more important and the term YDqu

should be changed to YlDqu as described for equation (2.9).

Terzaghi and Peck (1967) define the value of the skin friction

(gs) in equation (2.9) as;

gqgs = Ca + Eﬁf tand (2.12)
where Ca = adhesion per unit area
Ohf= average horizontal pressure on vertical surface at failure

8 = angle of friction between soil and pile.

Meyerhof (1951) proposed the expression for the base resistance

per unit area of a deep foundation with a rough surface as,

qp = CuN, + KsYIN, + 927Ny (2.13)

where Cu = soil cohesion

2.8



Ks = coefficient of earth pressure on the shaft within the
failure zone, varying between 0.5 for a loose soil and 1.0
for a dense soil

Y = soil unit weight

o
"

depth of foundation

{v)
!

breadth of foundation
Nc,Nq,NY = bearing capacity factors dependent on
¢  and Df ratio.

In 1953 Meyerhof expressed the tangential force on the shaft of a

pile due to both adhesion and skin friction as

gs = Ca + KsYDtand (2.14)

For a pile embedded in clay where the friction angle & = 0 the value

of gs = Ca. Whereas, a pile in a noncohesive soil of Ca=0, the value

of gs = KsYDtan$.

The actual values of gs,Ca,Ks,Y, and & vary along the pile shaft
that
but for practical purposes Whitaker (1970) suggested the average

values could be used.

Therefore, the value of the ultimate bearing capacity for a soil
possessing both cohesion and friction, according to Meyerhof, is;

Qu=As(Ca+KsYDtand )+Ab(CuN +KsYDNg +EpNy ). (2.15)
In the case of deep foundations of normal

proportions, I”@ approximately 30 or more, B is small in relation to

the other terms and can be ignored.
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Meyerhof (1963) proposed the ultimate bearing capacity for an
axially loaded single pile to be approximately,

Qu = (CuN,'+KsYIN,')Ab + gsAs. (2.16)

Values of No' and Nq' were plotted on a graph versus ¢ for the case
where the base was embedded in a load-~bearing stratum at a depth of at
least D = 4 /ﬁ;ﬁj. In other cases, the value of the bearing capacity
factors can be interpolated for different ratios of D/B in the usual
manner,.

If the soil properties vary around the base of the pile Meyerhof
(1963) suggestg%?ghe average values for the bearing capacity factors
between four times the pile diameter above and one times the diameter
below the pile base should be used in cohesionless soils, while a
somewhat smaller range is sufficient in clays, as indicated by the

corresponding failure zone.

Berezantzev et.al. (1961) proposed the expression for the
ultimate point resistance of a single axially loaded pile in dense
sand to be,

ap = AKYB + BkapYpD (2.17)

where Ak and Bk are dependent on and are given plotted
against ¢ (see Figure 2.3)

unit weight of soil at the pile footing

<
]

Yp = unit weight of overburden soil

ap is dependent on DAB and ¢D’ and is given in tabular form

(see Figure 2.3).

1. N, = tanz(&ﬂ+%¢)
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To summarize,the equations for the ultimate bearing capacity per
unit area of base, for piles of normal proportions D/B > 30 (so that
terms involving B can be ignored) are as follows:

Terzaghi gp = 1.3CuN, + YDNq (2.18)
Meyerhof qp = CuN, + KsYDNq (2.19)

Bk YD (2.20)

Berezantzev et al.qp

Equations (2.18) and (2.19) apply to soils having both cohesion
and internal friction, while equation (2.20) is applicable only to a

frictional soil.

2.4 Piles End Bearing in Cohesionless Soils

The proportion of the pile load carried by the tip of pilesr end
bearing in a cohesionless stratum depends on a number of factors (see
Section 2.3). Among these, the pile type, shape, surface roughness,
and method of installation as well as the compressibility of the
soil above and bélow the bearing statum are important. To account for
these factors engineers have proposed empirical and theoretical
constants and factors to be used in conjunction with the basic
equations for the point bearing capacity of piles in cohesionless

soils.

The most common equations for calculating the unit point bearing

capacity of piles in cohesionless soils are;

Terzaghi qp =‘YDN§ (2.21)

Meyerhof qp =KsYDN, (2.22)
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Berezantzev et.al. qp =BkarpYpD (2.20)

The values in the equations (2.20) through (2.22) are as

defined 1in section 2.3.

Ismael and Klym (1979) found the base resistance of a 1.1m
diameter x 6.4m deep concrete pier to be only one half of the
theoreticallypredicted value based on Terzaghi's bearing capacity
formula. They suggested a possible reason for this could be due to
the method of installation. The pier was placed by first augering
through sand and using a bentonite slurry to stabilize the hole. Some
loosening of the soil at the base occurs resulting in a reduction of
the bearing capacity of the base. Ismel and Klym did, however, find
good agreement betwéen the measured value of base resistance and that
predicted using Meyerhof's (1976) empirical correlation between
standard penetration test values and ultimate bearing capacity (see

Section 2.11).

Some
Ainvestigators have found that the ultimate bearing capacity of

the base of deep foundations in sand is not directly proportional to

the depth of the base.

Vesic (1963) found a practically linear increase in the bearing
capacity of the base with depth only at shallow depths, not exceeding
approximately D/B = 4 for circular foundations, and D/B = 6 for
rectangular foundations. As the foundation depth increases further,
the rate of increase of the point resistance with depth decreases. At
a relative depth of about D/B = 15 the point bearing capacity reaches
asymptotically final values which appear to be functions of sand

density only.
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Franke and Garbrecht (1977) found no significant difference in
the end bearing resistance of full scale piles (with and without
enlarged bases) in medium strength sand, for 6m and 13m embedded
lengths, when skin friction was eliminated by creating an annular

space of a bentonite slurry around the pile shaft.

2.5 Piles End Bearing in Cohesive Soil

The contribution to the ultimate bearing capacity by the base
resistance of a pile of normal proportions embedded in clay is
generally small compared to-that contributed by skin friction. With
large diameter bored piles, and those with enlarged bases, however the
amount of load carried by the base can far exceed that carried by the

rile shaft, and calculation of the base resistance becomes important.

For the case suggested by Meyerhof (1951) when ¢ = 0, then
Nq =1, Ny=0, and Ks =1; and if the factor of 1.3 in Terzaghi's
formula (equation (2.18)) is taken into the value of N,, then both
Meyerhof's and Terzaghi's equations (equatiéns (2.18) and (2.19)) for
the ultimate base resistance of a pile in cohesive soil may be reduced

to the form
gp = CbN, + YD (2.23)

where Cb = soil cohesion at the base.

The main problem in calculating the base resistance from equation
(2.23) is determining a value for the bearing capacity factor N,.
Skempton (1951), taking account of the various theoretical values, and

those found by experiments on models, concluded that a semi-empirical
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value of No = 9 was probably sufficiently accurate for practical

purposes. Cooke and Price (1973) found the bearing capacity factor

‘N, in London Clay to vary with depth as follows:

depth of reneiratio- 0.35 1."m 7.7 m 7,5m

values £.5 9.5 13,1 15.4

the
The ultimate value SfAbase resistance calculated will depend to a

great degree on the wvalue chosen for Nc’ while the percentage of

applied load carried by the base will depend on the dimensions of the

pile and its method of installation.

2.6 Skin Friction of Piles in Cchesionless Soils

The skin friction resistance of a pile whose shaft is in contact

with a granular soil depends on ga number of factors:

size, shape, and surface roughness of the pile, (Broms and

Silberman 1964),

method of pile installation (Hunter and Davisson 1969),

relative density, gradation, effective grain size, composition,
and moisture content of the soil (Tejchmen 1969, Vesic 1963, Coyle

and Sulaiman 1967, Potyondy 1961 and Broms and Silberman 1964),

intensity of normal load. (Coyle and Sulaiman 1967 and Potyondy

1961) and

embedded pile length (Vesic 196%).
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The basic expression for the tangential force per unit area

acting on the pile shaft is :

gs = Ca + KsYDtanb (2.14)

where Ca = adhesion per unit area.
6 = angle of friction between the soil and pile shaft.
Ks = coefficient of earth pressure.

In cohesive soil, & = 0 so that gqs = Ca

Iﬁ‘j’\c'i‘ghesive soil, Ca = 0 so that gs = KsYDtans.

Researchers hﬁve developed a number of equations and methods for
calculating the skin friction on a pile shaft. The varicus factors
used in conjunction with equation (2.14) are due to the method of
determining values of gs, Ca, Ks,Y , and §; and their variations along
the pile shaft. Meyerhof (1953) suggested that for practical purposes

the average values along the pile shaft are adequate.

Dérr (1922) assumed that the frictional resistance gs, which
develops at the surface of a pile in cohesionless soil, is
proportional to the lateral effective pressure o, ,

therefore gs = &L tand .

Since, the lateral effective pressure can be expressed in terms of the
vertical effective pressure c§ and the coefficient of lateral earth
pressure (K) as of = Koy ; and oy at depth D can be expressed

as U; =Y'D where f is the effective unit weight of the soil, then
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qs= KYDtans. (2.24)
Brinch Hansen (1968) derived the following equations for the skin
friction on the shaft of a pile in compression,
P c c c
ip=Y EN@y + pNmp + CuNmc + CaNma (2.25)

and in tension,

t t t
-tp= Y'INmy + pNop + CuNiic + CaNie  (2.26)
where +5= skin friction at depth D
Y’= effective unit weight of soil

= uniformly distributed surcharge on soil surface

‘o

cohesidn of soil

g
I

Ca = adhesion between pile and soil

a3
1

plane angle of friction for soil

8 angle of friction between pile and soil

p = tand = coefficient of friction between pile and soil

K's are earth pressure coefficients dependent on method of
installation and initial stresses in the soil

Ko = 1-8in¢ = coefficient of earth pressure at rest

Nmy = 1KmyAL-1Ko)
NIp = uKimp AL-pKo)
Nic = pKme,/1~HKo)
Nita = 1/1-1Ko)

Ny = HEmy f1+pKo)
Mip = WKmp/L+UKo)
Nbc = uRme /1+1Ko)
Nga = 1 /M +uKo)
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Values for the coefficients K and N can be determined through
back analysis of model pile tests. Tejchman (1969) explains a method
of determining a relationship between Nm and ¢ (or the void ratio e)
from a number of model tests in sand. For the particular soil used,
density range, and method of pile installation, Tejchman (1969) found

NG = 0.181672-8% and N = 0.278671-59,

Ismael and Klym (1979) expressed the ultimate skin friction

resistance of piles in sand as

as =% 'Kctan ¢. (2.27)

They calculated a value of Kc in compression of 2.1 from back
analysis of field tests and a value in uplift of 1.6 in the same
manner. Ismael and Klym did suggest however, that Kec increased with

increasing penetration and increasing density.

Potyondy's (1961) equation for the skin friction on the shaft of
a pile embedded in a soil containing both skin friction and cohesion

(c— soil) is expressed as

gs = fcCu + crhtan(f¢¢) (2.28)

where fc and £ » are coefficients derived by Potyondy (1961)

Op= normal stress.

For sandCu = 0, and gs =d,,tan(f¢<p). The values of fc and f¢ are
dependent on the roughness of the pile, and the type and density of

the soil.
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The value of the ultimate frictional resistance acting on a pile
does not only depend on the magnitude of the relative displacement
between the pile and the surrounding soil, but also on the direction
of this displacement. Brinch Hansen (1968) derived separate equations
for the skin friction acting on the pile shaft for pushing and pulling

of the pile (see quation 2.25 and 2,26),

Broms and Silberman (1964) found at low relative densities
(Dr<0.35) the skin friction in compression to be three times the value
measured in tension, and thirty times the value measured in torsion.
¥hile, for higher relative densities (Dr>0.70) they found the skin
friction in compression to be twice that in tension and four times the

value measured in torsion.

Miller (1939) found the skin friction of steel piles with a
smooth surface to be eight times as high in compression as in tension,
and for concrete piles with a rough surface he found the compression
value to be five times the tension value. Tejchman (1968) stated that
the skin friction in compression was about twice the wvalue found in
tension. Hunter and Davisson (1969) found the skin friction observed
during compression to be approximately 30% higher than that observed

in tension for 300mm to 500mm diameter steel piles in sand.

This difference in skin friction found in compression and tension
tests is due to the fact that when a pile is pushed into the ground,
the shear forces transmitted from the pile to the soil must increase
the vertical 1load on the lower layers. This increase in effective
overburden pressure causes an increase in the lateral pressure acting
normal to the pile at the lower levels. In the case of a pulling

test, as the skin friction develops it relieves part of the overburden
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pressure which acts close to the loaded pile, (Brinch Hansen 1968,

Brams and Silberman 1964, and Terzaghi and Peck 1967).

Tejchman (1969) has shown that the sequence of loading must be
taken into consideration when a pile is to be subjected to a number of
loading modes. Although the loading history of a pile tested in tension
is not essential, its effects on piles tested in compression are
significant. Tejchman further suggests that the effects of negative
skin friction on a pile are similar to that of a primary tension test
and unfavourably alter the development of the frictional resistance of
the pile. The amount of reduction caused by negative skin friction
depends on the amount of displacement between the pile and soil (while
negative skin friction occurred)and the soil density. Tejchman (1969)
found the average value of skin friction for a compression test caused
by first conducting a primary tension test to be about 67% of the

value when a tension test had not been performed.

A number of investigators have found that, as the pile is pushed
into the soil the skin friction increases to a maximum
value and.then remins constant for any further penetration. Vesic
(1963) found the skin friction measﬁred along the pile shaft appeared
to intially increase linearly to a limiting depth of about 4 pile
diameters. Beyond this depth the skin resistance turns sharply into a
practically final value varying with sand density only. Vesic found
the amount of displacement needed to reach the ultimate skin
resistance to be independent of the foundation width, depth, and sand
density. He found these displacements to be in the order of about 7.5
to 10mm for circular foundations, and about half that for rectangular

foundations, to achieve ultimate skin resistance.

2019



Coyle and Sulaiman (1967) found the value of skin friction to
reach a peak value for pile displacements of about 5mm after which for
further displacements the skin friction dropped off and remained

relatively constant for large movements.

Mansur and Kaufman (1956) found the unit skin friction along
piles with widths ranging from 0.36m to 0.51m, bearing in a sand
stratum, to be less in the area of the base. This decrease in
friction, in the vicinity of the base, may reflect the pattern of
shearing failure beneath a pile tip as suggested by Terzaghi (1948).
The compressive forces at the pile tip result in a zone of radial
shear beneath the base, which causes radial movement of the soil.
This tends to reduce the lateral earth pressure and skin friction of
the sand on the surface of the pile immediately above the tip. From
the 1load distribution curves of Mansur and Kaufman the skin friction
appears to be reduced significantly for a distance of from 2m to 4m

(3.5 to 10 pile diameters) above the pile tip.

The value of the skin friction calculated from any of the
previous equations quoted will depend on the value chosen for K, which
depends on the method of installation and the loading conditions.
Broms and Silberman (1964) have stated that, for a driven
non~displacement pile, K approaches the coefficient of lateral earth
pressure at rest and may be taken as 0.3. Whereas for driven
displacement piles K can be taken conservatively as 1.5. They suggest
the value of K can be greater than one, due to the tendency of dense

sand to expand when subjected to high shear stresses.
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Depending on the passive conditions and the arching in the sand
adjacent to the pile, K may be greater than one and should vary with
depth (Robinsky and Morrison 1964 and Coyle and Sulaiman 1967).
Hunter and Davisson (1969) found the lateral earth pressure to be
approximately 1.1 for piles driven into sand and a value of 0.75 for

Jjetted piles.

Broms and Silberman (1964) suggested that the relative density of
the sand surrounding the test site was the major factor affecting the
skin friction resistance of piles placed or driven into cohesionless

soils.

Potyondy (1961) indicated that the unit skin friction of a
saturated sand is less than that of a dry sand. He proposed that this
decrease in skin friction was due to the water acting as a Jlubricant

between the soil particles and the pile material.

The afore mentioned factors determine the proportion of the
applied 1load which will be carried in skin frietion and that which
will be carried in end bearing for piles in cohesionless soils.
Skempton, Yassin, and Gibson (1953) found that the amount of load
carried by model piles in skin friction did not exceed 10% to 20% of
the total bearing capacity. Meyerbof (1960) suggests that skin
friction is small compared to base resistance in non-cohesive soils.
While Terzaghi and Peck (1948) stated that the skin friction
contribution to bearing capacity for cylindrical or prismatic piles
driven into homogeneous layers of sand could be larger than one-half

of the total ultimate bearing capacity.
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2.7 Skin Friction of Piles in Cohesive Soils

It is common practice in the use of static formulae to assume
that the load transferred in soft to medium clay is approximately
equal to the shear strength of the clay, as determined by the

unconfined compression test.

For a soil imposing both adhesion and friction, on the shaft of
the pile, Meyerhof (1953) expressed the tangential force per unit area

as

qs = Ca + KsYDtand (2.14)

For a clay & = 0, so that the unit skin friction is equal to the

cohesion of the soil around the pile shaft.

The problem of determining the value of Ca (taken as the

undrained shear strength or one-half the unconfined compression
. . . sgtisfactqg; L.

strength) in the field is relatively easy 51nceAmeth s of obtaining

undisturbed samplesare available for clay. However, the difficulty

lies in estimating the effects of driving on this soil property.

It is apparent from the analysis of soil behaviour by Coyle and
Reese (1966), that the properties of undisturbed soil may be quite
different from the properties of the soil adjacent to the pile wall.
The ratios of (load transferred to the soil) /(soil shear strength)
greater than 1.0, obtained from field tests on instrumented piles, are

values of

the result of comparing measuredAload transferred at the pile wall

with the undisturbed soil shear strength values.
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The test results of Seed and Reese (1957) showed the shear
strength of the soil near the pile to be approximately 1.5 times the
shear strength of undisturbed samples, for the soft clay used in their

experiments.

A number of investigators have found the ultimate unit skin
friction on piles in soft clays to be equalts,and in stiff clays to be
less than, the shear strength of the soil (Peck 1958, Meyerhof 1963,

Tomnlinson 1957, and Terzaghi and Peck 1967).

This reduction in strength in stiff clays is attributed to a
small opening between the pile and the soil, resulting from vibration
of the pile during driving. This space may not close near the top of
the pile, where .the lateral pressure is small, because of a low
overburden pressure. It can be postulated that the lateral earth
pressure acting on a driven pile, is a function of the soil shear
strength, overburden pressure, and the construction procedures (Coyle

and Reese 1966).

When piles are driven into extremely sensitive clays a shell of
undisturbed material 25 to 50mm thick may behave as a liquid during
driving and flow upwards along the pile to the surface where it
accumilates. The soil outside this shell may remain virtually
undisturbed. Within the shell the liquified material regains strength
by consolidation and thixotropy, but the final strength may not
necessarily equal that of the undisturbed soil (Terzaghi and Peck
1967, Coyle and Reese 1966). Casagrande (1932) found the soil to be
remoulded in an area of about twice the pile diameter and the soil to

be affected within a zone of four times the pile diameter around the

pile.
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Coyle and Reese (1966) proposed adjustment factors for the
undisturbed shear strength from field data for use in computing

load-settlement curves as follows :

1. for soft clays, undisturbed shear strength less than 24kN/m? a

factor of 1.5 should be used,

2. for medium clays, undisturbed shear strength between 24 and

48kN/m? a factor of 1.0 should be used,

3. for stiff clays, undisturbed shear strength greater than 48kN/m?
a reduction factor from the graph (Figure 19, Coyle and Reese
1966) should be used.

Burland (1973) and Chandler (1968), in contrast to others,
outlined an approach to calculate the shaft resistance of piles in
clay using simple effective stress principles. Whereas, using
undrained shear strength for calculating the end bearing of a pile
appears Justified, Burland (1973) saw little Jjustification for
relating shaft adhesion to undrained shear strength for the following

reasons .

1. major shear distortions are confined to a relatively thin =zone
around the pile shaft and drainage to and from this narrow zone

will therefore take place rapidly during loading,

2. the installation of the pile must disturb and remould the ground

adjacent to the pile shaft, and
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3. apart from the disturbances caused by the pile there is no simple
relationship between undrained strength and drained strength of

the ground.

The basic assumptions of Burland's (1973) approach are :
1. excess pore pressure dissipates rapidly,
2. loading takes place under drained conditions, and

3. because of remoulding during pile installation the soil has no
effective cohesion. Hence, the shaft friction gs =@£ tand, where

cﬁ = effective horizontal stress.

The effective horizontal stress is proportional to the effective
overburden pressure o, i.e. o =Koy,

therefore gs = Kog,, tand

Ktand may be denoted by @ so that

@ = Ktand = qsﬁj}o

K depends on the soil type, stress history of the soil, method of

installation of the pile. and § depends on the soil type and the

properties of the pile surface. For a driven pile K would be expected
before driving

to be greater than Ko (coefficient of earth pressurgg so that

setting K = Ko would give a lower limit for the shaft friction.

Assuming failure takes place in the remoulded soil close to the
pile shaft, & = ¢4 where ¢4 is equal to the remoulded drained angle

of friction of the soil.
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For a normally consolidated soft clay Ko = l-sin¢d
Therefore P = (1-sindq)tanty (2.29)

can be used as a lower limit for driven piles in normally consolidated

clays.

¢4 usually lies between 20° and 30° and over this range § varies

from 0.24 to 0.29.

Since K is slightly higher than Ko a reasonable value of f to
use in design (in soft N.C.clays) would be about 0.3. Burland (1973)

found this to agree with a number of reported field results.

For stiff clays the situation is more complex and the main
difficulty lies in estimating the value of the coefficient of earth

pressure at rest Ko at various depfhs.

Terzaghi and Peck (1967) state that the skin friction in pulling
is commonly, but not always, nearly equal to that in pushing. While
Parry and Swain (1977) suggests that the value of skin friction in

compression could well be some 10% higher than for tensile loading.

Terzaghi and Peck (1967) suggest that the point resistance of a
friction pile embedded in soft clay is negligible compared to the skin
friction. This skin friction is independent of the depth of
penetration and method of installation, and depends almost entirely on

the properties of the clay.
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Coyle and Reese (1966) stated that at large lateral pressures the
soil apparently adhered to a smooth pile and failure occurred in the

soil.

2.8 Relationship Between Skin Friction and End Bearing

Over the years, investigators have devised methods of separating
skin friction and end bearing, both in the field and in the

laboratory, to form a. better understanding of their interdependence.

Tejchman (1969) performed tests on two types of model piles to
tést the influence of skin friction on point resistance. In the first
model pile the skin friction and end bearing of the pile were applied
similtaneously. In the second type an internal shaft allowed the base

of the pile to be loaded independently of the shaft.

Tejchman found the point resistance to increase an average amount
of approximately 10% as a result of the skin friction reaction. This
increase was found to be proportional to the pile diameters when a

number of different size piles were tested.

Caquot and Kerisel (1948) experimenting with piles in a
homogeneous medium showed that as the skin resistance decreased, the

end bearing increased, and the total pile capacity remained unchanged.

Coyle and Sulaiman (1967) have suggested that skin friction and

end bearing are interdependent.

Tejchman (1969) discusses how the additional stress due to the
skin friction on a pile increases the bearing capacity, and how to

calculate these additional stresses using Mindlins equations.
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Geddes (1969) presented a method of estimating the additional
stress 1imposed upon underlying soil layers produced by a point load
and two types of skin friction distribution (uniform and a linear
variation). Geddes employed Boussinesq solutions to derive
dimensionless coefficients to enable the evaluation of these stresses

in practice.

In sands the extent of the ‘arching ring: (Terzaghi 1943) as
described in the previous section, caused by the base resistance,

tends to decrease the skin friction in the vicinity of the pile.

Not all static formulae for the pile bearing capacity take the
influence of the skin friction on the point resistance into
consideration (for.example Terzaghi's formulae for calculating unit

ultimate point resistance disregards this influence).

2.9 Types of Failure in Sand

Vesic (1963) observed that the analysis of the shear patterns
indicate that, depending on relative density of the sand, all three
types of failure occur at shallow depths: general shear failure,
local shear failure, and punching shear failure (see Figure 2.4).
However, at greater depths only punching shear failure occurs
irrespective of relative density. The three types of failure are

characterised by :

1. General Shear Failure

(i) relative density Dr>0.7 (relatively dense sand)

(ii) sudden failure
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2.

3.

(iii)
(iv)

(v}
(vi)

very pronounced peaks of base resistance at settlements of
about 7% foundation width (B)

failure accompanied by appearance of failure surfaces at
ground level

considerable bulging of sheared mass of sand

corresponds exactly to that described by Terzaghi (1943)

Local Shear Failure

(1
(ii)

(iii)

(iv)

(v)

(vi)

0.35<Dr<0.70 (medium dense sand)

no sudden failure

at settlements greater than 8% B small sudden shears within
the sand mass apparent from observations of load and
settlement gauges, simultaneously, bulging of the sand
surface starts

at settlements of about 15% B a visible boundary of shear
zone at the sand surface appears

peak of base resistance may never be reached

described by Terzaghi (1943).

Punching Shear Failure

1)

(ii)

(iii)

(iv)

(v)

Dr<0.35 (relatively loose sand)

no bulging of the sand surface

rate of settlement increases until reaching a maximum at a
settlement of about 15 to 20% B

sudden shears observed as settlement reaches about 6 to 8%
B

failure surface vertical or slightly inclined and follows

- perimeter of base but never reaches sand surface.
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Under some conditions there is no peak value of 1load for the

load settlement curve and a criterion of failure or ultimate load must

be decided upon. Vesic (1963) outlines the following criterion of

failure for the base resistance of piles in sand :

1.

General Shear Failure - peak of base resistance always Treached
corresponding to appearance of failure surfaces at sand surface

and abrupt change of rate of settlement from positive to negative.

Local Shear Failure — not always peak of base resistance, however,
rate of settlement reaches a maximm at the same load at which

failure becomes visible at the surface.

Punching Shear Failure — no peak of base resistance nor any
appearance of fajilure surface. Peak of the settlement rate can be

noted.

An analogous criterion can be adopted for skin loading tests.

Vesic found the ultimate loads to be reached at settlements of

about 20 to 30% of the foundation depth.

Mansur and Kaufman (1956) suggested five different criteria for

selecting the failure loads, and suggested the average value be taken.

The criteria are :

1.

load that produces plastic or net settlement of 6mm,

load indicated by intersection of the tangents drawn through the
initial, flatter section, and the steeper part of the gross

settlement curve,
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3. load beyond which there is an increase in gross settlement

disproportionate to the increase in load,

4. load at which the slope of the plastic or net settlement curve is

four times the slope of the elastic deformation curve,

5. load beyond which there is an increase in plastic or net

settlement disproportionate to the increase in load.

2.10 Stress Distribution and Load Transfer

In 1936 Professor Karl Terzaghi in addressing the Boston Society
of Civil Engineers stated that '"One of the most striking
contradictions Dbetween customry earth-pressure theories and
experience in actual construction work lies in the distribution of
pressure on lateral supports'". It 1is thought that what DProfessor
Terzaghi was referring to, was the fact that the pressure distribution
acting on the sides of an excavation, whether it was a trench or a
bored shaft, does not increase as hydrostatic pressures do in direct

proportion to depth.

According to Rankine's earth—pressure theory, the ratio between
the lateral and vertical pressure is equal to Kr, the coefficient of
earth pressure. Rankine assumed Kr for an undisturbed deposit to be

equal to

Kr = tan?(45-6/2) (2.30)
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In sands, the mechanisms of boring, driving, and testing piles
tends to cause lateral expansion of the soil in the vicinity of the
pile base. This lateral expansion is accompanied by a vertical
shortening, and the sand locatéd above the expanding zone has a
tendancy to move downwards. Since both the lateral expansion and the
vertical shrinkage are limited to a cylindrical zone surrounding the
shaft, shearing stresses develop along the outer boundary of this
zone. These shearing stresses transfer part of the weight of the sand
adjoining the shaft onto the unaltered material outside the =zone of
expansion. This transfer is called the 'bin effect' because it
closely resembles the transfer of part of the weight of the contents
of a storage bin to the wall of the bin. This transfer of weight and
loosening of the downward annular zone of soil adjacent to the pile
wall, decreases the lateral pressure on +the pile shaft, thus

decreasing the skin friction value in the vicinity-of the pile base.

The resultant stress distribution along the pile shaft, for a
number of applied loads, would be similar to that shown in Figure 2.6.
Vesic (1963), Coyle and Reese (1966), Meyerhof and Valsangkar (1977),
Chan and Hanna (1979), and others have found the load distribution of
piles in sand and clay to be similar to Figure 2.6, where the amount
of load transferred in skin friction in the vicinity of the pile base

is greatly reduced.

As pointed out by Mansur and Kaufman (1956), the slope of the
load distribution curve at any depth, is a measure of the rate at
which the load is transferred from the pile to the soil at that depth.

The slope is also a measure of the frictional resistance mobilised at

that point.
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Tejchman (1969) showed that the tangential stresses acting along
a pile shaft in sand are not proportional to depth or the effective
overburden pressure, and they are not the same in pulling as in
compression. Coyle and Reese (1966) found the load transferred to a
clay to be a function of depth and the pile movement. According to
Coyle and Reese at large lateral pressures, the clay apparently
adheres to even a smooth pile, and failure occurs in the soil.
Therefore, the stress distribution would be directly related to the

shear strength of the clay.

Tomlinson (1977) suggests that the stress distribution along a
prile depends on the soil density and method ofinstallation of the

pile.

Poulos and Mattes (1969) state that a triangular distribution of
the limiting adhesion is likely to be relevant to the case of piles in
sand or in a relatively thick layer of soft clay, while a uniform
adhesion distribution will be relevant to overconsolidated clays and
to relatively thin layers of normally consolidated clays. They also
suggest that the load transfer in skin friction is markedly affected
by the stiffness of the pile relative to the surrounding soil, where a
stiffer pile will transfer less load. Poulos and Mattes also suggest
that the amount of load transferred is increased as the Poissons ratio
of the so0il decreases for relatiéely compressible piles. Therefore,
providing the effects of negative skin friction are absent, the
decrease in Poissons ratio and increase in Youngs modulus of the soil
surrounding the pile, with time, will lead to an increase in the

proportion of load being transferred to the soil.
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Cooke and Price (1973) found a way of detecting, with reasonable
accuracy, the strains and displacements in the soil as a friction pile
is installed and 1loaded, without noticeably affecting the pile

behaviour and the load transfer mechanism.

Cooke, Price and Tarr (1979) describe a method of determining the
shear modulus for the remoulded clay close to the pile shaf%if%he
shear stress along the pile, and the shear strains in the soil the

the load distribution and soil displacement versus depth curves.

2.11 FEmpirical Methods of Calculating Pile Loads

The ultimate bearing capacity in cohesive soils can generally be
estimated from bearing capacity theory and the shear strength of
undisturbed samples. For soils with little or no cohesion, however,
the difficulty and expense of obtaining undisturbed samples makes
estimates of the bearing capacity from penetration tests on the site,
frequently the most economical procedure. For this purpose dynamic or

static penetration tests may be utilised.

“The two most common penetration tests in use today are the

standard penetration test (SPT) and the Dutch cone penetrometer test.

The standard penetration test is a dynamic test, where the
penetrometer is driven into the soil at the bottom of a cased
borehole, by the blows of a standard weight hammer. The number of
blows from the hammer required to cause a penetration of a specific
distance is termed the standard penetration value N. When the test is
made in very fine silt or sand below the water table a reduced value

of N is determined, for values of N greater than 15, where the

2.34



where
equivalent N = 15+%§(N”~15)“\N' = value obtained from test .

The Dutch cone penetration test is a static test. For this test
a cone is pushed into the soil at a constant rate of penetration and

the force required to cause the penetration (qc) is measured.

A description of each of the above mentioned penetrometer test

can be found in Whitaker (1970).

While static penetration methods are to be preferred, they suffer
from the disadvantage that in dense soils a substantial reaction to
jacking has to be provided and the load capacity of customary
equipment may be reached. Dynamic methods are cheap, simpler to carry

out, and are fairly reliable in cohesionless soils.

A number of investigators have derived expressions for relating
the results of penetrometer tests to the ultimate bearing capacity of

piles.

Meyerhof (1956) plotted graphs of standard versus static
penetration test wvalues which showed a reasonably good linear
correlation between resistances. Generally Meyerhof found qc=4N

(N in blows/ft). ,

For calculating the ultimate bearing capacities for driven
displacement ©piles in cohesionless so0il using penetration tests

Meyerhof (1956) suggests

gp = 4N (tons/ft?) (2.31)
as = gc/200(tons/ft?) or (2.32)
gs = N/50 (tons/ft?) (2.33)

where qp = unit point resistance (tons/ft2)
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gs = unit skin resistance (tons/ftz)
Ec = average cone resigtance (tons/ftg)

¥ = average standard (or equivalent) pen. resist. (blows/ft)
An upper limit of the unit skin friction of 1ton/ft2 has been

suggested by Meyerhof.

Ismael and Klym (1979) used Meyerhof's empirical correlation of
SPT results and calculated qs = N/100 and gp= 1.2N(ton/ft?) for piles

in sand.

The cone penetrometer has a tube with an external diameter equal
to that of the cone base. After the cone has been pushed into the
soil, independent of the tube, the tube itself is advanced to join the
cone. The force required to do this is recorded and the unit skin

friction is obtained.

Field loading tests on driven displacement piles have shown the
observed skin friction qs of the piles to vary from about
1¥%2to 3 times the static skin friction on the shaft of a penetrometer

fs , and on the average qs = 2fs (Meyerhof 1956). The greater skin
friction of piles compared with that observed from a penetrometer test
may be explained by the greater lateral compression of the soil during
installation of full sized piles compared with that of the smaller

penetrometer.

Dutch engineers have suggested a method of adjusting the unit

cone penetration resistanceto qc where

qc =;’2[§(qu’-f-qu")+qu”'] (2.34)

where qu’ = average unit cone resistanceover the range from 0.7B to 4B
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below the pile,
qu''= minimum over the range of qu'
e

qu = average of the envelope of minimum cone resistance above

the pile toe to a height which varies from 6 to 8B.

For a detailed explanation see Tomlinson (1977).
For large displacement piles Dutch engineers also use the
expression,
as = qe/2.5 (kN/m?).
It must be pointed out that the empirical correlations found by
different investigators, between penetration resistance and bearing
capacity in one soil; is not necessarily applicable to other

cohesionless soils (Tomlinson 1977).

2.12 Pile Driving Formulae

Other methodsof calculating the bearing ‘capacity .of piles
(which have had much development in the past 100 years)are by the use

of driving formulae.

Driving formulae relate the energy applied to the top of the pile
(by the fall of a bhammer) during driving and the subsequent pile
penetration, to its ultimate bearing capacity. If the resistance of
the soil to penetration is equal to Qdy, the hammer weighs W,, and
falls through a distance H, driving the pile a distance S into the
ground; then according to Sander's pile formula published around

1850,

QdyS. (2.35)

Wy H
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Therefore Qdy = WﬂH/S

However, the values obtained by using this formula are too great
due to a portion of the energy of the falling hammer being converted

into heat and elastic deformation.

Since 1850 engineers have dealt with the energy 1losses during
driving in a number of different ways. The variation in the
determination of the energy losses accounts for the 1large number of

driving formulae in use today.

It has been suggested that when using driving formulae for
determining driving resistances that a number of formulae be used
which are applicable to the given conditions and the average value

taken.

Pile driving formulae do not take into consideration the time
affects of soil behaviour and fail to recognise the fallacy of the
basic assumption of Newtonian impact. Isaacs (1931) first pointed out
that the energy transferred from the hammer to the pile tip was not
instantaneous at impact; but rather a wave action occured in the pile
after impact so that the best way of analysing the hammer-pile—soil
system was by the theory of wave propagation. Development of
computers in the. 1950's made numerical solutions of the wave equation

possible within an acceptable amount of time and effort.

The dypamic wave equation provides a means of evaluating the pile
capacity that is mathematically well founded and probably provides the
most realistic mathematical model available for depicting actual

behaviour of the hammer—pile-soil system (Ramey and Hudgins 1977).
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Development of the wave equation resulted from a consideration of
the internal forces and motion of a segment of a freely suspended
prismatic bar, that was subjected to an impact at one end, and
modified to consider external resistance to the segment motion offered

by the soil.

Tavenas and Audibert (1977) have shown that the wave equation
predictions are no better than any of the predictions made by the pile
driving formulae. However, this does not mean the wave equation is
not reliable but, simply that the energy input is so variable that it

destroys any value of the method.

In order for the wave equation method to be used to its full
potential in production piling, it appears necessary to resort to
direct measurement of the driving energies. In the absence of such
direct measurements, Tavenas et al. (1977) suggest that the wave
equation method appears, from a practical point of view, to be no more
than a complicated and expensive pile driving formula, at least as far
as the reliability of production pile capacity predictions is

concerned.

2.13 Analytical Methods of Calculating Settlements

The settlement of a pile top under load involves :

1. elastic compression of the pile,

2. elastic compression of the subgrade, and
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3. plastic settlement of the subgrade.

Some of the factors affecting the settlement of a pile in sand are :

1. relative density of the soil,

2., grain shape,

3. mineralogy,

4. grain size distribution,

5. overburden pressure,

6. water content,

7. precompression or in-situ stress state, and

8. cohesive admixtures.

A number of theoretical methods for the analysis of the
settlement of a pile have been developed. These approaches can be

classified into three broad categories :

1. methods based on the theory of elasticity, which employ Mindlin's
(1936) equations for subsurface 1loading within a semi~infinite

mass,

2. step-integration methods, which use measured relationships between
pile resistance and pile movement at various locations along the

pile,
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3. numerical methods, in particular the finite element method.

Many investigators have used Mindlin's equations to calculate the
settlement of piles, among them : D'Appolonia and Romualdi (1963),
Thurman and D'Appolonia (1965), Salas and Belzunce (1965), Poulos and

Davis (1968), Mattes and Poulos (1969), and Poulos and Mattes (1969).
The basic approach is to :
1. divide the pile into a number of uniformly-loaded elements,

2. obtain the displacement of the pile by considering the

compressibility of the pile under axial loading, and

3. obtain soil displacements by using Mindlin's equations for
determining the displacement within a soil mass due to loading

within the mass.

Mindlin's equations assume the soil to be a linear elastic
material, although the analysis can be expanded to account for more
realistic soil behaviour. It is a rapid method of carrying out
studies of the effects of pile and soil characteristics. This method
can be used for preparing a series of solutions, which may be used for
design, and do not call for the use of a computer. It can also be

applied to the analysis of pile groups.

Poulos (1974) employed elastic theory to determine the
settlement(s) at the top of a pile expressed in terms of a basic
influence factor for a rigid pile in a deep layer. This was

accomplished by using correction factors for the effects of pile

2.41



Y ]
compressibility, finite soil layer depth, and téﬁ?jﬁhéﬁulus of the

bearing stratum at the base of the pile.

For a floating or friction pile in a uniform soil,

S = (PIl/ESd) Ri:Rp (2.36)

For a pile bearing on a stiffer stratum

s = (PI /Egd) RyRyp (2.37)

where P = load applied to pile head
d = pile diameter
ES:= Youngs Modulus of soil adjacent to shaft
I1 = Settlement Influence factor

Rk,Rh and Rb = settlement correction factors for the effects of
pile compressibility, finite layer depth, and bearing

stratum rigidity respectively.

Poulos (1974) gives graphs for I{,Ry,Ry and Ry, The influence factor
I; is the ratio of the actual displacement of a pile top to itg

elastic compression if the pile acted as a simple column.

Poulos and Mattes (1969) have obtained, using elastic theory,
pumerical solutions for load transfer, top displacement, and tip
displacement of an end-bearing pile. They found that the behaviour of

end-bearing piles is influenced by :
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1. the length to diameter ratio of the pile,

2. Eb/ES, the ratio of Youngs moduli of the bearing stratum to that

of the soil adjacent the pile shaft, and

3. the stiffness of the pile relative to the soil as expressed by the

pile stiffness factor K.

The more slender a pile, the greater the load transferred to the
soil in skin friction and the greater is the increase in the top
movement as campared with the movement of the pile acting as a simple

column.

As the ratio Eb/ES increases, the amount of load transferred
decreases, and the top and tip dispiacements also decrease, the tip
displacement in particular decreases rapidly. However, Poulos et al.
(1969) also found that the more compressible a pile is in relation
to its surrounding soil, the less influence the bearing stratum has on

the behaviour of the pile.

The occurran..of slip between the soil and the pile shaft, also
affects the behaviour of the pile, and leads to a decrease in the
relative amount of load transferred to the soil in skin friction and

~an increase in the displacement of the pile.

The departure from elastic analysis depends primarily on the
distribution of the maximum adhesion with depth and on the
compressibility of the pile. For a highly compressible pile, a
significant increase in the displacement of the pile top over that
predicted by elastic analysis may occur. For most piles however,

local yield should not seriously influence the behaviour at working
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loads.

Poulos and Mattes (1969) found close agreement between published
measurements of pile behaviour and those predicted from elastic
analysis. They found an overall average ratio of calculated to

observed settlement to be 1.11.

When a single pile is loaded (in an ideal elastic soil mass) the
major part (approximately 90%) of the settlement occurs immediately

(Poulos and Davis 1968).

The step—integration method was proposed by Coyle and Reese
(1966). This method utilises soil data from field tests on
instrumented piles and laboratory tests on model piles. The procedure

for this method is :
1. divide the pile into elements,
2. assume a tip movement,

3. from the load transfer_ curves obtained from the instrumented
piles, determine the load and movement of successive elements up
the pile until a value of load and displacement for the top of the

pile are obtained, and

4. repeat the procedure for different assumed tip movements and

a load-settlement curve may thus be computed.

The step—integration method has a theoretical limitation in that
it assumes that the movement of the pile at any point is related only

to the shear stress at that point and is independent of the stresses
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elsewhere along the pile. No account is taken for continuity of the
soil mass. Consequently, this method can not be used for analysing

pile groups.

The advantage of using numerical methods, such as finite element
methods (Girijavallabhan and Reese 1968, Cooke and Price 1973), is
that soil behaviour such as nonhomogeneity, anisotropy,
nonlinearity, and the time dependent stress—strain relationship can be

readily taken into account.

The finite element method is the most powerful method, but it
requires a complete solution for each new problem considered, and pile
groups present difficulties. Unlike a single pile which is readily
analysed as a radially-symmetrical problem; with groups the loss of
axial symmetry requires that a three dimensional analysis be carried

out.

The difficulty with using numerical methods for predicting pile
movements and load transfer is 1in the accuracy of determining the
lateral earth pressure, modulus of elasticity of the soil, and the

elastic-plastic tip movement.

Driving and boring disturbs the soil in zones of unknown size
around the pile and modifies the soil properties in these zones.
Thus, soil properties may vary with radial distance and depth. The
extent of this variation probably depends on the type, care, and time
of installation of the pile. Since, neither laboratory tests of soil
samples, nor in-situ soil tests can account for these factors, pile
loading tests are likely to remain the best method of estimating

settlement of a single pile in the forseeable future (Cooke 1975).
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Parry (1971) suggested an equation for the settlement of a

foundation in sand from standard penetration test results which is

where Tyo™

B

Nm =

S = 3000y,B /Nm(1m) (2.38)

overburden pressure in MN/m?
foundation width

SPT value N at a depth of %QB below foundation level.

Terzaghi has used the static cone resistance for calculating the

consolidation settlement of a given soil layer

ac =

Parry

settlements

S¢=(H/C)1oge(Oyo*z)/Tyo (2.39)

soil layer thickness

= mean initial effective overburden pressure, i.e.

effective overburden pressure before applying the
foundation load

vertical stress induced at the centre of a layer. by the
net foundation pressure

§§¢k/6vdF constant of compressibility

static cone resistance.

(1978) suggested a method of estimating foundation

in sand from plate loading tests and standard penetration

tests. Unlike the empirical expression of Terzaghi and Peck (1967)

for the settlement ratio, Parry's expression takes account of changes

in ground conditions, particularly in-situ stresses due to ground

water movement and site excavation or filling.
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According to Parry, the settlement SB of a foundation of
width B, may be obtained from the plate settlement 51, by the

expression

Sg =S, B/B, (Np,/Nup)  (2.40)

where B, = plate width
Nm;= Nm for plate

NnB= Nm for foundation

Nm = 75 (3N1+2Ny+ N3)

N, = SPT value from foundation level to a depth of 2/3B below
foundation level,

N, = SPT value from 2/313 to /B

N3 = SPT value from 7B to 2B.

Terzaghi and Peck's (1967) correlation between test plate

settlement S, and the standard penetration test value N is
S, = 3au/N (2.41)

where dy = bearing pressure at that level and the settlement of a full

size foundation is then found using

Sp/S, = [2B/(B+0.3) ]2 (2.42)

where S 1= settlement of standard 0.3m square plate
Sp = settlement of foundation for same bearing capacity
B = foundation width (m)
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Parry (1978) pointed out that the fundamental flaw with Terzaghi
and Peck's equation was that the N value was measured before
excavation, while the plate loading test was done after the
excavation, and the N values had not been adjusted. Meyerhof (1956)
suggested that Terzaghi and Peck's equation over estimated the

settlement and suggested the constant be reduced from 3 to 2.

Jorden (1977) has tabulated eleven methods of calculating
settlement in sand and reviews the factors affecting the magnitude of
this settlement. The methods vary in their treatment of measured N
values, overburden pressure, depth of ground water, and depth of

embeddment .
Fram the analysis of these methods Jorden suggests that :

1. penetration testing is the most practical means of assessing the

settlement in sands (SPT. or static Dutch cone tests),
2. correction for the overburden pressure is most important,

3. engineering judgment should be used in deriving final settlements
for each method, keeping in mind the factors affecting settlement
and published comparisons between predicted and observed

settlements for various methods,

4. a reasonable prediction of the settlement can be obtained by
averaging results from the methods by Schmertmann (1970), Meyerhof
(1974), Peck and Bazaraa (1969), Alpan (1964), and Parry (1971)
where this 1is possible. The range of values, as well as the

average should be reported.
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The differential, or relative settlement between one part of a

structure and another, is of greater significance to the stability of

the superstructure than the magnitude of the total settlement. Total

settlement is wusually only significant in relation to neighbouring

works.

Same causes of differential settlement are :

variations in soil strata

variation in foundation loading, and

differences in the time of construction of adjacent parts of a

structure.

Tomlinson (1969) has suggested some methods of preventing

excessive differential settlements :

1.

formation of a rigid raft foundation with thick slabs or deep

beams in two or three directions,
excavation of deep basements to reduce the net bearing capacity,

transfer of foundation loading to deeper, less compressible, soil

by means of basements, piers, or piles,

provision of jacking pockets or brackets in columns to relevel the

superstructure, and

additional loading on 1lightly 1loaded areas in the form of

kentledge or embankments.
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Poulos (1972) has suggested a method of constructing the
load-settlement curve to failure for a pile or pier as follows.
First, the shaft load versus settlement relationship up to the

ultimate resistance Psu of the shaft is

S = (I/Egd)Pg/(1-8) (2.43)
where Ps = shaft load
I = IleRh for a floating pile or IleRb for an end- bearing
pile
B = proportion of the load transferred to the base = B;CG.G,

B, = value of g for a pile in a uniform deep soil layer,
dependent on length to diameter ratio and the ratio of
base width to shaft width

CysCp = correction factors for the effects of  pile

compressibility and bearing stratum rigidity.
ES = Young's modulus of the soil

The base load versus settlement relationship up to the ultimate

resistance P, of the base is
S = (I/Egd) (Pp/ )+ PyPay B/(1-B)] L/AE, (2.44)

where H, = base load
Ap = area of pile section

Eb = Youngs modulus of pile
L = pile length
The second term in the above equation represents the additional

compression of the shaft after full shaft slip has occurred, and is
only operative if the shaft has fully slipped. Ultimate base and

shaft loads B, and Py, may be estimated from ultimate bearing
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capacity theory (see Figure 2.7).

2.14 Negative Skin Friction

When a mass of soil is settling, because of incomplete
consolidation under its own weight or under the weight of a fill or
surcharge, the insertion of piles into the mass interferes with the
settlement. As the soil moves downward it exerts a downward drag
known as negative skin friction on the piles. This is the most common
cause of negative skin friction but, it can also be caused by a

lowering of the ground water table.

Brinch Hansen (1968) suggested that 1lowering the ground water
table by p meters in a clay will have the same effect (below the
original water table) as a surface load of p tons/m?2. He also stated
that the negative skin friction could not exceed the,puliing capacity

of a pile.

According to Tomlinson (1969) the negative skin friction on a
pile will never be higher than the skin friction that can be carried
on the pile shaft; which is equal to the surface area of the shaft

times the adhesion between the soil and the pile.

Burland (1973) analysed a number of field tests in soft clay, and
suggested that by using a wvalue of B = 0.25 (B = Ktand) for
calculating the negative skin friction, where NF = pf (p=vertical
effective overburden pressure), a reasonable upper limit for negative

skin friction in soft clay will be obtained.
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Tejchman (1969) recommended a method of testing the influence of

negative skin friction on piles in the field :

1. load test the pile to its ultimate bearing capacity in compression
Q€ ),

2. load test the pile to its ultimate bearing capacity in tension
(QF¢ ), then

3. load test the pile again to its ultimate bearing capacity in

compression (secondary compression Q%t ).

The difference between the primary and secondary compression
tests (Q% AQ%t ) .will indicate the maximum influence that negative

skin friction can have on the pile.

Denman, Nicholls and Symons (1977) found the negative skin
friction acting on model pile groups to be time dependent and to reach
a maximum value prior to the cessation of consolidation of the
compressible stratum. They also found no evidence of group action in
terms of either total negative friction action on, or settlement of
the individual piles. This implies that negative friction; although
caused by consolidation of the entire compressible stratum, is a
localised interaction at the pile-soil interface. Analysis of this by
means’ of direct friction or adhesion methods which are based on
knowledge of the shearing resistance of the soil and the surface

texture of the piles was suggested as the best method.
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Denman et al. (1977) recommend that for calculating the negative
skin friction on a pile group the measured or predicted single
equivalent pile negative friction can be used, since the piles act
independent of one another. However, thev suggest using an efficiency
ratio of less than unity, because the probability of arching occuring
in the f£ill, which supplies the surcharge, is more in the group than
for a single pile. Denman et al. (1977) found an efficiency ratio of

0.84 for the pile groups used in their experiments.

Gregersen and DiBiagio (1973) found considerable axial forces due
to negative friction remined in 280mm diameter piles after being

driven into loose sand.

Tamlinson (1969) recommends 3 methods of limiting the "drag down"

forces on a pile by :

1. installing a sleeve around the pile through the compressible

layer,

2. surrounding the pile by a plastic membrane with a low frictional

value, or

3. coating the pile with a layer of asphalt.

Negative skin friction must be allowed for when considering

safety factors on the ultimate carrying capacity of a pile.
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2.15 Residual Stresses

Most methods of analysing the load-settlement behaviour of piles
assume the pile to be stress free after installation and before
loading. As has been shown many times in both cohesive and
cohesionless soils, this is not the case (Hunter and Davisson 1969,
Hanna and Tan 1971, Gregersen and DiBiagio 1973, Chan and Hanna 1979).
The processes of installation of the pile and the redistribution of
stresses in the soil after the pile has been placed create, sometimes
large, residual stresses in the pile. Cooke, Price and Tarr (1979)
found residual loads at the base of piles with large penetrations in
London Clay approximately 75% of the resistance to penetration at this

level.

Hunter and Davisson (1969) suggested that the residual 1loads
caused by installation of a pile by vibratory drivers should not
exceed the weight of the driver. Hunter et al. (19659) further stated
that 1if the 1load transfer measurements were made assuming zero
residual loads, then there was a possibility of serious error with
respect to the division of load between friction and end bearing. The

total load, however, would not be affected.

Many investigators have found that the stress history of a pile
has a significant effect on residual loads. Chan and Hanna (1979),
Mansur and Kaufman (1956), Gregersen and DiBiagio (1973), and others
have found the residual 1loads in a pile to be considerably reduced

after loading as compared to those present after driving and before

testing.
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Mansur et al. (1956) found residual compressive stresses in a
pile after compression loading tests appeared to be less for those
piles that failed by plunging, than those that were not tested to

failure.

Chan and Hanna (1979) found large residual bending moments,
locked into bent piles, after failure and removal of the load. These
moments were two or three times the moments present in

the pile just prior to the ultimate load being applied.

Piles which are to be used to resist uplift forces are usually
load tested in the field, first in compression and then in tension.
Hanna and Tan (1971) have suggested that a compression test reduces
the ultimate capacities obtained in subsequent tensile tests.
Therefore, design loads based on these tensile tests are unduly
conservative. To best evaluate the results of loading tests on
instrumented piles in the field, a complete stress history of the pile

starting before the pile is driven should be obtained.

2.16 Effects of Pile Driving on Soil Properties

In most published theoretical studies it is presumed that the
soil is created around the piles. Soil displacements and forces which
may be locked into the pile—soil system by the installation process

prior to the start of structural loading can not therefore be taken

into account.

As a pile is driven (or bored) and loaded in the ground, the
stresses induced and subsequent movements of the soil in the vicinity

of the pile alter the soil properties. If the changes of these soil
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properties are not accounted for in calculating loads and settlements
of the pile, serious errors could occur. Methods of accounting for
these changes have been to either : find methods of estimating the
new soil properties, or by introducing factors into the equations to

account for the different methods of installation of the foundation.

A number of investigators have measured the extent of the

envelope of soil disturbance around a pile in different soils.

Meyerhof (1959) found a zone of failure around the base and a
further zone of volume change surrounding the entire pile, using model
piles driven into cohesionless material (Figure 2.8). Meyerhof gave
values of the widths of the failure zone and compaction zone in loose
sand, as four and eight times the shaft diameter respectively.
Kishida (1963) observed widths of 4B for the failure zone and 7B for

the compaction zone.

In loose sand, Robinsky and Morrison (1964) observed the wvisible
displacement envelope extended 3 to 4 pile diameters to the side and
2Y%to 3%édiameters below the pile point. The same authors found the
envelope to extend to 41/2 t051/2 diameters to the side and 3 to

4]/2 diameters below the pile point, in medium dense sand.

Using a cone penetrometer Meyerhof and Sastry (1978) found the
zone of compaction around 76mm diameter piles driven into sand was

limited to about 8 pile diameters from the pile.

In clay, Cooke and Price (1973) found considerable disturbance,
and a significant reduction in shear modulus in a 2zone of

approximately one pile diameter around the pile shaft.
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Orrje and Broms (1967) found the shear strength measured
immediately after driving 100 to 250mm diameter concrete piles 15.5m
into normally consolidated clay, to be reduced fram 0% to 40% in a

zone 1.5 diameters around the piles.

Measuring the heave of soil caused by driving 168mm diameter
steel piles into London Clay, Cooke, Price and Tarr (1979) showed a
considerable disturbance in the soil, in a =zone of approximately 4
diameters around the pile, over most of its length. They measured
this heave to be approximately 75% of the embedded volume of the pile.
Cooke et al. (1979) calculated the value of the shear modulus (G)
within the zone of disturbance to be considerably 1less than wvalues
outside it. Near the surface, the value of G for the clay adjacent to
the pile shaft was found to be approximateiy one third the wvalue

outside the disturbed zone, at the same level.

The changes in the angle of internal friction in the wvicinity of
the base of a pile, driven into sand, can be determined by using a

method described by Meyerhof (1959). The procedure is as follows :

1. calculate the major principal stresses in the plastic and elastic
ZOnes.

(i) 1In the plastic zone the major principal stresses o; follow
the path of the bisector of the angle between the radiail
and tangential slip lines and are calculated from plastic
theory :

o; = AKYDe?®tany.tan?(45+p/2)  (2.45)
where © = angle between the vertical and the direction of
stress

A = shape factor
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¢ = reduced angle of friction allowing for

compressibility of the soil

K = coefficient of earth pressure
D = depth of base
Y = soil unit weight

(ii) in the elastic zone the mjor princip3] stresses are

determined from Bousinesq-Mindlin equations (see Terzaghi

1943)
¢, = 3qpB%/16r2.cos6 (2.46)
where B = base width

r = distance from centre of base

Qp base pressure

2. Next, calculate the relative densities (Dr) from the principal

stresses 0, from

Dr = Dy ~ (Dp= D;)/[142.3(0; /pc)e]  (2.47)

where D; = initial Dr
D, = Dr at final void ratio for large pressures
pPec = pressure constant

¢ = compaction index determined from void ratio-pressure

curves similar to the compression index.

3. ¢ values can now be obtained from Dr values either,

(1) from laboratory drained shear test on representative

samples obtained from the site, or
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(ii) approximated from results of standard or static
penetration tests. Meyerhof (1959) found ¢ = 28° + 15" Dr

in sands.

4. Using the new values of ¢ recalculate the major principal stresses
which give a new set of relative densities and revised values
of ¢. This process is repeated until final stresses

p; correspond to final values of the angles ¢ .

Adjusted values of the bearing capacity factors can be determined from

the new ¢ values (Meyerhof 1959).

The theoretical limits of the zone of soil compaction are at the
points where the major principal stress. ratio is equal to the

coefficient of passive earth pressure.

In the compacted zone Kishida (1967) made the assumption that the
angle of internal friction changed linearly with the distance from the
pile (where ¢ = ¢2) to a radius of approximately 3.5 times the pile
diameter (where ¢ = ¢l) (see Figure 2.8). The relationship
between ¢, and ¢, in sand has been expressed by Kishida and

Meyerhof (1965) as

¢, = (¢, + 40 )/2 (2.48)
where ¢, = original value of ¢
¢2 = final value of ¢ due to pile driving, directly under the

pile tip.
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Kishida (1967) found the relative density of 1loose cohesionless
soil to increase due to pile driving. Stresses developed in a sand

when a pile is driven into it are of two kinds (Kishida 1963, 1967)

1. Stresses developed due directly to the applied load which

disappear when the load is removed (load stresses).

2. Displacement stresses developed by displacement of the sands.

These remain after removal of the load.

The compaction of loose sand results from the development of the
displacement stresses. The stress distribution of the load stresses
may be calculated by the theory of elasticity when the equivalent
depth is to be considered, and it can be superimposed when the pile

spacing is more than twice the pile diameter (Kishida 1963).

The process of sand displacement and compaction below a pile
point is followed by sand movement adjacent to the pile walls that
tend to decrease the sand density in the immediate vicinity of the
pile wall. This creates a '"bin effect" (as described in section 2.10)
when the thin sleeve of soil moving down with the pile transfers some
of its weight to the adjacent soil mass. At the same time this
induces lateral earth pressures to be carried around the pile by
"arching'" (Terzaghi 1936, 1943). Robinsky and Morrison (1964) showed
the extent of this "arching ring' around piles driven into sand using
radiographic techniques. Robinsky and Morrison (1964).showed that for
tapered piles, the above process appeared to take place, but was
compensated in part, by the wedging action of the pile taper, which

recompacted adjacent surrounding sand. This permitted the development
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of high friction stresses, thus most of the load was transferred
through skin friction. Tapered piles created a greater envelope of
visible displacement, carried 40% more load than straight sided piles,

and transfermsithis load at higher levels.

Studying the results of three sets of piled foundations in deep
clay deposits, Orrje and Broms (1967) found high pore pressures to
develop within pile groups during driving which may exceed the total
overburden pressure. Massarsch and Broms (1977) suggested that while
driving piles into normally consolidated clays, cracks could develop
in the clay. These cracks temporarily increase the permeability of
the clay in the plastic =zone around the pile and cause a rapid

dissipation of excess pore water pressures.

As discussed earlier, piles driven into clay deposits will cause
the soil within a pile group to heave. This heave can cause
substantial reduction in the end bearing capacity of piles founded on
rock or a layer of dense sand since the heaving action will 1ift
pre—driven piles off their supports. Redriving of these piles will be

necessary.

When driving piles into dense granular soils, Jjetting of the
piles can reduce driving resistances. Jetting however, may also
reduce the ultimate carrying capacity of a pile, since the process
loosens the soil material at the base of the pile. Hunter and
Davisson (1969) found the load carried by a double—jetted pile to be

only 66% that of a non-jetted pile. This was believed to be an

extreme condition.
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2.17 Layered and Nonhomogeneous Soil

When piles are placed in layered soils an extensive site
investigation is needed to determine the best location for the pile
toe. Since the skin friction resistance on piles in cohesive soils
is high, as well as the end bearing resistance on piles in
cohesionless soil, the location of the pile toe is important to 1limit

the pile settlement during loading.

If piles penetrate into a sand stratum overlying clay, failure
may occur by punching (see Chapter 1) into the underlying clay as
the pile tip apprcaches the sand-clay interface. The level up to
which piles can safely be driven when a soft soil layer underlies the
bearing st-ratum depends on the ratio qlw/qls’ where Ay and q g are
the limiting point resistances in the weaker and stronger layers
respectively. Meyerhof and Sastry (1978) found the critical distance
between the pile tip and the soil interface, in order to avoid
punching failure, to increase with increasing strength difference of
the two soil layers, from about 1.5B for qiy/q1g = 0.67 to about 6B

when qpy/a1g = 0.-02.

The maximum point resistance on a pile end bearing in a strong
layer, overlying a softer more compressible deposit, is equal to
qls (for a relatively thick bearing stratum with a strength ratio near
unity, end bearing near the top of the sirong layer). Meyerhof and
Sastry (1978) proposed the following equation for the maximu@ point

resistance (qb) in a strong layer overlying a weaker one :

ap =qi+4Sprsc;o h tane /B<q)q (2.49)
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where a; unit point resistance at the soil interface

= CaN o*Y (DHh')N, S a1y

Cu = unit soil cohesion

Sp = shape factor for punching

Kps= average punching coefficient

h” = maximum punching height

Yo ™ effective overburden pressure at centre of h~
¢s = angle of internal friction of the strong soil
B = pile diameter

Y = unit weight of soil

D = depth of pile point

Neo and Ndo= surface bearing capacity factors for circular

footings on weak soil.

Values of Sp, Kps, N., and Ndo can be obtained from the 1literature.
Meyerhof and Sastry (1978) also cited cases where, for a small
punching thickness (h) below the pile tip, no punching failure took
place because the sand layer bends. This occurs when h/B is less than

approximately 2.

Considerable amounts of settlement can occur in pile groups
driven to sufficient set in a dense stiff stratum overlying a weaker
more compressible layer. This is caused by the deeper heavily
stressed zone of the éile group reaching down into the weaker layer

(Tomlinson 1977).

When piles are driven into clay, a thin skin can adhere to the
pile shaft and be dragged down with it. In the case of layered soils

a weaker skin from a weak overlying layer can be dragged down into a
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firmer layer with the effect of lowering the piles ultimate bearing
capacity. Tomlinson (1977) measured this dragging down of weaker soil
into the stronger lower Ilayers to be approximately three pile

diameters.

Terzaghi and Peck (1967) suggest, that for piles passing through
compressible material into cohesionless soils the safe load should not
exceed two—thirds of the point resistance, ignoring skin friction

entirely.

Poulos (1979) considered various methods of adapting
Mindlin-based analysis, for a pile in a uniform soil, to
nonhomogeneous soils. He found that by using an average weighted soil

modulus, the solutions best agreed with finite element results :

m‘ .
Feq = ZEidy/D (2.50)

where an= the equivalent modulus over depth D

B
%

m

Modulus of layer

thickness of layer

number of layers in depth D

Poulos further suggsts that in calculating the base resistance, an

average modulus be taken within a depth of five base diameters below

the base.
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2.18 Effects of Base Shape on Pile Bearing Capacity

The extent of the influence of the base shape on the carrying
capacity of a pile, is dependent on : the soil type and properties,

and the surface roughness and method of installation of the pile.

As a pile is driven into the so0il a compacted cone of soil is
driven in front of the pile, acting as a conical base. The central
angle of the actual cone of a pile base could influence this compacted
zone of soil beneath the pile tip. Meyerhof (1953) has presented
graphs for the value of the bearing capacity factors for conical and
wedge shaped tips of differing central angles. In this paper Meyerhof
stated that as the cone angle of the tip increased, the point
resistance of piles with smooth tips decreased, while those with rough

tips increases, for both cohesive and noncohesive soils.

Eastwood and Anagnostov (1962) performed small model tests on
flat, hemispherical, and 45 and 90" conical bases in dense sand.
They found that the slope of the load-deflection graph was found to be
proportional to the base diameter and not to the base area. They
postulated that the base shape was not important. The authors, did
however suggest, that in the case of a full-scale pile with a
45o conical base, the angle of the base could cause an increase in the
skin frictional resistance due to pile driving. This would result in

an increase in the slope of the load-deflection curve.

Franke and Garbrecht (1977) found the load-settlement behaviour
to deteriorate due to the formation of enlarged bases, for piles in
medium strength sands. They found the point resistance at failure to

be reduced by approximately 30% for piles with enlarged bases, as
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compared to those with constant cross—sections of the same size. This
was caused by a loosening of the soil immediately below the pile tip

during cutting of the enlarged bases.

2.19 Pulling of Piles

The simplest method of restraining piles against uplift forces,
is to employ a pile shaft that is sufficiently long encugh to take the
whole uplift load in skin friction. However, the tangential force
acting on a pile shaft in tension, will not necessarily equal that in
compression. This must be accounted for in the design. Published
test results have shown uplift skin friction can be as much as 50%
less than the skin friction in compression (see section 2.6 and

Tomlinson 1977).

Tamlinson (1977) suggests a factor of safety of three be used
when applying equations derived for campression to calculate the

ul timate uplift resistance.

An explanation for the differences in skin <friction in tension
and compression has been given earlier (section 2.6). It was
suggested that the reduction in skin friction in pulling was due to a

relief of some of the overburden pressure on lower levels.

Ismael and Klym (1979) have proposed the following eguation for

the uplift resistance of short piers in sand :

Q  =4YDZBRus” +W (2.51)
where Q,1= ultimate uplift resistance

v~ = effective unit weight of soil
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D = depth of footing
B = pier diameter

Ku = coefficient of lateral earth pressure to uplift

effective angle of shearing resistance

=
i

effective weight of the concrete pier

Substituting fullscale field results into this equation, Ismael et al.

(1979) calculated a value of 1.6 for Ku.

Brinch Hansen (1968) derived an equation for the tensile skin

frictional resistance which is given in section 2.6 (equ.2.26).

The sequence of loading may also effect the ultimate uplift
resistance (section 2.15, Hanna and Tan.1971). However, Tejchman
(1969) has stated that the bearing capacity of a pile to pulling does

not depend very much on the sequence of loading.

Berezantzev et al. (1961) found that the resistance to pulling a
pile from sand could be increased by a factor of 1.5 if the uplift

force formed an angle of about 18° with the axis of the pile.

2.20 Eccentrice, Inclined and Lateral Loading

The bearing capacity of piles subject to a combination .of axial
force and bending can be greater than that of piles subject only to

axial forces (Berezantzev et al. 1961).

Chin and Chan (1977) reported the following from the results of

eccentric loading testson piles at both model and field scales :
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2.

eccentric loading had a greater effect on a pile as a structural
member, than on the capacity of the soil to carry the load

transferred from the pile.

If-the pile headwas restrained against lateral movement a small

increase in the carrying capacity of the pile resulted.

Eccentric loading had very little effect on the load-settlement

relationship at the pile top.

For the instrumented 25mm diameter by 2m long steel piles used in
sand, the effect of eccentric loading was to increase bending
movements, shear, and lateral movement of the top half of the

pile.

Due to pile bending the skin friction in the top half of the pile

decreased with increasing eccentricity.

Eccentric loading at the top of the pile had little effect on the

response of the pile toe.

Meyerhof (1953) found the bearing capacity of model footings on

both clay and sand, to decrease rapidly with increasing eccentricity

and inclination of load.

Comparison of the findings of Meyerhof (1953), and Chin and Chan

(1977) shows the influence of confinement on the pile shaft. 1In the

case of Chin and Chan's results the confining pressure acting on the

pile shaft tends to eliminate the effect of eccentric¢ loading of the

pile top on the lower portion of the pile. The experiments performed

by Meyerhof on footings, showed that in the absence of a confin ing
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pressure, an eccentric load applied to a footing reduces its bearing

capacity.

Meyerhof (1953) extended his bearing capacity theory of
foundations under central vertical loads to account for eccentric and
inclined loads. This was accomplished by incorporating a value of the
effective base contact width and the effective shaft contact area into
the expressions for skin friction and end bearing resistances. He
presented curves for the bearing capacity factors for wvarious
inclinations of load; for piles in cohesive and cohesionless

material.

The resistance of piles to lateral loads has been found to be
improved by either, increasing the pile spacing, or battering the

piles (Kim, Sing, and Brungraber 1979).

Kim et al. (1979) found the presence of pile cap-soil contact to
have é significant effect on the resistance to lateral loads for
groups containing no battered piles. However, for groups with more
than one;half of the piles battered the presence or absence of the

pilecap-soil contact, had little effect on the lateral resistance of

the group.

Full-scale lateral load tests by Kim et al. (1979) showed, that
the removal of a 100mm layer of soil beneath the pile cap increased
the lateral deflections and bending moments of the pile cap to almost
twice the values obtained when there was pile cap—soil contact, for

groups with no battered piles.
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Kim et al. (1979) also found that as the lateral load on a group
of piles reached the yield load, of at least some of the piles, the
lateral group efficiency approached unity, and thus, each pile in the

group was no more effective than a single pile.

2.21 Pile Testing

A pile loading test is an empirical means of checking the
capacity of a pile 1in the field, when it is felt that theoretical
methods will not suffice. The inability of theoretical methods to
give a true understanding of a pileé behaviour under load, and
determination of the failure loads, could be due to deformities in the

pile or unaccounted for anisotropy of the soil.

When a pile that is being driven, comes into contact with a large
boulder, further driving could cause the pile to break or buckle. Any
indication +that this has happened may not be noticed during
installation of +the pile. For steel piles a duct of steel channel,
angle or tubular section, can be welded along the length of the pile
for insertion of an inclinometer, to check that the pile has not bent
or broken during driving. A tube cén be cast inside a precast
concrete pile for the same purpose. For any type of pile formed by
pouring concrete into a borehole or shell, the quantity of concrete
used should be monitored to ensufgiihe full volume of the bore is

accounted for, and that necking or waisting has not occurred.

The presence of loose lenses in the soil, beneath or around
piles, may not be detected by the site investigation. This could

happen if not enough sample boring or penetration tests are performed
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in the vicinity of the piles.

Pile loading tests still remain the most accurate method of

determining the load-settlement behaviour of a pile in the field.

Three reasons for conductinga pile loading test, according to

Whitaker (1970) are :
1. to determine the load-settlement relationship,

2. to ensure failure does not occur before a load is reached, which
is a selected multiple of the working load (multiple = safety

factor),

3. to determine the real ultimate bearing capacity, as a check on the

calculated value, or

4. to obtain information to be used for design by empirical methods.

A loading test performed on an instrumented pile can be used to
measure the portion of load carried by skin friction and point
bearing, and to measure the distribution of stress along the length of

the pile shaft (Gregersen and DiBiagio 1973).

The ultimate bearing capacity of all piles except those driven to
bedrock is not reached until a certain time has elapsed. Therefore,
the results of loading tests are not conclusive unless they are mde
after the pile has reached its ultimate capacity. Terzaghi and Peck
(1967) suggest that for piles in permeable ground this period is
usually two to three days, and for piles in silt or clay it may be

about one month.
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Some common types of pile loading systems are :
1. a dead load platform with a kentledge,

2. a bridge over the pile with a heavy kentledge placed on it and a

Jack between the bridge and pile,

3. the bootstrap method, using anchor piles at least 3 pile diameters

from the test pile, and

4, cantilever load tests.

Descriptions, advantages, and disadvantages of each method can be
found in most books on piling (Chellis 1961, Little 1961, Whitaker

1970, Tomlinson 1977).

The two load tests most commonly used in practice today are, the
mintained load test (MLT) and the constant rate of penetration test
(CRP). The procedure for the maintained load test is to apply the
load in stages, the load at each stage being maintained constant until
the resulting settlement of the pile ceases, before increasing the
load to the next higher stage. The 1load applied to the pile is
plotted against its resulting settlement for that stage and thus the

load-settlement graph is plotted.

The constant rate of penetration test was developed by Whitaker
(1957) for model piles and has proved equally useful for full-scale
testing. For this test the pile is pushed into the soil (or pulled
out of) at a constant speed from the position, as installed; while
the load applied to the top of the pile to maintain the rate of

penetration is continuously recorded. From this the load—-settlement
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curve is drawn and the ultimate loads are determined.

2.22 Scale Effects in Sand

One of the problems of using the results of a smll model test,
for deriving the factors to be used in calculating the behaviour of
full size piles under load, is the influence of the differences in

scale.

Hanna (1963) suggested that the compaction and sand strength
properties were the chief cause of scale differences between model and
field tests. He suggested that the curves obtained from his model
tests could be taken as a guide for field analysis and were likely to

be modified in detail only.

Steenfelt (1977) found that if the ratio between the mean grain
size dk, of the soil, and the footing width B exceeded a value
of dk/B =0.01, then the effect of grain size on the bearing

becomes significant,
capacity of a shallow footing, The scale effect could be expressed as

a factor of correction to the bearing capacity factor Ny and a graph

of Ny against dk/B has been given by the above author.

De Beer (1963) has given a practical method of using the cone

penetration diagram for pile design which allows for scale effects.

2.23 Pile Groups

Very rarelyis apile used singly. Usually a group of piles are
installed beneath a foundation, with a cap cast on to the heads of the

piles to distribute the load.
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Settlement of a group of piles with a given average load my be
very different to the settlement of a similar pile under the same
load. Similarly, the ultimate load that a group of piles can carry is
not necessarily the same ultimate load of a single comparable pile
times the number of piles in the group. This behaviour and the
mechanism of interference between piles which cause it, is referred to
as group action. The importance of group action varies with type of
pile and soil conditions. It is important for friction piles in clay,
but not as important for end-bearing piles in dense cohesionless
soils. For piles driven to a bearing on underlying rock, group action
does not Jffect the capacities and settlements of the piles to any

extent.

In sand, the settlement of pile groups is more than that of an
individual pile under a load equal to the average load per pile of the
group. However, the ultimate carrying capacity of such a group can be
more than the sum of the ultimate loads of the same number of

individual piles (Berezantzev 1961, Whitaker 1970).
The principal problems with pile groups are :
1. ground heave,

2. interference of closely spaced piles which have deviated from line

during driving, and

3. the possibilities of damage to adjacent structures and services.
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The efficiency of a pile group correlates the carrying capacity
of a single equivalent pile to that of the pile group. Hanna (1963)
and Tomlinson (1969) define group efficiency as the ratio of the
ultimate group load to the ultimate load of an isolated pile under the
same conditions, times the number of piles in the group. Some
American building codes give formulae for determining the efficiency
of a pile group. The Converse-Labarre formula is one of these. It

gives the efficiency E, of a rectangular group of mxn piles as :

Er=1-6/90[ (n-1)m + (m1)n] /mn (2.52)

The value of @ differs slightly for different building codes and is

dependent on pile diameter and spacing.

For pile groups in cohesionless soils, Vesic suggests
efficiencies of unity, while Kezdi has found efficieﬁcies to be as
high as 2. In cohesive soils Tomlinson (1969) suggests for spacings
of 2 to 3 diameters an Eg value of 0.2, while at larger spacings

(greater than 8 diameters) he suggests a value of Ef =1,

Hanna (1963) states that the performance of a single pile which
forms a unit in a group, bears no direct connection either to the
performance of a similar isolated pile or to that of the complete

group.

The settlement ratio of a pile group is best defined as the
settlement of the group divided by the settlement of a single pile,
when both carry the same portion of their ultimate load. Model test
results have shown settlement ratios, for large groups, can be as

great as 20. Therefore, the settlement of a single pile should be
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used with caution when predicting the settlement of a group.

Model experiments conducted by the Building Research
Establishment in clay (Cooke 1974), show that the efficiency increases
with increasing pile spacing, and for a given number of piles, the
settlement ratio decreases with increased pile spacing from a maximum
value at about 2.5 pile diameters. At spacings closer than 2.5B block
fajlure almost invariably occurs. The efficiency of some large groups

of closely spaced piles were found to be as low as 30%.

When calculating the bearing capacity of pile groups, at small
spacings, the group can be considered as a pier foundation with its
base at the depth of the pile points. The total bearing capacity is
therefore practically independent of the pile spacing. For centrally
loaded foundations of this type, with vertical piles at customary
spacings up to 4 or 5 diameters; the total bearing capacity is the
sum of the base resistance of an equivalent pier, and the shearing
strength of the soil along the perimeter of the group, less the weight

of the enclosed soil (Terzaghi and Peck 1967).

Meyerhof (1963) suggests taking the smaller value of either the
bearing capacity of an equivalent pier or the sum of thebearing
capacities of individual piles, for free standing pile groups (pile

cap not in contact with soil).

At small spacings, less than 2 or 3 diameters, the individual
failure zones in the soil around the piles interact. This produces
'arching' between the piles, and leads to pier action of the group.
For pile spacings larger than this, the individual piles govern,

although deformation and any volume changes of the soil near the piles
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have to be considered in estimating the total bearing capacity.

When a group of closely spaced piles is loaded, the soil within
the group moves downward with the piles, and at failure piles and soil

move together to produce what is known as 'block failure'.

Blocking action, according to Hanna (1963) appears to depend on
soil density, pile spacing, pile roughness, and to a lesser degree on

pile length and method of intallation.

The stability of a group of driven or bored piles against block
failure is equal to the sum of the shearing resistance and
the end bearing resistance of the block of soil contained by the
piles. Both Terzaghi and Peck (1967) and Tomlinson (1969) have
proposed equations for the ultimate carrying capacity of a pile group

experiencing block failure as
Qu=q4BL+2D¢ (B+L)T (2.53)

where qq = ultimate bearing capacity, per unit area, of a rectangular
loaded area with dimensions BXL at depth Df,Tomlinson
suggests qq = 1.3CuN,,
T = average shearing resistance of soil per unit area, between
surface and depth Dr, and.

Cu = cohesion of clay beneath group.

Terzaghi and Peck (1967) suggest that a group can be considered safe
against such failure if, the total design load (the number of piles

times the 'safe design load' per pile) does not exceed Qu/3.
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Meyerhof (1956) has proposed semi-empirical equations,
incorporating the results of standard penetration and Dutch cone
tests, to calculate the allowable load (@) on a pile group in

cohesionless soil. For a pile in a sguare pattern

2 1 2 2
‘ 1 2
Qa= 9 d 5((]).4' /1) = %(1+ /1) (tons) (2.54)

and for a triangular pattern use 0.8 Qa

where d = average pile spacing

-
I

width of pile group
de and N = average penetration resistance between depths
of 2D/3 and (2D/3)+B  from static and dynamic penetration

tests respectively.

For a uniform spacing of driven piles or displacement caissons of
2 to 6 times the base diameter in cohesionless soil, Meyerhof (1959)
has proposed equations based on the behaviour of an equivalent pile
under the same conditions, for allowable load (Qq ) and settlement

(Sq) per pile. In a square group

1 2
Q = 4+ /m° o, (2.55)
9 s(5-s/3)

_ (1+1/sB)?s(5-s/3)
a (2+1/sB)?

and S S; (2.56)
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where r number of rows of piles

s = ratio of spacing to pile diameter
1 = width of pile group

Q. = allowable load on a single pile

S, = settlement of a single pile under the same load as a pile

in the group.

To facilitate the calculation of settlement of a pile group
engineers have suggested the use of an equivalent pier as discussed
earlier. For friction piles the location of the equivalent pier is
usually taken at a depth of two—thirds the pile length. However, the
dimensions of the pier are not assumed to be the same in 2ll cases.
Tomlinson (1969) suggests a pier of width larger than that of the pile
group, while Whitaker (1970) suggests a pier of the same dimensions as

the group, for friction piles in clay, see Figure 2.9.

For piles drivén into sands and gravels, the sequence of driving
can affect the stress distribution in the soil, even if the pile
spacing remains the same. Tomlinson (1969) has suggested that to
avoid 'tightening-up' of the ground, driving should start at the

centre of the pile group and work outwards in all directions.

When the piles are constrained by a ‘rigid cap or raft to settle
equally under load, the central piles carry less load than those

around the periphery (Whitaker 1970, Cooke 1975).

Cooke (1975) has suggested a method of computing individual pile
loads for piles in a group constrained by a rigid cap or raft. The
method consists of superimposing the computed settlement of each pile

and solving a number of simultaneous equations. Each equation
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relating to total settlement of each pile in terms of its own
settlement and the settlements due to all other loaded piles in the
vieinity. Each settlement component is proportional to the unknown
pile load causing it. Since, all total settlements are equal, the set
of equations can be solved simultaneously and the individual pile
loads calculated. Good agreement has been found between this method
of predicting loads and thoée observed for 168mm diameter, 5m long

steel piles jacked into London Clay.

The effect of forming a rigid cap directly on the ground surface
is to increase the load a given number of piles can carry, when spaced
more than 2.5 diameters apart, but only at the expense of greater

settlements.

Model pile tests on pile groups in clay (Cooke 1974), fitted with
a rigid cap, show the inner piles carry less load than the outer ones.
Therefore, it has been suégeéted that if model tests are
representative of full-scale behavioﬁr, then a major saving can be
achieved by reducing the number of piles in some foundations in clay
soils, as long as the possible accompanying increases in settlement is

account for.

The stability of pile groups depends on the ability of the soil
around and belo@ the group to carry the load. Methods of installation
have little effect, since the zone of soil affected by installation is
very small, compared to the very 1large mass of soil affected by
vertical pressures transmitted to it by the piles in the group

(Tamlinson 1969).
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2.24 Critical Appraisal of the Literature Reviewed

As seen in the preceeding literature review most investigators
have considered piles either in sand or in clay. There is only a
small amount of work available on the load transfer mechanism of piles
passing through granular material, and end bearing in underlying soft
rock or clay formations. However, the way in which this particular
stratification affects the behaviour of the piles under load is not

fully understocd.

The many factors affecting the bearing capacity and settlement of
piles have been sumarized on pages 2.6 and 2.14. The effect of these
factors is to cause a vertical and radial wvariation of the soil
properties and consequently influence the parameters used for
predicting the load/settlement behaviour of a pile or a pile group.
Both Meyerhof's and Terzaghi's egquations for the ultimate base

resistance in a clay soil are of the form

ap = Cb Nc + ¥D. (2.23)

The cohesion of the clay can be determined in the laboratory and from
field tests. However, the main problem in determining gp lies in the
determination of a value for the bearing capacity factor Nec. Early
investigators considered Nc to be a constant. Skempton (19359)
suggested a semi-empirical value of Nc = 9, although Cocke and Price
(1973) found Nc to vary with depth. The coefficient of earth pressure
on the pile in equation 2.14 for calculating the skin friction
resistance on a pile has been given by Meyerhof (1951) to be between

0.5 for a loose sand and 1.0 for a dense sand. Coyle and Reese (1966)



stated that the value of Ks is a function of the soil shear strength,
overburden pressure and the method of installation. Brams and
Silberman (1964), Ismael and Klym (1979) and others have found Ks to
be greater than one and to increase with increasing density and pile
penetration. Brinch Hansen (1968) found the skin friction on a pile
to be dependent on the absolute displacement and direction of the pile
movement, Tejchman (1969) confirmed this and showed that the sequence

of testing influenced the skin friction resistance that developed.

The changes in the soil properties due to the installation of a

pile can be accounted for by :
1. finding methods of measuring the new soil properties or,

2. 1introducing factors into the eguations to account for the

different methods of installation.

The pile loading test is the most accurate method of determining
the load/settlement behaviour of a pile in the field. However, the
high cost of conducting loading tests on large caissons, piers, and

pile groups make these tests impractical.

Fram the previous discussion it is apparent that to understand
and describe the soil-pile interaction campletely iti is necessary to
measure the forces and displacements on the pile and in the
surrounding soil mass. This is a difficult task to perform but one
that must be carried out both in the laboratory and in the field, if
reliable and realistic predictions of the pile behaviour are to be

made.
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For a pile founded in a sand mass, it is clear that the movement
of the pile base will influence the development of skin friction along
the sides of the pile. Terzaghi (1943) has shown that for piles in
sand a cone of sand is compressed in front of the pile as it is
driven. This movement of sand is likely to loosen the overlying sand
which is in contact with the sides of the pile. Consequently there is
very little skin friction developed and an arching ring will form
around the lower portion of the pile. This has been confirmed by
Vesic (1963), Robinsky and Morrison (1964), Meyerhof and Valsangkar'

(1977) and others.

With regards to clay soils, there is very little evidence to show
that the end bearing influences the wall adhesion. Tomlinson (1977),
howéver, suggested that for under-reamed piles the wall adhesion
should be disregarded for a distance of two pile diameters above the
top of the under-reaming. In layered soils it is generally assumed,
for design purposes (Tomlinson 1977), that the skin friction
resistance will develop through the whole granular soil layer and is

not influenced by the underlying clay layer.

The situation of a pile penetrating into a clay stratum, as
investigated by the candidate, presents a different problem. The end
bearing resistance that is developed is 1likely to be quite small
campared to the skin friction resistance. Also; the movement of the
clay is far more likely to be in an upward direction in the form of a
heave rather than downwards as in the case of a pile end bearing in
sand. This will influence the development of the skin friction.
Tamlinson (1977) contends that the sand is likely to be drawn down

with the pile. This is likely to be the case particularly with driven
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piles. These soil movements could also be influenced by the shape of
the pile toe. It is the considered view of the candidate that
initially 1in this investigation, it is necessary to examine the
development of skin friction in the sand assuming that no heave
develops at the clay-sand interface and that no sand is drawn down
with the pile (see section 1.1). This situation was simulated by
driving the base of the pile into a frictionless cylinder as indicated

in Chapter 1 and described in detail in Chapter 3.
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CHAPTER 3

DESCRIPTION AND DEVELOPMENT OF TESTING APPARATUS AND MONITORING

SYSTEMS

3.1 Sand Tanks

The pile loading tests were carried out in the soils laboratory
at the Polytechnic of Wales. The facilities available included two
3m. diameter by 3m. deep concrete tamks. The tanks are fitted with
a Redler Conveyor System for transferring the sand from one tank to
the other as shown in Figure 3.1. Elevations were marked on the
inside surface of the tank to allow for control of the depth of each
layer of sand poured. A system of step brackets has been mounted to
the inside wall of the testing tank (see Figure 3.1). Wooden
scaffolding planks were placed on the step brackets at four different
elevations on the inside wall of the tank. This is used as a walkway
from which the operator can work, while pouring sand or placing
equipment in the tank. This would minimise the disturbance to the

soil.

3.2 Loading Frame

A loading frame has been mounted to the top of the testing tank
as shown in Figure 3.2 and Plate 3.1. The frame has been designed to
allow for easy access to the tank for filling, and for the positioning

of the testing and recording equipment. It consists of a stiffened
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channel crosshead mounted on two Rolled Steel Joists. The crosshead
is attached to the Rolled Steel Joists via two threaded steel pillars.
The crosshead can be positioned at any elevation along the threaded
section of +the pillars. The 50kN hydraulic jack which was used to

load the pile is bolted to the crosshead.

3.3 Gantry

To allow for the manipulation of heavy equipment, such as the
loading Jjack and the frictionless cylinder, a gantry was designed and
fixed to the top of the superstructure (see Figure 3.2). The gantry
consists of a 500 kg block and tackle which travels along an I-section
rail supported by a frame constructed of rolled hollow section. The
rail runs across the entire length of the tank and extends beyond the
edge to enable the equipment to be hoisted off the laboratory floor to

its final position above, or in the testing tank.

3.4 Datum Frame

A datum frame, independent of the loading frame, constructed of
dexion, was fixed to the inside wall of the testing tank below the

loading frame (see Figure 3.1).

The equipment necessary for monitoring the movement and density

of the sand was linked to the datum frame.
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3.5 Dust Extraction and Sand Placement

It was felt that the dust created in the transfer of sand was 2a
potential health hazard and could adversly influence the function of
the mechanical and electrical equipment. Therefore, a dust extraction
unit was designed by the candidate and installed by an outside
contractor. The dust extraction unit was found to reduce the dust to
an acceptable level. At the same time the sand placement machinery

was modified to ensure a more uniform placement of sand (see Plate

3.2).

The Redler Conveyor lifts the sand from the bottom of one tank to
a maximum height of 5m, from which it flows through a combination of
tubes and is poured into the other tank. The last of these tubes is
flexible and thus enables the placement of sand to any location in the

tank.

The dust extraction unit is connected to these flexible sections
of tube so that the dust created by the movement of sand is removed
before the sand leaves the tubes. The end of the tube is controlled
so that the sand falls freely approximately 150 to 200 mm. The end of
the tube was fitted with a .35m diameter conical hood and a brass 2.36
mm sieve to evenly disperse the sand, producing a more uniform
placement. This arrangement is shown in Figure 3.3. It assists
greater uniformity of the density of the sand and extracts any dust

caused by the final fall of sand from the end of the tube to the sand

surface.
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It was considered that the fines removed by the dust extraction
unit would not materially alter the properties of the soil during the
testing programme. But the grading of the sand was monitored at

regular intervals throughout the testing programme. The results of

this are given in section 6.1.

3.6 Measurement and Control of Sand Density

The ability to measure the in-situ density, of purely granular
soil, is a field of soil mechanics in which much work has been done,

but no absolute practical solution has been found.

In the course of the present study the candidate monitored the
uniformity of placement by estimating the relative density of the soil

in the following manner :

1. By consistency in the placement and compaction of sand, a wuniform
sand density should have been achieved. To monitor relative
density of the soil a small version of the Mackintosh Prospector

probe has been developed and proved successful (see Plate 3.3).

2. Tins were placed at designated positions during sand placement as
shown in Plate 3.4. They were comnected to the datum frame at the
top of the tank by a set of three lengths of monofilament fishing
line. These lines are sufficiently elastic to allow movement of

the tins due to soil compaction (see Figure 3.4).

3. After testing the pile the tins were manually retrieved as the
tank was being emptied via the Redler Conveyor system. Since the

tank is emptied from the bottom, the tins were left suspended
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horizontally so they could be retrieved and the density of the

sand could be determined as described in section 7.3.4.

The possibility of using a Nuclear Density Meter for measuring
changes in the relative density of the sand was explored, but due to

safety and economic reasons this method was abandoned.

3.7 Frictionless Cylinder

Following the success of the frictionless cylinder in the pilot
study, for the elimination of end bearing and the simulation of an
underlying clay stratum, a larger cylinder was manufactured to
accommodate the 114 mm diameter pile sections which was used in the
present semi—-fullscale study. The semi-fullscale pile and cylinder

configuration are shown in Figure 3.5.

Consideration was also given to the future modification of the
cylinder to simulate the movement of an underlying clay stratum. This
modification would simulate the process where a skin of the overlying
layer ‘is dragged down into the underlying stratum (as described by

Tamlinson 1977),

3.8 Dartec Hydraulic Jacking System

The loading equipment consisted of a 5kN Dartec servo hydraulic
jack with a stroke of 100 mm. A load cell and displacement transducer

are fitted to the jack shaft. The load cell has an accuracy of 1% of
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the reading down to 1/100 of its capacity.

The jack is driven by a frequency generator capable of driving
the pile in load or displacement control in either a static or dynamic

mode.

To produce the compatibility necessary between the voltages of
the Dartec Jjack and the strain gauges, for recording on the Mycalex
data logger, a reducer conditioning unit was built with a gain of ten
to one. This unit reduced the range of the output voltages of the ram

displacement and load, from 0-10 volts to 0-1 volt.

A two channel chart recorder was used to record both the

displacement and the load of the ram during testing.

3.9 Mycalex Data Logging System

The permanent record of all data was compiled by a Mycalex Data
Logger with a 100 channel capacity. All voltage readings of strain,
load, and displacement measured by the strain gauges, load cells, and
transducers were fed into the data logger and stored on punched tape

by a teletype facility as shown in Figure 3.6.

The output from the Mycalex data logger was punched on a standard
eight track paper tape which was subsequently fed to the DECsystemr—20
computer located in the Computer Centre of the Polytechnic. Computer
programs were written to allow the DECsystem20 to read and store the
data in a file form prior to processing. After processing the data,
the results were outputted in both numerical and graphical forms.
These were analysed and the results are shown subsequently in Chapter

7.
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CHAPTER 4

LOAD TRANSFER MECHANISM : PRINCIPLES AND MONITORING SYSTEMS

4.1 Transfer of Load from the Jack to the Top of the Pile

The pile loading arrangement is shown in Figure 4.1. The load
was applied to the pile through a steel ball via the two plates which
were attached to the jack ram and to the top of the pile. The ball
seatings had been machined into the plates to accommodate the steel
ball which allowed for centralization of the load. The plates were
connected by fixing bolts, to allow the pile to be raised during
assembling and dismantling of the apparatus, and to form a continuous

member so that pulling tests could be performed.

After the pile had been assembled in position under the jack and
checked for verticality, the upper plate which was fixed to the jack
was brought into contact with the steel ball, which was seated on the
bottom plate which was attached to the top of the pile. The fixing
bolts between the two plates were then systematically tightened so
that the pile remained in a truely vertical position. This was
checked with a theodolite. The pile was thus rigidly fixed to the
jack and as far as possible any misalignment or eccentricity was

eliminated.

During compression testing the load was applied to the pile
solely through the steel ball, but during pulling tests the load was

applied via the four fixing bolts.
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4.1.1 Dartec Load Cell

An integral 50 KN load cell is attached to the ram of the Dartec
jack (see section 3.8 for detail). This cell was used to measure the

total load applied to the pile during the testing programme.

4.2 The Transmission and Dissipation of Load along the Length of the

Pile

A review of the proportion of load carried by skin friction and

end bearing has been discussed in section 2.6.

The present research work is the investigation of the behaviour
of a pile, in a granular medium, which is end bearing in an underlying

cohesive soil.

If the pile punches into the c¢lay stratum, the end bearing
resistance of the clay acting on the base of the pile is thought to
influence the development of skin friction in the granular layer
above. This is 1likely to affect the creation of a 'bin effect' as
described by Terzaghi (1936), and the development of the subsequent

'arching ring'’.

In order to investigate the behaviour of the pile in the granular
medium, for the present study, the end bearing was eliminated.The
load was transferred to the surrounding soil medium entirely through

skin friction.
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A larger model of the frictionless cylinder, which was developed
following the promising results of the pilot study, was used in the
semi~fullscale testing programme to eliminate skin friction and to
simulate the pile punching into an underlying clay layer (see Figure
4.2).

4.2,1 Test Pile Load Cells

The load along the test pile was measured at eight different
locations by the eight load cells. The proportion of load transferred
to the soil between any two load cells is the difference 1in load

measured by each cell.

The specifications and descriptions of the types of load cells

used are given in Chapter 5.

4.2.2 Lateral Pile Displacements : Preventative and Remedial Measures

If, the loading Jjack is not positioned truly vertical and
directly over the pile, eccentricities and bending movements will be

created in the pile.

Berezantzev et al. (1961) have shown that the bearing capacity
of piles, subject to a combination of axial force and bending
movements, can be greater than that of piles subjected to axial forces

alone.

To eliminate this complication arising, the Jack and the pile

were carefully aligned using a theodolite.
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Displacement of the pile during driving is further complicated by
the fact that the pile is of a composite construction. This type of
design tends to cause differential movements of the individual
sections. To overcome this problem a load of 25 kN was applied to the
pile while the connections between the sections were tightened. This
ensured a tight connection between sections, and created initial
stresses in the pile which were taken as the reference point for all

subsequent tests performed on the pile following this assembly.

A measurement of the lateral displacements and bending of the
pile was performed in-situ, and the results are given in section

6.4030

4.2.3 Influence of Confinement of the Test Pile in the Granular

Medium

The confinement of the pile could influence the results due to
the fact that the pile was calibrated in air without any lateral
confinement, while during testing some of the load cells were embedded
in the sand. This confining lateral force is likely to affect the
development of hoop stresses. The influence of this confinement on
the testing results is a camplicated matter, and requires further
investigation. A comparison between the insitu calibration test in
air, and one done with the pile embedded in the soil has been carried

out and the results are presented in section 6.4.4.

4.4



4.3 Transmission of Load from the Test Pile to the Granular Medium

As stated previously the load applied to the pile was transmitted
to the soil solely by_ skin friction, as end bearing had been
eliminated. The pile was driven at a constant rate of penetration to

allow the build up and mobilization of skin friction.

After the skin friction had been mobilised, further |©pile
penetration was achieved without any perceptible increase in load. It
is this load transfer mechanism and its effects on the surrounding

soil conditions that the present study intends to determine.

4.3.1 Terra Plates for Measurement of Soil Displacements

As the load on a pile is transferred to the soil, the skin
friction is mobilized causing the adjacent soil to move downwards.
Piles subjected to both skin friction and end bearing in the same
grapular stratum create an ‘'arching ring' and 'bin effect' as
described by Terzaghi (1936) and others (discussed previously). The
movement of the soil around piles driven through a granular stratum
overlying clay, however, is not fully understood as the work in this

area is limited.

To measure these small movements of soil, encountered in piling
in layered stratum, the candidate has employed a system using 25 mm
square aluminium plates (Terra Plates) linked by steel wire (piano

wire) to displacement transducers (see Plate 4.1).
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The Terra Plates were placed in the sand at designated positions
around the pile. A displacement transducer was mounted to the datum
frame directly above each Terra Plate. Steel piano wire was used to

connect the Terra Plates to the transducers.

Consideration was also given to incorporate the Terra Plates to
monitor horizontal as well as vertical soil movements. However, to
safeguard against the possibility of creating a reinforced soil
condition, due to an overabundance of instrumentation, the decision

was made to postpone this for the present.

The possibility of measuring the actual pressures in the soil has
also been considered. Small pressure cells, similar to those
developed by Khafagy (1967) at The University of Leeds, could have
been incorporated into the soil monitoring system. However, as stated
previously, the objective was to use the instrumentation to monitor
the soil behaviour and not to influence it in any way. Therefore, the
decision was made to limit the instrumentation to monitor vertical

soil displacements only for the present study.

4.3.2 Monitoring Soil Density and Density Changes

As discussed in section 2.16 one of the effects of pile driving
on soil properties is the changing of the soil density. Compaction of
the soil due to skin friction and end bearing resistances increases
the soil density, while, 'arching' and the 'bin—effect', which were
described earlier, reduce the density in the immediate vicinity of the
pile shaft. All these density changes are accompanied by a

displacement of the soil. It was these soil displacements that were
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monitored during pile driving, using the Terra Plates described in the
previous section. It was expected that with the measurement of : the
final soil density after testing (using density tins), relative
changes in density before and after testing (Mini-Mackintosh Probe)
(section 3.6), and the soil displacements during driving (Terra
Plates), an overall pattern of the changes in the state of the soil
during testing, with a minimum amount of interference due to the

presence of the instrumentation, would be achieved.
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CHAPTER 5

DESCRIPTION OF THE TEST PILE

5.1 Load Cell Development and Investigation

The main objective of the project was to determine the load

transfer mechanism.

There are two current methods of measuring loads along a pile.
The first is, to instrument one continuous pile, and the second is, to

incorporate individual load cells as sections of the pile.

A method of instrumenting a continuous pile is by mounting dial
gauges or displacement transducers to the inside of the pile to
measure pile deformation. To accomplish this, small tabs are fixed to
the inside of the pile and dial gauges or displacement transducers are
fixed at other locations on the inside surface. A steel rod is then
used to connect the tabs to the displacement measuring instruments.
As the pile is stressed, due to loading, the recording device measures
the change in length of the pile between the ends of the rod fixed to
the tabs and the ends fixed to the dial gauges or transducers (for
further details see Hanna 1973). This method was abandoned due to
foreseeable difficulties in attaching the equipment to the inside of

the pile.

An alternative method is to attach strain gauges along the inside
and/or outside of the pile. Due to the unacceptable level of abrasion

observed between the outside pile surface and sand during driving, it
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was thought that, the strain gauges and their leads if mounted on the
outside of the pile would be damaged. Subsequently, this method was
also abandoned. Because the equipment required for mounting strain
gauges inside the pile, as opposed to manual fixing was not available,
a continuous pile was determined inappropriate for the work needed.
Therefore, it was decided to use a composite pile. This pile was
composed of individual 1load cells connected by an appropriate

coupling.

5.2 Material used for the Manufacture of the Test Pile and the

'Shell' Type Load Cell

The pile was fabricated from 114 mm diameter circular hollow mild
steel section, with a wall thickness of 4.5 mm and a continuous weld.
The first type of load cell designed was the 'Shell' type. This 1load
cell consisted of a 150 mm length of the 114 mm diameter pipe with
internally mounted strain gauges (L.C.a,IC.B, and L.C.5) (Section
6.3.1). The 400 mm lengths of pile which were initially positioned
between the 'Shell' load cells were later instrumented (L.C.3 and 4

and L.C.5 and 6), increasing the number of load cells by four.

A welded circular tube is not the ideal section to use as the
basis for a load cell due to the nonuniform stress distribution.
However, the purpose of this investigation was to best model the
behaviour of full—scale piles in the field, and hollow steel rolled
pipe is in common usage. Therefore, although this does introduce a
number of problems into the interpretation of the test results, these

problems are present in full-scale piles as well.
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5.3 'Core' Type Load Cell

The need for a more sensitive load cell to measure the low
strains present at the base of the pile led to the development of the
'Core' type load cell. This load cell as shown in Figure 5.1 and
Plates 5.1 and 5.2, consisted of a section of the 114 mm diameter
steel pipe surrounding a central core with a coupling at either end.
The bottom coupling and core were machined from the same piece of
steel. A section of the 114 mm diameter pipe slid over the core and
rested on a rubber o — ring on the bottom coupling. The top coupling
was threaded onto the central core and fixed to the outer sleeve.
Since the outer sleeve ﬁas not fastened to the lower coupling, any
load carried through the load cell was transmitted via the central
core. The core was instrumented with strain gauges, and since it was
hollow its cross—section could be machined to correspond to a set
sensitivity. In this way a set of 'Core' load cells could be
manufactured with varying sensitivities, depending on the size of the

central hole and the wall thickness.

5.4 Strain Gauges

The instrumentation of each 'Shell' load cell consisted of two
rosette strain gauges (see Appendix 5A) mounted diametrically opposite
on the inside surface of the pipe section as shown in Figure 5.2. On
the 150 mm length 'Shell' load cells the gauges are located at the
centres on the inside surface (75 mm from either end). On the 400 mm
lengths, which were developed later, the gauges are located on the

inside surface 75 mm from either end. The gauges were positioned so
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that they were each the same distance from the welded seam.

On the 'Core’' load cells two rosette strain gauges were mounted
diametrically opposite on the central core (see Figure 5.1,

Plate 5.2).

5.4.1 Strain Gauge Electrical Circuitry

Each strain gauge contains 3 elements; one vertical, one
horizontal, and one at 45° . Initially, the vertical and horizontal
elements were connected in an arrangement that formed the four arms of
a full Wheatstone-Bridge circuit. The advantage of using a full
bridge over a quarter bridge is that the latter arrangement (which
incorporates the 2 vertical and 2 horizontal elements in the bridge
circuit) increases the sensitivity by a factor of approximately 2.6,

and is temperature compensated which eliminates the need for dummy

gauges.

One disadvantage of using a full bridge is that any inherent
eccentricity will not be shown in the results, since a full bridge
will average these strain differences. Another disadvantage in using
a full bridge is that if one of the gauges in the bridge develops a
fault it would not necessarily show up 1in the results, since the
strain reading from this faulty gauge would still be averaged with the
other gauges in the bridge. The results of this could leéd to a
misleading evaluation of the conditions present. If, however, the
gauges are connected in the quarter bridge configuration, a faulty
gauge should be detected immediately since the strain measured by each

gauge is recorded individually.
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Therefore, to produce results which can aid in interpreting any
pile bending, the strain gauges were connected in a quarter bridge and

incorporated temperature compensating dummy gauges.

A set of 45° elements have been incorporated in the gauges to
allow the detection of any pile bending in the plane normal to the
vertical plane which intersects the gauges on both sides of the pile
(see Figure 5.2). Bending in any other plane will be detected in the
vertical and horizontal elements as the strains in one would be

greater than in the gauge opposite.

The 45° elements could also be used to measure any torsion in the

pile.

5.4.2 Strain Gauge Bonding

In the early stages of the load cells development the problem of
finding a reliable method of evaluating the efficiency of the bonding

of the strain gauges to the specimen was investigated.

The first method attempted was to run a rubber eraser over the
surface of the strain gauge and note any change in strain. This
method was abandoned since it was felt that this check in itself could
possibly damage the gauge and a new procedure was adopted. This
method requires, placing a finger in close proximity (1 - 2 mm) to the
gauge, which is connected to a strain recorder, and noting any change
in the strain reading. If the gauge is not properly bonded this
thermal change caused by body temperature will cause the gauge to
expand, which in turn will cause a tensile strain reading to Dbe

registered on the recorder.
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Advantages of this method are that no pressure is exerted upon
the gauge, and the changes in temperature are unlikely to cause

overtstressing.

After thestrain gauges were fixed in place, a final check on the
gauge resistance was performed. By checking the gauges deviation from
the set gauge resistance, a faulty gauge, the element of which had
been damaged, could be detected. This check will also confirm whether
or not a good soldered joint has been made between the gauge and wire
leads. Measuring the resistance between the gauge and the pile
section, will indicate whether the gauge is 'shorting' against the
section. This could be caused by a poor soldering joint, where the
solder is in contact with the pile, or by the gauge wires (leads or

element) touching the section.

The gauge, terminal, and leads were all covered with a coating of
silicone rubber to protect them from moisture and to insulate them

from the pile sections.

This resistance test was used to check suspected faulty gauges
after the pile had been assembled, since this procedure could be
carried out externally at the ends of the gauge leads where they were

connected to the terminal box.

5.5 Pile Sections and Attachments

Since the pile was of composite construction (comprised of
individual 1load cell sections connected together) a coupling was

designed to connect these sections (see Figure 4.1).
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One of the main factors concerning the design of the load cells
was whether the 1local stresses created at the ends of the section
around the grub screws, or in the vacinity of the fixing bolts or

seam, would affect the performance of the load cell.

The results of the investigation into the influence of these

anomalies on the operation of the load cell is described in sections

6.3.

A 114 mm diameter pile section, 700 mm long, with a smooth
machined outer surface, was manufactured for attachment to the base of
the pile. The frictionless cylinder was designed to take this section

of pile.

A 1.1 m long section of the same pipe was attached to the top of
the pile, this connected the top load cell to the jack-pile coupling

(see Figure 4.1).

The total mass of the pile, including all attachments and

couplingswas 78.2 Kg (767N).
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APPENDIX 5A

Strain Gauge Information and Circuitry

Type : T™ML/FRA-6-11
Resistance = 120 Ohms
Strain gauge factor K, = 2.14,K,=2.15,K, ;=2.16

Gauge length = 6 mm

To facilitate the easy interpretation of the strain gauge data
the voltage applied to the quarter Wheatstone-Bridge circuit (Figure
5A.1) was set so that a change in strain of 1 pstrain produced a
change in voltage of 1 pvolt (1x10°). The equatién for the
relationship between the applied bridge voitage E and the output

voltage v, for a quarter-bridge circuit is (Vaughan 1975).

E = 4V/eK (5A.1)

where ¢ strain.

Setting € = V, K = 2.15, and solving for E yieldsa value for E, the

applied bridge voltage, of 1.86 volts.

XX



FIGURE SA1

WHEATSTONE QUARTER-BRIDGE CIRCUIT DIAGRAM
(from drawing titled 'STRAIN GAUGE UNIT" by
MYCALEX INSTRUMENTS, LTD)






CHAPTER 6

SOIL PROPERTIES AND PRELIMINARY TESTS

6.1 Physical and Mechanical Properties of the Test Sand

6.1.1 General Description

It was decided to conduct the experiments using 'Leighton Buzzard

Sand'. This particular sand was chosen for its relative uniformity.

It was important that over the duration of the testing programme
any changes in the index properties of the test soil should be
monitored. Since, it was felt that the extraction of dust and
possible grinding of the individual sand grains in the Redlar conveyer
could alter the index properties of the sand, five samples were taken
during the sequence of testing. The results presented in this secpion
are the average values from the samples taken, except where noted, and

any significant differences will be stated.

The procedures for determining the index properties are presented
in full when they vary from the methods described in B.S.1377 or any

other accepted laboratory testing procedure.

Prior to testing, the entire quantity of sand used was passed
through the 2.36mm sieve attached to the hood at the end of the sand
pouring apparatus. As well as aiding in the creation of a uniform

mass of sand, by a raining technique, the sieve removed any larger
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sized materials.

6.1.2 Particle Size Distribution

The mechanical analysis test was performed according to B.S.1377
using the method of coarse analysis by dry sieving. The average
grading curve of the five samples tested is given in Figure 6.1 along
with the range of results. From the grading curve, it can be seen
that the test sand is a medium sand with an effective grain size (D)
of 0.28mm, a Hazen's Uniformity Coefficient (Cu=Dgy/D;3) of 1.79 and a
coefficient of curvature (Cz=D§0 /DgoD1g) = 1.14. Therefore, the sand
is relatively uniform. This uniformity of particle size is desirable
in test sand as it helps in depositing a relatively homogeneous sand

mss.

It appeared that the variation in the test results obtained from
the five samples was quite random and did not indicate any particular

trends.

6.1.3 Moisture Content

The moisture content was determined, according to B.S.1377 using
the standard method, for 15 air dry samples (three specimens from each
of the five samples taken). The moisture content for sample S5, the
last sample taken, was found to be approximately 0.2 per cent, while,
the moisture content for the remining samples showed a zero percent

moisture content.
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6.1.4 Specific Gravity

The specific gravity of the sand particles was determined
according , to B.S.1377 using the method for fine grained soils. By
testing two representative samples from each of the five samples
obtained during the testing programme the average value for the

specific gravity was determined to be 2.66.

The values obtained for the five samples (S1-85) were
respectively 2.70,2.68,2.66,2.62, and 2.65. This implies that the
specific gravity of the sand particles was decreasing during the
testing programme. This suggests that during the testing programme
the weight of particles removed (i.e. by the dust extractor) was not
proportional to the decrease in the volume. Therefore, the amount of
dust size particles removed by the dust extration unit appeared to be

greater than the amount, if any, created in the transfer of the sand.

6.1.5 Maximum and Minimm Porosity

A number of methods were tested to achieve the loosest possible
deposition for the determination of the maximum porosity. The method
found most successful was one similar to the "Tilting Test" presented

by Kolbuszewski (1948).

In this test, lkg of dry sand was placed in a 2000ml, 70mm
diameter graduated glass cylinder. A stopper was placed in the end of
the cylinder, the cylinder held in the horizontal plane, and rotated
about its central axis, thus loosening the sand grains. Next, the

cylinder was brought to a vertical position while continuing to rotate
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it about its central axis. In this way the grains rolled over one
another avoiding any free fall of the particles. This prevents
compaction due to impact. It was necessary to bring the cylinder
slightly through the vertical to acquire a horizontal, 1level top
surface. The volume of the soil was measured and its density

determined.

The above procedure was carried out on three representative
samples, of each of the five samples taken during the testing
programme. The mean value for the maximum porosity was 41.8 percent.

This corresponds to a minimum dry density of 1547 kg/m3.

The method employed for determining the minimum porosity was to
pour a weighed quantity of dry sand into a glass cylinder containing
water and vibrating this until a maximum density was obtained. The
vibration was carried out by the use of a vibrating table and the time
needed to reach a maximum density was found to be approximately three
minutes. After this time the surface of the sand was observed to be
"bubbling up'" and no further compaction took place. One advanﬁage of
this method is that the compaction and grain migration can be observed
during vibration through the glass cylinder, and the final volume of

sand can be easily observed.

The results of the five tests performed using this method yielded
a minimm porosity of 34.1 percent, corresponding to a maximum dry

density of 1754 kg/m3.
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6.1.6 Shear Strength

The shear strength of the test sand was determined by the direct
shear test. For this test, the 100mm square standard shear box
apparatus was used. Six air dry samples were tested, under three

different normal pressures, and at two ranges of bulk density.

The lower density samples were achieved by loosely pouring the
sand 1into the box, while the denser samples were prepared by placing

the sand in five layers and tamping each layer.

The purpose of this procedure was to determine the relationship
between the angle of intermal friction (¢) and the sand bulk density
(p). The results of these tests are presented in Figure 6.2 together

with the equation suggested by Meyerhof (1956), @ = 28+15Dr.

An interesting point to be noted here is that during the emptying
of the sand tank the angle of repose of the soil was monitored. The

average angle was judged to be 30° with only a slight wvariation.

6.1.8.1 Shear Modulus

The shear medulus (G) of the test sand was determined in the

following manner using the 100mm square shear box apparatus.

1. The test sand was placed in the shear box and its density was

determined.
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2. From the density gradiant determined during the testing programme
(section 7.3.4), the depth corresponding to this density was
obtained and the overburden pressure at this depth was based on

the average density of the soil above.

3. A normal pressure, equal to the overburden determined in step 2,
was applied and a check was made for any changes in density. If
the density changed (the sand in the box compacted by normal
pressure), steps 1,2, and 3 were repeated until the additional
normal pressure did not produce any significant change in the sand

density.
4. The shear box test was carried out.

5. Fram the results of the shear box test the stress—-strain curve was
plotted. The shear modulus was obtained from the slope of the

initial linear portibn of the curve.

This procedure was conducted on six samples with different
densities and the resultant plot of shear modulus versus density is

shown in Figure 6.3.

With the exception of two of the six samples tested, there seems
to be a steady increase in shear modulus as the density increases

(with depth)l®  as shown in Figure 6.3.

Vesic (1964) bhas presented similar results for shear modulus

versus density for pilesburied, driven and jacked into sand.

l'Banerjee and Davis (1977) have obtained solutions for calculating

the settlement of piles and pile groups in a "Gibson'" soil.
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6.2 Investigation of the Prototype Load Cell

6.2.1 General

For the purpose of conducting an extensive investigation into the
characteristics of the 'Shell' type 1load cell, under closely
controlled conditions, an extensively instrumented prototype was
assembled. The amount and extent of instrumentation mounted to the
prototype increased as the testing warranted. The additional
instrumentation will be described as it is introduced in the following

sections.

The basic prototype consisted of a section of the 114 mm diameter
pipe which was described in section 5.2. The length of the prototype

was 400 mm, the same length as L.C. 3 and 4 and L.C. 5 and 6.

The initial difference between this load celi and the other two
was that the prototype had six rosette strain gauges mounted to the
inside surface at either end instead of two (see Figure 6.4). These
strain gauges were mounted in sets of two, diametrically opposite, and

at distances of 50, 75, and 100 mm from the ends of the load cell.
The purpose of the 12 rosette strain gauges were :

1. to study the effects of local stresses induced at the extremities

of the load cell during loading,

2. to determine a suitable location for the strain gauges, and
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3. to investigate the behaviour of the 'Shell’' type load cell under

load.

The distance that the strain gauges were mounted from the ends of
the sections was limited by the distance that a strain gauge could be
properly hand mounted to the inside surface of the pipe. In practice,

this 1limiting distance was found to be 100 mm for the 114 mm diameter
pipe.
Mechanical mounting of the strain gauges at further distances

inside the pipe was not feasible for two reasons :

1. the inside surface of the pipe was rough and needed considerable

preparation before mounting the gauges, and

2. the presence of the seam inside the pipe, and the fact that the
pipe did not have a true circular cross—section, meant that
machining the inside surface was not possible with any of the

mechanical equipment available.

6.2.2 Loading Arrangement and Testing

The prototype load cell was calibrated as shown in Figure 6.5 and
Plate 6.1 in the Instron Universal dynamic/static materials testing
machine, series 1251 (Instron 1251). The steel ball bearing was

incorporated to minimise any end fixity and moments present.
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The strain gauges were monitored on a Bruel and Kjaer 1516 strain

recording unit.

Before measurements were taken for each calibration test, the
load cell was loaded to the maximum test load at least three times.
These pretest loading cycles were performed to allow proper seating of
the apparatus and to allow the equipment and strain gauges to settle

into equilibrium before calibration.

On placing the prototype load cell into the Instron 1251 the cut
extremities of the section were found to be not properly machined, and
therefore, they were neither flat nor normal to the central axis of
the load cell. The fault was found to 1lie in the method of
manufacturing the pile sections. The method was modified and the load

cell was properly machined.

The standard workshop procedure was adopted, to check the
trueness of the end machining. This involved using a plane table and
a set of feeler gauges to check the surface unevenness and a square to

check that the ends were normal to the central axis.

To check for any eccentricity caused by the loading arrangement
on the load cell, the calibration was repeated after rotating the load
cell by 180° about its central axis. The difference in individual
strain readings for the two tests was less than 3 per cent of the

maximum value.

As a means of further assessing whether the loading arrangement
was causing any eccentricity, three further strain gauges were mounted
on the outside surface of the load cell. These were located and

installed at the centre of the load cell 1203 apart as shown in Figure
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6.4.

Since mounting gauges on the outside surface of the pipe was

much easier, better control could be exercised in the bonding of the

gauges. The subsequent readings from these gauges also proved useful

as a check on the strain readings of the internally mounted gauges.

Two further steps were taken to check and confirm the calibration

results :

1.

additional gauges were -bonded externally at locations

corresponding to the internal ones (see Figure 6.4), and

an extensometer was mounted to the outside surface of the 1load
cell over the externally mounted central gauges as shown on

Plate 6.2.

Initially the calibration curves for the extensometer showed
some hysteresis. It was discovered that this was being caused by
the 'knife edge' of the extensometer, slipping along the surface
of the pipe. This problem was rectified by first placing a small
piece of cellophane tape on the metal surface of the pipe before
fixing the extensometer in place. The tape helped to hold the
'knife edge' of the extensometer in place and eliminated this

hysteresis.

6.2.2.1 Test Results

The results of the Instron calibration tests carried out on the

prototype load cell, each test being performed at least twice to

assure repeatability, were as follows :
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The calibration curves for ten of the twelve internally mounted
gauges (two of which were found to be faulty) were all found to be

lower than the theoretical curve as shown in Figure 6.6.

The calibration curves for the gauges at the L.C.54 end of the
load cell were all less than those at the other end of the load

cell as shown in Figure 6.6.

The initial portion of the calibration curves displayed

non—-linearity, while the latter portion was linear.

No appreciable changesin the curves were found by either rotating
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