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“We build too many walls and not enough bridges”

Sir Isaac Newton (1643 — 1727)
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Abstract

The main goal of this thesis is to outline the renfirocess of assessing the seismic safety
of single existing reinforced concrete bridges,hwita probabilistic context. Given that
several possible methodologies are currently aviaildor seismic assessment with the
inclusion of nonlinear structural behaviour, thisrwintends to contribute with a global
overview on the essential aspects surrounding afbgtys assessment procedure, with
particular focus on bridge structures. A specificethodology using statistical
characterization of the assessment problem, coimdudio the failure probability

computation was employed and optimized.

Firstly, a characterization process of the seisagtion has been carried out, with the
purpose of portraying this sort of loading, whichwell known for its complexity and
variability, coming from the occurrence of highlyppredictable natural seismic hazards.
Furthermore, the optimum way for seismic loadindp&oset up is looked for, in terms of
reduced dispersion and number of earthquake receitisa view to the use in subsequent
repeated probabilistic safety calculations.

The modelling issue is afterwards analysed, wittriaf mention to the sort of structural
models currently employed for bridges and ways otoanting for material and
geometrical nonlinearity. Special emphasis is pattoe latter — different modelling
alternatives for the material plasticity represgataare scrutinized, a subject seen as quite

pertinent.

The estimation of the structural response for the anodelled structure, subjected to
properly characterized seismic loading, which dctusts the next logical task, has been
addressed by means of an extensive comparativenptiia study of the two most
commonly accepted approaching tools: nonlinear ayoiaor nonlinear static analysis,

featuring different sorts of seismic action input.
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Finally, the intended safety verification is cadrieut probabilistically for a case study mad
up of a set of different bridge configurations, lemgth, regularity and structural type,

together with an equally wide set of earthquakenex; both already used for the previous
calibration studies conducted for the different poments of the safety assessment
problem. Both capacity and seismic demand are cteraed statistically, according to

premises settled in the modelling and structursppoese estimation sections, respectively.
Statistical characterization is managed througlpg@roeandom simulation techniques, such
as the employed Latin Hypercube Sampling schemierBnt alternatives to reach the

failure probability, involving distinct uncertaintgvels, are presented and compared, with
the aim to conclude over applicability and accuratyhe methodologies, as well as the

relative seismic safety of the tested configuration
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Resumo

O trabalho apresentado nesta tese teve como piraliectivo percorrer as varias etapas
do processo de verificagdo de seguranca sismi¢aduodl, num contexto probabilistico,

de pontes existentes em betdo armado. Presenterméantes alternativas se encontram
disponiveis para a abordagem ao problema de segusismica e, por conseguinte, este
trabalho pretende dar um contributo com a elabordeduma perspectiva global do tema,
sintetizando os aspectos mais relevante, com esp@cfase na andlise de pontes. E
proposta e aplicada uma metodologia de avaliacdosefpiranca por célculo da

probabilidade de ruina da estrutura, com caraeigiiz estatistica das diferentes variaveis.

O trabalho conduzido comeca por focar a caractgizada accdo sismica,

reconhecidamente complexa e com elevada variathdidaonsequéncia natural da
imprevisibilidade associada a ocorréncia de fen@wmeismicos. Desse modo, procura-se
estudar a melhor maneira de definir tal accéo,stiweo na reducdo da dispersao e no
namero de acelerogramas reais a utilizar, com wistaa utilizacdo em aplicacdes praticas

de verificacdo de seguranca, envolvendo repetieaaltulos probabilisticos.

A tematica da modelacdo é abordada fazendo refaremms modelos estruturais
correntemente utilizados para analise nao linegrotes bem como aos diferentes modos
de ter em consideracdo a n&o linearidade mategebmétrica. E dada especial atengdo ao
primeiro tipo de nao linearidade enumerado, esuolam viabilidade de emprego de
diferentes estratégias de modelacdo da plasticideaterial, uma questdo tida como

particularmente pertinente na analise sismica tletesas.

A estimativa da resposta estrutural das pontesldmente modeladas, quando submetidas
a uma acc¢ao sismica convenientemente caracterigaig@almente alvo de estudo com

relativo detalhe por intermédio de um estudo patacoéextenso de comparacéo das duas
vias de analise tipicamente usadas: analise dimamdo linear ou andlise estéatica nao

linear, a que correspondem diferentes formas deseptacdo da accéo sismica.



Finalmente, a verificagdo de seguranca propriaméitéeé efectuada para um caso de
estudo constituido por diferentes configuracfes, estensado, regularidade ou tipo de
aparelhos estruturais, usando com um conjunto rggrle vasto de acelerogramas,
igualmente utilizados na calibracdo das diversagpomentes do processo da avaliacao de
seguranca. A capacidade resistente e a exigéndmutueal sdo caracterizadas
estatisticamente de acordo com os resultados tladosssobre a acgdo sismica, modelagcéo
e previsdo da resposta. A caracterizacéo estatéstonseguida por intermédio de técnicas
de amostragem convenientemente aplicadas. S&o spogp@ comparados diferentes
procedimentos conducentes ao célculo da probatidide ruina, com diferentes niveis de
incerteza, com o objectivo de concluir quanto aaplecabilidade bem como da seguranca

sismica das diversas pontes testadas.



Résumeé

L'objectif principal de cette these est de dédhmesemble du processus d'évaluation de la
sécurité sismique de ponts existants en béton atams, un contexte probabiliste. Lorsque
plusieurs méthodes possibles sont actuellementwiisies pour I'évaluation sismique avec
I'inclusion du comportement des structures nonaines, ce travail veut contribuer a une
vision globale sur les aspects essentiels entoucarté la procédure d'évaluation de la
sécurité, avec un accent particulier sur les sirestde pont. Une méthodologie spécifique
en utilisant la caractérisation statistique du f@ote d'évaluation, tenue a la probabilité de

défaillance de calcul a été utilisé et optimisé.

Tout d'abord, un processus de caractérisatioradiolh sismique a été réalisée, dans le but
de représenter ce type de chargement, qui est dmanue pour sa complexité et la

variabilité, provenant de la présence trés impieMsdes risques naturels sismiques. En
outre, la meilleure fagcon pour le chargement sismnig mettre en place est recherché, en
termes de dispersion réduite et le nombre de dgssiemblement de terre, en vue de

l'utilisation répétée dans les prochains calcutbabilistes de sireté.

La question de la modélisation est ensuite analyséz une bréve mention de ce genre de
modeles structurels actuellement employé pour dedspet les moyens de la comptabilité
pour le matériel et la non-linéarité géomeétriquen atcent particulier est mis sur ce
dernier — la modélisation de/sur différentes aléues pour la représentation plasticité du

matériau sont examinées, un sujet considéré commae fait assez pertinente.

L'estimation de la réponse structurale de la strecmodélisée diment, soumis a des
séismes de chargement bien caractérisé, qui aomgtt prochaine étape logique, a été
abordée par le biais d'une étude comparative apmiaf des parameétres des deux outils
les plus communément acceptés approche: dynamajuéngaire ou non linéaire analyse

statique, avec différentes sortes d'entrées deresismique.
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Enfin, la vérification de sécurité destinés probsta est effectué pour une étude de cas
folle d'un ensemble de configurations différenteastpdans la longueur, la régularité et le
type de construction, avec une large série de dentsrtout aussi tremblement de terre,
toutes deux déja utilisées pour les études d'étalgm précédente réalisée pour les
différentes composantes du probleme d’évaluatioladgcurité. Les deux capacités de la
demande sismique sont caractérisés statistiqueswat) locaux installés dans les sections
et structurelles réponse estimation de modélisati@spectivement. Caractérisation

statistigue est géré par des techniques appropdéesimulation aléatoires, telles que
I'échantillonnage par hypercubes latins régime ttasailleurs salariés. Différentes

alternatives pour atteindre la probabilité¢ de déflace, impliquant les niveaux

d'incertitude distincts, sont présentés et compaiass le but de conclure sur 'applicabilité
et la précision des méthodes, ainsi que la sisnigusécurité relative des configurations

testées.
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1. Introduction

1.1 General

The occurrence of a major earthquake event iss&édh as a catastrophe, with devastating
consequences over human lives, buildings and toatan networks, causing a large
scale impact in any society and multiple costs tfeent natures. Indeed, even if
becoming particularly devastating to poor, undeellgyed countries, it equally greatly
affects populations and several infrastructureswadern, industrialized countries, where,
despite the advanced status of seismically desigtredtures, it is still possible to point
out weakness points, such as historical or late c&dtury constructions, in need for
retrofitting. From a more global picture, the ocemce of earthquakes can have an
outcome which is reflected in affected country giels, during several years, given the
deep changes in building philosophy or large innesits in seismic design strategies.

A number of relatively recent earthquakes are slpiaeferred to, due not only to the their
destructive impact but also to the lessons thaewearnt, leading, sometimes, to profound
changes or the establishment of turning pointseisnsic design philosophies. The San
Fernando (1971), Loma Prieta (1989) or Northridb@94) earthquakes in the USA; Kobe
earthquake in Japan (1995); the 921 earthquake9),l9® Taiwan, are some of the
examples of such important recorded events in #st few decades, together with other

earthquakes that occurred in Turkey, Greece or &hirhe particular case of recent
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Introduction

earthquake events that stroke Italy in 2009 (L’Aajearthquake); Haiti, in 2010; New

Zealand and Japan, in 2011, denote essentiallgiffigyent scenarios, both very pertinent.
The first scenario, corresponding to the earthgsiakeat have occurred in so-called
developed countries, with improved codes for saist@isign, reveals how an earthquake
can still cause severe damage, found in old, noofiteconstructions and in some new,

supposedly seismic resisting, structures. On therdtand, the Haiti earthquake revealed
the chaotic scenario that can be verified when gihaking takes place in poor, under
development countries. Thousands of human lossesrred and several basic facilities
became inoperable, mobilizing substantial inteorati aid. The recognition of the

importance of the role that earthquakes play in enodsocieties is, therefore, largely
evident, in a much wider range of issues than somestthought.

There are two essential key intervening aspectg;hwdny society needs to consider when
drawing a response strategy to seismic hazardfifgias to develop efficiently enhanced
building codes and guidelines, which become ahtethe end, to assure that new
constructions feature proper ductility characterjstas well as energy dissipation
mechanisms, allowing the structure to accommodateieh larger deformation demand,
resisting and performing quite better, without ap#ling, when facing earthquakes. The
other intervention field is at the existing constrons assessment level. The number of
existing structures that were built in the pasinfrhundreds to a few decades ago, with no
regard for any seismic provisions is enormous. Scmhsiderable portion of the total
construction is extremely exposed to forthcominigra& events, presents probably high

vulnerability and needs, therefore, to be seisnyiGdsessed and, eventually, retrofit.

It is the author’s belief, however, that effort Heen more concentrated in the design of
new structures side, rather than in the assessshemisting structures one. On that matter,
considerable improvement has been made in thef@asyears, with the development of
further refined methodologies, which include adegumnsideration of relatively complex
nonlinear structural models as well as highly redinprobabilistic safety computation
methods. Such approaches, seen as more accuratihargh, yet to become common
procedure among practitioners. This is, in parg thuthe several different methodologies
that are available to reach a failure probabilityan existing structure, as well as to the
complexity of issues surrounding any possible gafetsessment procedure. Moreover,

detailed nonlinear analysis procedures continubet@womplex, time-consuming and, for
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that reason, common practice still majorly consgdtelastically analysing the structures,
with subsequent application of behaviour reducfactors. A summarizing work of the
different approaches, stressing the relevant @ijteliscarding unnecessary alternatives, in

order to unify procedures and reduce the actugkdsson in methodologies is justified.

All of the drawn considerations become even molevaemt on bridge structures, given

that, traditionally, the majority of studies andrfreworks have been focused on buildings,
leaning space for a gap of knowledge that has, theless, become less evident in the
recent past. Even if typically highly resistantustures, many times protected by the
deck’s elastic behaviour, bridges are key elemienégy region stricken by an earthquake
and require therefore, special attention, due & thital importance as connecting and

transportation facilities. Indeed, in the immediateermath of an earthquake, closure of a

bridge can impair emergency response operations.

The current challenge within the field of assessaxisting structures, and therefore
bridges, is to reach a failure probability, whielkes into account the uncertainty of all the
variables at stake. Furthermore, the applicabdityuch procedures in a current practice
context is fundamental. To accomplish so, intermtedmethodologies, less complex, but
still improving with respect to the currently emydal ones, by inclusion of simpler

nonlinear features, can be considered within sstti@an process.

1.2 Motivation and goals

The main goal of this work has been to probabialy assess the seismic vulnerability of
single existing reinforced concrete bridges to maas action. Even if inevitably
characterized by a certain level of ambiguity, Haéety degree has been evaluated in a
probabilistic fashion, i.e., through the computatad failure probability of single bridges,
whose capacity features duly characterized unceytaivhen facing a specific seismic
scenario, defined statistically as well. A deepeowledge on different approaches for the
collapse probability computation is sought and itifeience of the different elements, or
steps, of the safety assessment process is atiedin detail.

Indeed, the path to reach a final conclusion altbatsafety, or lack of, offered by a

structural system is everything but straightforwardl there is still no consensus among
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the worldwide research community on a large nundfexspects. As a result, this work
aimed to look into as much detail as possible fifferdnt topics that need to be covered
for the vulnerability evaluation, focusing on tharficular case of bridge structures, trying
to contribute to the exposure and clarificatiorihaf possible alternatives within each issue,
providing as well, if possible, recommendations godielines for practitioners and future
research. Such different issues include, from arosaopic perspective, the definition of
seismic input, which is naturally extremely vargbhighly unpredictable, and able to be
represented by different input modes; the struttm@delling, featuring geometrical and
material nonlinearity; the structural responsenestion, which can be static or dynamic-

based; and the final probabilistic computationlifsetersecting demand and capacity.

The study of each of the mentioned aspects has $yste@matically carried out by means
of parametric studies, in which results were objefcistatistical treatment, in order to
enable the covering of a high number of differéanictural configurations and earthquake
records as well as to reach, as much as possdéneraglized findings. An extensive battery
of regular and irregular bridges, together withekatively wide seismic input, is used to

allow the fulfilment of the generalization purposes

1.3 Thesis outline

In order to fulfil the devised work objectives, Bachapter of this thesis will go through

every aspect considered to be relevant within ansei assessment of bridges context,
trying, as much as possible, to make it coincidén wiell defined steps of the natural path
to follow within a full probabilistic vulnerabilityevaluation procedure. Most of the topics
are strictly correlated and contribute to each mstheciprocally, given that, structurally,

everything is connected in some way. However, iilddoe impossible to present the work
without sorting the topics in a predefined ordefereif every choice would be arguable.

The reader is hence asked to keep this in mind \gbarg through the different chapters.

Firstly, an introduction to the seismic phenomeisomade inChapter 2, featuring a brief
description of the major earthquake events of @t decades, with the intent of stressing
the importance and growing relevancy of the seisasisessment of existing structures,
with special mention to bridges, as well as seisdesign of new ones. Not only the

devastating character of the ground shaking isligigted but reference is continuously
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made to specific structural damage occurring oddas$ due to this sort of natural hazard.
Afterwards, an initial approach to all the subject#olved in the process of assessing the
seismic safety of bridges is presented, with time tm summarize the state of knowledge
and the main available paths for each of the téskisneed to be carried out towards the
safety verification. The most significant advangegach theme are reviewed and topics
still in need for further development are objectpafticular attention, hence, introducing

the subsequent chapters.

The first of the aforementioned safety assessmemtegs stages can be seen as the
preparation of the seismic action to which the cttre is expected to be subjected to.
Accordingly, Chapter 3 deals with the seismic action characterizationaldshing a
permanent correlation with the seismic analysishods$ and its corresponding needs in
terms of seismic input (Chapters 5 and 6). As asequence, given the superior accuracy
of nonlinear dynamic analysis, which is becomingrenpopular and disseminated within
seismic assessment research, the main focus iscateeograms, the most adequate input
form of earthquake events. Aspects such as typeaufrds, real or artificial, as well as
selection and scaling techniques according torgistntensity measures, when choice falls
on the primer, are discussed and investigated, aithew to optimization. Based on a
European integrated project, LESSLOSS, a brief sas#y, made up of a long, irregular
viaduct, is parametrically analysed. An innovatimgensity measure based on simplified

pushover analysis is additionally proposed andrpreérily validated.

Chapter 4 steps into the modelling topic, in which one of thost important issues is the
inclusion of nonlinearity features. Indeed, nondinenodels are conspicuously needed for
the employment of up to date methodologies, whe#tatic or dynamic (reviewed in
Chapter 5). An overview on geometrical and mateniahlinearity is carried out, with
emphasis on the latter. On such matter, the nanlimeaterial models, used for the
characterization of reinforced concrete structuieg, described, under monotonic and
cyclic loading conditions. Furthermore, differenay8 of accounting for the material
plasticity, namely through plastic hinges or fihrage thoroughly evaluated by means of a
detailed parametric study, which will enable thesideration of the most suitable type of
model in extensive analyses in Chapter 6. The gegor of a case study of fourteen
different bridge structures, as well as the seismput, both used for the nonlinear

modelling studies and within the subsequent subjéstcarried out.
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After the seismic action and the nonlinear struadtarodel are calibrated, the estimation of
the structural response to such input, essentiiledseismic demand definition, is the main
scope ofChapter 5. Again, among the wide range of structural perfampe prediction
possibilities, the analysis is centred in the congpa of the currently most considered as
eligible tools: nonlinear static analysis or noalAn dynamic analysis. Four commonly
employed nonlinear static procedures are selectetlyidually calibrated and further
statistically compared to nonlinear dynamic analysi terms of piers, deck and abutments
different response parameters. Comparison is choig for the case study and seismic
input, both described in Chapter 4. The validityusing static approaches, when compared
to dynamic counterparts, is investigated and nedapierformance of the different selected
procedures is looked at as well.

The seismic safety assessment itself is at ladt déh in Chapter 6, making use of the
previous chapters’ conclusions. Featuring a deepigbabilistic nature, different
methodologies are presented for the safety assassmich foresee the failure
probability computation. In order to accomplish ss, well as to duly incorporate the
uncertainty associated to all the safety problemaiées, both capacity and demand are
statistically characterized by means of assumedoaratijusted distributions, with the
contribution of the findings and guidelines drawnCGhapters 3 and 4. Such statistical
definition is carried out through the obtaining,emhnecessary, of random samples making
use of the Latin Hypercube sampling technique, twhig also thoroughly tested and
calibrated. Furthermore, different ways of dealimgh the uncertainty of the different
variables, together with the use of different rewsgo prediction techniques, studied in
Chapter 5, will yield distinct failure probabilitguantities. Distinction is essentially
established between accounting for uncertaintyllocaglobally and the use of static or
dynamic vulnerability/fragility curves. Again, ttaifferent approaches are tested for the
presented case study and observations are madediowee recognition of an optimum
procedure, identifying patterns as a function efbhidge structural configuration.

Finally, in Chapter 7, a summary of concluding remarks, featuring awdison of the
most important findings of each subject, is presgénThe level of accomplishment of the

initial objectives of the work is appraised andufgtdevelopments are suggested.
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2. Seismic Assessment of Bridges

2.1 Introduction

Within the possible loading types to which a stnoetcan be subjected to, seismic action is
a highly unpredictable one, a characteristic tresumes an extreme importance and is
widely recognized within the structural engineeriingd. For that reason, in situ post
earthquake damage observation, experimental testimdy probability based analysis

methods are essential for an accurate seismicsaseas procedure.

Unfortunately, the devastating effects of earth@sathat have been still affecting several
populations in different countries for the past fgsars continue to be one of the disaster
events that most uncover unexpected failure mesh@nand causes in structures subjected
to such type of demand. Important advances in gaake engineering of bridges have
definitely been associated to the occurrence ansg seismic disasters, given that the
observation of major seismic events allows the gaiton of the structural damage extent,
stimulating the development of more accurate afidad assessment methodologies as
well as the definition of retrofitting solutions rfdhe resisting elements, such as shear
strengthening of the piers or improvements on theti®ns for the foundations, pier-deck
connection, amongst others. The initially obserdathages were mainly related to the

failure of the ground, whereas, as the bridgedsestato be built up of reinforced and
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prestressed concrete, several different failurenasms, mostly the pier rupture kind of

ones, appeared.

Additionally to the particular unpredictable chdeacof the seismic action, bridge
structures behave in a considerable different nrafioen building structures, something
that has to do with the naturally irregular natofehe former sort of structures, highly
vulnerable in the transverse direction, with respe¢he development of the deck, as well
as highly unknown, in terms of seismic behavioutjldhe recent past.

Together with the experience that comes from olisgrthe post-earthquake status of the
structures, the thorough study of the seismic actiself is another fundamental issue,
which has undergone intense development, mainflgapursuance of an optimum way of
selecting ground motion records and using themasdo minimize the typically high
dispersion that is found. Indeed, a major exterthefscatter that the results of any sort of
nonlinear analysis present is frequently relatetthéoirregularity characterizing the loading

input.

At the same time, the techniques that are usedoehthe structure can equally lead to
extensive debate, as a consequence of the cordelenamber of available alternatives,
which go from geometrical to material modelling gibdities, including different degrees
of elements discretization or hysteretic energgigetion models as well. On such matter,
the evolution along the past few years has deflinibeen outstanding, caused by a
significant progress in the computational capadcyowing more refined models to be

considered and a greater amount of results ddia extracted from the analysis.

Any safety assessment process is carried out folipva specific methodology that
combines all the elements defining the capacity taeddemand and, herein, the variety is
even more pronounced, with a wide set of methods ¢hn be used, from simplified,
rough procedures to highly refined techniques. &dvstudies have been conducted,
improving at the same time, methodologies withettght detail levels, further and further,
with the purpose of including them in current assent, design and codes or guidelines.
One of the greatest challenges has been the dewetdpof successively updated simple
methodologies, yet credible and nonlinear, as #isngc action requires, for the use of

practitioners and to be implemented in design codésthe same time, more refined
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alternatives have still continued to be calibratetll they become more user-friendly and
the engineering community gets more familiarizethwhe sometimes complex concepts

that are involved.

From a state-of-art point of view, within this cleap a short review on the thematic of this
work is intended, denoting the aspects of majoceviaaice that are related to the seismic
behaviour and safety assessment of bridges. Fistigw major earthquake events that
have occurred in the recent past, which considgrafiécted reinforced concrete bridges,
are mentioned emphasising the learned lessonshendritical issues that have lead to
structural malfunction. Furthermore, with the reatign of the need for means to assess
and identify vulnerable configurations, whetherstirig or new ones, a perspective on the
different elements that are part of such endeasadron what has been done in the past is
carried out. The seismic action, a fairly complewe os the first analysed element, in terms
of types of representation, scaling techniques, rgsio others. Indeed, the better
characterized the seismic action is, the clearer easier will the assessment process
become. Structural modelling techniques, concernmginear material models or energy
dissipation, are another fundamental aspect, thés foom the structure side. Finally, an
overview on the typical ways of carrying out thdeta assessment itself is presented,
which will constitute no more than a contributeyegi the wideness characterizing such

matter.

Many of the concepts and notions that are hereagmted are, in a certain way, universal,
able to be implemented within the study of any sdristructures. It is well know, in
addition, that the general knowledge in seismicaledur of buildings, for instance, is
quite superior than the one for bridges, which gones leads to the attempt of adapting
some methodologies, developed bearing building ésam mind, to that sort of structures.
According to such premises, the exposure thatvi@levill consistently try to make the

connection to the specific bridges case.

2.2 Recent earthquake events — major observations anddsons learned

Bridges are a set of different elements workingetbgr in sometimes unexpected ways
during earthquakes, rendering highly important stedy of its behaviour during

earthquakes. It has been relatively frequent tiggiifscant earthquakes have occurred and
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strongly shaken populations all over the globeedihg well developed, industrialized
countries and less developed ones as well. Theegaesces are always significant and,
sometimes, devastating, involving human lives atrdctures. In the past fifty years,
approximately, the number of bridges, viaducts spetial structures has increased hugely
and so the effects of earthquakes have become wside, calling the attention of the
international community, even though not alwaythdesirable extent.

In previous studies on seismic behaviour of bridfes., (Vaz, 1992; Delgado, 2009))
other authors pointed out the most relevant eadkeevents in the twentieth century as
well as more recent ones, in the past decade,lirecdlow undeniably topical seismic
action is. It is not intended, therefore, herembpe repetitive or exhaustive in describing
the History around ground shaking but to provide thader a context that enables better
understanding of the importance of such matter lamd the observation contributes to
post-earthquake work guidance. The twentieth cgntuas witnessed hundreds of
earthquakes of magnitude 6 and above all over kbigeg From a structural engineering
point of view, the latter and the ones occurrindnigh building density regions, are more
interesting, given that they have put to test &aéigamount of bridges and viaducts, as well
as more enhanced, up to date, seismic designiariten such basis, a set of the most
representative earthquakes, having occurred innNamerica and Asia in the past thirty
years, will be mentioned, mainly for their impottacontribute to bridges earthquake
engineering. Furthermore, two major recent grouhdksg events that took place in

Europe and Central America will be briefly refertegdowing to their contemporaneity.
2.2.1Loma Prieta earthquake

On such basis, the Loma Prieta earthquake, whiobksthe San Francisco Bay area of
California in 1989, is a classical example of auratdisaster that largely affected a highly
population density area, endowed with a vast hightkansportation network. Causing a
total of 63 casualties and near 4000 injuries,riquéar aspect of this quake was that 42 of
the casualties were due to the collapse of the levels Cypress Street Viaduct of
Interstate 880 in West Oakland, as illustrated igufe 2.1. Nevertheless, less than five

percent of the bridges exposed to ground shaking demaged.
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Figure 2.1 — Cypress viaduct collapkt — aerial viewyight — piers’ failure detailed view.

Two major factors, apart from soon after determimedonance effects, induced the
collapse of the late 1950s-built viaduct: geotechhiissues and deficient reinforced
concrete design. The upper and lower levels compoaikie structure were connected by
two-column bents in a combination of cast conceate four pin (shear key) connections.
The upper deck in some sections was not securstgrfad to the lower deck and, as the
bridge vibrated during the earthquake, the pinseoting the levels also began to vibrate,
causing the concrete surrounding the pins to cranasid break away. The lack of
transverse reinforcement in the nodes connectiegs @nd deck was evident — see Figure
2.2 for detail. Indeed the connections of elememés often subjected to higher demand
than the resisting elements themselves. The prediodf ductile connections was
definitely not taken into consideration by the tithe viaduct was built or strengthened.

As for geotechnical reasons, the viaduct was bwoiit soft mud, weak soil, highly
susceptible to liquefaction during an earthquakd erhibiting larger ground motion.
Without the presence of concrete under the pibese elements slid sideways under the
weight of the upper deck and allowed a large portod the upper deck to collapse
(Yashinsky, 1998a). Several aspects of the desigihcanstruction of the structure have
hence been suggested as contributing to its failneglequate transverse reinforcement in
the piers, ineffective bent cap and pin connectiesign (Moehle, 1999) and improper
compensation for the weak soil conditions (Yashyn4©98a).
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Figure 2.2 — Cypress viaduct: lack of proper raicdment in pier-deck connections.

The famous Oakland Bay Bridge, on the other handee up suffering minor damage, as
a section of the upper deck of the eastern truggpoof the bridge collapsed onto the
deck below, indirectly causing one death. The featisry behaviour of such bridge has
largely to do with the majority of the structureirme made up steel, a material less
vulnerable to seismic events than concrete, duéstmherently available ductility. The
need for considerable attention to be paid to oeg"d concrete bridges was, hence,
confirmed.

Figure 2.3 — Oakland Bay Bridge: collapsed portbthe upper deck.
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2.2.2Northridge earthquake

The Northridge earthquake, named after a neighlomarhin the city of Los Angeles,
California, occurred in 1994, lasting for about géconds. With one of the highest ever
measured ground accelerations in urban North Aragmicthe range of 1¢f) it became one
of the costliest natural disasters in the Uniteatest history, causing seventy two deaths

and over 9000 injured.

After the Loma Prieta earthquake, in 1989, a rétho§ program was begun over

Californian bridges and was yet to conclude whenNlorthridge earthquake took place.
There were about 2000 bridges in the epicentrabnegix of these bridges experienced
failure and four others were so badly damaged biaelyto be replaced. The shaking was in
the origin of considerable damage in the vast fegemetwork, with particular emphasis to
the Santa Monica Freeway, which serves millionscoimmuters everyday, and the

Antelope Valley Freeway, illustrated in Figure 2.4.

Figure 2.4 — Collapsed sections in Santa Monicawes (eft) and Antelope Valley Freeway

(right).

The failure of those bridges was primarily duehte tailure of the supporting columns that
had been designed and constructed before 1971tjcalctiming, given that after the San
Fernando earthquake the standards for earthquakgndéegan to be “toughened”
considerably. The lack of proper concrete-core ioenfient, resulting in “birdcadging”

effect of steel reinforcement, or poor behaviourflafed pier tops are some typical

examples of column failure — see illustration igue 2.5.
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The retrofitted bridges did not suffer serious dgeawhich consisted of, according to
Yashinsky (1998b), minor cracks to the slope pawand settlement of the approach. In

contrast, damage to unretrofit bridges at the ssiteavas extensive.

Figure 2.5 — Failure of columns: insufficient cardiment ieft); shear failure of flared column with

transverse reinforcement slippinight).

Figure 2.6 illustrates the contrast between piefuf® due to lack of efficient
reinforcement, and satisfactory behaving pier, pled with retrofitting (Coopeet al,

1994).

| FERET

Figure 2.6 — Failure of column due to failure ataiar confinement stedkft); good behaviour of
column retrofitted with steel jacketsght).

Indeed, bridges designed and built before 1971opedd worse than those designed
according to most recent standards and piers vilerenbst damaged components (Basoz
and Kiremidjian, 1998). Still, the damage causedth®y earthquake revealed that some
structural specifications did not perform as wedl expected, such as the case of two
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bridges, both constructed shortly after the 197dthgaake, on the Simi Valley-San
Fernando Valley Freeway. These bridges presentasteseolumn distress that resulted in

bridge failure.

Other damage to bridges included spalling and angof concrete abutments, spalling of
column-cover concrete, settlement of bridge appgrescand tipping or displacement of
both steel- and neoprene-type bearings. Moreovelgds with non-monolithic abutment

types, discontinuous spans and single column lparfermed poorly.
2.2.3Kobe earthquake

The Great Hanshin earthquake, often referred tiadme earthquake, due to the city that
was majorly stricken, occurred in January of 198killed more than six thousand people,
4600 from the city of Kobe only. Even though expeding ground shaking on a regular
basis, this was Japan’s worst earthquake since .18@®&parison to the Northridge

earthquake, which had occurred only one year befwas inevitable and less fortunate to
the Kobe city side, given that damage was muchtgrehan the one caused by the
American quake. Such difference comes mainly froentype of ground beneath Kobe and

the light, unreinforced construction type in magoand wood.

The damage in highway bridges was one of the mast-@arthquake images, coming from
several different scenarios: substructure failargginating from simple shear failure in
reinforced concrete columns; premature shear &iairterminations of longitudinal bars
with insufficient development lengths; extensivédui@ of steel columns, the first in the
world; soil liquefaction, leading to settlementgaiiting of foundations and substructures
and lateral spreading of ground associated withlgpiefaction, causing movements of

foundations.

One of the most impressive structural disastersthegollapsed eighteen spans in Fukae
viaduct, inserted in Route 3, within the elevatexhshin Expressway, illustrated in Figure
2.7.
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Figure 2.7 — Collapsed Fukae Viaduefft) and Premature Shear Failure of Reinforced Coacret
Column, Fukae Viaductight) (Kawashima, 2007).

The viaduct was designed in accordance with thet 19ésign Specifications and was
completed in 1969. The insufficient code provisided to important problems in the
design of the viaduct: the overestimated allowaBleear stress, the insufficient
development length of longitudinal bars terminatgdmid-height and the insufficient
amount of tie bars. The combination of these aspeciginated the aforementioned
extensive premature shear failure. Comparing tipeance of this viaduct to the one of
the parallel Route 5 viaduct of the same mentidbgoressway, completed in the early to
mid-1990s, enhances the importance of the new ge@@sign stipulations, given that the
latter behaved far better than the former, despéeotentially worse soil conditions.

Figure 2.8, taken from Kawashima’s lecture noteswKshima, 2007), sketches the
probable failure mechanism of the viaduct, wherexgemely visible the importance of

the proper reinforcement of the piers, especiallyha base level, in order to assure a
sufficient ductility level. To such extent, the adate behaviour under high seismic

demand will require good actual anchorage condition
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Figure 2.8 — Failure mechanism of Fukae Viaducw&shima, 2007).

Solil failure was equally frequent as many of th&ldes were founded on sand—gravel

terraces (alluvial deposits) overlying gravel-sandé deposits at depths of less than ten

meters, a condition which is believed to have ledsite amplification of the bedrock

motions. Several situations of liquefaction anckdal spreading, resulting in permanent

substructure deformations and loss of superstrectupport also occurred (Moehle and
Eberhard, 1999). The collapse of the NishinomiyaBkiolge approach span, Figure 2.9, is

good example of how the site conditions largelya@ased the vulnerability.

Figure 2.9 — Nishinomiya-ko Bridge approach spdtapse (Kobe Collection, EERC Library,

University of California, Berkeley).
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Additional collapse of bridges resulted from damafjeinseating prevention devices and
from forces transfer through unseating preventieviaes.

2.2.4L’Aquila earthquake

In April, 2009, the L'Aquila earthquake occurredlie region of Abruzzo, in central Italy,

featuring a magnitude of 6.3 on the Richter schfeepicentre was near L'Aquila, the
capital of Abruzzo, which together with surroundwifages suffered most damage. The
earthquake was felt throughout central Italy an® ®@ople are known to have died
making it one of the deadliest earthquakes tothly Isince the 1980. In spite of having
occurred in a well developed country, with relayvadvanced seismic regulation, the
stroke effects were significant mostly becausehefhiigh number of medieval, historical
constructions and unreinforced masonry buildingewkn for being quite susceptible to the

seismic action.

Not only medieval structures in L’Aquila sufferecardage. Many relatively modern
buildings, such as a local university dormitory,ttwinonductile concrete, soft-storey
irregularities or new precast, suffered substardehage as well. Damage extent even
reached some buildings that were believed to bihagaake resistant. L'Aquila Hospital's
new wing, which opened in 2000 and was thought ldepaf safely facing a strong
earthquake, suffered extensive damage and had wobed. This was, at some level,
surprising, given that the event was moderate dred dountry modern. Failure was

admitted as primarily due to the lack of consissmismic design (Miyamotet al, 2009).

Nevertheless, transportation facilities, namelyd@pels, behaved reasonably, suffering
minor damage. Indeed, major damage to such satrottures would be expected for a
higher magnitude earthquake or longer durationtreing ground shaking. The worst case
corresponded to a short, 35 meters long, three;-gatinuous reinforced concrete bridge,

not far from the epicentre, which collapsed on®tikierbed, as visible in Figure 2.10.
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Figure 2.10 — Bridge collapsed on the Aterno riverar Fossa (Grimaz and Maiolo, 2010).

The four reinforced concrete columns with hexagosedtions broke at the pier-slab
connections, sliding sideways and penetrating #ek lab. Furthermore, it is believed
that vertical downward motion was relevant to thieufe of the bridge.

Other occurrences consisted of damage at the frgiers top of another three span
continuous bridge, with additional damage of thpesstructure by tensile cracking due to
the movement of the piers towards the centre ofritrex, caused by movements of the
embankment on both sides. A masonry arch bridgéchwhad collapsed before and was
repaired by filling crashed limestone, collapsediagduring the earthquake, due to
probable movement of abutments, resulting in tiss laf the arching effect. Finally, some
of the viaducts within the A24 expressway near LuAg were affected by the earthquake,
although the expressway itself did not collapsewdrgre (Aydanet al, 2009). Again, a
major viewpoint is that, given the moderate natofghe ground motion, well seismic
designed bridges should not have collapsed, whiditates a need for code review or a
thorough existing structures safety assessment.

2.2.5Haiti earthquake

The Haiti earthquake, one of the latest ground isigadvents and probably one of the most
catastrophic ones, took place in February, 201@h wiassive human losses, taking the
lives of more than 230 000 people. The consequenees devastating mainly due to the
fact that there was a generalized lack of attentmrearthquake-resistant design and
construction practices and the poor quality of mwththe construction. Indeed, the
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historical pattern of earthquakes in Haiti indisateat an earthquake of high magnitude

could strike southern Haiti near Port-au-Princargt time.

According to field reports, it was not recognisery dridge failure due to the earthquake.
Within Port-au-Prince, the majorly affected citypsh of the crossings over streams were
accommodated by box culverts, Figure 2.11, whichrdit appear to be damaged. In any
case, these crossings can be hazardous in the figiven that large amount of garbage
accumulated upstream such culverts may combine silittand debris to prevent water

from passing through the culverts (Eberharal, 2010).

Figure 2.11 — Box coulvert in Port-au-Printeft); damage to shear key at intermediate support

of bridge ¢ight) (Eberharcet al, 2010).

There were, anyway, river crossings on Nationale 2Janost of them spanned by bridges
with precast girders resting on cast-in-place wmeitéd concrete bents and supporting a
cast-in-place deck. In two of such bridges damags @bserved. One of them, the bridge
over the Momance River presented minor poundingadgnat the shear key at one of the
intermediate supports that probably had not beeq@wately and/or properly reinforced. A

similar bridge, in the Carrefour section of PortRunce, suffered damage in the external
shear keys at both intermediate supports, appgreatised by the lack of hook anchorage

at the end of the top beam reinforcement.

One of the major findings of the scrutiny of Hatéarthquake was that, even with the
absence of seismographic stations during the maithguake or its largest aftershocks,
which could estimate accurately the intensity afugrd motions, the indirect suggestion is
that the earthquake did not produce ground motiomugh to severely damage
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well-designed structures. Several buildings andribgavall structures survived the
earthquake with no signs of large deformation dedearSimilarly, bridges near the
epicentre suffered only minor damage and were abliinction immediately after the
earthquake. Such picture confirms, unfortunateig, lack of seismic-resistant conditions

that still persist throughout the globe, with largeidence in poor countries.
2.2.6Christchurch earthquake and dhoku earthquake and tsunami

The year of 2011 started early to feature severthepzake disasters. Both events are
herein presented together, not only for havingrgiace the same year but also because

both occurred in so-called developed, wealthy aoesitNew Zealand and Japan.

The 2011 Christchurch earthquake was a 6.3-magnite@rthquake that struck the
Canterbury region in New Zealand's South Island 2 February 2011, causing
widespread damage and multiple fatalities although bridge collapses have been
reported. It followed nearly six months after thel 7magnitude 2010 Canterbury
earthquake that caused significant damage to tiperrédout no direct fatalities. Analysts
estimated that the earthquake could cost insur&$1® billion. Of the 3000 buildings
inspected within the main avenues of the centtstl around 45% have been given red or
yellow stickers to restrict access because of ggbedblems and one thousand were
expected to be demolished (around 25% of the mataiber of buildings). Many heritage
buildings were also given red stickers after insipes but, in general, not many buildings
have collapsed. Some examples include two six¥gtdraildings: the Canterbury
Television building and the PGC Building, illusedtin Figure 2.12, a reinforced concrete
building that had been constructed in 1963-1964ichvidrew significant amount of
attention of the high vulnerability of pre-1970sdmiand high-rise buildings. The poor
seismic behaviour of these buildings includes calushear failure, beam-column joint
failure, onset of soft-storey failure, shear walildre, etc. The 26-storey Grand Chancellor
building, Christchurch's tallest hotel, was repdrte be on the verge of collapse and was
indicated for demolition pointed to be demolisheothe following six months. While
damage occurred to many older buildings, partityldrose with unreinforced masonry
and those built before stringent earthquakes ceaes introduced, high rises built within

the past twenty to thirty years performed well (K&011).
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earthquake.

The 2011 Bhoku earthquake, officially named the Great EapadaEarthquake, was a

9.0-magnitude 9.0 undersea megathrust earthquékkeotoast of Japan that occurred on
March 11". It was considered the most powerful known eardlkguto have hit Japan, and
one of the five most powerful earthquakes in thealdvaverall since modern record-

keeping began in 1900. The earthquake triggereckrmely destructive tsunami waves,
causing numerous casualties (approximately 14 6d#&hd, 5278 injured and 11 111
people missing), destruction of infrastructures andumber of nuclear accidents. The
overall cost could exceed $300 billion. Structyrativer 125 000 buildings were damaged

or destroyed, as well as roads, railways and bsidgeed a dam collapsed.

Apart from the obviously numerous structural fagluoccurrences, such as the bridge
failure illustrated in Figure 2.13, the 2011 Japsarthquake caused a serious nuclear
accident, affecting, in the present and future getlre planet natural resources, as well as

worldwide population.
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Figure 2.13 — Bridge collapse in 2011 Japan Eagkeand Tsunami.

The devastating way how ground shaking recentlpkstrNew Zealand and Japan
constitutes a sad, yet important, reminder of hanerable modern societies, even in
relatively well-prepared countries, still are tasseic events.

2.2.7Summary

The purpose of this section was to identify andeftyi describe types of
earthquake-induced damage to bridges and, whebpmsto identify the causes of the
damage. This is a task of recognized importancauss of the obviously dramatic and
severe consequences associated to bridge failmwelbhas the need for taking lesson from
those disasters. It is not, however, a simple ermea given that damage process is
complex and comes from the interaction of sevasatrdouting variables. Moreover, when
damage is intense to the point of concealing detal damage deformation itself, some
speculative judgment may be needed for each phatiaollapse, being difficult to
generalize the causes of bridge damage.
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In the past, bridges responded to earthquakes wery particular manner, each case
depending on the characteristics of the ground onotit the particular site and the
construction details of the specific bridge. Desgitich individuality, it was still possible
to learn from past earthquake damage, once thay types of damage occur repeatedly.
With such observation, over the years, bridge Seisiasign practices evolved, largely
reflecting lessons learned from performance in paghquake events.

Within the North American situation, the rapid chanin bridge construction practice
following the 1971 San Fernando earthquake waseevigHall, 1995). Prior to that,
California design and construction practice wastam significantly lower design forces
and less stringent detailing requirements compavrigld current requirements. With the
1989 Loma Prieta and the 1994 Northridge earthggakssightful study on bridge
structural failure has gained strength, with theogmition for a needed review and update
of seismic design, code and construction critdrideed, major collapse situations due to
the insufficient reinforcement of the piers, pooadgsigned connections between piers and
deck, subjected to high demand, were observed,tidgna turning point towards more

refined seismic specifications.

Moreover, although typically associated to oldeddpe rupture situations, soil failure still
kept on being the cause of several collapses,anfled by proximity of the bridge to the
fault and site conditions. Site conditions wereadleresponsible for the bridge response in
the 1989 Loma Prieta earthquake leading to thelasion that local site conditions have
significant impact on amplifying strong ground nootj and the subsequent increased
vulnerability of bridges on soft soil sites. Duritige 1995 Kobe earthquake, significant
damage and collapse likewise occurred in elevatediways and bridges founded on

alluvial deposits, which is believed to have ledite amplification of the bedrock motion.

In spite of the considerable effort that has beaderin the past two or three decades in the
improvement of seismic reinforcement and regulatibare are still disastrous events on a
regular basis, compromising humerous existing &iras as well as the lives of those who
daily make use of them. Two of the most recentheidkes that have been mentioned,
L’Aquila and Haiti, prove how, in the past coupleyears, it is still possible, not to say
likely, for high structural and human damage tousceven with modern construction and
regulations. In such cases, failure took place beeaf the lack of attention in design and
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construction to the possibility of earthquakes @orpconstruction practices. The Haiti case
foresees probable future scenarios of huge meisopeing hit by earthquakes, suffering
from massive destruction and human lives takinge €Qually recent New Zealand and
Japan earthquakes have again proved their destucéipacity, even if in presence of
seismically prepared countries. The certainty thate is still a long path to run, with

respect to seismic design and performance, is ptpken equally important lesson to

constantly keep in mind.

2.3 The seismic action

As one of the key issues in any vulnerability asmy the load definition requires
considerable attention and sometimes, such asabe af the seismic action, thorough
calibration. Moreover, reduction of dispersion fsen needed given the high variability
and uncertainty that characterizes earthquakes. s logical and insightful way of
representing the seismic action is by means ofl@aggams, the time-history registration
of the ground motion accelerations (eventually ldispments or velocities) that are
measured throughout the duration of the shakingpebéding on the sort of analysis that is
being employed, other simplified representationspgmkties, such as response spectra, that
are usually implemented in code provisions or dguaimplified methods, such as
nonlinear static procedures, may be used. On therdtand, if a nonlinear dynamic
analysis is intended, the use of accelerogramgnddmental and should be handled with

care, given the disparity that often occurs witie several available types of records.

Accelerograms play an extremely important role wipamforming dynamic analyses,
especially if nonlinear behaviour is considered.aAselement which characterizes seismic
action, it is possible to adopt accelerograms aataat to different intensity levels and
occurrence probability. At the same time, shape emergetic content characteristics of
each record strongly influence any structural reaspoThus, taking the pointed reasons in
account, the importance of carefully evaluating $le¢ of accelerograms to use is easily
justified. A lot has been done in the recent paghiwthis domain, particularly regarding
selecting and scaling techniques, which is relatetype of records and intensity level,

respectively.
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A very relevant aspect that can be deepened istien between using real or artificial

ground motion records, putting synthetic ones asltiés is actually the main issue: what
sort of ground motion records is best to use? Tuce for any of these types naturally
involves each one’s advantages and potentialhiethe same time, the interest remains on
a practical and systematic analysis, a featurerfat be associated to artificial records,
but on the other hand one should avoid seismicrdscthat may conduce to excessive
structural effects, with loss of reality and ovéireating design. Additionally, the sort of

structure that is being object of analysis candy@ioning as well.
2.3.1Selection and scaling of real records

The use of real records is naturally advantagegwen that the analysis will definitely
become more genuine. Moreover, online database®abfground motion records are
becoming more and more available, for every typsgait of intense earthquake activity. It
seems, hence, that an interesting combinationalf auealistic as possible analysis, which
is adequate, given the specific features of thenseiaction, together with what is intended
in a seismic analysis, arises with the use of meadrds, avoiding the need for generating
artificial ones. Nevertheless, it is immediate ¢alise that the record-to-record variation
associated not only to the real earthquake reqmcsmeters, such as duration, magnitude,
epicentral distance, peak ground acceleration dthé subsequent structural engineering
demand parameters median values as well, namgdpnes spectra or ductility demand,
will be higher in a great amount. Furthermore, it the magnitude-distance-soil

combinations are covered and spectra are genaatlymoothed.

Although it is still not current practice, Euroco8atself already considers the possibility
of using real earthquake records. In fact, it reec@nds them, in Part 2 — Bridges (CEN,
2005b), comparing to the use of artificial ones,ewlhperforming nonlinear analyses,
whereas for buildings, Part 1 (CEN, 2005a), no meoendation is given. With the choice
for real records type in nonlinear dynamic analysegreat number of other aspects arises,
which has been the study target of quite wide rebeactivity, with some considerable

progress in the past few years.

In a logical proceeding order, the first step isp@rform an initial selection of the

accelerograms to use. Should it be randomly ordasegeotechnical parameters or any
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alternative techniques? Studies from Shanal. (1998) or Bommer and Acevedo (2004)
have addressed this issue whether selecting aatbgaing records based on magnitude
and occurrence distance, in the case of the forwlegther proposing a selection based on
a code response spectrum matching procedure, nzingnihe residual distance between

the spectra.

After the initial selection of records, there ig theed for a scaling technique to put them at
a same level. The effectiveness of a certain teglenmay depend or not of ground motion
parameters and should be verified on differentcstinal systems. The majority of the past
research studies were developed focusing intebsised methods to scale ground
motions, which keep the original non-stationary teah and only modify its amplitude.
Instead, spectral matching techniques that mo&igyftequency content or phasing of the

record to match its response spectrum to the tapgttrum can be considered.

Generally, two categories for intensity-based sgatechniques can be defined, according
to the nature of parameters in which they are basédse can derive form records’
inherent characteristics or from the correspondagponse spectra. The first significant
attempt to establish a comparison between sevifataht intensity-based techniques was
performed by Nau and Hall (1984). Such work hawdathat scaling ground motions to
match a target value of peak ground acceleratitmchwwas the earliest approach, yielded
inaccurate estimates with large dispersion. Thdys&unalysed six scaling techniques based
on ground motion data and two based on responggities used to normalize earthquake
response spectra. The results seemed to showddétanal techniques, such as the ones
considering peak ground reference values, tenckdd ko high scatter, while spectrum
intensities or Fourier amplitudes were considered promising alternative scaling
parameters. That study was, although, carried ausidering only response spectra
scaling, thus, effects on single-degree-of-freed@DOF) systems. The twelve selected
records followed no particular criteria, such as tonventional seismologic properties,
magnitude or epicentral distance, for instance. pinpose of covering a relatively wide
range on those variables was sought, though. Sifimidings can be found in work from
Miranda (1993), Vidicet al.(1994) or Shome and Cornell (1998).

Later, Shomeet al. (1998) looked at the use of real accelerogramm feo different
perspective, trying to address other issues, Il ihitial selection of records or the
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appropriate number to use. The initial selectiom aataloguing was based on the
earthquakes magnitude and distance. Neverthelassedlon the nonlinear response of a
five-DOF steel structure, the study ended up byckamhing that those ground motions
parameters do not have great influence. Differematlisg techniques were once more
tested. On this matter, conclusions pointed towatttls consideration of spectral
acceleration at the fundamental frequency of thectire as a better performing technique,
recommending the use of peak ground acceleratidetdisregarded. It is also noted by
the authors that the conclusions were based on dhalysis of the single
multi-degree-of-freedom (MDOF) referred structumngghlighting the fact that, namely on
scaling parameters, little work has been done angbrt of structures.

More recently, works conducted by Kappos and Kwka (2000) and Kurama and
Farrow (2003) revisited the natural records issdée former presented some
developments, mainly focusing on comparative amalgad new scaling parameters, and
different seismotectonic environments on elastic imglastic spectra, hence, SDOF
systems. Also MDOF structures were analysed, pdatly multi-storey frames.
Conclusions on elastic spectral scaling indicated generally, for intermediate and long
period range, velocity-related parameters performvet, whilst, in inelastic conditions,
spectrum intensity scaling produces better effeéctscerning effects on MDOF systems,
spectrum intensity scaling continues to be the ahoeither based on elastic spectra or
inelastic pseudo-velocity spectrum. Similarly, Kma and Farrow (2003), in their study,
went back into ground motion scaling methods, asiaty seven different techniques,
insisting on different site conditions, such ag poifile and epicentral distance. SDOF and
MDOF systems were tested with twenty records pdr mofile. The study proposes
another parameter to scale the records, which ghyeperforms better across the

considered site soil characteristics, for differgntictural types.

All the other scalar intensity measures, in gendrave hence been found to be inaccurate
and inefficient as well. Moreover, within most difet studies, with the exception of the
work from Shomeet al. (1998), none of the tested parameters considergdoeoperty

of the structure to be analyzed. By including vilmma data of the structure when scaling
records to a target value of the elastic spectrelaration, for instance, from a code-based
design spectrum or PSHA-based uniform hazard spactt the fundamental vibration

period of the structure, results became actualifeqmproved, nevertheless, for structures
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whose response is dominated by their first-modeeM&tructures respond significantly in
their higher vibration modes or far into the inélasange, accuracy and efficiency
decrease, as shown by the works of Kurama andw#2@03), Mehanny and Deierlein
(2000), Alavi and Krawinkler (2004). There have meéhough, approaches to scalar
intensity measure parameters that consider highmtes response, combining spectral
accelerations at the first two periods, developgdBlazzurro (1998) and Shome and
Cornell (1999). In spite of improving accuracy, Isumeasure remained inefficient for
near-fault records with a dominant velocity pulss, observed by Baker and Cornell
(2006).

Alternative approaches, such as scaling earthqueg&erds to minimize the difference
between elastic response spectrum and target gpebtiave also been followed, in some
cases, implementing genetic algorithms (Alavi anéwinkler, 2004; Kennedt al,
1984; Malhotra, 2003; Naeiet al, 2004).

Intensity based measures can still be distinguistegending on whether they are based on
the elastic response of the structure, relyinghenstructural period only, or they account
for the inelastic features, taking structural sgteninto consideration. When the inelastic
spectral deformation is significantly larger thaorresponding elastic one, the elastic
response based parameters, such as the ones ¢htgsted in the studies previously
mentioned, become less appropriate. The recogndfosuch situation led to the recent
proposal of scaling parameters that are based elasiic deformation spectrum, with
improved estimates of median values and dispemsiaontrol parameters (Bazzurro and
Luco, 2006; Luco and Cornell, 2007). Studies cdraat by means of dynamic analyses of
generic frames subjected to different intensityelsyrevealed promising results obtained
when records were scaled with parameters defingdeamelastic deformation of the first
mode equivalent single degree of freedom systepeocgsly when compared to elastic
response based ones (Tothong and Luco, 2007; Tgtowh Cornell, 2008).

In terms of existing regulations, available Amenic@uidelines concerning building codes
have addressed this issue prescribing methodoldgiebe scaling of ground motion
records for a site-specific hazard. Internationailddng Code (IBC) (ICC, 2006) and
California Building Code (CBC) (CBSC, 2007) requearthquake records to be scaled
according to the ASCE 7-05 provisions (ASCE, 20@5pnvisions are established for 2D
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analysis of regular structures, establishing thraugd motions are scaled such that the
average value of the 5%-damped elastic responstrager a set of scaled motions is not
less than the design response spectrum over disgesgiod range. Specific conditions are
defined for structures having plan irregularitigswathout independent orthogonal lateral

load resisting systems where 3D analyses need ¢arbed out.

Following the structural response based scalingampaters trend, a recent advanced
method has been proposed by Kalkan and Chopra J2€d@sisting of a modal-pushover-

based scaling (MPS) technique to scale ground metfor use in nonlinear dynamic

analysis of buildings and bridges. Ground motiores scaled to match (to a specified
tolerance) a target value of the inelastic deformmabf the first-mode inelastic single-

degree-of-freedom system whose properties are rdeted by first-mode pushover

analysis. The authors consider it appropriateifst-mode dominated structures, extending
it, though, for structures with significant contitibons of higher modes by considering
elastic deformation of higher-mode SDOF systemsalecting a subset of the scaled
ground motions. Within the application of the metblogy, two bridges and six actual

buildings, covering low-, mid-, and high-rise builg types in California, were tested,

confirming the accuracy and efficiency of the MP®gedure as well as its superiority
over the ASCE 7-05 (ASCE, 2005) scaling procedure.

2.3.2Number of records

Following the initial selection and scaling of reds, in order to carry out the seismic
analysis, the number of real records to use asswnitgsal importance. Basically, such
issue has the underlying idea that one expectstaic@umber of different ground motion
records to be able to estimate, trustfully, meamedian results, avoiding a cumbersome
procedure, made of too many runs. Shahal. (1998) dealt with the number of ground
motion records to consider, in their aforementiostdly, in a statistical way, through the
definition of a confidence interval necessary toargmtee a dispersion level. That
dispersion turned out as acceptable if seven recargre used. Also the work from
Bommer and Acevedo (2004) has addressed this igsaialy from a qualitative point of
view, analysing current design codes guidance andnt research on that matter. Their

conclusions, in accordance with the existing valitgkin recommendations, tried to leave
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the subject as flexible as possible, in a sensé ¢haah case should be considered

individually, according to variables of multipletoees.

A recent work from Bradley (2011), estimated thisreéc demand from seismic response
analyses, from a probabilistic point of view, makinse of the 82 percentile of the
distribution of the sample mean seismic demandh@siésign seismic demand. That study
took into account the number of ground motions mered, how the ground motions were
selected and scaled and the differing variabilityestimating different types of seismic
response parameters, within a proposed simple-gtegeprocedure suitable for routine

design implementation.

From what has been mentioned, seems clear tha tesahearthquake records is no simple
task, involving several aspects that conspicuoned to be looked at with some care. The
advantages of using such genuine sort of recoriscarresponding response spectra, to
represent the seismic action has motivated inteesearch in the recent past, with the
purpose of reducing the natural variation thataanfl. Some issues, such as scaling
techniques, have been focused quite more thoroughly others previously pointed out.
Apart from that, the conducted studies until themmeat are characterized by large
heterogeneity, as far as topics and variablesanatialyses or considered structural types
are concerned. Moreover, the tendency has beeppt@ach the problem by the inelastic
structural effects side, rather than by the recarharacteristics one, which will certainly

be the basis of future code provisions.

As stated before, some studies considered geotathparameters while others denied
their importance when selecting real accelerograsasie based their conclusions on the
study of SDOF systems while others tried to call msults from MDOF systems; some
follow certain criteria to initially select the r@als or try to reasonably define how many to
use, others simply use an apparently sufficient bennin order to cover a considerable
range of possibilities. Moreover, and moving fordvavithin the use of accelerograms in
seismic analyses, artificial records still représewiable alternative and should therefore
be eventually confronted to real records, somethitaj seems not to have still been
properly addressed. The option between one ofyghest or even the possible indifferent
choice for one of them, relating such option wile structural type that is being looked

thorough, bridges in particular, is therefore aday clear significance.
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2.4 Nonlinear seismic analysis — methods for structuralesponse prediction

Following the proper characterization of the secsagtion, its multiple level uncertainties
and dispersion, the seismic analysis itself, inclgdthe explicit consideration of the
nonlinear effects, is an equally complex task, imvg several aspects that need thorough
concern. The main distinction between basic pd#s#si of approaching the problem has
been, however, quite simple and immediate; thecehbas laid on inelastic static analysis,
typically recurring to pushover based algorithmanelastic dynamic analysis.

As noted by Elnashai (2002), inelastic static asialys widely implemented in design
office environment and is by far more familiar toagtitioners than the dynamic
alternative. Reasons such as complexity of timegration algorithms or difficulties in
defining damping, as well as the variation indudedacceleration and force related
guantities by the combination of both issues, anatpd out by the mention state-of-art
review to justify the still actual tendency. Otherotives can be added, such as the
significant amount of output information that nowar dynamic analysis yields, or the
extensive number of parameters that need to bbratdd for the analysis to work out
properly. Appropriate adjustment of such parametesy become a harsh task if the user
has no experience or knowledge in advanced nomlargysis, which is probably the case
of most of the design office structural engine€&sthermore, the application domains of
both sorts of analysis have not necessarily beesstrg each other, something that has
enabled a certain development in parallel. Statadysis has proven to represent dynamic
response with a satisfactory accuracy level andseas considerable progress, starting
with quite simple attempts (Freemanal, 1975; Saiidi and Sozen, 1981; Kunnathal,
1992; Lawsoret al, 1994) but recently evolving to proposals of asdexhpushover-based
methodologies. Nevertheless, nonlinear static amalg mostly useful and intuitive for the
estimation of capacity. Structural effects, or dathaneed to be determined later, through
the inclusion of response spectra, not in a difashion, hence. Contrarily, dynamic
analysis has the advantage of allowing structurainivers, with corresponding capacity
duly modelled, to be submitted to the seismic actimowing demand time-step by time-
step, which again reinforces the idea that nontirlgaamic analysis, despite possible

complexity issues, has its place.
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It is still not clear how the nonlinear analysisntn is to be shared between static or
dynamic analysis. It seems clear that both dontaimd to coexist and intersect each other.
When static procedures are too simplistic for stmes that demand higher accuracy,
dynamic analysis will work as a complementing al#ive, and vice-versa. There is no
clear evolution trend when it comes to analysigsypn spite of being considered the most
true and complete methodology, inelastic dynamialyasis is still not implemented and

nonlinear static procedures, as well as other tesierplified alternatives, are nevertheless

a great improvement over presently employed elasttuation procedures.

In the beginning of the past decade, Elnashai (R@d@sented an interesting diagram,
reproduced in Figure 2.14, illustrating the stadied dynamic interaction domains, as

function of strong-motion peculiarity and structureegularity.
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Figure 2.14 — Effect of development of advandaticsanalysis on model-input motion

application domain (Elnashai, 2002).

Although it has been argued that static domaingeadexpand as a consequence of higher
refinement in nonlinear static procedures that hawdergone, it is to the author’s belief
that such tendency merely reflects the actual amslynethodologies distribution within
design office environment and that a future scenarill consist of increasing parity

between such two major domains.

In what follows a brief discussion on the evolutard conditions of implementation of the

different analysis alternatives is carried out.
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2.4.1Nonlinear static analysis — pushover

The basic concept behind the technique of a pushawvalysis has actually no rigorous
theoretical basis and is to assume that, as referrgElnashai, 2002), “if a set of actions or
deformations can be found such that a particulapalese mode, or a combination of
modes, is represented statically, then the respohtiee structure under a monotonically
increasing vector of actions or deformations majlaee results from dynamic analysis”.
The major assumption is simultaneously the mairtdition of any pushover analysis, used
to assess the capacity of the structure. In omeeach the structural effects caused by
certain seismic action, the capacity curve musintersected with the demand spectrum,
which will define the performance point, often meéel to by the corresponding target
displacement. Herein, different possibilities haween suggested by different authors:
Freeman (1998) proposed a method making use dfcetagerdamped spectrum, whereas
Fajfar (1999) was pioneering in implementing ingtaspectra in nonlinear static pushover

procedures.

Other disadvantages of the pushover-based metbodstimating demand are the needed
transformations of the MDOF structures under anslysto equivalent SDOF systems,
which, understandably, carry a considerable degfesimplification. Once more, the
formulation of such SODF system is not unique, eadhor following a slightly different
path, based on the common principle that the defdrshape of the structure is not
excessively altered during the dynamic loading. Seguently, the inclusion of more than
the first mode contribution to the analysis, whiem play an extremely important part, has
become one of the key challenges within recentgsals of pushover techniques. If bridge
structures, of well known irregular and higher matkpendent behaviour, are kept in

mind, the need for such endeavour becomes evenappeent.

Krawinkler and Seneviratna (1998) addressed theafiseushover analysis in seismic
performance evaluation, summing up advantages #fadlg) recognizing it as a valuable
tool in today’s limited states of knowledge andagpi@e. A pushover analysis used for
demand prediction is certainly not highly accuratg neither the seismic action nor
capacity estimates are. According to such reviéw, dccuracy is essentially affected by
the aspects around the estimation of the targgtlatisment and the selection of load
patterns that supposedly deform the structure isinalar way to expected when an
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earthquake occurs. The authors emphasize diffesultand ambiguities around
modifications needed to be applied to elastic dehmgpectrum, fundamental for target
displacement location, to account for yield stréangitiffness degradation or pinching
effect, strength deterioration, P-delta effectscous damping, among others. The load
pattern is considered to be even more criticaliammbinted out by the authors as probably
the weakest point of the pushover analysis pro@sjunainly if invariant patterns are used
in long period structures with localized yieldingeahanisms. Indeed, regardless the load
pattern that is chosen, it will trigger certain afehation modes and miss others that are
propelled by dynamic response and inelastic respahsracteristics. Major conclusions
point towards the acknowledgment of the potentsd of inelastic pushover analysis in
demand prediction in many cases, able to provittgnmation more relevant than static or

dynamic analysis, mostly for structures that vibratimarily in the fundamental mode.

As an attempt to overcome the mentioned drawbawksiely the lack of higher modes
contribution or the invariant nature of the loadt@an, more advanced algorithms of
pushover analysis have been proposed in the reesttsuch as a Multi-Modal Pushover
Procedure, by Paret al. (1996), later improved by Moghadam and Tso (2082modal
pushover analysis method, consisting of the rapetibf single pushover analysis,
corresponding to each relevant mode, with quadcatnobination of results in the end, has
been proposed by different authors Chopra in tlggnbéng of the past decade (Chopra and
Goel, 2001, 2002). This is probably the most imtgitway of considering higher mode
effects, although not necessarily the most advaoiag Several improvements and
application studies to probe the suitability of thethod to different structural types have
been presented thereafter (Chintanapakdee and &h2@03; Chopra, 2005; Chopra and
Chintanapakdee, 2004; Chopra and Goel, 2004; G¥l5; Goel and Chopra, 2004,
2005a, 2005b).

From a different perspective, other alternativecptures have been recently proposed,
working on the type of pushover analysis that ipkyed. With the purpose of including
higher mode effects, as well as better accountorgdegradation characteristics with
increasing loading and including the charactest€ the input ground motion, several
authors, Braccet al. (1997), Gupta and Kunnath (2000), Elnashai (208hfpniou and
Pinho (2004) or Antoniotet al. (2002), proposed adaptive or fully adaptive pughov

analysis techniques. Frequently applied togethér gpectrum scaling, it consisted of the
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application of displacements, or forces, in an &dagashion, that is, with the possibility
of updating the loading pattern according to tmacstiral properties of the model at each
step of the analysis, as in Figure 2.15, left.Ualsway, the structural stiffness at different
deformation levels is considered in the evaluatminthe new forces, the system
degradation and period elongation can be accouwotednd the alteration of the inertia
loads during dynamic analysis for different defotioa levels may be successfully
modelled. The advantage in such procedure is todathe repetition of independent
pushover analysis, as many as the relevant vibratiodes, using a unique pushover
analysis that, hopefully, includes all the relevéadtures neglected by the conventional
analysis. The innovative algorithm proved to be atdoally stable, even in the highly
inelastic region, whereas the additional modelang computational effort, with respect to
conventional pushover procedures, is negligiblemasst, it can be argued that additional
complexity may come in terms of access to an efficeigenvalue solver, scaling forces
by spectral ordinates, updating applied forces ispldcements vectors. Such possible
complications are, however, on the programmer,erathan the user side, hence, no

complexity is effectively added.

In Figure 2.15, right, results taken from work bétadaptive pushover authors show the
proximity of response, using the adaptive technifprea building frame, to dynamic
analysis, when compared to conventional pushovéer twio different load patterns.
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Figure 2.15 — Adaptive pushover: shape of loadegor updated at each analysis step (left)
(Pinho and Antoniou, 2005); Adaptive vs. converaigoushover procedures (right) (Antonieu
al., 2002).
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Conventional pushover, regardless the load sh&®es to provide a certain envelope to
dynamic analysis results whilst adaptive pushos¢iné one that gets closer.

Additional recent attempts to improve the result#amed by the nonlinear static
procedures have been done by carrying out adaptiskover analyses for each significant
vibration mode, together with energy based modphciy curves, such as the proposal of
Kalkan and Kunnath (2006). Notwithstanding the eadund benefits coming from further
and further advanced procedures, it is importantamdall into a complexity level similar
to the dynamic analysis one, losing the originaippse of simplicity of pushover based

methods.
2.4.2Nonlinear dynamic analysis

Nonlinear dynamic analysis has always been seémeasost general and natural approach
to predict the dynamic structural response, howedee to the large computational
demand, its implementation within seismic analyamisl design is yet to become usual
practice. The requirements around the dynamic aisgalgummarized by Elnashai (2002),
in comparison to static pushover analysis, are tanbally higher in number and

complexity level, as reviewed in Table 2.1.

Table 2.1 — Comparison of requirements for statit dynamic analysis (Elnashai, 2002).

Static Analysis Dynamic Analysis
Detailed models needed Detailed models needed
Stiffness and strength represented Stiffness aadgth represented
No mass representation required* Mass representegiguired
No damping representation required Damping reptatien required
No additional operators required Time integratipemtors required
No input motion required Input motion required
Target displacement required Target displacensean ioutput
Action distribution fixed* Actions vary in time
Usually faster than dynamic analysis Usually slothan static analysis

*This may not be the case for advanced adaptivagues

Essentially, dynamic analysis is widely recognizedthe excellence tool for estimating
seismic response, but is at the same time demandargputationally and in terms of
technical knowledge. It is still not common thatgtitioners experience covers all the
needed parameters. The integration scheme is a@akmaspect and has been found to

profoundly affect the results, as well as to compse the analysis in several other
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aspects, such as numerical stability or time sA@other critical parameter is the damping

definition, elastic viscous or hysteretic, whichbislieved to cause variations of 50% or
more in force response prediction (Elnashai, 2@0i&stley and Grant, 2005; Hall, 2006),

as well as to contribute to numerical (in)stabilitye input force itself, the ground motion,

expressed in the form of one or more accelerogr&rs,decisive and problematic issue
itself, in terms of type of records, intensity ¢argdardization, among others (see 2.3 for
further detail).

The importance of the mentioned factors, is gehenacognized, as summarized by
Spaconeet al. (2008), describing the unresolved issues wittha tise of nonlinear
dynamic analysis as: the selection of an apprapr&atuctural model, the selection of
ground motions, the selection of a correct dampnadrix, the heavy computational effort

and the large volume of output quantities to bdysea.

Some indications are given as for the selectionretdre of ground motion records within
regulation codes, such as EC8 (CEN, 2005a). Moreaveés commonly believed that
recorded accelerograms are less demanding onrtletuses and should be used for actual
design of structures. On the other hand, generateglerograms present the opposite
tendency and, therefore, are claimed by some tadssl in research work to refine
nonlinear methods of analysis. Given the extensigéure of the topic of nonlinear
analysis, there are still no thorough studies aisdudsion is still going on in countries

where dynamic analysis is starting to be appliexhtly.

The damping issue is as important as controvelisiahonlinear dynamic analysis.
Hysteretic damping is usually responsible for thegamty of the energy dissipation during
the earthquake action. A remaining smaller amodntam-hysteretic or elastic viscous
damping, the designation lacks consensus, restuitorg physical phenomena involving
structural and non-structural elements is alsovatgd. Such portion has been traditionally
considered by means of an equivalent viscous dagnparameter, quantified by the
Rayleigh damping model, as advocated by CloughRemzien (1993) or Chopra (1995),
believed to range from 1% to 8%, depending on s#vactors (Wakabayashi, 1986), or
around 2% to 3%, always under 5% for an inelasticcture, as referred in (Spacoeieal,
2008). Generally, the more accurate the nonlingarctsiral model is, the lower the
damping ratios should be (Panagiotou and Restr@p6y7). The approach of using
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equivalent viscous damping concept to representggngissipation sources that are not
explicitly included in the model are admonishedaloghors such as Wilson (2002), but still
supported by others, although with the recommeadator abandoning the Rayleigh
damping model, which is proportional to mass aifthsss. A stiffness proportional only
model is argued by many (Abbaeti al, 2004; Hall, 2006; Pegon, 1996; Wilson, 2002) to
avoid the spurious energy dissipation generatesnbgs proportional part. Particularly,
tangent stiffness proportional damping has beem ssethe most promising choice by
Priestley and Grant (2005). The damping issue tiseracomplex and even difficult to
solve, given that small changes in damping, mafalyvery low damping, imply large

variations in the results.
2.4.3Innovative displacement based approaches

Recent developments in seismic behaviour assessofeibridges have focused the
transition from force design philosophies to displaent based ones. In the present time,
with a variety of new design approaches that reguicreased emphasis on displacement,
rather than on strength, the most common approashbben to attempt to modify force-
based design procedures, rather than to completglge seismic design procedure in a

more rational manner, as stated in (Calvi, 2004).

The evolution from forces (or accelerations) evaduato displacements has been based in
the recognition of a series of points, accordingRdestley, 1993, 2003): it is generally
accepted that damage can be related to materahstrand that material strains can be
related to maximum response displacements, buttomaesponse accelerations; equal
displacement approximation is known to be non-covadve for short-period structures.
Priestley (2003) showed that all formulations averect at some part of the period range
of structural response, and all are wrong at opleeiods. New, displacement-based (some
times referred to as performance-based), methad$eign have therefore been developed
recently, with emphasis to one of the approachesdqfey and Calvi, 2003b), the Direct
Displacement Based Design (DDBD), in which the fameéntal difference from force-
based design is that the structure to be designeldaracterized by a SDOF representation
of performance at peak displacement response, rratien by its initial elastic
characteristics, based on the Substitute Structpproach (Gulkan and Sozen, 1974,
Shibata and Sozen, 1976). Shortly, within the DDRi2thodology, a structure is
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designed/assessed based on its behaviour at maxiresponse, by determining the

inelastic displacement pattern, characterizingabaivalent SDOF system, applying the
displacement based design concept to the SDOFtsteuand determining the strength

required to the structural elements. All the pracedas well as the computed quantities, is
defined for the structure to reach a predetermidisglacement when subjected to an
earthquake consistent with the design level event.

For the particular case of bridges, carrying o finst step, estimating the inelastic
displacement pattern of the deck, compatible withdisplacement at the top of the piers,
will allow, in the end, the definition of the piecapacity, if design levels corresponding to
increasing seismic intensity are considered. Thecak pier can therefore be readily
identified and, in most cases, will be the shortese ruling the selection of the
displacement pattern. Generally, the lateral desgteents for bridge piers are based on a

set of limiting longitudinal strains consistent lvihe desired damage level.

It is straightforward to compute the design disptaent from strain limits, considering the
strain profile at maximum deflection of a simpladige pier under transverse response,
defined by the maximum concrete compression strajnand the maximum reinforcement
tensile straings, for the considered performance state. Accordiniigre are two possible
limit state curvatures, based on the concrete cessgyn and the reinforcement tension
respectively. Plastic and yielding curvatures mayebsily computed, enabling curvature
ductility to be known. If ductility in displacementat the top of the pier intended,

expressions including the pier height contribubaight to be used.

The use of such approach will definitely constitaterecently developed and greatly
simplified alternative for the seismic analysis lwofdges. It is certainly faster and less
demanding than any nonlinear pushover based agproatto mention nonlinear dynamic
analysis. Some questioning may rise around the feed SDOF substitute structure,
which is, in any case, already considered in nealinstatic procedures or the task of
associating a seismic intensity level to a spepé@dormance level. Even though originally
developed bearing design in mind, it can be usedagsessment of existing structures
purposes (Priestlest al, 2007).
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2.4.4Nonlinear response prediction of bridges

When it comes to bridges, it is commonly recognited any of the aforementioned issues
has been rather less scrutinized than for the @fbailding structures. Bridges have been
designed by reference to acceleration responserapexcording to (Casarotét al,
2005), for the past 40 years at least, appareathistorical reasons, given that common
practice has always dealt with other load type$ tmd the seismic action: self-weight,
traffic or wind. When structural design of bridgesarted to become routinely
implemented, the first rough approaches consistgatacedures similar to the adopted for
the case of wind loading, assuring that the strectvould remain elastic for a portion of
the vertical weight, applied as a uniform lateraicE. There was no inelastic response
being studied herein, the behaviour was fully eamtd, consequently, underestimation of
deformation or deflections, together with overestiilon of force, leading to the absence of
significant strength degradation or insufficiennfercement length (Priestlest al, 1996;

Kawashima, 2000), was widely verified during thewtence of earthquakes (see 2.2).

Particularities regarding this sort of structures aften invoked to justify such different
state of progress. To mention some, it can be edintt that the superstructure, the deck,
is designed to remain elastic and, hence, as lergeais enter their inelasticity range, the
deformed shape of the structure will be essent@dlyerned by the elastic behaving deck;
effects of superior mode shapes, already highlyntpdi out, are more important for
irregular bridges; complex torsional and distorasiloeffects are expected, due to the

contrast between deck and piers element types.

In accordance with what has been just stated, atdnahd recently developed pushover
procedures, as well, have been thoroughly testeduiddings, but not for less investigated
typologies, such as bridges. The instant tendenoyldvto extrapolate the procedures
assessed with buildings, a practice that must lelled with care, due to the inherent
mentioned differences between the two structuratesys. Fischingeet al. (2004) even
guestion the validity of traditional pushover prdaees to bridges. Similarly, Spacoae
al. (2008) argue that pushover procedures are still readily applicable to irregular

structures, where bridges fit in.
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Nevertheless, and despite the unfavourable chaistate of bridge structural systems,
there have been a few recent research studiesatmdjahat nonlinear static procedures are
possible to use within such configurations (Casamnd Pinho, 2007; Isakovic and
Fischinger, 2006; Lupoet al, 2007; Paraskevat al, 2006; Pinhcet al, 2007; Pinhoet
al., 2009). Conclusions of the majority of such stadae drawn, though, towards the
recommendation for using advanced, higher modectsffencluding nonlinear static
analysis techniques.

With respect to nonlinear dynamic analysis, theliagfion to bridges is frequently less
demanding than for other sort of structures, suchuldings. Models are definitely less
complex, with less structural elements, which m#ke dynamic analysis considerably
more feasible. Typical discouraging issues, contputal demand, analysis output or
integration scheme, assume herein slightly lighdersggnificance. Indeed, seismic
assessment of important bridges is increasingljopaed using dynamic analysis in the
time domain. Nevertheless, some issues are tradltjopointed out as key simplifying
assumptions when it comes to dynamic analysis @fgbs response to appropriately
selected and scaled time histories: the seismicomabat is transmitted to the structure
through its supports is synchronous and identmahfi piers and abutments; the local site
conditions are accounted for in terms of site aaiegtion and the superstructure is fully
fixed at the pier base points (Sextsal, 2003). Such assumptions are important to avoid
incorporating more complex models, which leads fi@mo uneconomic and sometimes

numerically sensitive analyses.

Damping stands, to what bridges are concerned) assential issue, assuming values that
are typically lower, given that not only there &ss non-structural elements, from where
the so-called elastic viscous damping can appesralso the structural hysteretic energy
dissipation locations correspond to the base optaes, only. The fluctuation of a bridge
model response as a function of the damping caxtensive and calibration is frequently
needed, as noted in (Carvalho, 2009).

The use and validation of Direct Displacement BaBegign philosophy within bridges
seismic analysis has been object of quite a fewnteoesearch studies (Alvarez, 2004;
Dwairi and Kowalsky, 2006; Kowalsky, 2002; Priegtlnd Calvi, 2003a). The transverse

response of bridges is especially more complex thanongitudinal response, requiring
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careful consideration. Some aspects needing deapention have to do with: the
definition of the displacement profile, which derdarsome consideration regarding the
relative stiffness of the piers, when comparechtodeck or the abutments; to this matter,
Kowalsky (2002) and Dwairi and Kowalsky (2006) pospd the concept of effective
mode shapes, whereas Priestley and Calvi (2003bptatiore pragmatic approaches.
Alvarez (2004) or Alfawakhiri and Bruneau (2000)eulirst mode based displacement
shapes. System damping is another important idtweugh, given the simplified nature of
the methodology, less complex of taking into act¢pas prescribed by the works of
Kowalskyet al. (1995) and (1994) or Priestley and Calvi (200Bajh estimating damping
in the individual elements, combining them lateramtording to the work or shear force,
respectively, carried out by each member.

2.5Nonlinear modelling overview

The seismic action and nonlinear analysis methagte been seen to contemplate different
characterizing possibilities, comprising severaltical issues, to which sometimes
corresponds significant uncertainty or dispersibine modelling task, including material
and geometric features, is equally not immune fierdint alternatives and need for choices
and assumptions. Indeed, structural modelling ésrsic evaluation becomes patrticularly

noteworthy as a natural reflex of the complexitgttis typically associated to such action.

The different structural modelling possibilitiesatrare commonly seen as available can be
classified according to the purpose of their usesianmarized by Spacone (2001). Global
Models, or Lumped Parameters Models, feature thdimear response of a structure at
specific degrees of freedom. Discrete Finite Elemdodels, also known as Member
Models, Structural Elements Models or Frame Modelsaracterize a structure by
connecting frame elements with duly modelled inetdyg. Finally, Microscopic Finite
Element Models, using the Finite Element (FE) gaherethod, approximate the solution
of a problem in continuum mechanics by the analgsian assemblage of two or three-
dimensional FEs connected at a finite number ofahpdints. The choice for each of the
mentioned alternatives, reflecting the refinementel of the model, has plenty to do with
the desired accuracy as well as with the computaticeffort that is implicated.

Furthermore, the sort of analysis procedure thaeiag considered will definitely make a
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difference, with the objective to avoid superpasitof factors aggravating complexity of
the whole process. It is, however, generally reablento assume that sophisticated FE
models are more suitable for the study of struttdesails, which require high accuracy
with bearable computational demand. At the same,tilnis commonly accepted that
frame models represent the best compromise betaemiracy, provided by nonlinear FE
modelled members, and simplicity, offering a sowembugh view over the structural

elements response.

Within a bridge structural system, frame models tgpecally used, with the nonlinearity

engaged to the piers (the bearing structure), sieck and abutments are usually protected
against collapse or severe damage, for reasonssbfaad life safety (Casarotti and Pinho,
2006). The piers become therefore the fundameidatants (as recurrently stated) that

need more detailed modelling of their nonlinearawebur.

There are two major sources of nonlinearity: matesind geometric. The former source
has been definitely paid more attention over tharyeprobably due to the fact that
geometric nonlinearities become more important iater phase of the structural response

to high intensity, closer to the ultimate limitt&ta
2.5.1Material nonlinearity

Material nonlinearity, regarding inelastic responsfe structures to seismic action, is

typically accounted for by means of lumped or sgnglasticity models.

Lumped plasticity models correspond to the usanafar elastic behaving elements, with
the exception for certain, well defined, zones loé tlement, where the plasticity is
admitted to be concentrated under the form of atigldinge, according to the observed
typical concentration of inelasticity of RC framaisthe extremities of the elements. As a
consequence, the first approaches to model this dfpbehaviour considered nonlinear
springs at the member ends (Clough and Johnstd®6; 18iberson, 1967; Takizawa,

1976), as referred in (Spacone, 2001). Plastic dsngave no standard implemented
definition and its location, and mostly length, che derived from several different

approaches. Their definition, i.e., their consiveitlaw, can be specified using ad hoc
plastic laws or more advanced fibre based crossosemodels (Spaconet al, 2008).

Many of them try to reproduce the effect of phenoasuch as stiffness degradation in
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flexure and shear (Clough and Benuska, 1967; Takedsd, 1970; Brancaleonet al,
1983), pinchingunder load reversal (Banat al, 1981; Brancaleoret al, 1983) or bar
pull-out effects (Otani, 1974; Filippoet al, 1983a). Modified versions of the previous
have been developed as well, so as to includeitteeetht described issues, such as the one
proposed by Costa and Costa (1987), later refined/drum (1996), which considers
stiffness and strength degradation antchingall together. More contentious is the length
along which the plastic the behaviour develdps,needed to transform plastic rotations
into plastic curvatures, and vice-versa. Againrehs no established formula or procedure
to define such parameter, approaches have beemedefiver the years and several
proposals have been made since the first approaemipirical expressions suggested by
Baker and Corley, where the plastic hinge lengtpreggportional to the distance from the
critical section to the point of contraflexure, m&ntioned by Park and Paulay (1975).
Different proposals and refinements arose in thieviing years (Kappos, 1991; Paulay
and Priestley, 1992; Priestley and Park, 1984), ptemented by calibration and/or
comparative studies by other authors, such as (¥892; Guedes, 1997). The general
conclusion has been to notice that no specific apstands out as outstandingly better or
more accurate, given that a concentrated plastioiglel itself is inevitably approximate.
More simplified and expedite expressions do nogrefore, necessarily lead to worse
estimates. This is actually the major drawback comignassociated to lumped plasticity
models, the fact that structures are assumed altotaly elastic, although, at the same
time, they are typically more employed within curecommercial structural analysis
computer programs (e.g., (Computers&Structures6p00t is most likely an easier to
grasp concept for inexperienced analysts (Spaebred, 2008). Other authors, though,
counter this trend and call out the attention te tieed for being careful when using a
concentrated plasticity approach by users thatiremeperienced in the calibration of the
characterization of the constitutive laws (Casassttl Pinho, 2006). Studies from Charney
and Bertero (1982) or Bertert al. (1984), amongst others, focused the limitationd an
pitfalls of employing lumped plasticity.

Spread plasticity models, commonly referred to iasefmodels, consider the material
nonlinearity in a totally distributed way, at eaakegration point. Considered to be more
accurate when describing the continuous structiimatacteristics of RC members, with no

inelastic regions definition, require simple geomneeand material properties. The cross
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section response is then estimated by classicsii@ty theory in terms of stress and strain
resultants or by explicitly discretizing the elerteem fibres with uniaxial behaviour, with
material inelasticity spread along the member ltuajnal axis, which assures accurate
estimation of damage even in the highly inelassicge. First approaches to distributed
nonlinearity resulted in proposals by Aktanhal. (1974), Hellesland and Scordelis (1981)
or Mari and Scordelis (1984), the latter two makirsg of the classical stiffness method
with cubic hermitian polynomials. Improved modefialgorithms, including axial force-
bending moment interaction (Menegotto and Pintd3)9shear effects (Bazoant and Bhat,
1977) or alternative flexibility based formulatioii§lahasuverachai and Powell, 1982;
Kaba and Mahin, 1984; Zeris and Mahin, 1988, 19&h)e followed. Implementation in
commercial software, available for research orceffdesign analysis and assessment is,
however, relatively recent, with focus on OpenS@dsKenna, 1997; McKenna and
Fenves, 2006), MIDAS (2006), SeismoStruct (SeisniipR2®08), among others, which
allow the use of displacement-based or force-batedents.

In the end, both sorts of models use the same @eston constitutive laws, at an
integration point level, for spread plasticity mgjer at a plastic hinge level, for lumped
plasticity ones. The concrete and steel materialeisoare, hence, the basic input source,
which admit, as well, different refinement and sdisent complexity levels. Amongst
numerous available steel models, the bilinear, Memegotto and Pinto (1973) and the
Monti and Nutti (1992) proposals are frequently djsehereas for concrete there are
current tri-linear (more simplified) or nonlinearitiv constant or variable confinement,
such as the models from Kent and Park (1971), Szotl. (1982) or Mandert al.
(1988Db), just to mention some.

FE fibre models are, nevertheless, the most deedlamd up to date, given the ability to
directly take into account phenomena such as ictierabetween axial and bending forces
or shear effects, through the entire length of ¢lement with no need for distinction
between elastic and inelastic sub-elements, aRstip hinges based models. Furthermore,
due to its exact integration nature, fibore modets @mmonly seen as more accurate and
precise but, to some extent, more delicate to aseoprding to Spaconet al. (2008),
particularly when sections of structural elemenéstdire softening; in such cases,
deformations will occur concentrated in the extreseetions with solution objectivity loss,

which somehow recalls a plastic hinge scenariofalet, contributions from the two
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modelling possibilities may be reconciled, usingastic hinge typical lengths for
discretization of elements within fibre based medéasarotti and Pinho, 2006; Calabrese
et al, 2010).

As far as bridges are concerned, the relative ipogiig of the two modelling types is at
least interesting. On the one hand nonlinear belawf bridges is deemed to occur at
well defined structural elements, the piers, whichturn, witness quite concentrated,
delimited, plasticity effects at the bottom or, rabst, at the top, depending on the
connection to the deck. This set of aspects wililganduce the suitability of lumped
plasticity models. On the other hand, given thatie simplicity that characterizes bridge
structural systems, and keeping in mind that nealirmodelling will be restricted to the
main bearing substructure (the piers), the arguroértigh computational demand and
analysis complexity loses relevance and finiteefibased elements modelling becomes

more appealing.
2.5.2Geometrical nonlinearity

There is not much experience in modelling geometdalinearity in frame analysis, in
spite of being generally recognized their imporeamiuring earthquake-induced ground
motion, as the structures may experience consitéetateral drifting. Different sources,
local and global, are usually admitted for geonsatonlinear behaviour, corresponding to
beam-column effects and large displacements ortioo& respectively. Quoting
Spaconeet al. (2008), when displacement-based elements are aeatemplation of R
effects or large displacements and moderate ro&i® a “well established field” whilst,
for force-based elements, general co-rotationahtdations have been posed (Crisfield,
1990; Sandhtet al, 1990; Neuenhofer and Filippou, 1998; IzzuddinQR20Felippa and
Park, 2002; Scott and Filippou, 2007). Recent wiookn Correia and Virtuoso (2006)
allows generalized accounting for large displacdsiestations and large independent
deformations relative to the frame element's ch{tfte PA effects), through the

employment of a total co-rotational formulation.

The importance given to this matter within desigdes is relative, such as the example of
EC8, which does not include specific guidelineggenmetric nonlinearity, indicating only

when and how to consider the phenomenon, in aroappated way. Second order effects
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will be taken or not into account, depending onapproximate formula for interstorey
drift.

According to Priestleyet al. (1996), concerning bridge response, lateral digpieents
during an earthquake event are typically smallhwégards to the piers height and cross
section dimension, which generally allows nonlingaometric effects to be neglected. For
the case of highly flexible bridges or slender erytall piers, geometrical nonlinearity
may become significant, especially when combineth wbnsiderable vertical load, and
must therefore be included. Nevertheless, secoder¢PA) effects consideration, instead

of full, large-deformation nonlinear geometric beioar, will be enough.

2.6 Safety assessment methods

Several paths can be followed with the purposevafuating the seismic safety of bridges,
when properly modelled, subjected to duly charazger seismic loading. The main
distinction that can be made is between deterningstd probabilistic methods. Both of
the approaches within this basic division can réouhe same tools for characterizing the
seismic input (response spectra, accelerogramd)matsg structural capacity or
predicting structural effects (fibre or plastic s modelling approaches, nonlinear static
or dynamic analysis) but the main difference wélib the way uncertainty (of the seismic
input, capacity models and analysis proceduresiaken into account and how it is
reflected in the final assessment output.

2.6.1Deterministic assessment

The deterministic assessment is currently the mogiloyed tool, mainly if one considers
the design office environment. It is basically givey the crude comparison of the
capacity, member-by-member, with the correspondieghand, when the structure is
submitted to seismic forces. The capacity, as pile=t by many codes (e.g., EC8) is often
affected by empirical reduction coefficients, apglito the mean or characteristic values,
SO as to account for uncertainty. For the casé@fstismic input, a minimum number of
records is also frequently prescribed in order wargntee a good average or maximum
demand. The safety verification will then be tyfiic&arried out according to predefined

limit states, currently associated to specific metperiods, which will govern the way of
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considering the seismic input and computing theacdap and demand for further

comparison.
2.6.2Probabilistic assessment

The employment of probabilistic methods is, on tbiéer hand, far from large
dissemination among the professional engineerimgnaonity, even though they have been
rather well-established in the recent past (fewades). Their main practical application
has been actually the calibration of the determimspproaches used in codes, based on
the use of partial safety factors. The reasonithatostly pointed out for such state of the
art is the abstractness, mathematical complexity moch greater consciousness on the
actual physical terms of the problem, unlike tlaglitional design procedures, which offer
clear-cut guidance, as stated by Pietal. (2007). A new wave of probabilistic methods,
developed over basic probabilistic concepts hasecomin the past decade, especially in
the US. Their “simplicity” with respect to theoml background makes them more easily
approachable by engineers and, thus, more appealitige community. Their popularity
has reached the state of use as complement tobasdet design, assessment of existing
structures or even design of new ones. Even if p&fnany probabilistic procedures
requires a substantial amount of different infoipratin comparison to the deterministic
ones, to characterize the uncertainty in the strattsafety problem. Such data includes
probabilistic characterization of seismic actioa,veell as description of the capacity and

structural demand, accompanied by a measure afotiiesponding variability.

According to (Pinto, 2001) probabilistic assessmeoft structures is usually

simulation-based, FORM-based (First Order ReligbiMethods) or response-surface
based. Several different proposals for implementadre available in literature within each
category but it generally recognized that the siismsk subject is still in considerable
development and definition, due to the growing anass of the international community

of the need for including probabilistic measuresersmic assessment practice.
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2.7 Summary

This chapter featured the main goal of providingaakground to this work, regarding the
current status of the different steps within prolstic seismic assessment of bridges,
calling the attention out to the vital importandeconsidering the seismic events in bridge
engineering as well as summarizing the differemicd® in discussion and in need for
improvement. Based on such considerations, Cha@es 6 will focus the different

identified subjects, which will allow, in the entthe obtaining of a consistent probabilistic

safety measure.
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3. Seismic Input

The definition of the seismic input is probably tpemary step within any seismic
assessment analysis and is sometimes assumedtasgat®rward task, which can be
highly misleading. Effectively, seismic action Haeen proved as complex, unpredictable,
allowing several different representation modesheaith considerable dispersion coming
from natural variation. The way how seismic loadisgccounted is deeply related to the
employed analysis method: accelerograms are usedndalinear dynamic analysis
whereas response spectra are typically utilizechémlinear static procedures.

The use of accelerograms is definitely more raaligiven that it enables the application
time-step by time-step of the dynamic loading, Ineiog more suitable than response
spectra for multi-degree-of-freedom (MDOF) struesurlt is, however, understandable
that such advantageous use of accelerograms cariesrresponding fair amount of
complexity, usually requiring preliminary treatmeResponse spectra, on the other way,
are usually more consensual and information is igélgerepresented in a more smoothed
way, especially if within code or guidelines apptions. The immediate disadvantage is
that, by definition, response spectra refer to Ishuiggree-of-freedom (SDOF) structures
which will require MDOF systems to be convertedetpuivalent SDOF ones, if analysis

through such sort of seismic action representasiamtended.
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The substantial differences concerning the complexurrounding the mentioned
approaches indicate that, clearly, a higher nundberalibrating issues are associated to
accelerograms. Moreover, nonlinear dynamic analysisdbecoming more and more
popular, given the advances in current computatioapability. Consequently, the main

focus of this chapter will be on the use of acagesims for seismic analysis.

3.1 Accelerograms

Several aspects are worth considering within trecgss of setting up real or artificial

records for the use in nonlinear dynamic analysibrief overview is herein intended, as a
contribution to this matter, especially regardihg pplication to bridge structures. Much
of the work within this topic has been carried anter the European Project LESSLOSS
(2004a), which considered the application of sezsnsk assessment methodologies of
several research teams of different institutiontheanalysis of two distinct structures: a

building frame, named ICONS and a viaduct, name&®DO.

Starting with the scaling and selection issue, & cfetwenty records was initially
considered, serving as the original base of recamithin a certain range of magnitude,
epicentral distance and soil profile types. Sevatidfilerent scaling techniques were
compared using elastic acceleration response spebtrefore, results of SDOF systems.
Simultaneously, a double selection is performee, @tated to the scaling parameters that
markedly perform better and the other based ordigregarding of accelerograms which,
due to their inflated effect, increase greatly gwatter among the records, forming a
reduced base. This selection is performed by meérss statistical grouping technique,
which is based on clusters — groups of elementh wiihilar characteristics or effects,
formed by likeness measuring. The records areveditels used, scaled according to the
best performing previously found procedures, tortbelinear seismic analysis of the two
mentioned case study MDOF structures: the buildiagmne and the bridge. Furthermore,
analyses with artificial accelerograms, matchethéoresponse spectra of the real records,
are also carried out. Results, namely ductilitydigplacements, are used to: i) check the
stability effect of the clustering selection; iig@ach for a minimum number of records

necessary and sufficient to reach the same mear@meesult that the global set would
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provide; iii) compare scaling techniques, previgustered based on response spectra; iv)
confront performance of real and artificial accetgams.

3.2 Real accelerograms — selection of records

3.2.1Initial considered set

The study on real records was carried out ovet afsgventy accelerograms selected from
the European Strong Motion Database (Ambrastyal, 2002). The records have been
selected from firm soil sites, free-field, includidarge and distant, large and close,
moderate and close as well as intermediate eaitleguexords, in an attempt to cover a
sufficiently representative range of distances #mel expected range of magnitude in
Europe. Figure 3.1 illustrates the range of magieituand epicentral distances across the
initially considered base of records, where it che observed how the chosen
accelerograms are spread out within the four quesiraalthough scenarios of
simultaneously high or low magnitude and distanme @ominent. Figure 3.2, in turn,
represents the cumulative distribution of the messumagnitudes and epicentral
distances. The cumulative distribution shape is@gndicator of how homogeneously the

parameter varies within its range: a slope clostbtdegrees would be the ideal situation.
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Figure 3.1 — Magnitude-Distance used pairs alies
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Figure 3.2 — Magnitude and distance cumulativeitistions.

Table 3.1 briefly presents the main seismotectchi@racteristics of the twenty initially

selected records.

Table 3.1 — Selected real records — main features
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1 Montenegro 1979 6.9 56 46 1594 0572
2 Campano Lucano 1980 6.9 58 41 13.04 332
3 Erzincan 1992 6.6 65 58 1856  0.297
4 South Iceland 2000 6.5 52 50 21.58 0.692
5 Montenegro 1979 6.9 25 12 48.23 4.453
6 Montenegro 1979 6.9 24 9 48.22 2.88
7 Campano Lucano 1980 6.9 16 13 45.64 1.125
8 Friuli (aftershock) 1976 5.3 21 15 7.19 1.701
9 Friuli (aftershock) 1976 5.5 15 17 23.82 2.273
10 Friuli (aftershock) 1976 5.5 15 17 86.06 0.898
11 Friuli (aftershock) 1977 5.4 7 6 48.98  2.365
12 Dursunbey 1979 5.3 6 6 18.31 2.824
13 Preveza 1981 54 28 7 1493  1.402
14 Etolia 1988 5.3 20 12 21.883 0.584
15 Etolia 1988 5.4 21 6 30.50 0.383
16 Umbria Marche 1997 5.7 25 25 46.33  0.5[19
17 Valnerina 1979 5.8 39 37 38.41  0.386
18 Lazio Abruzzo 1984 5.9 69 64 23.21 0.171
19 Potenza 1990 5.8 28 29 20.38 0.944
20 South Aegean 1994 6.1 64 — 35.00 0.565
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Earthquake duration is quite variable, ranging froid® to 86.06 seconds, as well as peak
ground acceleration values, which go from 0.016.46g. A scaling parameter based on
earthquake duration has been considered, and evprdsented further on, so as to provide

some information on the importance of the varip#issociated to that parameter.
3.2.2A homogeneous base of records — Clustering analysis

Starting from the initial set, a selection procedis thought to be advantageous in the
sense that extremely severe or particularly pecelgathquakes may be segregated with
benefits to the consistency of the analysis. Camsetly, a homogeneous base of records is
intended to represent a smaller set of earthquat@rds, based on the original ones, made
up by removing those having very distinct charasties, without loss of identity of the
initial base. This representativity is assured kbyuging elements with largest similarities,
which has been measured, at a first stage, usisgonse spectra. Afterwards, also
displacement ductility demand quantities have lm®gect of clustering procedure, applied,
therefore, to structural effects. The methodologgdito aggregate the original real ground

motion records into groups, based on similarity soees, is called Clustering Analysis.

Clustering analysis can be seen as a collectiagtatistical techniques that can be used to
classify objects, resulting in a size reductiorire available data. Given that it is possible
to measure similarity and dissimilarity in a numbéways, data classification will depend
upon the method being used, such as distance megserg., (Everittet al, 2001).
Elements that are significantly different from athevill be grouped into clusters of a
single element, which reflects the fact that theoamtion degree is strong between
members of a same cluster and weak between merabelifferent clusters. Clustering
analysis classification is based on placing objetdts more or less homogeneous groups,
in a way that the relationship degree between grdugcomes more perceptible. The
application of this methodology is based on the tiwbbowing steps: (i) measuring
distances or evaluating the similarity between aigj@nd (ii) grouping objects based on

such distances or similarity measures.

There are two major clustering techniques, cornedjpy to hierarchical and
non-hierarchical algorithms. The hierarchal proecedavolves putting up a hierarchy tree

defining the relationship among individuals, whitathen a non-hierarchical algorithm is
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used, the position in the measurement is takeheasantral place and distance is measured
from that central point. Currently, the non-hietacal method has been less considered,
due to the difficulties in choosing an ideal refere central point. To what hierarchical
clustering is concerned, the technique can beidevisr agglomerative. A divisive method
begins with all cases in one cluster, which is gedl¢ split up into smaller clusters. On the
other hand, the agglomerative technique starts (uslially) single member clusters that
are gradually merged until one large cluster isexl.

When carrying out a clustering analysis, the tsp is to establish distance measurements
(e.g., Euclidean, squared Euclidean or Chebychstanmlies) or similarity measurements
(e.g., Pearson’s correlation, Russell, Rao or Jdccaefficients) matrixes, in which the
linkage degree between each two units of analygisppnse spectra or displacement
ductility for different intensity levels, for instae) will be evaluated, disposed in both
columns and rows and where the cell entries arenb@sure of similarity or distance for
every pair of cases. Distance measures indicate distinct two observations are from
each other, in a way that cases which are considerde alike will correspond to low

distance amounts.

The following task is the definition of a clustegimethod that will determine the way how
clusters will be combined at each step (e.g., seameighbour, further neighbour or
centroid method). Once several objects have beéemogether these methods define the
distances between those clusters and the remaiglements, creating eventual new
clusters (Everitet al, 2001). Output results can be either graphicalesgntations (e.g.,

dendograms or icicle plots) or tables (e.g., clustembership table or agglomeration
schedule). It should be noted that clustering a®sycan be performed using easily

available commercial statistical software.
3.2.3Application to the set of selected records

In order to assess the similarity of the 20 inyiadelected ground motion records,

characterized in 3.2.1, elastic response spectrdmaies were used as the variable herein
submitted to agglomerative hierarchical clusteramplysis, a rather simple procedure.
Within clustering analysis, all the previously meéal distance and similarity measures

differ on the distance definition itself as well as the way of evaluating it. For this
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specific case, a likeness measure, the Pearsomslaion, was chosen, given that it
allows comparing the linkage between each two bées(different response spectra). The
chosen clustering combination method was the “rseareighbour”, which groups objects
based on the minimum aforementioned distance betwsem. Table 3.2 indicates, for
specific numbers of considered clusters, 3 to Schvlare the similar variables, i.e., the

ones that are grouped in a same cluster.

Table 3.2 — Cluster definition and homogeneous base

Case/Record 8 Clusters | 7 Clusters | 6 Clusters | 5 Clusters | 4 Clusters | 3 Clusters
1 1 1
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For instance, if 8 clusters are considered, ifeone wants to divide the 20 records into
eight groups by means of the predefined similantgasures, according to Table 3.2,
records 1, 2, 3, 9, 17, 18 and 19 would belong ltest€r No. 1; records 4, 12 and 13 to
Cluster No. 2; records 5, 11, 14, 15 and 16 tot€fudo. 3; whereas records 6, 7, 8, 10 and
20 would constitute the single-element clusters 405, 6, 7 and 8, respectively. As an
example, a schematic illustration of the recorddswn, when defining 8 Clusters, is

provided in Figure 3.3. Records 6, 7, 8, 10 and20defined as the most “different” from

all the rest, according to the adopted criterigegithat the clustering analysis determined

that they should be in single-element clusters.
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Figure 3.3 — Records distribution when definingsters.

Analogously, the same interpretation can be madetie case of 7 to 3 clusters,
identifying the records that are considered indiaity (shadowed cells in Table 3.2).
Clearly, records 6 and 20 are consistently indiatdd, whereas records 7, 8 and 10, are
highlighted if the lower boundary of 6 or 7 clustes considered. Based on such results,
the selection was made to group variables intoustets, for which members 6, 7, 8, 10
and 20 are not alike, hence defining five clustdrene member only. By segregating the
corresponding five response spectra from the algiet, a homogeneous reduced set of

ground motion records, with the remaining 15 eletsienas defined.

3.3 Real accelerograms — scaling

Considering accelerograms exactly as they werededo significant differences come up,
a natural feature on the use of real records. Sulesdly, a seismic analysis involving
different real records requires the accelerogramséd put at a ‘same’, or at least
comparable, intensity level. In practice, what Hsemen typically considered is the
imposition that different records share a speafaracteristic, which can be an exceeding
probability for a predefined hazard level or a grdumotion parameter, such as peak
ground or spectral acceleration in order to en#lideaverage or median representation of
results. The immediate consequence is that acgebers will necessarily be modified

through the application of an appropriate scalaxgjdr.

The main goal, when selecting an appropriate sgai@thnique, related to a specific
standardizing parameter, is to reduce, ideally miming, the associated scatter. Recalling
what has been said in 2.3, several scaling metbgas have been studied in previously

published work and have been traditionally dividedwo major groups: scaling factors
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obtained from the characteristics of the accelenmgior from corresponding response

spectra.

The scaling parameter to choose may be closelyerklto eventual structural safety
verification, if the work is being developed witharprobabilistic framework, depending on
the safety assessment selected method. If a fghafgability is intended, recurring to the
statistical characterization of the capacity and ttemand, the exceeding probability
density function for the selected scaling paramistereeded, and its availability has to be
taken into account when that choice is made. Foh season, some parameters have been
tested and emphasis has been given to those presanivell-known or easily obtainable

exceeding probability density function.

3.3.1Record quantities based intensity measures

Based on the accelerogram itself, simple quantiteas be computed and considered as

scaling parameters. Among several possible onegptlowing were selected for testing.

» Peak ground acceleration [fga)
Each accelerogram is scaled in order to have itdrman acceleration equal to a

predefined level.

= Square Ground Motion (S)
Integral of the square ground acceleration.

» Root-square ground motion (s)

Square root of the square ground motion.

= Mean-square ground motion (ng
Mean square value of the ground acceleration lyistor the time interval

corresponding to the attainment of 5% and 95% efétord’s energy.

*» Root-mean-square ground motion ims)

Square root of the mean-square ground motion.
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3.3.2Spectrum quantities based intensity measures

Including effects on SDOF systems, response spacteither in acceleration or pseudo-
velocity, of each record can be the base of cegaating procedures. Additionally, power
spectrum may be used with the same purpose, bgrminh a total of three other possible

scaling parameters.

= Spectrum intensity i)
Integral of the pseudo-velocity between 0.1 ands2éonds.

= Spectral acceleration 3
Accelerograms are scaled to have the same spactraleration at the fundamental

period of the structure.

= Power spectrum area ffsg

Area under the power spectrum

For each scaling technique, the adopted normadizgitrocedure was to establish a record
as a reference (the first one in Table 3.1 wasilhe@nsidered) and scale all the others to
match the reference value of the considered scalargmeter for that reference record.
Figure 3.4 shows the set of scaled response spactrarding to one of the scaling
parameters, with the purpose of illustrating thiesteng dispersion within the initial set of

real earthquake records.
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Figure 3.4 — Scaled response spectra accordipgak ground acceleration
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The considerable heterogeneity level among thelrset can be relevant to check if any
of the alternative scaling parameters is actuadiytipularly advantageous, given that a
highly homogeneous set of records may not put idezxe the real differences on the

performance of the different parameters.

Figure 3.5, in turn, stands for the average resp@pectrum for each scaling technique.
The ms technique yields a median response spectrum adisly different from all the

others, which denotes inappropriateness regardieguse of this parameter. For that
reason, a new plot of the average response speétrueach scaling technique, featuring

not themstechnique, is presented in Figure 3.6.
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In spite of a similar general shape on the spedifgrences are significantly higher for
periods under 1s, the range of interest, mainthaffirst half of the interval. Furthermore,
no significantly distinct trend between record ditees based and response spectrum
based scaling techniques has been encounteredh whimotes a clear need for a more
thorough analysis in terms of dispersion amongstlected ground motion records (by

means of coefficients of variation).

3.3.3Comparative analysis of typical intensity measures

Comparison of techniques has been carried out bypating a simple statistical measure,
the coefficient of variation (COV), referring toetlordinates of the twenty response spectra
normalised to each of the reference scaling paemsiethe coefficient of variation, along
with the period or frequency, is presented in FegBu7 and Figure 3.8, respectively, for the
eight scaling procedures. Spectral acceleratiohnigae is employed for a matching
period of 0.59 seconds, which corresponds to tBe study of Lordo viaduct, considered
within the research project referred in Section 3.1

In agreement with the markedly different behavingam spectrum that has been observed,
the ms technique performs generally worse than the oth#rdeatures the largest
coefficient of variation across almost the wholeaga of periods. Similarly, other
parameters based on the square of the accelersih to introduce no noticeable
reduction in the dispersion levels: theechnique performs rather poorly, comparatively to
ms with rs andrms better results are achieved, mainly for low pesjodhereas at the
opposite side, such improvement does not stanacitgibased parametesi, assumes the
best behaviour for periods over 0.5 seconds (guiacies under 2.0 Hz).

Regarding the other parameters, as expected, rsgattemall around the considered
structural fundamental frequency, when using thecspl acceleration matching
technique,sa, but average to poor results are obtained elsewhEmne focus on the
frequency-dependent plot, scaling procedure basepeak ground acceleratiopga the
typically most employed parameter, performs fawilgll, when compared to the other
parameters, except for low frequencies (high pajiodhere its performance is surpassed

by other techniques.
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Figure 3.8 — Response spectra ordinates coeffioievdriation for each scaling technique

(frequency dependent)

The standardization by means of the area undemptieer spectrumpsg a different
parameter regarding its nature, has a constanttiamgerformance, therefore, not worth
the use. In general, it may be said that, considdtie entire range of frequencipgaand

rms techniques are the best, though for low frequen¢el.0 Hz)si andrs techniques
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yield somewhat better results. Furthermore, if shrecture under analysis is particularly
considered, the spectral acceleration matchinggola® assumes great relevance in the
region of the fundamental period. According to éxposedpga andsa techniques were
assumed for the rest of the seismic action charaatmn study. Such choice has been
based on two important aspects: first, if a fultga efficient technique is intendeuga
performs well, whilst the others have shown a Esady performance. Furthermore, the
use of a different parameter, instead of the ti@ubd, well known peak ground
acceleration, seems, therefore, not worthy. Segorifda procedure that is calibrated for
the specific structure being assessed is sufficegrgctral acceleration technique behaves

extremely well, as previously demonstrated.
3.3.4Response based intensity measures

Within probabilistic seismic demand analysis, theice for the intensity measure (IM) to
be adopted relies not only on its ability to harimerthe seismic input, reducing the scatter
levels around response of SDOF or MDOF systems dtits characteristics of
practicality, sufficiency (i.e., the structural pesise does not depend on other ground
motion features given the IM), efficiency (i.e.getstructural response is well correlated
with the IM) and hazard computability as well, ascdssed in (Padgedt al, 2008). Up to

a relatively recent past the focus on intensity sness has been on the ground motion
parameters or the response of SDOF structuresthideigh the use of response spectra, as
detailed in the previous sections. Typically, pga&und acceleration (PGA) or spectral
acceleration (§ at a specific period or the fundamental periodhef structure have been
used in most of the bridge engineering applicati@tsnozukaet al, 2000; Mackie and
Stojadinovic, 2004; Nielson and DesRoches, 200fg sk of selecting appropriate or
optimal IMs to condition the demand and serve assbt structural fragility curves has
been object of improvement and new approaches lheee recently developed, given that
the choice of an optimal IM is still a subject ieed for further addressing, as far as classes
of bridges are concerned. Such new approachesdmdenser formulations, such as the
inclusion of simplified static analysis of the stiwre to take into account accurate
estimates of its period and stiffness charactesstt is actually recognized in the work by
Padgettet al. (2008), how structurally based IMs are challengingimplement in a
regional risk assessment context because oftea thearo sufficient available information

to estimate structural parameters, such as fundamsariod.
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An alternative approach has been studied so agetateally replace the need for running
nonlinear dynamic analysis with pre-scaled accel@ms, through the establishment of a
new displacement based intensity measure, developedsimplified displacement based

principles, applied to bridges.
3.3.4.1Preliminary Approach on a Displacement-Based IntéiysMeasure

A nonlinear static analysip@shovey based procedure has been adopted, using thésresul
afterwards in a displacement based fashion, charaictg an equivalent SDOF system and
determining the bridge performance through the icemation of specified limit states. The
main goal was to seek for the relationship betwberresponses coming from a simplified
procedure and the result coming from nonlinear dynaanalysis, represented by a

specific number of accelerograms.

The procedure starts by carrying out a nonlineaticsanalysis of the structure, which
enables the characterization of the structuralkesysihree different limit states, which are
identified and located in theushovercurve, have been considered: the yielding linatest
(LSy) and two post-yielding ones (LS2 and LS3). Plost-yielding limit states have been
defined in accordance with the displacements atchvithe first element reaches pre-
defined strains in the steel or concrete. The redram the steel and concrete have been
taken as the ones admitted by Balal. (2008) as 0.35% for the concrete and 2% for the
steel for the second limit state (LS2) and 0.75%hm concrete and 3.5% in the steel for
the third limit state (LS3). Secant yield and pgstd periods have been defined
accordingly. Equivalent SDOF properties are definad the displacement for each limit
state is computed from all the locations of thadtire (for a bridge structure, all the deck
nodes at piers location will be considered), henoea Displacement Based fashion,
according to Equation (3.1), depending, thereforethe actual load factor corresponding

deformed shape of the deak,

[d”
dspor = %r:] ol (3.1)
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3.3.4.2Procedure

The procedure used to estimate the intensity meaBur a given structure and the

calculation of the engineering demand parameten fronlinear dynamic analyses, for

calibration, is summarised in the following stepsl &hould be carried out for each of the

considered accelerograms.

[ —

. Calculate the displacement response spectra (5%idgn

Run the nonlinear dynamic analyses for the bridgengu tangent stiffness

proportional damping;

From a static nonlinear analysis calculate theldtgment capacity for each limit

state as described in 3.3.4.1 and using Equatid); (3

Calculate the effective periods of vibration and #dguivalent viscous damping for

each limit state. Several different proposals caassumed in this step;

Obtain the spectral displacement demand for eaulh dtate, based on the effective
period and equivalent viscous damping, and comareith the displacement

capacities to estimate which limit state the bridgepredicted to exceed; the
intensity measure (IM) can thus be estimated.dftiidge does not exceed the first
limit state, the first limit state demand is usedfze intensity measure; if the bridge
falls between the first and second limit stategbeond limit state demand is used
as the intensity measure; if the bridge falls betwthe second and third limit state
the third limit state demand is used as the intgnsieasure and if the bridge is
assumed to collapse then no intensity measure sigresi and the results are

removed;

According to the deformed shape associated to imé State that the structure is
not exceeding, a representative reference locat#, is defined employing
Equation (3.2), where; is the distance measured along the deck, measumed
one of the abutments. The engineering demand péealfieDP) herein considered
is the maximum displacement at the reference logatf the bridge (&), which

is obtained from the nonlinear dynamic analysisherspecific record;
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Xref = M (3 . 2)

> m

7. Plot IM against EDP.

A flowchart representing the procedure is preseimddgure 3.9.
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spectral reduction factor per Limit Stafig §y, Tis, and T s3)

Define displacement demand for each effective perio
So(TLsy), So(TLs2) andSp(T Ls3)

IM = Sp(Tisy) >

IM = Sp(TLs2)

—_—_——— e —

IM = Sp(TvLs3) >

Collapse-no IM is definet

Determinex e in correspondence with deformed shape at the
Limit State previously assigned to the bridge aefing EDP as|™

max |Quyn(X red)|

Plot IM againsEDF

Figure 3.9 — Bridge displacement-based intensitgsuee procedure.
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3.3.4.3Structural application

A case study consisting of fourteen well-known gesd, used for application in other
studies (Casarotti and Pinho, 2007), has been adppbmprising two bridge lengths (with
regular, irregular and semi-regular layout) and tiypes of abutments. The complete
description and detailed information on the selkdttiedge configurations is carried out in
Section 4.3. Three different types of pushover ymialfor each bridge have been carried
out: (i) adaptive displacement-based pushoverc@ijventional pushover, with'imode
proportional load shape; (iii) conventional pushoweith uniform load shape. Further
details on nonlinear static analysis can be foun@hapter 5. Regarding the definition of
the limit states, within the reported frameworke tyield limit state of the structure has
been considered to occur as soon as the steekdirghpier yields. Figure 3.11, referring
to one of the analysed structural configurationgyfe 3.10), illustrates the limit states
definition for the adaptive pushover curve compatatase. The first pier to yield is P2,

the central one, in which Limit States 2 and 3 odm®fore the yielding of the third pier.

L

X

.

.
E “"

Figure 3.10 — A123 configuration.

77777777777777777 e

| ' | | |

! A123 ! ! !

| ] | | |

,,,,,,,,,,,,,,,,, Y ____1

| P | | |

| _ | | | |

| | | | |

- //\/ | | | |
= 7/774 77777777 oo S i 4
X | | | | |
g I I I I I
I | | | | |
g | | | | |
77777777 R e R |

n | | | | |
] | | | | |
8 | | | | |
oo | | | | |
77777777777777777 O

| | | | |

| | | | |

| | | | |

R e |

| | | | |

| | | | |

| | | | |

I I I I I

I I I I |

0.2 0.3 0.4 0.5 0.6

Equivalent SDOF system displacement (m)

Figure 3.11 — Adaptive pushover curve and limitegdor A123 bridge.
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With respect to the computation of the equivalearinding, effective period and spectral
reduction factor, two proposals, Priestletyal. (2007) and FEMA-440 (ATC, 2005) will
both be considered. According to Priesial, the effective period can be obtained using
the expression in Equation (3.3), the equivalestamis damping is given by Equation (3.4)
and the correction factor applied to the displaggnspectrum is given by Equation (3.5),
whereT, is the yield periodys is the ductility at a given limit statésq is the equivalent

viscous damping anglis the correction factor.

Tis =Ty His (3.3)
o= 0s65\t4s =Y 1 o5 (3.4)
- Hs T

= ! 3.5
g 2+£eq (3-5)

Effective period, equivalent viscous damping andexdion factor proposed in FEMA-440

guidelines are as presented from Equations (3.(3.8), respectively.

Tis =T,{02(1,s ~1)* - 0038 ~1)° +1} (3.6)

&ug( )= 49(1 s ~1)7 = 11115 ~1)* +5 (3.7)
_ 56-In(&,,)

= (3.8)
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The nonlinear dynamic analyses were carried outgugn earthquake real records from
the SAC Project (SAC, 1997), scaled to match th# J@obability of exceedance in 50
years (475 years return period) uniform hazard tspec for Los Angeles. Detailed

description of the seismic records ensemble cdouo@l in Section 4.3.

Applying the procedure described in Figure 3.9 toe 14 bridges and 10 earthquake
records, the preliminary plots with the relation 4H&DP, shown in Figure 3.12, are
obtained. The effective periods have been caladilateng Equations (3.3) and (3.6), the
equivalent viscous damping using Equations (3.4) éh7) and the correction factor

applied to the displacement spectrum using Equaiidrpb) and (3.8).

The black line in the plots in Figure 3.12 shows linear regression of the datecéx). It
should be noted that the slope of the linear regpasis a measure of the bias in the data
ando is a measure of its efficiency (a low level ofpdission denotes an efficient intensity
measure). On average, the intensity measure umdkcfs the maximum displacement

response at the reference location of the bridge.

The data dispersiom, calculated as the standard deviation of EDP/Id b@en found to
be roughly from 0.4 to 0.6. The use of FEMA-440ragh improves the efficiency, given
that dispersion is usually 0.1 less. However thmesdoes not happen with the bias, which
is between 1.2 and 1.3 for the closest to one t@tyathe adaptive pushover one. The
improvement in the scatter does not seem very isurgrconsidering that in FEMA-440
equivalent linear parameters (i.e., effective peaod damping) were determindgdough

a statistical analysis that minimizes, in a rigosomanner, the extreme occurrences of the
difference (i.e., error) between the maximum respasf an actual inelastic system and its
equivalent linear counterpartThe scatter around the IM is larger for higheiemsity

levels.
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Figure 3.12 — Intensity measure vs. EDP.

In order to look at whether a procedure based enirtbrease in the period of vibration

with limit state displacement is meaningful, thepense period of vibration from each
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nonlinear dynamic analysis has been calculatedugfirdhe Fourier Amplitude Spectrum
of the response history at the reference locatibthe bridge. The period of vibration

obtained in this way for each dynamic analysisl@ted against the EDP, the dynamic
analysis results for the reference location, iruFeg3.13.

25

20

Jury
ul

EDP,Adyn(xref) (cm)
S

Effective Period, T(s)

Figure 3.13 — Response period of vibration verdDB E

There seems indeed possible to establish someokitrénd between the effective period
and the respective EDP measure. Furthermore, Figuré shows how these periods
compare with the effective periods proposed in FE#4®, which have been calculated
using Equation (3.6) where the ductility is basedtlee results of the pushover analysis
(Figure 3.11). It appears that these limit effeetperiods are, for a significant number of
cases, upper bounds to the actual periods of winra¢corded.

In order to investigate whether a closer relatignéfetween the intensity measure and the
displacement at the reference location can be mddaiising these periods of vibration, the
intensity measure has been recalculated usingfteetiee periods shown in Figure 3.13,
with the ductility being estimated as EP4,, whereA sy is obtained as described in

Sections 3.3.4.1 and 3.3.4.2. The updated IM v$? pDts are presented in Figure 3.15.

3.22



Seismic Input

Period (s)

Period (s)

Period (s)

|
|
~J |
) o~ g = o [
|
|
|
|

1.5

| | |
| | | |
| | | |
| | | |
| | | |
A123 A213 A222 A232  A2222222 A2331312 A3332111  BI123 B213 B222 B232  B2222222 B2331312 B3332111
Bridge Configuration

******************************************************************************

Lo o m - e — -

| | |
| | | |
| | | |
| | | |
| | | |
A123 A213 A222 A232  A2222222 A2331312 A3332111 B123 B213 B222 B232  B2222222 B2331312 B333211l
Bridge Configuration

T
|
|
|
|
-
|
|
|
|
|
|
|
|
|
|
|
|
— e~ — — — —
/ |
|
|
|
|

> — —
/
/

N
0
V%
-

| | |
| | |
| | | |
| | | |
| | | |
A123 A213 A222 A232  A2222222 A2331312 A3332111  B123 B213 B222 B232  B2222222 B2331312 B3332111
Bridge Configuration

Figure 3.14 — Response periods of vibration ancesponding effective periods of vibration from

Equation (3.6) for different bridge configuraticgasd types of pushover analysis.

It can be seen that the underprediction given lyitkensity measure has increased. The

use of the effective measured periods does not sedeed to improve the procedure.

Indeed, even though the clouds of points do seehate become slimmer, the number of

outliers has apparently increased as well. Neviedkgadaptive pushover based procedure

is the less underpredicting one. FEMA-440 apprdactihe equivalent viscous damping

and spectral reductions factor keeps on leadingldser to EDP estimates and lower

dispersion.
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Figure 3.15 — Intensity measure vs. EDP using dynamalysis-measuredidand ductility.

Some of the assumptions that have been made tordine the procedure can be discussed

and revisited:
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The Limit State strains considered for concrete ate®l may be reviewed, or
adjusted, since this is fundamental data for trspldcement capacities of the
structure, within the intensity measure procedute fact that yielding and
subsequent Limit States are assumed in the steuatusoon as they occur in one of
the piers, may as well influence the procedure relavant manner. A possibility
would be to try an approach similar to what is ¢gtly followed for buildings,
where the yielding displacement is taken as the aameesponding to 75% of the
maximum base shear. However, this may not be aasge it can be seen that the
first pier reaches LS2 and LS3 shortly after yiegdiAdditionally, the definition of

the maximum base shear it s not clear for all tidgle configurations;

The equivalent SDOF displacement is another impbrissue, which has been
defined according to Equation (3.1). A possibleeralative is to use the
displacement corresponding to the reference lagatig, shown in Equation (3.2).
For the buildings case, the effective height isdusehich seems to be a simpler
approach. An approach simply using the deck centale as reference, as
proposed in EC8 and other codes and guidelinesnwiibnlinear static procedures,

seems therefore worth a try;

The relationship of the effective measured periaith actually observed Limit
State in the dynamic analysis, as well as withetffiective LS periods coming from
Priestley or FEMA approaches, is still missing.sTimay be important to justify the

use of such effective periods instead of the emgliproposed ones;

The use of a reference node which is dependertt@displacement shape renders
also somewhat difficult the evaluation of dynamimalgsis results. The
displacement shape at the Limit State that thegbridas considered not to exceed
was used, in agreement with the determined intemséasure. For that shape the
reference location was computed and response ofrnibde was submitted to
Fourier analysis to get the effective period. Meexp EDP results from the first
run had to be used to estimate the measured du&MDP/LS used on the second
run, given that EDP results depended on the IrtiedMeasure which was still

being computed. This seems to suggest an iterptmeedure. Anyhow, EDP used
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to estimate ductility and EDP obtained in the nem proved not to be very

different.

3.4 Artificial accelerograms

It has been discussed, up to now, the use of cealerograms as well as additional needed
procedures, such as selection and scaling, whioedoom the mentioned and observed
dispersion level among this sort of records. Counertly, at this point, the consideration
of artificial accelerograms starts to gain relevanithe use of artificial accelerograms is no
innovative, yet relevant, tool, especially if thefidulty in assuring a representative real
ground motion records base is considered. Fromsameode point of view the use of
artificial records is taken into account, namelyEarocode 8, which considers their use as
much as recorded accelerograms. The use of simdudatelerograms, as they are referred
to for the analysis of buildings, shall be adeqyatgualified with regard to the
seismogenetic features of the sources and to theosalitions appropriate to the site. Also
for bridges, appropriate simulated accelerogramg Ipeaused in case the required number
of recorded ground motions is not available. Theiah for this type of records is
surrounded by several issues, as previously intediubeing that the main disadvantage
lies exactly on their nature, and the possibly essed lack of authenticity, whereas its

major argument is the overcoming of the complealitigd to the use of real records.

The term artificial is herein employed with a wideeaning and one can argue that the
general designation non-real or synthetic recondsilsl be used, instead. Briefly, these can
refer to spectrum compatible artificial earthquakeords, which are based on random
vibration theory and wavelets and make use of spledensity function and random
phases (e.g., SIMQKE (Gasparini and Vanmarcke, )9@6 non-stationary stochastic
vector processes (e.g., TARSCTHS (Papageorgbwal, 2001)) or to synthetically
simulated records, which are generated through tmpumerical simulation of source
and travel path mechanism of a seismic event. Eeging applications of these models
are still few at the present, whereas much progsesing achieved on the models and on
their calibration (Hwang and Huo, 1994; Last al, 2000), which contextualizes the
consideration of artificial records in this studyerefore, the goal of this section consists

mainly on scrutinizing the advantages that can bend when using artificial
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accelerograms compatible with the set of selecadrecords, by direct comparison of the

structural response.
3.4.1Algorithm of generation

The frequency is the varying parameter along thratchn of the time history. The chosen
process of coming up with artificial accelerogranmsisted on generating earthquake
time-histories compatible with an elastic velocitgsponse spectrum, based on the
methodology proposed by Gasparini and Vanmarckégqjl 9ater improved by Barbat and
Canet (1994). The procedure is based on the definitf the ground motion record(t),

by a superposition of series of sinusoidal waves,ira Equation (3.9). Frequency,
amplitude and phase angle, are therefore the maying parameters, according to the

same equation.
() = (t)[ﬁ:A sin(awt +®,) (3.9)

A represents the amplitudes; each angular frequency andi is the phase angle.
Essentially, by generating different arrays of ghasgles, different ground motion records
can be generated(t) is an intensity envelope function. The algorithtarts by setting n
frequencies ;) equally spaced and phase angles randomly generated (between 0 and
2n). A group of amplitudes/A) is obtained by using the simplified relation, Bgan
(3.10), with the power spectral density functi&j),(which can be determined according to

Gasparini and Vanmarcke (1976), as in Equationl}3.1

A =255 (w) B (3.10)
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(3.11)

e

e e

In Equation (3.11)(, represents the peak factor, defined as a functighe duration of
the generated motiom,, and of a probability levep. Numerical research has shown that
for a value ofp= 0.367 (corresponding tin(p)= —1) rather good results are obtained, for
relatively short ground motion signals. is the velocity response spectrum agds the
fictitious time-dependent damping factor, a fractad the artificial critical damping factor.
Equation (3.11) has been employed by using the lsstahatural frequencyy;, with
which the integral in the right becomes zero. THpistment between provided and the

generated spectrum is best for larger values ofitination te.
3.4.2Reference response spectrum for generation of resor

Recalling one of the main goals of this sectiorgstablish the comparison of the structural
response coming from the use of real and artifigrauind motion records, in order to do
so, equivalent/comparable properties for both typesd to be established. Hence, the
generation of artificial records has been base@aguml probability response spectra and
knowledge of the corresponding Hazard distribu{idalgadoet al, 2006). By considering

a specific exceeding probability level it is possito define a reference response spectrum,

which can be in terms of peak ground acceleratfdX) or spectral acceleration(S

Defining the reference spectrum in terms of PGAsgsis in imposing the same peak
ground acceleration for the mean real responsetrgpeabtained by the peak ground
acceleration ga scaling technique (Section 3.3), and for the ilisbpble response

spectrum. On the other hand, when defining thereaf®e spectrum as a function of
spectral acceleration, the characteristics of ttracwire being analysed, namely the
fundamental vibration period, are taken into actodraking the mean real response
spectrum, the corresponding exceedance probalitel can be taken from the

isoprobable spectrum. That mean response spectuhen scaled to match the spectral

acceleration of the isoprobable at the structyversod.
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Once the reference response spectrum is definedgevhluation of the scatter levels
concerning the response of the analysed strucwihes subjected to real and artificial

records.
3.4.3Artificial ground motion records generation paramexts

The generation code established that the respgmsetra of the artificial records are
compatible with the reference one for a scatteragueed in terms of COV) lower than
20%. The main characteristics of the artificial yrd motions records are related to the
duration, the intensity envelope function’s typhe ttime step and the peak ground
acceleration. As there are no criteria establisiledesign codes for the duration, the
recommendation of a value not lower than 10 secwragsfollowed (CEN, 2005a). All the
signals were generated with 10 seconds and a ttepe f 0.01 seconds, assumed as
detailed and stable enough. A trapezoidal envelopetion was adopted for the intensity,
for which the beginning and ending time of the d¢ans function value had to be

prescribed.

3.5 Comparison between real and artificial records — stictural application

It has been stated that scatter effects causehdyse of real records have different
meaning and proportion whether if SDOF or MDOF ey& are to be considered. The
initial analysis on response spectra dispersion dfasvn scatter levels associated to
different scaling techniques. Subsequently, stratteffects on MDOF structures, which
probably constitute the case of major interesttos kind of analyses, should be further
addressed. The role associated to nonlinear featomedifferent structures makes the
nature of accelerograms and eventual scaling puseechuch more relevant. Herein, a
MDOF structure (RC viaduct) has been consideredaas study. The structure has been
subjected to the selected real records, scaleecak ground or spectral accelerations, as
well as to comparable artificial accelerograms. INear analyses have been carried out
using PNL software, which is based on plastic hsng@dels. The algorithm, developed in
the eighties, has been extensively validated, stgp@n experimental testing, for the past
few years. More information may be found in (Coatad Costa, 1987; Costa, 1989;

Varum, 1996). Studied nonlinear response effedes te ductility in curvature for critical
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sections. Statistical analysis has been applieaackerizing different results in terms of
average and standard deviation/coefficient of viarmeas dispersion measures.

3.5.1Structural description

The structure that has been object of several dygnaonlinear analyses consisted of the
Lordo viaduct, located on a mountainous area df Isgsmicity in Southern Italy, region

of Reggio Calabria, which has been studied witthe European Integrated project
LESSLOSS (2004a). The structure is defined by tadependent and parallel viaducts

corresponding to two motorways, with slight curvatin plan — Figure 3.16.

Figure 3.16 — Lordo viaduct (LESSLOSS, 2004a).

The analysis will focus the south viaduct, defitgdpiers 1 to 10 and abutments A and B,
hence, eleven spans with variable length betweearD 110 meters, as shown in the
longitudinal profile in Figure 3.17. The deck i€@ntinuous beam composed by a hollow
composite steel-concrete girder of rectangular sseextion, strengthened by diagonal
braces, struts, flanges and transverse stiffenats diaphragms along span and at
abutments. The deck cross section has constartitheigr the major part of the spans.
Regarding the piers, they present polygonal hokaestion with two different types. For
the piers 2 and 3 the cross-section was set foroldydamics reasons, therefore, these are
the only piers with hexagonal cross-section (6mpdeed 3m wide); the remaining ones
feature rectangular hollow section with centraltdm deep and 2m wide), as in Figure

3.17. Piers 2 to 5 are supported on piles, wheheasther piers have direct foundations.
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Longitudinal profile - South Viaduct
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Figure 3.17 — Lordo Viaduct — South viaduct londihal profile and cross section of the piers
(LESSLOSS, 2004a).
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The structure is schematically illustrated in Feg3r18 and the critical sections in terms of
ductility demand, defined from preliminary analysese marked. For the subsequent
applications, due to similar ductility demand leyebnly the P3-related results will be

presented.

F1 Pz F3 F4 F& P& BT Fé F4 F10

=4 4 T T T =

Figure 3.18 — Lordo viaduct — critical sections:d?@l P4.

3.5.2Real records — original and homogeneous bases

Effects of the original set of accelerograms ondtnacture are represented in Figure 3.19,
left. As expected, the original, unprocessed seteobrds yields quite scattered results,
across all intensity levels (each line representgval). The graphical representation
enables the expedite conclusion that peaks areciatsth to accelerograms causing
instability, which advocates for the use an aggdregatechnique similar to the one

performed for response spectra in Section 3.2.21eé5sribed in that section, a new cluster
analysis was therefore carried out. Linear deperelbetween variables was not evaluated
but Euclidean distances were measured instead.cllis¢er analysis highlights similar

elements, which allows disregarding records causiteg major scatter effects, hence,
leading the original set of results to a higher bgamneity level, as illustrated in the same
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figure, on the right. The new reduced set of rasualtrresponds to 15 of the initially

selected records.
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Figure 3.19 — Ductility demand at LORDO viaduct floe original (left) and reduced (right) base

of real records, for the different records, scaledording to peak ground or spectral acceleration

(Pier P3).

3.5.3Minimum necessary number of accelerograms

The initial set of records includes twenty accaljeams whereas the homogeneous base

has been set with fifteen accelerograms. When icgrrgut nonlinear dynamic analyses,

the use of whether twenty or fifteen records wiffiditely be more representative and

advantageous in the assessment of the scatter dartun structural performance

predictions. However, twenty accelerograms implygual number of different, dense and

often time-consuming analyses, possibly leadingpvo feasibility levels. The number of

records to use for seismic analysis will not neaglsshave to be that large, given that it is

expected that the engineering demand parametdalka, ssuch as ductility demand, will
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stabilize, for a given tolerance, around a spedsifilte. It can then be worthwhile to look
into the possibility of reducing the number of reto a minimum able to adequately

represent the whole set and produce the same mediafmstructural response.

A former reduction procedure on the number of résdras already been applied to the
original set of twenty accelerograms by removing imost diverging ones through cluster
analysis, as detailed in Section 3.2.3. It is thdug be possible to again reduce the fifteen
records from the homogeneous base and still achfevesame mean structural response
(ductility demand). The adopted procedure to stily intended reduction was based on
quite simple considerations, although other studiiade gone through this matter on the
basis of confidence intervals (see Section 2.32mples of 3, 4 and so on, up to 10
accelerograms, were defined randomly. Thpossible number of distinct samples of a
certain sizep, is thus given by combinations af p to p. For each sample, the mean
ductility demandX;, and the coefficient of variation (COV) to the &fe mean valueX,

taken from all the 15 elements, is computed, acogrb Equation (3.12).

COV=\/

o B

(X =X) (3.12)

n
i=1

X

Representing COV as a function of the sample dimaen®ne may expect to identify a
number of accelerograms that guarantees a satisfalciw distance to the “real” value,
which refers herein to the average result cominghfthe homogeneous non reduced set of
records. Figure 3.20 presents the curves obtaindtet critical piers cross sections, for
several seismic intensity levels. The results li@r temaining piers have been found to be

similar.
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Figure 3.20 — Ductility demand COV according to pésize (Pier P3).

General scatter increases with the increase inmeanity, i.e., intensity level, which is an
expected feature, even though major differencesecopnfor peak ground acceleration of
29, only. Moreover, it can be observed how the e rate along with the sample size is
rather constant and, hence, it is difficult to defa number of records complying with the
defined goal. Notwithstanding the difficulties interpreting the results, a deceleration in
the COV decrease is slightly visible from 6 recootisand it is interesting to notice how
the dispersion level with respect to the real mealne can be seen as reasonably low —
mostly below 20%. If at least 6 records are considiethe COV lies around 10%. Using 7

records, instead, that amount is never reached.

The number of seven records is actually mentiongdhle EC8 (CEN, 2005a) as the
minimum necessary for the average of the individ@sponses to be used, which is
reassuring, especially when the focus is on reards. In case less than seven nonlinear

dynamic analyses are carried out, the maximum respshould be used.
3.5.4Artificial records

Considering the conclusions just drawn on the bletaumber of accelerograms to carry
out nonlinear dynamic analysis, the use of sevéfical ground motion records seems a
rational option, at least for a starting point. Mdékely, and due to expected increased
homogeneity, less than seven artificial accelemogravill be enough to obtain a stable
median result. The ductility demand for each of #sven records, over the different
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intensities, is represented in Figure 3.21, fordtigcal pier cross section. As expected, the
scatter characterizing results is much lower degpi fact that one of the records still falls
relatively out of the general panorama of figerbased artificial accelerograms. The effect

of one outlier will be, however, easily absorbedloy mean or median value.
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Figure 3.21 — Ductility demand at pier P3 for tinéfiaial records base, for different intensity

levels.

3.5.5Comparison of results

The use of artificial records as an alternativeeal accelerograms, or vice-versa, is still
matter of discussion, hence, the comparison ofnemging demand parameters (ductility
demand) mean values as well as the associateérseetien using both types of records is
pertinent. The initial set of real accelerogranmsti@l real) and also a new set involving

only the most similar 15 accelerograms (selecteal) revere used for analysis and

comparison. For the purpose of comparing the pmdioce of real and artificial records,

the minimum number of 7 records has not been useshghat, apart from the 10%

residual, the outcome is the same. Furthermoredhgarative endeavour was developed
for the two scaling techniques previously selecigghk ground acceleratiopga and

spectral acceleratiosd). Artificial records were generated in agreemastyvell.
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Figure 3.22 — Coefficient of variation for the dlist demand, according to the different scaling
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Figure 3.23 — Mean ductility demand for differecékng techniques and types of accelerograms.

According to Figure 3.22 real accelerograms scatambrding to peak ground acceleration

(pga yield the highest scatter levels, even if considethe selected base of records. The

same happens for the casepgfascaled artificial records, when comparedstescaled

ones. Nevertheless, artificial accelerograms, ge@aed, feature the lowest dispersion.

When using real records scaled by means of speatcaleration at the structural period

(sa) the coefficient of variation lies between the tmentioned categories. If the selected
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real base is used, instead, the dispersion assddi@pga scaled records moves closer to
the one obtained witba scaling technique applied to the initial set afederograms.

With respect to the mean ductility demand, Figu33considerably higher mean values
are obtained when usirmmpa scaled records and the initial base whilst ratbeer ones
(around 50% of the maximupga numbers), and the lowest at the same time, coome fr
the use ofascaling technique, which yields similar result®ath initial and selected base
of records. Employing artificial records, insteadain, intermediate or close pga initial
real values for the ductility demand are obtaingdich may denote an underestimating
trend for thesaresults. Typically, all the alternative approactessd to differ more among
each other, in terms of median values, as thesitielevel increases, whereas, considering
COV, the difference tends to reduce, which candatageous from a collapse or near-
collapse limit states analysis point of view. Thetility demand estimates obtained when
carrying out the analysis with artificial record® generally in between the ones coming
from initial and reduced set pfascaled accelerograms, which accounts for validitye
use of artificial records, involving a lower numbsEranalyses, as an alternative input to

nonlinear dynamic analysis.

3.6 Conclusions

The definition of the seismic action, together wathof the subsequent issues, is related to
the type of analysis. If nonlinear dynamic analysisonsidered, seen as the most accurate
way of estimating the structural response, the nseisaction is represented by
accelerograms; their selection, in number and tgpaling or homogenization has proven
to be no straightforward task. This chapter intehdeprovide a contribution, firstly, to the
matter of choosing between real ground motion @xoor artificial accelerograms.
Approaches to deal with the scatter, usually laagspciated to the real records have been
addressed, as well as the topic of how many redordsnsider. A revisiting of traditional
scaling techniques, also seen as intensity megshass been carried out focusing on
records or response spectrum base quantities. Muwheanced, yet preliminary,
displacement-based intensity measures have also freposed. Finally, a comparison

between the use of artificial and real recordsetiamn the structural response of a bridge
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MDOF system, has been presented. The main obsmmgadnd conclusions are discussed

next.

A first approach to the consideration of real rélsossue has again emphasized the
considerable existing scatter, through the analysisa database of real
accelerograms. A “filtering” technique, based aatistical clustering analysis, has
been applied to the initial set of records, in ort® harmonize the database,
eliminating the individuals considered to be stai#ly out of the group. The
technique revealed itself easy to apply, making afsproper statistical tools and

the so called homogeneous base was then obtained.

Apart from selecting the most significant records &nalysis, having eliminated
the most “distant” ones, the most efficient paraneb use when standardizing
them to a comparable level has been looked forisitang the typical used
measures, adding some less used ones. The compasaidy considered eight
parameters, based on records or correspondingmes@pectrum quantities: peak
ground acceleration; square ground motion; rooasglground motion; mean-
square ground motion; root-mean-square ground motgpectrum intensity;
spectral acceleration and power spectrum areadidpersion around the spectral
ordinates, measured in coefficient of variation, swavaluated for the
correspondingly scaled accelerograms. In genethltha parameters behaved
similarly and it has been observed that, givenlatively heterogeneous database
of 20 ground motion records, the traditionally ugeebk ground and spectral
acceleration intensity measures performed supgriaith respect to reducing the
scatter around spectral ordinates. Such observéd@inires two positive aspects;
firstly, it goes along with most of past researabrikvon this matter; furthermore,
despite the development of more refined intensigasares, recently proposed by
some authors (please refer to Section 2.3), thitabiay of Hazard data for such
measures is very limited, if not inexistent (thtsed not happen with peak ground
or spectral acceleration, which have been widelgdus The latter becomes
particularly important within a probabilistic vulrability assessment framework,
such as the one carried out in Chapter 6, whichireg| the seismic action to be
defined probabilistic. Indeed, typically, the prbbi#y density functions for the
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seismic action are available for the peak groundelacation (or spectral

acceleration, sometimes) intensity measure.

Moving forward in the intensity measures subject,aalvanced formulation, yet
simplified in terms of analysis, has been studidthe proposed spectral
displacement-based intensity measure was basederedtablishment of limit
states (defined through material behaviour) andesponding secant periods,
determined by means of nonlinear static analysi$fei@nt pushover analysis
types, as well as damping-based reduction fadange been tested in an ensemble
of fourteen bridge structures and ten ground motiecords. Interesting trends
between the results of nonlinear dynamic analysisiatensity measure have been
encountered, although further development will leeded, so as to improve its
efficiency. Indeed, some difficulties have been niduin the definition of
displacement based theory simplified quantities generalized bridges, such as
reference node location, which is somewhat expecjeén that bridges are well-
known for its potentially high irregular behavioum height and plane.
Nevertheless, the experienced shortcomings haveprmtented the proposed

measure from revealing itself as promising.

A structural application to investigate the vialyilof using artificial accelerograms,
when compared to real records, with respect tosthectural effects (engineering
demand parameter considered as the ductility ivature at the piers) in an
irregular viaduct has been carried out. Artifiaiatords constitute a very attractive
alternative for two main reasons, which motivateel $tudy. Firstly, the (complex)
process of selection and scaling of real recordsldvibe avoided. In addition,
within a safety assessment procedure based omeanldynamic analysis, such as
the one in Chapter 5, the number of records torasstcurate results would be less,
with respect to real accelerograms, enabling tbeeefsignificant savings in
computational demand. The clustering technique wWesein applied to the
ductility demand coming from the use of the initi@se of accelerograms, leading
to the homogeneous base of records. Such procedig@ctually something new,

given that a selection on the basis of a MDOF systsponse was employed.
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In order to avoid numerous nonlinear dynamic areya simple parametric study
was carried out to determine the minimum numbereafl accelerograms that
would lead to the same results of the homogenea@se Kwithin a specified

tolerance). It has been observed that 7 records¢dwepresent a good compromise
between feasibility and significance. To summarstarting from a 20-record set, a
homogeneous base of 15 records has been derivadcfustering analysis and, in

the end, a 7-record database could be used, agsuteptable representativeness.

A simple algorithm of generation of artificial reds was then selected and 7
accelerograms have been obtained, following thelosions of the study on the
number of records. The comparison with real recdaoigginal and reduced set)
scaled in the two traditional intensity measurest terformed best (peak ground
acceleration and spectral acceleration) was thetedeaout. The major conclusions
pointed the use of artificial records as valid, gehservative, with logically much
lower scatter levels, standing between the mediéecteof the original set of
accelerograms, scaled by mean of peak ground aatiele and spectral

acceleration.

Once duly characterized, the seismic input willapplied to a proper nonlinear model of

the structure. As certainly not exempt from disaussthe structural nonlinear modelling

task will be addressed in the following chapter.
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The structural modelling topic is typically knowmrfcomprising a high number of
challenging issues, some necessarily calling oua$sumptions to be made and some in
need for further development. Apart from the choioe the sort of model to use to
represent the bridges to study, the option betvikees or plastic hinges as the mode of
characterizing the material nonlinearity, the mimsportant within bridge analysis (see

2.5), is another determinant aspect.

This chapter will consist, therefore, of detailimgpdelling aspects surrounding the work
that has been carried out. A brief mention to tyy@etof models that have chosen to
represent a set of bridges is initially carried, aistinguished in accordance with the sort
of material nonlinearity that is respectively calesied, the computation tools and analysis
procedures that are available. The used materidetepconcrete and steel, are afterwards
contextualized and described, highlighting the ptiadities that lead to their choice.

Finally, and recognizing it as one of the curreay kssues, a parametric study is carried
out to compare the use of lumped (plastic hingegistributed (fibre models) plasticity

for the nonlinear material modelling.

The models that have been considered, in termgatias configuration, were selected
considering different criteria. Regarding the comapion available tools, the lumped

plasticity models were idealized using software 380 (Computers&Structures, 2006),
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defining the plastic hinge constitutive law by meaf a fibre based cross section model in
BIAX (Vaz, 1992), whereas fibre models were bujit wsing SeismoStruct (SeismoSoft,
2008). Both of the computer programs enable 3D éranodels, which are, as stated in
(Casarotti and Pinho, 2006), currently the best promise between simplicity and
accuracy, providing reasonable insight on the seismsponse of both members and
global structure.

4.1 Material models

A brief discussion on the concrete and steel maiiaishave been used to characterize the
bridge piers cross sections is in what follows. Yéhs steel has been defined recurring to
the same base model, concrete behaviour, more eanapld less standardized, has been
characterized through different approaches, depegndn if plasticity is concentrated or
distributed.

4.1.1Concrete models

Several concrete models are available in the titeeawith different sophistication levels.
The importance of highly refined concrete modelghie moment-curvature response of
reinforced concrete cross sections has been cadims not too relevant, in accordance
with analytical studies conducted by Aktan and Erd®79). This is most likely due to the
fact that the expected ductile behaviour of RCisastwill rely essentially on the steel
contribution, rather than the concrete one. Thisnnfeature will be of great importance
when carrying out, ahead, comparison parametratiesithat make use of distinct concrete

models.

The typical concrete monotonic behaviour goes thinorelatively well defined different

damage stages, from initial cracking to rupturee Ttress-train diagram has a first
approximately linear region which lasts until ardumalf of the maximum compressive
strength is verified. From that point on, a nordindehaviour stage follows, classically
assumed as parabolic, caused by the consideraffiest reduction due to cracking. The
end of the ¥ degree polynomial branch corresponds to the peakpressive strength,

which can be more or less evident, depending orthenh¢he strength level is high or low.

After the stress peak, the resisting compressikesstdiminishes significantly until the
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ultimate strain is reached, corresponding genetallgbout 20% of the compressive peak
stress. That last descending portion is modelldahaar. Tensile concrete strength may be
assumed, typically between 10 and 20% of the cosspre strength. As very low

contributing to the behaviour under bending fordés, tensile strength turns out to be

generally neglected.

Early proposals for concrete model constitutivessrstrain relationships came up in the
mid-late 1960s, by Shinat al. (1964) and Karsan and Jirsa (1969), both based on
experimental tests of a large number of concreliadsrs or cubes, subjected to uniaxial
compression. These were considerably preliminaryets) which were, nevertheless,
useful to study and recognize cyclic loading antbading path features of the concrete
material. Afterwards, from the decade of 1970 twe, humber of proposals continued to
increase, together with several variants and maatibns, as summarized in a work by
Yeh et al. (2002), referring to seismic performance of regtdar hollow bridge piers,
which considered nine different stress-strain regidar reinforced concrete models and
found no significant dispersion in different modaledictions, in particular for the
moment-curvature plots. The selection included wethwn and widely spread out model
from Kent and Park (1971), in its unconfined andfowed versions; the modified Kent and
Park model by Par&t al. (1982); a model proposed by Muguruetaal. (1978), similar to
the confined Kent and Park model with a differeméss-strain curve shape and ultimate
confined concrete strain; the Sheikh and UzumerdehdSheikh and Uzumeri, 1980,
1982), similar to the modified Kent and Park modelcept for a flat ultimate strength
within a strain range; the popular Man@gral. approach (Mandest al, 1988a; Mandeet

al., 1988b), which makes use of a confining pressufect the shape of the stress-strain
curve; a proposal from Fujet al. (1988), a model that is similar to the Muguruetaal.
(1978) model except for different control param&ter modification of the modified Kent
and Park model with effective confining pressurethe rectangular cross section in both
directions, presented by Saatcioglu and Razvi (1992 a model from Hoshikuma and
Nagaya (1997), which does not use effectively cwdicore area and suggests a residual

strength of half of the peak compressive strengtarge strain.

The lumped plasticity models, carried out in SAR2Z0Qising a RC cross section
constitutive trilinear law defined in BIAX (Vaz, 99), make use of the modified

Kent-Park model, whilst the fibre-based finite et models idealized in SeismoStruct
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considered the Mander-Priestley-Park model. Botthei are described in higher detail,

as follows.
4.1.1.1Modified Kent-Park model

The concrete nonlinear behaviour proposed by Rarkal. (1982) is basically the
modification of the originally presented by KentdaRark (1971), approximately one
decade before. Such initial model takes into accthenconfinement effect in the concrete
ductility, provided by the transverse reinforcemstieiel but not the corresponding increase
in the compressive strength. The modification earout by Parket al. consisted of
introducing a confinement factok, which accounts for the confinement phenomenon
when predicting the compressive strength, as wall the corresponding strain.
Additionally, it features a reduction in the slopkethe descending branch in the tension-
strain diagram, reproducing the improvement in ¢becrete ductility provided by the
confinement. The stress-strain diagram is represeint Figure 4.1, where three distinct

branches, defined from points A to D, are distisped as follows.
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Figure 4.1 — Modified Kent-Park model — confinedhcete stress strain envelope diagram for

monotonic loading.
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The confinement factok, is given by Equation (4.4%n, related do the slopéy, of the
descending branch B—C, is defined in Equation (&5} the longitudinal concrete strain,
o¢ is the concrete compressive stress, (in MRa$, the unconfined concrete compressive
strength (in MPa);&oc is the concrete strain corresponding to 20% of rieximum
compressive strength, in the branch BH(; is the yielding stress of the transverse
reinforcement steel (in MPay, is the ratio between the transverse reinforcensesg|
volume and the confined concrete volurhes the confined concrete width asds the

transverse reinforcement steel spacing.

f
k :1+@ (4.4)
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The specific rules to model the concrete behavimdaer repeated loading were originally
proposed by Parlet al. (1972) but it has been foreseen that alternativesr from
Thompson and Park (CEB, 1983) are more realistit vaere hence employed together

with the stress-strain model.
4.1.1.2Mander-Priestley-Park model

The most interesting feature of the model propdsedlanderet al. (1988b) is probably

that it is fairly generalist. Indeed, it is possibto explicitly consider the sort and
arrangement of the transverse reinforcement statin a similar procedure to the one
adopted by Sheikh and Uzumeri (1979), when devetppheir model under monotonic
loading. The stress-strain constitutive relatiopgkiillustrated in Figure 4.2 and is given

by the expression in Equation (4.6), in which tlagiables assume the following indicated

meanings.
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Figure 4.2 — Mandegt al. stress-strain model for confined concrete undaratanic loading.
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c

f'c is the confined concrete compressive strengtls the longitudinal concrete straifyo
is the unconfined concrete compressive strengghs the concrete strain corresponding to

f'co; X is the ratio betweed, and &, given by Equation (4.7Y), in turn, is defined in
Equation (4.8).

£, = gc{l+5[ :“ —1]} 4.7)

r :—CE; E,=5000 f, and E_. .= f_ /e, (4.8)

C sec

Within the fibre modelling that has been carriedt de cyclic rules proposed by
Martinez-Rueda and Elnashai (1997) have been U$exconfinement effects provided by
the lateral transverse reinforcement were, in timegrporated through the rules proposed
by Manderet al. (1988b) whereby constant confining pressure isiragsl throughout the
entire stress-strain range. The model considerditiadally, tensile strength, even if
evidently residual, which depends on the compressimin behaviour. It is assumed that
for & > &, or as soon as cracking occurs, for the followiogding cycles, the tensile
strength becomes null.

4.1.2Steel models

Steel is, by nature, a less complex than concretavng material, which will be reflected

in the number and sophistication level of availatledels. Indeed, the steel monotonic
behaviour can be essentially divided in three stagdirst branch, linear, where stress is
constantly proportional to the strain; a secondemgtthe stress is practically constant for

increasing strain, the yielding plateau; and alfimdnere the stress increases again until
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rupture occurs. Such typical behaviour refers torbled steel, whereas cold rolled steel
does not exhibit the yielding plateau, with highemsile strength and lower deformation
capacity. Some of the steel models are developetherbasis of material constitutive

theories; however, the majority of those are phesrastogical models that characterize the
macroscopic response on the basis of experimeatal @he fundamental characteristics of
the steel response are relatively simple, thus,ajmgropriate material model not only
predicts such response with reasonable level ofiracg but is also calibrated to fit

experimental data with relative ease.

A number of models characterizing the responsesiofarcing steel subjected to reversal
cyclic loading on the basis of microscopic materésponse were identified and discussed
by Cofie (1984).

More representative models for the response offamiimg steel subjected to reversing
cyclic loading can be achieved through the use f@npmenological models in which
nonlinear equations are calibrated on the basiexperimental data. Several models on
such basis have been proposed, since one the dpptoaches, in 1943, from
Ramberg and Osgood (1943). Bertero and Popov (1@&8ented a model consisting of a
monotonic stress-strain law defined by seven ppitkan-Karlson-Sozen (CEB, 1983)
proposed stress-strain relationships made up of fmmes, between tow consecutive
loading reversals; Pinto and Giuffre (1970) camewifh a more complex behaviour
model, including asymptotic representation of handg and Bauschinger effects. Shortly
after, Menegotto and Pinto (1973) applied the @G@&into model, systemizing a set of
nonlinear equations describing steel behaviourclwberved as a base for a bunch of other
improving models: Stanton and McNiven (1979) imm@dvcomputational efficiency;
Filippou et al. (1983b) worked better on the unloading responsth faoth reasonably
accurate prediction of response and relatively Bmpplementation and calibration;
sophisticated Chang and Mander (1994) model acedufur cyclic strain hardening,

providing quite accurate predictions of steel resgo

Both lumped and distributed plasticity models haween defined taking the same
Giuffrée-Menegotto-Pinto steel model, eventually leggh with further refinement for the
case of the SeismoStruct fibre models. A more Betalescription of the main aspects of

such model is carried out next.
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4.1.2.1Giuffré-Menegotto-Pinto model

The Giuffre-Menegotto-Pinto model, used to desctitgecyclic behaviour of the steel was
originally elaborated by Pinto and Giuffre (1970 ddater improved by Menegotto and
Pinto (1973). It manages to model the changesfineds and strength of the steel, due to
the inversion during cyclic loading, through cundesveloped within four asymptotes, such
as illustrated in Figure 4.3: two, parallel, witlbfge E;, based on the elastic branch of the
monotonic diagram, and two other, parallel as weith slopeEs;, corresponding to the

post-yield hardening stiffness.

Os 51

&s

Figure 4.3 — Menegotto and Pinto stress-strain ifodeteel under cyclic loading.

Loading and unloading paths are completely involiegdhe monotonic loading bilinear
behaviour law. The general expression for the stsé®in relationship is given by
Equation (4.9), where effective strain and sti@ss &) are function of the unload/reload
interval; b is the ratio of the initial to post-yield tangestiffness andR is a parameter that

defines the shape of the unloading curve, repraggtite Bauschinger effect.

0" =([-b);——yr+be’ (4.9)
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Within the fibre modelling, computation implemembat carried out by Montiet al.
(1996), initially performed by Yassin (1994), wased, together with the modification
introduced by Filippowet al. (1983b), to include isotropic strain hardeningisTik actually
considered to be one of the most accurate and on@memodels to use, combining

computational efficiency and very good agreemeth @xperimental results.

4.2 Material nonlinearity approaches

Two main ways are currently followed when the pggas to account for the nonlinear
material features: lumped and distributed plasticibdels. Within this topic, in the section
that follows, each of the alternatives is looketb ihigher detail, with particular emphasis
on critical issues. A few calibration studies weseried out, prior to the comparison of

bridge response, obtained using each of the pigstmodels.
4.2.1L.umped plasticity models (plastic hinges)

When considering a concentrated plasticity modwe, monlinear behaviour of the bar
elements is located in a rotational spring in ettremities of the elastic behaviour part of
the element. Indeed, and regarding the particypli@tion to bridges, studies carried out
in the recent past have shown that bridge piers haslear tendency to assume a nonlinear
behaviour in well defined regions, which somewhaal#es the plastic hinge approach
illustrated in Figure 4.4 (Monteiret al, 2008b).

I

Figure 4.4 — Plastic hinge development at the bottba pier subjected to horizontal load.

4.10



Nonlinear Modelling

Nevertheless, this kind of simplified model should handled with care given that
accuracy of the results may be compromised whenutfe® does not have reasonable
know-how on calibration of inelastic elements pagters. The assumption of the
concentrated plasticity zones for the structuraimgnts, with corresponding plastic hinges
formation is currently used to estimate the redébheation capacity, taking duly account
of the material nonlinear behaviour. Using thisckiof approach, the nonlinear analysis
process becomes greatly simplified, namely to wbanhcerns the numerical data
processing. The deformation capacity of the elerdepends on the ultimate curvature and
plastic hinge length; different criteria used foe efinition of these parameters may imply
a different deformation level. Within the currenbnk, different possibilities for the

definition of the plastic hinge length were consatkin a short complementary parametric
study. Moreover, the characterization of a plasticge requires a moment-curvature
diagram to be defined, or other “equivalent” onéjcl is obtained from the monotonic
loading of the cross section. The carried study Ueed, for the plastic hinge models
analyses, the bar finite element program SAP200@m{iiters&Structures, 2006) and
BIAX (Vaz, 1992), developed at University of Portéor the moment-curvature

constitutive laws.
4.2.1.1Plastic hinge constitutive law — trilinear curve

The plastic hinges constitutive law, commonly espeal in terms of moments-curvatures,
is probably the crucial contributing element withanlumped plasticity model analysis.
That law, representing the behaviour of reinforcedcrete sections subjected to bending,
usually exhibits a trilinear approximate formatfided by cracking, yielding and rupture
(Park and Paulay, 1975). Its definition has begmncally achieved by means of a fibre
discretization of the cross section of the elemieeing considered, from which the
nonlinear behaviour characterization is intendeathds the methodology employed by the
aforementioned fibre analysis algorithm BIAX, used improved for hollow bridge pier
sections in (Delgado, 2000). The section is theeefliscretized in fibres with longitudinal
uniaxial behaviour, which are analysed for biaxiahding, for a given axial compression
force, but neglecting shear effects. Fibre detiliinistinguishes unconfined and confined
concrete and steel. Figure 4.5 illustrates theefimodelling of the cross section of the

bridge piers under study.
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Concrete

/— Steel

Figure 4.5 — Pier cross section fibre discretizatio

The plane sections hypothesis is assumed, catirtge strain at each fibre to be easily
computed, as well as corresponding tension, makisg of the employed material
stress-strain relationships for the monotonic logdi

Alternatively, the moment-curvature diagram undernotonic loading can be obtained
through a mechanistic procedure, in which the thoferacteristic point of the referred
curve, cracking, yielding and ultimate points, esenputed using steel and concrete stress-
strain models, as defined, together with geometraracteristics of the section. Aréde and
Pinto (1996) carried out an efficient implementatiof this procedure for a generic
T-shape reinforced concrete section, which can rbeceoectangular, given that the
algorithm is general. The characteristic moments @mrvatures are obtained by applying
imminent state conditions (known strains or stressalong with elementary static
principles, provided the external axial force isowm. This sort of monotonic loading
trilinear curve definition is particularly usefukithin the context of such global section
models, particularly when dynamic calculations va#veral loading steps, are needed in a
large number, as has been done for probabilistetysassessment — see Chapter 6.

4.2.1.2Plastic hinge length and location

The plastic length is equally fundamental withinlumnped plasticity approach. The

accuracy of the element behaviour, when admittireg honlinearity is concentrated in its
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extremity portions, where curvature are assumedietaconstant, depends on a correct
estimation of the development extent of such behaviwhen duly characterized, the
limitation of the plastic effects to a delimitedrpon will enhance major computation
effort savings. The definition of the mentionedddnis not, however, straightforward,

given the theoretical and physical complexity & ghenomenon.

The plasticity length to be considered is majoryirnked according to the extent where the
longitudinal reinforcement bars have yielded. Thare, nevertheless, other important
phenomena that occur, such as the vyield penetratidustrated in Figure 4.6,

corresponding to an additional rotation at the bsigeport of the element, due to the
physical inability for the curvature to go from aeto its maximum value in an

infinitesimal length, leading to an extra rotatidwditionally, the plastic hinge length can
be “spread out” as a consequence of the shearsfareeking, when the plane sections

theory loses validity and steel deformation becolaeger than the computed one.

Shear effect
(Yield penetration)

b 7 e P = ?ﬂﬂlll/[ll’llllllll;/‘l’lj
\—l Model distribution Real distribution
Figure 4.6 — Idealization of curvature distributi¢eft) and real curvature distribution, accounting

for yield penetration and shear effedgft).

Several empirical expressions have been proposed the years for the plastic hinge
length, Lp, since the first approaches from Baker, CorleySawyer, as documented by
Park and Paulay (1975), in which it was essentiabgumed that the such length is
proportional to the distance of the critical potot the point of contraflexure. More

recently, Priestley and Park (1984), supported bgrge number of experimental tests,
pointed out for the plastic hinge length to be oeably estimated by half of the element

cross section height, according to Equation (4.10).
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L, = 05h (4.10)

A few years later, Kappos (1991), based on expariah¢ests from Canterbury University
as well, resented the expression in Equation (4fbi)the plastic hinge length, based on

the element length, and longitudinal reinforcement steel bars diameke

L, = 008l +6d, (4.11)

Paulay and Priestley (1992) refined the proposamfrKappos and came up with
Equation (4.12), which includes the steel yieldstigngthfs,.

L, = 008l + 0022, f,, (4.12)

The more recent version of this approach ended aipgbpresented by Priestleyt al.
(2007), re-including the distance to the point ohttaflexure Lc, as in the expression of
Equation (4.13), wherk/fsy is the ratio of the ultimate tensile strength tel¢ strength of

the flexural reinforcement.

L, =KL, +Lg, = o.z( : —1} + 0022f 4, (4.13)

sy

If the ratio is high, plastic deformations are extpd to spread away from the critical
section as the reinforcement strain-hardens, wkeeedow value will correspond to

concentrated plasticity close to the critical sattieading to lower hinge length.

Eurocode 8, in Part 2 — Bridges (CEN, 2005b), press as well an expression for the
estimation of the length of a plastic hinge ocawgrat the top or the bottom junction of a
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pier with the deck or the foundation body, with ddadinal reinforcement of yield stress

fsyand bar diametet,, as in Equation (4.14).

L, = 010l + 0015f d, (4.14)

As demonstrated, the number of different proposals for the lengthifepsiun of the

plastic hinges is high and, therefore, a small parametric studyeleascarried out with the
purpose of selecting one of the approaches for both comparativevsitindffore models

and subsequent nonlinear dynamic analysis (see Chapter 6). The ceiusigted of
performing a simple pushover analysis of a single pier suppatethe bottom,
corresponding to one of the piers of the considered case study, ddscariBection 4.3.
The pier is 14 meters high, discretized in seven elements withngedar hollow cross

section outer dimensions of 2.0x4.0m and constant widtai,(as in Figure 4.7.

Figure 4.7 — Single pier used to calibrate thetjgdsnge lengthleft) and corresponding cross
section (ight).

From the presented alternatives for the plastic hinge length, threeblean selected for
comparison: Kappos, Priestley and ECS8, corresponding to Bqgaaf4.11), (4.13) and
(4.14), which represent the most recent/improved versions of fleeedhif authorships. The

length obtained for the different tried versiohgi( Ly> andLys) is presented in Table 4.1,
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whilst the corresponding base shear-top displacemenes, obtained with SAP2000, are
plotted in Figure 4.8.

Table 4.1 — Plastic hinge length for different vens.

Equation Plastic hinge length (m) Designation
(4.11) 1.24 Loz
(4.13) 1.55 Lps
(4.14) 0.77 Lps
\
(kN) 300C
2500 |
200C |
1500 |
100( — L
— Ly
500 | — Ly
0 : : : : d (m)
0 0.5 0.10 0.15 0.20 0.25 0.30 0.35 0.40

Figure 4.8 — Capacity curves for different plasiitge lengths.

The numbers in Table 4.1 feature considerable tsgpe with the proposal from Priestley
consisting of a plastic hinge length that is apprately the double of the EC8 one.
Nevertheless, as expected, the results in termsapécity curves do not differ much,
especially for what concerns the ultimate basersi@athe other hand, the use of different
plasticity lengths passes on to the displacemerdkiton, when the structure enters the
inelastic field. The size of the difference betwagproaches increases with the inelasticity
level: the yielding plateau is reached much latbemvusing Priestley’s approach, which

corresponds to the longest plastic hinge.

Another relevant parameter, from this concentraikesticity perspective, is the plastic
hinge location in the element, which, accordinghe used software package, SAP2000,
can be at any position within the ending portiorthe discretized bar. A study to on this
location parameter has been conducted, analogtushe plastic hinge length one. Three

location points have been tested, correspondintgedottom ph0), half (Ph0.5 and top
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(ph1) of the bottom element of the pier, which is 0.lamg. The plastic hinge length has
been estimated according to the formula proposéa€dmpos, which provided intermediate
results. The capacity diagrams, illustrated in FeglL9, reveal that the plastic hinges-based
computation assumes the nonlinearity features cetelyl concentrated in the specified
location, using the plastic hinge length to deteerthe rotation for that specific location.
Indeed, if the plastic hinge constitutive law israduced in moments-rotations format, the
specification of its length is exempt.

Vb

(kN) 3300
3000 -
2700

2400
2100 1
1800
1500
1200
900 -
60C
30C

0

— phO
— ph0.5
— phl

| | | | | | | | | d (m)
0 0C2 004 006 008 010 012 014 016 018 020

Figure 4.9 — Capacity curves for different plasiiege locations.

The plastic hinge is “triggered” as soon as thecdothat is being controlled (usually
bending moment) reaches the first inelastic momeéetined in the plastic hinge
constitutive law. From that step on, deformationcamtrolled by that constitutive law.
Consequently, by shifting up the location of thastic hinge along the bottom pier
element, supported at the base, according to thagtrlar moments’ diagram that is
installed, the base shear activating the plastigenibbehaviour is reached later. The closer
to the base the plastic hinge is located, the Idverglobal force able to trigger it will be.
Such finding justifies the differences found in g 4.9, which have been found, apart
from being negligible (variation in maximum baseeah less than 5%), to be mainly

related to the maximum attainable base shear dgpather than the curve shape itself.

4.17



Nonlinear Modelling

4.2.2Distributed plasticity models (fibres)

A structural model that includes material nonlimain a distributed fashion, using finite
fibre elements, is able to characterize in highetailithe reinforced concrete elements and
thought to capture more accurately response effmttsuch elements. Geometrical and
material properties are the only required onesqpati According to Casarotti and Pinho
(2006) a fibre model manages to represents theagain of the nonlinear effects over
the cross section of the element as well as altmigxtension. Consequently, higher
accuracy in the structural damage estimate isnattiaieven for the case of high inelasticity
levels. Fibre based analysis may have numericaitieal using a stiffness or flexibility-
based formulation. Differences between the two ipdges have been studied in
Papaioannoet al. (2005) and the choice for the classic formulatiased on the stiffness
matrix developed by Izzuddin (2001) has been mRdethis kind of models analysis, the
fibre-based finite elements software package Seftraot (SeismoSoft, 2008), which
basically performs 3D finite element modelling, wibehaviour prediction for high
displacement levels of structures subjected tacsteitdynamic loading, has been chosen.
Material nonlinearity and second order effects taken into account. A stiffness based
cubic formulation is used to represent the deveklunof the inelasticity along the
element, together with axial load and transverstordetion interaction. Numerical
integration makes use of two Gauss points per elena@d the reinforced concrete cross

section is discretized in fibres, as shown in Fegdir 0.

One of the main advantages of the use of fibre fsddeprecisely the fact that there is no
need for calibration regarding input variables, efthiare limited to the material and
geometrical properties of the elements. Indeedhiwitn uniaxial 2-node finite element
formulation, the variables that might be adjustexlidd be mainly the number of fibres or
the elements’ subdivision. The ideal number of isacfibres, enough to assure an
adequate reproduction of the stress-strain digtabuacross the element's cross-section,
varies with the shape and material characterisiicthe latter, depending also on the
degree of inelasticity to which the element will foeced to. A number of fibres between
100 and 200 is currently used; the latter, or meresually adopted for more complicated

sections, subjected to high levels of inelasticity.
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Figure 4.10 — Reinforced concrete element dis@etia — fibre modelling approach (Casarotti and
Pinho, 2006).

Given the characteristics of the cross sectiorhefgdiers, which is double-material, and of
the analysis taking the structures to high nonlitga200 fibres have been used.
Regarding the number of elements, the extremifidiseopiers are the location for potential
plastic hinges, therefore, a possible approacho isdopt a discretization that roughly
follows such phenomenon. The adopted subdivisios, viience, to use five elements
corresponding to 15%, 20%, 30%, 20% and 15% o$thestural length of the pier.

4.3 Case study

An extensive parametric study has been conducted ssveral topics, namely, material
plasticity modelling issues, nonlinear static piha®s or probabilistic safety assessment,
using a set of bridges, differing in regularity éévin terms of piers’ heights and deck

length, and abutment types.
4.3.1Selected bridges

The bridges selected for application were obtaimgdeformulation of the configurations
used in the former research project PREC8 — Briegsearch Programme (Pingt al,
1996; Guedes, 1997), a program launched to cop&cs@f the European standard design
code ECS8 that needed to be clarified (in terms tafctural regularity, evaluation of
behaviour factors improvement of methods of analgsid of capacity design procedures).
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The referred venture worked over two basis conéigans, one regular and the other
irregular, designated Bridge 232 and Bridge 218peetively. The label numbers 1, 2 and

3 stand for pier heights of 7, 14 and 21 meterspeetively, as represented in

) 200m (4x50n )
1 1

ﬂJﬁ £ 7.0m
7.0m

Short Pier (1)
7.0m

Median Pier (2)

Tall Pier (3)
oard FTTTTT ;
v TITIIT
14.0m 1 1
3.0m | L L
0.3m — ]
Jf L - ]
6.5m L L
o4m [CTTTITT

N I

Fr Tt

0.4m 1.2m 0.4m
Figure 4.11 which illustrates the initially defined configti@n 213, together with the

structural elements that are common to the rettebridges. Different versions based on
such geometrical configurations were considerealt®ring reinforcement features of the

piers as well as existence/distribution of isolgfilissipating devices.

The bridges have been designed for a peak groucelemation of 0.35g, according to
(Calvi, 1994; Calvi and Pinto, 1995), in averag#é sonditions, following EC8 provisions.
A minimum reinforcement steel ratio equal to 0.%%4lf of the 1% prescribed by the code,
has been adopted for the piers, in order to avighiy forces to be attracted to the piers.
The deck has been assumed as elastic behavinly tloe &ridges.
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Figure 4.11 — Geometrical configuration of Bridde2nd of the different structural elements,

constituting the studied bridges.

Using the aforementioned bridge 232 and 213 cordigpns, Casarottet al. (2005),
extended the set to include deck lengths of 200 408 meters, with different
configurations as well, analysing the additionaB, 1222, 2222222, 2331312 and 3332111
configurations. The parametric studies carriedwitiin the work herein described were

based on the resulting final set of seven diffebeitige configurations.

Two bridge lengths have hence been consideredyeiadvith four and eight 50m spans),
with regular, irregular and semi-regular layouttioé¢ piers’ height and with two types of
abutments; (i) continuous deck-abutment connectguported on piles, with bilinear
behaviour (type A bridges), and (ii) deck extregstisupported on linear pot bearings

(type B bridges). The total number of bridges isstfourteen, as implied by Figure 4.12.
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Figure 4.12 — Considered bridge configurations.

The fundamental period of vibration (see Table 4a?)ges approximately from 0.3 to 0.5

seconds in short configurations and from 0.6 tos@@nds in long ones.

Table 4.2 — Fundamental transverse periods of tuliréseconds)

Configuration 123 213 222 232 | 2222222 2331312 33BR1
Type A abutments | 0.46 0.40 0.41 0.51 0.59 0.65 0.71
Type B abutments | 0.40 0.32 0.42 0.53 0.60 0.67 0.77

4.3.1.1Piers

The piers are made up of hollow reinforced concecebdss sections, as illustrated in Figure
4.13, in which the reinforcement details are ineldicas well. The concrete and steel
constitutive laws are considered as described aticBe4.1 and the corresponding defining

parameters are presented in Table 4.3 and Tahle 4.4
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Figure 4.13 — Piers cross section

Table 4.3 — Concrete properties.

Parameter
Young's Modulus (GPa) 30.5
Compressive stress (MPa) 42
Tension stress (MPa) residual
Strain at the peak compressive stres 0.002
Confinement factor 1.2
Specific weight (kN/m) 24

°2)

Table 4.4 — Steel properties.

Parameter
Young’'s Modulus (GPa) 200
Yielding stress (MPa) 500
Strain hardening parameter 0.005
Transition curve initial shape parameter 20
Transition curve shape calibrating coefficients & 18.5,0.15
Isotropic hardening calibrating coefficients, @) 0,1
Specific weight (KN/m) 77

The modelling of the piers has featured particakdntion to its bottom and top regions,
next to the ground and the deck, where the nonlibehaviour will be concentrated.
According to Priestlewet al. (1996), depending on the footing/connection coond, the

plastic hinge regions should occur within an extieam 1/10 to 1/20 of the element’s
length. On the other hand, the length of the elésnehould not be very small, when

compared to the cross section depth, which is foeters. Bearing such considerations in
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mind, the piers have been divided in seven elenwrength corresponding to 15%, 20%,
30%, 20% and 15% of the height, featuring, hengghdn refinement degree at the edges.

4.3.1.2Deck

The deck has been assumed as elastic behavingh whicommonly accepted within
design codes, due to its considerable flexibilityewen to the fact that it is typically
prestressed, not allowing plastic deformationstif@rmore, many times, isolating devices
are employed with the purpose of protecting thekdeam damaging movement of the
soil. For the particular case of the bridges heosinsidered, the deck has been modelled
by means of an elastic beam 3D element accountiegertheless, for second order
geometrical nonlinear phenomena. The geometry efdéck is illustrated in Figure 4.14
and the corresponding mechanic characteristicistesl in Table 4.5, analogously to the
1:1 scale tested model at ISPRA (Guedes, 1997).a$hemed Young's and shear moduli
are 25GPa and 10GPa=(.25). Each span of the deck is divided in eigaments, with
higher refinement in the regions over the piers aext to the abutments, only, given that
elastic elements will certainly not require largecdetizing amount. Moreover, the bar
element representing the deck is shifted from dipedf the piers of 1.508 meters, a height

corresponding to its cross section centre of mses Figure 4.14).

14.0m

L 3.0m
\ | 10.3m

0.3m G‘

1.508m 2.0m

0.25m]_ ]

| |

~ ™

6.5m

Figure 4.14 — Deck geometry

Table 4.5 — Deck properties.

Parameter
EA (kN) 1.74 x16
El, (kN.n¥) 1.34 x16
Els (kN.n¥) 2.21 x16
GJ (kN.n) 1.17 x16
Mass (ton/m) 17.4
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The connection between piers and deck is assureigjidylink elements, of residual mass,
which guarantee that only shear and axial forcespassed to the piers, so as to simulate
the shear keys supporting the deck, as schemgtregliesented in Figure 4.15, taken from

SeismoStruct model.

Figure 4.15 — Pier-deck connection through rigni lelements

It is worth noticing that the employed elastic ebahdeck modelling does not take into
account shear contribution to the deformation.

4.3.1.3Abutments

The abutments are essentially modelled througmgsgrihat intend to represent whether
the supporting on pot bearings or piles, whereagtérs are fully restrained at the bottom.
Bridge abutments design is usually carried oustwriceability limit states and afterwards
verified for the seismic demand. The use of elaspiing elements to model this sort of
structural element is common when analysing bridga&n the easiness in incorporating
the dynamic behaviour of the ground adjacent toahetment, the different structural
features of the abutment and the soil-structureraation (Casarottet al, 2005). Further
detail and approaches on the modelling of abutmeamsbe found in studies from Goel
and Chopra (1997), Megalst al. (2003), Bozorgzadeét al. (2006) amongst others.

Adopting the modelling in the work carried out bggarotti et al (2005), based on iterative
procedures or simplified approaches, the definitimin the abutments consisted of
quantifying the stiffness of the different spring®r the selected configurations, two sorts
of abutment have been defined for testing: contisuaeck-abutment connections

supported on piles (type A), with assumed bilinesnaviour, and deck extremities simply
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supported on pot bearing (type B), which featunedr response. Both cases are modelled
by means of four springs in parallel, which représeither the soil or the bearings,

connected through rigid arms, as shown in Figuté.4.

abutment
abutment  SPring
abutment spring ‘
abutment  SPring

spring

deck
rigid arms

Figure 4.16 — Abutments modelling scheme.

4.3.2Seismic action

The employed set of seismic excitations is defing@n ensemble of ten records selected
from a suite of historical earthquakes (SAC, 198Galed to match the 10% exceeding
probability in 50 years (475 years return periodifarm hazard spectrum for Los Angeles,
which corresponds, in the current endeavour, to ithensity level 1.0. Figure 4.17
illustrates pseudo-acceleration and displacemertctsp for the selected earthquake

records, with damping ratio of 5%, together with thedian spectrum in thicker line.

Additional intensity levels, linearly proportiontd the latter by a factor of 0.5, 0.75, 1.5,
2.0 and 2.5, have been also considered, with thgopa of allowing an overview on how

results evolve with increasing seismic intensity.

4.26



Nonlinear Modelling

40 _ 120
C §
8 3.0 g 90-
i S |
§ 2.0 E“ 60
; :
o p—
g 1.0 g 301
3 9
0.0 T T T T - 0 it T T T T
0.0 0.7 14 2.1 2.8 35 0.0 0.7 1.4 2.1 2.8 3.5

Natural Period (s) Natural Period (s)

Figure 4.17 — Elastic pseudo-acceleration and aigphent spectra.

The ground motions were obtained from Californigheuakes with a magnitude range of
6-7.3 recorded on firm ground at distances of 13kB®, their significant duration
(Bommer and Martinez-Pereira, 1999) ranges frora 85 seconds, whilst the PGA (for
intensity 1) varies from 0.23 to 0.99g, which effeely implies a minimum of 0.11g
(when intensity level is 0.5) and a maximum of 2(8dnen intensity level is 2.5). The

demand spectrum was defined as the median resppasgum of the ten records.

4.4 Comparative study

In the previous sections, both the modelling poksds have been discussed and duly
calibrated, regarding the typically relevant parterseeof each approach. The next step is to
look into the differences taking place when a nwedr analysis is carried out, which,
ideally, would be insignificant or at least veryMoregardless the type of model being used
for the analysis. In order to put away possiblersesi of divergence coming from the use
of dynamic nonlinear analysis, considered the masturate analysis method, yet
definitely more complex, the employment of nonlinstatic pushover analysis has been
decided. Furthermore, pushover-based procedures haen gaining ground as valid
methods for response estimation, when compared yttamdic analysis, mostly for
buildings, in the past few years. In addition, tlseiitability to the case of bridges has been
thoroughly investigated and confirmed in this w@@hapter 5). The comparative study
has focused the case study configurations desciibig previous section. For the sake of
simplicity, and keeping in mind that material pieisy will be developed essentially at the

piers, only the first type of abutments, type Aslmeen considered. The comparison is,

4.27



Nonlinear Modelling

hence, based on a total of seven different cordigums. A preliminary eigenvalue study
on the vibration modes of the different configuvas has been carried out, with a view to
calibrate both analysis software programs model$grims of stiffness and mass, assuring

the structural elastic validity of the subsequearhparisons.

The first comparison of material nonlinearity apgmbes that has been carried out was in
terms of the moment-curvature law obtained witlia tise of both of the computation
versions: the BIAX obtained one, used for the Riadinge Model PHM) in SAP2000,
and the one ‘internally’ considered by SeismoStrwgthin a Fibre Model EM). Such
initial comparison is due to the fact that for ttepacity curve computation, the main
output of a pushover analysis, the need for anratewonsideration of the behaviour of
the piers’ cross sections is obvious, given thatglers will be the bridge elements with

nonlinear behaviour.

Two different cross sections, hollow and solid, mitbed to three different axial loading
forces, have been tested and the moment-curvatehaviour given by both of the
approaches (plastic hinge or fibre based) have lbeamared. Pushover analyses were
subsequently carried out for the seven differenhsmtered bridge configurations,
presented in Section 4.3, followed by direct graphcomparison of pushover curves and
statistical parametric comparison of distinct res@quantities: deck displacements, deck
bending moments, pier shear forces and abutmeat fbrees.

4.4.1Elastic modal analysis comparison

The first three eigenmodes for the seven bridgefigarations, computed for both
structural modelling versions, fibre based Seisma$t(FM) and plastic hinges based
SAP2000 (PHM), are presented from Table 4.6 tod4H12.
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Table 4.6 — Vibration modes for configuration 12Bibre vs. Plastic Hinge Modelling.

Period (s)
Bridge 123 transversal vibration modes Fibre Model Plastic Hinge
Model
1* 0.4596 0.4597
~
2 0.2989 0.3006
7
//
3¢ 0.2441 0.2450
/

Table 4.7 — Vibration modes for configuration 21Bibre vs. Plastic Hinge Modelling.

Period (s)
Bridge 213 transversal vibration modes Fibre Model Plastic Hinge
Model
1% 0.4004 0.4012
2 0.3373 0.3377
3¢ 0.2302 0.2321
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Table 4.8 — Vibration modes for configuration 22Bibre vs. Plastic Hinge Modelling.

Period (s)
Bridge 222 transversal vibration modes Fibre Model | P1astic Hinge
Model
1~ u 0.4147 0.4149
2 0.3312 0.3319
3¢ T// 0.2729 0.2748

Table 4.9 — Vibration modes for configuration 23Bibre Model vs. Plastic Hinge Model.

Period (s)
Bridge 232 transversal vibration modes Fibre Model Plastic Hinge
Model
1% 0.5053 0.5060
ond _— 0.3312 0.3319
///\
/// &
ch _~ 0.2842 0.2858
////// \,,
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Table 4.10 — Vibration modes for configuration 2222 — Fibre vs. Plastic Hinge Modelling.

Period (s)

Bridge 2222222 transversal vibration modes Fibre Model Plai;l[lé:dlgllnge
1* 0.5886 0.5884
2 0.4254 0.4258
3¢ 0.3699 0.3707

Table 4.11 — Vibration modes for configuration 2382 — Fibre vs. Plastic Hinge Modelling.

Period (s)

Bridge 2331312 transversal vibration modes Eibre Model Plai/'lugdlgllnge
1% 0.6522 0.6527
ond 0.4741 0.4751
3¢ 0.3604 0.3619
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Table 4.12 — Vibration modes for configuration 3BB2 — Fibre vs. Plastic Hinge Modelling.

Period (s)
Bridge 3332111 transversal vibration modes : Plastic
Fibre Model .
Hinge Model
1* ] 0.7069 0.7071
2 0.4776 0.4787
3¢ 0.3700 0.3712

The observation of the elastic modal analysis plalgcates a clear agreement between the
two models for each and every bridge configuratigimen that whether the mode shape
(comparison omitted for the sake of simplicity) ahd eigenvalues match quite perfectly.
The slight differences may be partially, at leassociated to the fact that the mass matrix
considered by SAP2000, as opposed to SeismoSisudiagonal and does not take into

consideration the mass contribution from the rotedl degrees of freedom.
4.4.2Moment-curvature relationships

Two reinforced concrete cross sections have beasidered defining a 14 meters high
pier: solid rectangular, 0.5mx1.0m, and hollow aegular, the same used for the plastic
hinge calibration (see Section 4.2.1.2), correspantb the cross section of the piers of
case study bridges. Figure 4.18 illustrates thetegted elements. In spite of the fact that
the case study bridges feature hollow sections, dhby presence of several solid section
piers in the existent bridges portfolio motivatkd tts inclusion in this calibration exercise.
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-

Figure 4.18 — Solidléft) and hollow (ight) reinforced concrete cross section piers.

Three axial loading levels have been applied, atiogrto Table 4.13, in order to observe
the matching of approaches for different bearingdéons.

Table 4.13 — Tested axial load forces (N) and dwidl ratio ¢) for each cross section.

Solid cross section Hollow cross section
Designation N (kN) v N (kN) v
N1 0 0 0 0

N2 500 0.024 3000 0.017

N3 1500 0.071 9000 0.052

Figure 4.19 and Figure 4.20 plot the moment cureslaws obtained for use within plastic
hinge or fibore models, using BIAX and SeismoStruespectively, for a solid and a hollow
cross section bridge pier. Whereas the BIAX computedule works with the cross

section characteristics as the only input, momemtature behaviour, using SeismoStruct,
has been determined through the application ohareasing loading force at the top of the

pier, recording data of interest at the closeshéobase Gauss point.
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Figure 4.19 — Moment curvature constitutive lawstamed for the solid cross section, with

different axial loading.
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Figure 4.20 — Moment curvature constitutive lawstamed for the solid cross section, with

different axial loading.

A first observation to make from the two sorts ofss sections is that both computation
approaches have given little relevance to tendilength of the concrete, given that
constitutive laws are nearly bilinear when the hload is inexistent. The first branch of
the trilinear behaviour for the rest of the sitaas will correspond, therefore, to the

‘elimination’ of the compressive axial load.
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For the case of the simple, solid cross sectionmemt-curvature relationships are
extremely similar, with no differences notewortlpgsides the softer yielding showed by
SeismoStruct. With respect to the hollow crossisegctor low axial load, there is again no
worth mentioning divergence, whilst, for a high axioading scenario, there is some
difference until the yielding plateau is reachedhwigher moments being recorded in the
BIAX analysis, and a higher stiffness initial brandn any case, global similarity is
evident, which indicates how both computation toafe in agreement regarding cross

section constitutive laws.
4.4.3Pushover capacity curves

The nonlinear static analysis of each of the bisdgensidered within this study has been
carried herein using two different deck loadingtgais, uniform or ¥ mode proportional,
as recommended by EC8. Regarding the node of dprivo alternatives have been
admitted as well, for the case of the modal loagiatjern: the centre of mass of the deck
and the maximum modal displacement node. The unifoading pattern has been tested
with the centre of mass of the deck as reference.nBurther detail on pushover-based
nonlinear static procedures can be found in Chdpt#vithin both the model analysis, the
control node of short bridges has been pushed Qumtim, along 750 load steps, whereas,
for long bridges, the target displacement of thetm node was 1.5m, divided in 1500

load increments.

The crude observation of the plots that follow,amelless the sort of bridge configuration,
bridge length, load shape or reference node, leathge conclusion that there is a generally
good agreement between the capacity curves for dbthe material plasticity models,
neither regarding the shape of the curve, nor taeimum base shear.

For short, irregular bridge configurations, Figut1, the correspondence between the
Plastic Hinge Model (PHM) andFibre Model (FM) based pushover curves, in the pre-
yield and post-yield regions, is notorious and petedent from the loading pattern or the
reference node. A slightly higher difference in thensition of such two zones may be
found for the use of the first mode proportionahdovector, which is, nevertheless,
probably a reflex of the same type of differencecemtered in the moment-curvature

constitutive laws (Section 4.4.2).
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With respect to short, regular configurations, ittean trend is fairly similar to the irregular
ones, as documented in Figure 4.22. The differbeteeen the two approaches within the

first branch (pre-yield) is however slightly momopounced.

Regarding long configurations, though, the genpreture changes a little, according to

the plots in Figure 4.23. For irregular long briddbe difference between the curves, prior
to the yielding, tends to diminish, whereas thetyygsdd slope can differ to a larger extent,

in contrast to what happened for short configuregio
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Figure 4.23 — Capacity curves for long, irregulanfayurations 2331312 and 3332111.

Finally, for the tested long regular configuratidngure 4.24, the differences are equally
distributed along the entire domain of the capacityves, with no relevant distinction
between the pre- and post-yield branches.
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Figure 4.24 — Capacity curves for long, regularfigumation ‘2222222,

In addition, it is worth to mention that plastimges models yielded consistently higher
shear capacity than the fibre models, for eachesmedy studied bridge configuration, load
pattern or reference node. Such scenario was watyalverified for the moment-curvature
comparison carried out for the two analysis compgmi®grams, which indicates that,

indeed, the way of accounting for material plastiplays an important part.
4.4.4Structural response parameters

In addition to the comparison of the evaluationtbé modelling possibilities when
assessing the structural capacity, herein carngédop means of the pushover curve, the
agreement level of the structural response, indateld in different parameters, for the
different approaches has been looked at as well. cdnrespondence with the
pushover-based capacity evaluation, the structesgdonse comparison has made use of a
nonlinear static procedure, N2, prescribed in ECBN, 2005a, 2005b). Response data
corresponding to four parameters, measured in sévielge configurations, across Ssix
intensity levels, have been statistically proces3é@ four response parameters have been
deck displacements, deck bending moments, pier $bezes and abutment shear forces,
measured at each relevant location, which arec#dlgi the pier locations for the first

three parameters and the abutments for the latter.

A statistical parameter, Bridge Index (BI), hasntheeen defined, corresponding to the
median of the ratio of Plastic Hinge Model (PHM)daRibre Model (FM) responses,
across the relevant locations, as in Equation §4.%bitten for a general response
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parameterA. The ratio is computed for the piers location,lwihe exception for the
abutment shear forces, which is measured at th@bwvmus locations. An ideal agreement
between the two sorts of plasticity modelling wquilderefore, correspond to a unitary

Bridge Index.

A .
Bl = mediar{%} (4.15)
FM.i i=Lnpiers

Furthermore, if the median Bl is computed across dtiferent configurations, for each
intensity level, one will obtain plots with PHM—-FMatching evolution trends as function
of the intensity level, as presented in Figure 4Q5 the other hand, if the median of the
Bridge Indexes is computed across the intensitglégvfor each bridge configuration, the
evolutions of the results according to the sortonfige will be obtained, illustrated in
Figure 4.26. For the sake of simplicity, only glblmaedian results will be presented,

instead of the detailed bridge-by-bridge mediam&bss different intensity levels.

The observation of results as a function of intgngvel indicates, first of all, that,
generally, in median terms, the agreement betwaehato plasticity models’ predictions is
rather good. Deck displacements and bending mahpredictions tend, however, to be
less steady than shear estimates, along the itteénsiease and, for such situation, the use
of modal loading shape leads to better agreememmielea@ the modelling possibilities,
rather than uniform pattern. Displacements estimatee larger for the case of fibre
models, given that the ratios are mostly underyumihich does not happen, at least not so
evidently, for the rest of the parameters. Finatlig noteworthy the fact that the modelling
approaches seem to get closer for higher inelgsteiels, a more visible scenario for the
case of shear forces and deck displacements.

In terms of bridge configuration, the results doé differ much. Deck bending moments are
particularly unstable for short, regular configiwas, something that has already happened
for low intensity levels, although not to such etten that representation mode. The
advantage in going for a*lmode proportional loading pattern is not so explmd

relative positions between the two loading shapegsetid to invert, along the different
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configurations. Again, agreement is definitely haghwithin shear predictions. No
significant correlation between similarity of noréar approaches and bridge configuration

has been detected.
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Figure 4.25 — Median Bridge Index (BI) for diffetersponse parameters, according to intensity

level.

A structural response comparison in terms of medidexes is interesting to assess the
matching extent of plastic hinges and fibre mogekdictions, across the entire bridges
(all locations) and intensity levels. In any cag®m a design or safety assessment
perspective, the quantities of main interest wikrgually be the maximum deformations
and/or forces. Based on such hypothesis, it woubtbgbly be of interest, or even more
accurate, within a safety assessment context, riaéysis of the coherence of different

modelling strategies in terms of maximum demandorder to do so, plots have been
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redrawn, considering that, for each bridge configjon, the Bridge Index is not defined as
the median of the Bls at the piers locations, Hqua{4.15), but as the ratio of the
maximum demand value for the structural parametsta&e, when using the plastic hinges

model and the corresponding value, when usingitine model.
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Figure 4.26 — Median Bridge Index (BI) for diffetersponse parameters, according to bridge

configuration.

This alternative way of looking into results hasyertheless, the limitation of eventually
being comparing maximum demand quantities comimgnfdifferent locations, if the

response pattern differs greatly from lumped tarithisted plasticity models. Results have
proven to be extremely similar to the ones obtaingth the median indexes and are,
hence, not presented. Such fact contributes targ¢hssurance of the similarity of both

modelling techniques.
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4.5 Conclusions

The work that has just been presented had as raagettthe focus on the main issues
within the nonlinear modelling of reinforced corterebridges in a seismic safety
assessment endeavour context. Structural moddilsgoeen carried out by means of 3D
frame elements, using two available structural ysiglsoftware tools, able to include

geometrical and material nonlinear features.

Typically seen as less relevant when it comes tdgbr structural systems, geometrical
nonlinearity requires, moreover, less calibrationl admits less variation in the mode of
being accounted for. Material nonlinearity, on tiber side, assumes greater importance,
representing one of the major points of energyigkd®n during seismic response and
therefore has been looked into with higher careteki@ models, for concrete and steel,
have been initially described, pointing out somdhaf several available alternatives and
detailing the ones that have been considered fer dtudy. Furthermore, material
nonlinearity is typically modelled in a lumped wathrough plastic hinges, or in a
distributed way, using fibre models. Recognizings tas a critical issue in the present
seismic analysis, a comparative study has beeredasut with the purpose of identifying
the eventual convergence between the two posmbiliComparisons have been based on
simple pushover-based nonlinear static analysidess complex structural analysis
methodology than dynamic analysis, for instance,iciyh hopefully, induced less

dispersion factors affecting the modelling companrigself.

For the use of lumped plasticity models, a firdibeation study has been carried out on the
characterization of the plastic hinge constitutlegy. Different parameters have been
tested, such as length or location of the plasingé within the element, according to
different formulations, within a single pier pusteowanalysis. Three plastic hinge lengths
and locations have been tested and the results fwxen that the influence of such
parameters is of limited significance, mainly ore tmaximum capacity and yielding
deformation. Major differences between the congideapproaches for the plastic hinge
length occur in the elastic-cracked behaviour negialy. It is therefore expected that no
considerable divergence occurs when the structutmder large deformation conditions.

Regarding plastic hinge location in the elemenspacific feature of some computer
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program algorithms, such as the used SAP2000,sthe®n seen that its relevance is

negligible.

The comparison between lumped and distributed ipigstnodels itself has been carried

out for a relatively large set of bridge configiwas, regular, semi-regular and irregular,

for a wide range of intensity levels, in three eiint components. Firstly, the moment-
curvature constitutive laws used by both sorts otlets have been compared for different
axial loading levels found in the tested bridgefmpmations. Subsequently, the structural

response, using both types of modelling, obtaimedugh the employment of a nonlinear

static procedure, was compared, in terms of pushecepacity curves and response
parameters, namely deck displacements and bendingenits and pier and abutment shear
forces. Main observations on such three aspectasai@lows:

= The moment-curvature constitutive laws, the esabntiput source for the
definition of the nonlinear behaviour of structueééments, have been found to be
rather similar, whether the obtained independefotiylastic hinge characterization
or the ones intrinsically considered by the fibredal analysis software. Slight
differences have been found in the elastic pre-@ogl-cracking phases, which is
probably due to the formulation assumed within aked tools. For plastic hinges
definition, the employed BIAX algorithm makes useeguilibrium equations to
determine internal forces, whereas SeismoStrucksvander interpolation between
Gauss points. The axial loading effect proved toekemely important for the
maximum available bending moment, particularly wilealing with hollow cross

sections, a typical situation for bridges.

= The capacity curve, as the main output result gfuahover analysis, has been
obtained for each of the modelling versions, adogydo different loading patterns
and reference nodes® ode proportional load shape, tested with thereeot
mass of the deck or the maximum modal displacerasnteference nodes, and
uniform load shape, carried out with the centramafss of the deck as reference
node only. The pushover curves have turned oueguibgreement, regardless the
type of loading pattern, reference node or bridgefiguration. Slight found
differences were probably due to the correspondiigergences previously

encountered in the reinforced concrete cross secoastitutive laws.
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Finally, it has been studied the influence of tlféecences in the pushover curves
with different load shapes and reference nodesesepting the structural capacity,
in the structural demand, through four responsarpaters statistical comparison,
based on the definition of a median index parametiye Bridge Index. The EC8-
recommended nonlinear static procedure has beeth inserder to obtain the
performance point at each of the six intensity levi®r each studied configuration.
The global observation of results points to thectasion that, generally, both
lumped and distributed material plasticity modelateh in every of the analysed
parameters: displacements, bending moments and &ireas, at deck, piers and
abutments. The median Bridge Indexes were reclyrguite close to unity, across
the different intensity and regularity levels. Digsiguch similarity, it may be stated
that plastic hinge models tend to lead to highexashorce predictions, when
compared to fibore models, whereas the oppositeasicens verified for deck
displacements. Deck bending moments have presemtéess constant trend.
Estimates obtained by means of pushover analysis i mode proportional
loading pattern have been found generally moreeagge For the majority of the
configurations and intensity levels, the maximundalaisplacement node used as
reference led as well to more consistent estimbé&t&een the two approaches.
Agreement between the models has been found degswhen assessing shear
forces, even and mostly for high inelasticity levddisparity found for low/median
intensity levels may have to do with the employexhlmear static procedure,
which carries out a bilinearization of the capadityve, using equal areas criteria.
Such bilinear curve simplification can amplify dmdarities in the pushover
curves of the different models for low to medianssec demand, where the
behaviour is deemed to be linear elastic. Undeh sonditions, displacements Bls
are above unity and shear forces Bls present thmosme trend, therefore,
overestimated by plastic hinge models, which indeexsent higher initial elastic

stiffness, when compared to fibre models.

The adopted modelling technique and the includedlimear features constitute a

particularly important step, given that it will ¢gely influence capacity and structural

demand, the two fundamental variables within amsigissafety assessment procedure.

From the material models, under monotonic and cyolding, to the way of considering
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plasticity characteristics of the structural mensbelifferent versions may be regarded as
eligible. Amongst the possible alternatives, widspect to the various issues that are
involved in the modelling task, special focus wageg to the pertinent option between
concentrated or spread plasticity, given thath® duthor’s opinion, the other aspects are
less controversial, at least for the time beinghds been interestingly verified that the
option for a more refined fibre model over a maenplified’, in the assumptions sense,
plastic hinges model does not necessary lead t@ mocurate evaluation of the seismic
behaviour of bridge structures. Such conclusionstrba handled with relative care, given
that simplified nonlinear static analysis has beamied out, with no cyclic loading, such
as the one introduced by nonlinear dynamic analisigher studies, using more complete

analysis procedures, would provide a valuable dautt to this matter.

Accordingly, in the future, and in the rest of thisrk as well, the option for one or other
sort of model may be more influenced by other patens such as computational effort or
model complexity, without expected limiting lossaxfcuracy. In particular, in Chapter 6,
the verified agreement between nonlinearity apgreaavill be used to carry out numerous

nonlinear dynamic analyses, within a simulationellgrobabilistic context.

Firstly, though, in the following chapter, struclresponse prediction tools, the next step
when seismic input and structural model are charaed, will be discussed, from a bridge

application perspective.
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5. Seismic Demand

Estimating the seismic effects in a structure suibpkto earthquake loading is definitely
one of the key issues within the global structigalety assessment problem. Even if
naturally depending on the structure’s characiesisind the seismic action itself the main
differences, or not, arise from the nature of tppraach, either static or dynamic, each
comprising different concepts, techniques and moes. The distinction here will be

established between nonlinear dynamic analysishantinear static analysis.

The main advantage in using nonlinear dynamic amalg naturally the fact that the real
phenomenon is directly reproduced when the acdelaras applied to the ground
connections leading, therefore, to more accurataltee Nevertheless, several drawbacks
may be pointed out when considering this sort @ilysis, starting with the seismic action
being particularly defined by an accelerogram. §h@mund motion records, the structural
modelling (including the reproduction of dampingepbmena, the post-elastic behaviour
and corresponding energy dissipation, during logadamd unloading periods) are all
important issues within nonlinear dynamic analysisl have been extensively debated in
Chapters 3 and 4. In addition, attention must bspaid to time/computational demand. It
is well known that dynamic analysis may requiresidarable amount of time to be carried
out, this being due to the analysis method it$elf complex structural model, which will
typically not occur when assessing bridges, orh® lbng duration of the input ground

motion record.
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The most commonly employed alternative to nonliradaramic analysis is the nonlinear
static analysis. Typically, this kind of approashbased in a pushover analysis carried out
on the structure, with the main goal being to sohwmwenvelope all, or at least a
considerable part, of the possible dynamic anakgsslts at each intensity level. This sort
of outcome is accomplished through the applicattbnan increasing lateral force or
displacement vector to the structure. An exampla plushover curve, representing base
shear versus displacement of a reference noddlugtrated in Figure 5.1. The main
drawback to be found here is the assumed leveingbldication, given that one expects
that the structural behaviour obtained from horiabtoading is able to replace the one

coming from the dynamic analysis.

This chapter looks into the way of estimating teesmmic demand on bridges subjected to
such horizontal action. The main focus is the \aiah of static nonlinear simplified
procedures, which are directly compared to dynaamalysis. Several possibilities are

taken into account and a thorough parametric stdgrried out on such validation.
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Figure 5.1 — Nonlinear static analysis: concepttiBj 2011).

5.1 Nonlinear Static Analysis

For the last few years, a considerable effort heenbput in research of simplified, but
credible, methodologies to assess the seismic bmirawf structures. The so-called
Nonlinear Static Procedures (NSP) have therefoen ldeveloped and recognized for
application in some guidelines, such as the ATQAC, 1996), FEMA-273 (ATC, 1997)

or the European Code (CEN, 2005a, 2005b). This tfgeocedure is extensively spread

within the earthquake engineering community, mathlg to its simplicity and potentially
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easy application when assessing a large numbetruft@res. Although these methods
were initially thought having the application toildings in mind, their extension to bridge
structures is full of interest and there is actualh reason for not doing it. Indeed, bridges
have the advantage of being, in general, strudyusathple when compared to buildings.
Some very recent endeavours have dealt with thécappn to bridges of this kind of
procedures (e.g., (Isakovic and Fischinger, 20GGaskevaet al, 2006; Casarotti and
Pinho, 2007; Lupoet al, 2007)). However, those studies were carried outafspecific
NSP, which was not scrutinised in several posspldication ways, a gap that this chapter

tries to fill.

The aforementioned methods are based on the cotgputaf the pushover curve, a
representation of the nonlinear force-deformatiehdviour of the structure. With the use
of appropriate transformation relationships, theacity curve of the single-degree-of-
freedom (SDOF) system equivalent to the originalltiruegree-of-freedom (MDOF)

structure may be obtained. At this point the maifiecences between the proposed
methods arise, such as the contemplation or notlaoide for a reference node, the way of
reducing the demand spectrum so as to accounhéohysteretic energy dissipation, the
consideration of higher modes of vibration, on tix@y to determine the displacement

demand for a given ground motion.

There are quite a few possible procedures to cauty a nonlinear static analysis,
essentially depending on the sophistication level éime of appearance. From truly
simplified methods, based on correcting coeffigend others, more complex, including

nonlinear and modal effects in a refined way, theices are plenty.

Corresponding to the earliest attempts to proposetsec method that would quickly lead
to accurate results, a first group of NSPs may dresidered, including the pioneering
Capacity Spectrum Method (CSM), introduced by Fraerdl998) and implemented in
ATC-40 guideline, and N2 method, (Fajfar and Fisger, 1988) included in the
recommended simplified procedures of European C@CEN, 2005a). These first
proposals are appealing mainly for the simplicityh® method and usually consider either
the first mode proportional or uniform load distilmn for the pushover curve
computation. Recently, an improved version of CSMthod has been presented in
FEMA-440 guidelines (ATC, 2005), mainly consistiofj the update of the prescribed
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empirical relations to determine both the equivelerscous damping and spectral
reduction factor.

Not much later than the ATC-40-adopted CSM, theplisement Coefficient Method
(DCM) (ATC, 1997) has been proposed within the NEHRuidelines for the Seismic
Rehabilitation of Buildings. Whereas ATC-40 refer@nly to concrete structures, DCM is
applicable to a wide range of structural systent @mputes the elastic response, which
is then tuned by a series of coefficients that antdor the nonlinear behaviour. DCM
assumes, therefore, a certain empirical charastach distinguishes it from the previous

ones.

An additional group of procedures includes moreené@pproaches to nonlinear static
analysis, such as the Modal Pushover Analysis (ME&)opra and Goel, 2002), the
Adaptive Modal combination Procedure (AMCP), by lkal and Kunnath (2006) or the
Adaptive Capacity Spectrum Method (ACSM), developgdCasarotti and Pinho (2007).
All of them come up with some improvements, maitilg inclusion of higher modes
contribution or, as in the ACSM, an alternative vedyaddressing the reference node issue.
The application of methods which try to implemertwfeatures, i.e., the ones belonging
to this group, may generate some controversy anthit be argued that effortlessness is
being left behind, towards to a complexity levadramsingly similar to dynamic analyses.
Such perspective is relative. Indeed there may dsealed advanced NSPs, MPA or
AMCP, which foresee several repeated steps, wheytmss, such as ACSM, carry no
additional effort to the analysis, since higher e®dre included in the analysis all together
when working out the pushover curve. The importasfcan increase in the computational
effort will depend, anyhow, on the correspondinffetiénce in the performance.

5.2 Nonlinear Static Procedures

The six aforementioned procedures are briefly dised in what follows, going through
the fundamental aspects of a nonlinear static arsalwithin the context of bridge
structures, such as loading pattern, equivalent ERB{stem computation or eventual

spectral reduction technique, among others.
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Herein, each of the referred methods is studiedvishgally, scrutinised in several
possibilities, according to its settlement varigbl®Vith this preliminary approach, an
optimisation of each procedure is looked for anteat performing way is chosen for
comparison. A confront of the four selected NSBsubsequently carried out, with the
purpose of emphasizing relative advantages andivhsgéages or, eventually, coming up
with the choice for one of them as noticeably betfen extensive parametric study,
covering fourteen different bridge configurationen earthquake records scaled to six
intensity levels, and four control variables (deligplacements and flexural moments and
piers and abutments shear forces), was carrieéhoutder to make a full comparison of
the four major available methods. The predictionsusateness evaluation is made by
means of confront with dynamic analysis results.

5.2.1Capacity Spectrum Method (CSM)

The Capacity Spectrum Method was initially introdddy Freemart al. (1975) in the
early seventies as a methodology to rapidly evalsaismic vulnerability of buildings,
with the basis idea of getting a reasonable appration of the elastic and inelastic limits
for the structure’s behaviour. Basically it consigh the intuitive, and rather rational,
graphical comparison of the capacity with the demharepresented by over-damped
response spectrum. Such graphical nature giveerigmeer the opportunity to visualise
the relationship between demand and capacity. Hpadaty spectrum is given by the
displacement of a reference node and base sheaigdrom the nonlinear pushover
curve, in the spectral displacement and accelerdd®RS) format. The pushover curve is
obtained applying a lateral load distribution prgmmal to the fundamental vibration
mode shape of the structure. Linear elastic resp@pgctra, scaled to account for the
energy loss due to hysteretic cyclic behaviour,us®d to characterize the demand in an
inelastic response spectrum fashion. The redudtiotors are based on effective viscous
damping levels that may be computed using Newmaalktdlationships for damping and
ductility or according to idealized hysteretic dbrlagram loops. The intersection of the

two curves is then considered to be the performpogd of the structure.

The method has been included in ATC-40, a docuntleat emphasizes the use of
nonlinear static procedures in general, such apl@isment Coefficient Method, but
focusing on CSM. The document includes step by ptepedures to determine capacity,
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demand and performance. Capacity is representeda yushover curve, generally

constructed to represent the first mode respongéeoftructure, which is based on the
assumption that the fundamental vibration modees@minant. Demand is represented by
5% damped response spectrum, reduced in termdeaftigé damping, and performance

point is attained according to three methodologikf$gerent in terms of their dependency

on analytical versus graphical techniques.

Two important aspects should be noted: classicl @Ses the fundamental mode shape
when computing the pushover and capacity curves depkbnds on a reference node,
usually considered the top floor, for buildings,tbe deck centre of mass, in the case of
bridges. For the latter case, this a very particidsue because the accuracy of the deck
central node when representing the structure i gigpendent on the piers configuration.
In what concerns the demand curve, the responsergpeis reduced considering the
equivalent viscous damping, obtained summing tastiel viscous damping (recommended
by ATC-40 to be 0.05) with the hysteretic damping.

To summarize, according to what is prescribed IfCAD, the Capacity Spectrum Method

can be applied taking the following steps:

8. Create a computer model of the structure and dppdyal forces to the structure in
proportion to the product of the mass and fundaatemiode shape, including

gravity loads.

9. Calculate and record the base shear and referaum displacement, constituting

the pushover curve of the structure.

10.Convert the obtained capacity curve to the capapsctrum, a representation of
the base shear-displacement curve in Acceleratispificement Response Spectra
(ADRS) format (spectral acceleration #ersus spectral displacemeny),using

first mode quantities to make the transformation.

11.Construct a bilinear representation of the capaspgctrum, for a first trial
displacement and acceleration, estimate effecti@mping, combining viscous
damping inherent to the structure and hysteretimpilag, and appropriate
reduction of spectral demand. The hysteretic dagh@irconsidered to be related to

the area inside the loops of the base shear-stalaisplacement diagram during
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the earthquake occurrence. It is obtained using@proach based on the energy
dissipated by the structure in a single cycle ofiam(Chopra, 1995). The spectral
reduction factors use, in turn, the relationshipsedoped by Newmark and Hall
(1982), and are defined and limited according eodtiuctural behaviour type (A, B
or C), which depends on the shaking duration ared ghality of the primary

elements of the seismic resisting system.

12.Intersect capacity spectrum and reduced demandrspecbuild new bilinear
capacity spectrum for that point and update effectiscous damping and spectral

reduction factor;

13.If the updated damping acceptably matches the guely determined/assumed
one, the Performance Point (PP) of the structuf®usd, otherwise, iteration is

carried out until convergence is reached.

Recently, FEMA-440 guidelines (ATC, 2005), withimet ATC-55 Project, performed an
evaluation of current Nonlinear Static Proceduwdsich included a review of the Capacity
Spectrum Method, prescribed in ATC-40. The docunwamtstitutes an effort to assess
current NSPs for the seismic analysis and evaloatiostructures as well as to present
suggestions developed to improve such procedurgséatical application in the analysis
of both existing and new structures. The improvwetbmmendations rely on the original
procedure, with most of the process remaining tntdew expressions to determine the
effective damping and period are introduced as waslla new technique to modify the
resulting demand spectrum to coincide with the kamiCSM technique of using the
intersection of the modified demand with the cafyacurve to obtain the performance
point of the structure. The suggested new expraessace set by type of hysteretic model —
bilinear or stiffness degrading — and post-yieldatiffness parameter and its parameters
vary according to the ductility achieved by thetegs Additionally, general expressions,

independent from the structural system type, anpgsed.

According to the previously exposed, CSM was testether on this study, using its
original configuration as well as considering tHeMA-440 improving recommendations,
with expressions independent from structural systdditionally, the reference node has
been tried either as the deck centre of mass orimuem modal displacement node,
yielding a total of 4 distinct variants.
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5.2.2N2 Method

A simple Nonlinear Analysis Method for Performarmg&sed Seismic Design was formally
proposed in the late nineties by Fajfar (1999), loiming pushover analyses of a MDOF
model with the response spectrum analysis of thévatpnt SDOF system. The method is
named N2, where ‘N’ stands for its nonlinear analgharacter, and ‘2’ for the use of two
separate mathematical models, the application efrésponse spectrum approach and
pushover analysis. With such methodology, a satisfg balance between reliability and
applicability for everyday use is intended, alonghwa contribution to new trends in
seismic design, even if eventually originally reeged to the planar analysis of new or
existing building structures. Similarly to CSM, N@ethod is formulated in the
acceleration-displacement format, providing a Visoeerpretation of the procedure. The
main difference is that N2 makes use of inelagiiecta rather then elastic spectra with

equivalent damping and period.

The nonlinear procedure has been considered antenmepted in Eurocode 8 (CEN,
2005a) for application either to building or bridgén order to come up with the MDOF
model pushover curve at least two load distribigiare recommended: a uniform one, in
which the shape factor is unitary along the bugnheight or deck and a first mode
proportional shape. The most essential assumpfidheomethod becomes, therefore, the
time-independent lateral displacement shape, nattenhding that the method’s results are
believed not to be excessively sensitive to chaingése assumed displacement shape. An
additional possibility, which has effectively beeonsidered in this framework, is the
envelope of those two load shapes, a sort ofexifil technique that would try to capture
the best of each loading profile. The capacity eus/represented plotting the base shear

force as a function of the reference node displagmoming from the pushover analysis.

N2 is, conceptually, another procedure where highedes will hardly be taken into
account properly, being therefore recommend for application of building structures
oscillating predominantly in a single mode, evenrggular. If not, demand quantities are
expected to be underestimated. Solutions for ttas/dack, based on appropriate dynamic
magnification of selected quantities, are beinggbbuthough. The method is equally
dependent on the choice of a control node, recordateto be the top floor of the building
or the centre of mass of the deformed deck. Theggmint is determined throughout the
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computation of the target displacement of the SB¢gtem, the performance point of the

structure, obtained through expressions that vati the range where the equivalent

period falls in, short or medium-long. Those expiass are fundamentally based on the

ductility achieved by the system and on the spkatieeleration for the equivalent period.

The application of N2 procedure, according to E€&fhsists on the following steps:

. Create a computer model of the structure and alppdyal forces in proportion to
the product of the mass and a shape factor, wtolild be considered, for the
deck, as constant or proportional to the first matepe, and for the piers,

proportional to the height above the foundatiothefindividual pier.

. Build the capacity curve, given by the relationvizetn base shear force and control
node displacement, which should be the centre gbroathe deformed deck.

. Transform the MDOF structure to an equivalent SD&Stem, computing the

equivalent massn*, force,F*, and displacemend*.

. Determine the idealized elasto-perfectly plasticcéedisplacement relationship,
defined for the plastic mechanism point in such ay \that the areas under the
actual and the idealized force-deformation curves equal. At this point, a
maximum displacement,*, the one corresponding to the formation of thestpia

mechanism, may be assumed, in order to proceedhdthilinearization.

. Determine the periodl*, of the idealized equivalent SDOF system, basethen

idealized bilinear capacity curve.

. Find the displacement target, depending on the comparison of the equivalent
period with the code spectral peridd@, i.e., depending on whether the structure is
in the short-period range or in the medium and{peagod range.

. If d* is very different fromd,,*, assumed in the bilinear capacity curve, iteration

may be optionally carried out, re-bilinearizing ttegacity curve fod:*.

Three different loading possibilities have beensidered for the application herein carried

out of N2 method: uniform load distribution, firshode load distribution and their

envelope. Because of the method’s reference nogendency, each of the three

modalities was repeated changing the reference tmdee maximum displacement one
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instead of the centre of the mass of the deck. Wag, N2 method was applied in 6

different versions.
5.2.3Displacement Coefficient Method (DCM)

The Displacement Coefficient Method is another méthhat has been proposed in a
document prepared by the Applied Technology Coungithin the ATC-33 Project,
funded by the Federal Emergency Management AgeREXA 273 publication. Such
document, dated of 1996, had as major goal the loj@went of technically sound
guidelines for the seismic rehabilitation of builgs and proposed four distinct analytical
procedures, linear or nonlinear, static or dynamb€M is the document’s considered
Nonlinear Static Procedure and consists in pusthiegstructure to a target displacement,
expected to be equivalent to the experienced oneglthe earthquake event. The target
displacement corresponds to the displacement autausing the equal displacements

approximation, then modified by various coefficent

The methodology, mainly the tabled coefficients, bgsed on statistical analysis of
dynamic analysis of SDOF models of different ty@ewl provides a direct numerical
process for calculating the displacement demand,requiring any conversion of the
capacity curve to spectral coordinates. It is rev@mded to be applied to all buildings,

new or existing, that are regular and do not halweese torsional or multimode effects.

The structural model, directly incorporating inélasmaterial response is displaced by
monotonically increasing lateral forces until tharget displacement, controlling
corresponding internal forces and deformations, tbe building collapses. The
displacement target is, similarly to other procedureferred to a control node, assumed by
FEMA-273 guidelines to be the centre of mass atdloé The lateral load pattern should
be tested according to two possibilities, uniformnwodal, proportional to total mass at
each floor level. Computing the effective fundanaérnperiod in the direction under
consideration and effective lateral stiffness, thgplacement that the elastic-behaving
structure would have can be determined. Four coeffis are then applied to adjust that
displacement, considering the relation between tegdedisplacement and the building

roof’'s displacement, the relation between expectecimum inelastic displacements to
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displacements calculated for linear elastic respotige effect of hysteresis shape on the

maximum displacement response and the dynamictR-eléécts.

The Displacement Coefficient Method is, due to #mpirical expressions previously
developed, quite simple to apply, completing thdofmng steps, as prescribed by
FEMA-273:

1. Create a computer model of the structure and dppyal forces using at least two

distributions, uniform and modal.

2. Establish the relation between base shear forcelatedal displacement of the

control node, the capacity curve.

3. Construct a bilinear representation of the capanitywe considering that the pre-
yielding branch passes through the point corresipgntb a base shear of 0.gV

where V, is the yielding shear.
4. Calculate the effective fundamental period fromhihimear capacity curve.

5. Calculate the target displacement by the elastihalaeg structure spectral
displacement, affected by a set of four coeffiger@ to G, which take into

account nonlinear response of the structure.

Displacement Coefficient Method was not formulatealing application to bridges in
mind. Indeed, FEMA-273 guidelines state that trecpdures have not been tested for each
and every structural type, particularly those tiate generally been covered by their own
codes or standards, such as bridges. For thatrressb due to its substantial empirical

nature, this nonlinear static procedure will noiriuded in the comparative study.
5.2.4Modal Pushover Analysis (MPA)

The Modal Pushover Analysis was introduced by Ca@mnd Goel (2002) and consists in
the repeated application of a given nonlinear statialysis procedure for each of the
significant vibration modes of the structure, faled then by an adequate combination of
the results. Self claimed as a procedure basedroctwal dynamics theory, retaining the
conceptual simplicity and computational attractesmnof current procedures with invariant
force distributions, has been proposed and widpigasl up in the past recent years. The

main reason for such acceptance was the awarehdiss accuracy lack that pioneering
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simplified methods, such as CSM in ATC-40, wouldnméimes provide. This is thought
to be mainly due to disregarding higher modes dauion to the response or the
redistribution of inertia forces because of struaityielding and associated changes in the

vibration properties, aspects deemed to assumeadegmeaning when analysing bridges.

The whole procedure is actually quite similar te tine pursued by the other methods. It
starts with the computation of a number of MDOF hmy@r curves, each of which
obtained employing a load distribution that is pdjonal to the individual modes of
vibration being considered. The equivalent SDOFacayp curves are then determined by
transforming and bilinearizing the modal pushoverned base shear-displacement
relations, making use of th& modal quantities and the reference node displaceriiae
main step, estimating the peak deformation, ilee, gerformance point, can be done by
means of (i) response history analysis (RHA), fiiglastic design spectrum or (iii)
empirical equations for the ratio of deformatiofsnelastic and elastic systems. Response
history analysis consists in performing a nonlindgnamic analysis of the equivalent
SDOF system for each significant mode, charactérimethe bilinearized pushover curve.
Finally, a quadratic combination rule (e.g., throl®RSS or CQC) is employed to combine

the responses obtained for each modal analysis.

Several improvements, with respect to its origif@imulation, have been carried out
within the Modal Pushover Analysis proposed procediihe authors have focused on a
new way of computation of member forces, given thatinitial quadratic combination of
results could lead to miscellaneous estimates, aonmgthem to the actual shear member
capacity. Additionally, other features have bemiuded, such as inclusion ofPeffects
for all modes, different way of computing beam ptasotations as an iterative procedure

to solve dependency on selected ground motion ddooRHA.

More recently, a Modified Modal Pushover Analysi®thodology, MMPA, has been
suggested as well, as a new, faster, MPA. Highatemi@re considered with the structure
as elastic-behaving, which corresponds to a singldinear pushover analysis, the first

mode one, and, therefore, less computational effort

The original procedure, together with the recenustchents, widely found in available
literature (Chopra and Chintanapakdee, 2004; ChapdaGoel, 2004; Goel and Chopra,
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2004; Chopra, 2005; Goel, 2005; Goel and Chopra5202005a), can be summarized in
the following steps:

1. Compute the n natural frequencies and modes fotirikarly elastic vibration of

the structure.

2. For the first mode, develop the base shear-rogflatement pushover curve for

force distribution proportional to the mass and meHlape.

3. ldealize the pushover curve as a bilinear curve @mvert it, computing the first

mode inelastic SDOF system quantities.

4. Compute the peak deformation of the first modeastt SDOF system defined
previously using nonlinear response history angjyisielastic design spectrum or
empirical equations for the ratio of deformatiofsnelastic and elastic systems.

5. Compute the dynamic response due to the first numebining the effects of

lateral and gravity loads.

6. Compute the dynamic response due to higher mod#sr tihe assumption that the
system remains elastic, performing a classical mmadalysis of a linear MDOF

system, skipping the need for additional pushovehesis.

7. Determine the total response combining the peakahtmedponses using SRSS rule.

As for the conventional NSPs, the MPA method retirsghe choice of a given reference
node, hence two variants have once again beendsyadi in the study that will follow,
one using with the central deck node as a referandehe other selecting the reference in
correspondence to the point of maximum deck dediectt is also noted that the inelastic-
elastic response ratios approach was adopted snwtbrk for the determination of the

performance point.
5.2.5Adaptive Capacity Spectrum Method (ACSM)

Recent studies (Pinhet al, 2007; Monteircet al, 2008a; Pinhat al, 2009) reported the

viability of employing Displacement-based AdaptifRishover (Antoniou and Pinho,
2004) to estimate seismic response of bridges.extmlly, an equally adaptive NSP has
been proposed, and preliminarily verified, by Cagaland Pinho (2007). The proposed

approach combines elements from the Direct Disph&ce-based design method (e.qg.,
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(Priestley and Calvi, 2003a)) and the Capacity 8pet Method (ATC, 1996; Freeman,

1998), maintaining a spectrum-based approach whmploys the substitute structure
methodology to model an inelastic system with egjeint elastic properties philosophy,
but elaborated and revised within an “adaptive’spective, for which reason it can also be
viewed as an Adaptive Capacity Spectrum Method (MESThe procedure essentially

consists in deriving an adaptive SDOF capacity euand plotting it versus the

Acceleration-Displacement Spectrum of the desigmthgaake, appropriately over-

damped, thus obtaining the design intersection. tRat intersection, the Performance
Point, a model for the relationship between thedrgsic energy dissipation and equivalent
viscous damping is used, explicitly accounting tlee ductility achieved by the system,
and iterations are carried out until convergencgaimping is found.

The proposed method is therefore distinct fromdhiginal Capacity Spectrum Method,
making use of: (i) more reliable displacement-basethptive pushover curves, (ii)
equivalent SDOF curve without reference either g given elastic or inelastic mode
shapes, but calculated step by step based on thal ateformed pattern, either than
invariant elastic or inelastic modal shape, andlnoki on a modification of the capacity
curve referred to the displacement of a specifigsptal location. As a consequence, all the
‘equivalent SDOF quantities’ even though of sanwnfat’ of the corresponding modal
guantities, are also calculated step-by-step basethe actual deformed pattern at each
analysis step, which, together with the fully adaptipushover algorithm, stands for the

double adaptiveness of the procedure.
The procedure’s algorithm may be summed up inalewing steps:
1. Perform a reliable pushover analysis on a nonlimeadel of the MDOF structure

and derive, step-by-step, the equivalent SDOF adapapacity curve.

2. Apply the demand spectrum to the SDOF capacity esudetermining their
intersection, the performance point, for an assudaadping.

3. Bilinearize the capacity curve at the performanamtpand calculate corresponding

system damping.
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4. Determine if the actual damping matches the asswnedIf so, the performance
point is established, otherwise, update damping @mbat steps 2 to 4 until

convergence is found.

With respect to the demand spectrum reduction twwd for the hysteretic energy
dissipation ability of the structures, several gassscenarios have been considered and
evaluated, nine damping-based and two ductilityedaspectral reduction modalities,
seeking for an optimal way of applying ACSM, asatidmed in (Casarott al, 2009).

For what seismic assessment of structures is coederthe use of pushover-based
simplified procedures is considered as a usefefradtive to the more rigorous nonlinear
dynamic analyses, if and when all relevant varigaldad effects are suitably taken into
account. Those variables include, namely withinAdaptive Capacity Spectrum Method,
amongst others, the hysteretic damping associatétetenergy dissipation capacity that a
structure inherently presents during an earthqu&kee of the main concerns, when
applying such procedure, is thus the definition aofdemand spectrum that features
ordinates appropriately scaled-down to take duewatcof the aforementioned capacity of

structures for dissipating seismic energy througgtdresis.

Reduction of spectral ordinates may be carriedtlmatugh the use of either over-damped
elastic or constant-ductility inelastic spectra.eTtormer make use of equations that
estimate, as a function of ductility, values of #eecalled equivalent viscous damping
which is then used as input into another set ofesgions that provide the spectral scaling
factor. In alternative, the use of constant-dugtiinelastic spectra, although perhaps less
commonly, has also been proposed as a means tnaéstseismic demand within the

scope of nonlinear static assessment of struc{@espra and Goel, 1999; Fajfar, 1999).

There are a relatively large number of past paramstudies dedicated to the derivation
and/or validation of different approaches to esterspectral reduction factor values (e.g.,
(Miranda, 2000; Miranda and Ruiz Garcia, 2002)wéner such studies seem to have
focused mainly, if not exclusively, on SDOF systethseems, therefore, that verification
on full structural systems is conspicuously needearder to verify the adequacy of using
existing SDOF-derived relationships in the asseassraEMDOF systems. In the present

work, the case of bridges was considered togetlitéx, @s previously mentioned, eleven
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different approaches for taking into account, tiglouspectral scaling, the energy
dissipation capacity of such systems.

As already mentioned, spectral Reduction Factofs) ((an be roughly divided in two

groups: damping-based and ductility-based. Roughby first family consists of all those

methods which, through the application of a redurctiactor B based on the equivalent
viscous damping (elastic viscous plus hysteretiejuce by the same amount both
displacement and acceleration spectral ordinatss Egjuation (5.1) and Figure 5.2 left).
To the second category belong all those approastmsh make use of a 5%-damping
elastic response spectrum and then reduce theralpacteleration ordinates by a factor
defined as a function of ductility (Equation (5.2hd Figure 5.2 right). The spectral
reduction within ductility-based methods is not &@kavertical, given that displacements
are modified as well, however, for the range ofiqus considered in this work,~R. A

few hybrid methodologies have also been proposedisaussed subsequently.

Sa,damp = [ Sa,eI—S%
St gamp = B By er-s (5.1)
Sa am
Sd,damp= C::Z .
S — Sa,eI—S%
a,duct
(5.2)

R
Sa;eI—S% = C [Sd el-5%

Sd,duct =

H
R

Figure 5.2 — Spectral reduction methods: dampirsptdleft) and ductility-based (right).
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5.2.5.1Damping-based spectral reduction

With regard to damping-based spectrum scaling nasth® combination of different ways
of calculating the (i) equivalent viscous dampifg and (i) corresponding spectral
reduction factor B are available. Some of the ncostmonly used ones are presented and

reviewed in what follows.
Equivalent viscous damping models

In the following equations;, stands for the so-called elastic viscous dampirdyafor
ductility (which was a variable of the work, givémat it varied with the intensity level and

the characteristics of the response of each bridge)

A) ATC-40, based on the modified Rosenblueth and Heera model (herein termed
ATC40)

This proposal by Rosenblueth and Herrera (1964}, salbsequently adopted by ATC-40
(ATC, 1996), was the first equivalent linear methoduggest the use of secant stiffness at
maximum deformation as the basis for considerimdgistic response. In such approach, if
one considers hilinear system with a post-yield stiffness ratiathe viscous damping for
the equivalent linear elastic system is given bydgpn (5.3), wherec is an empirical
parameter that takes account the degree to whechybteresis response cycle resembles a
parallelogram or not; three possibilities are defifA, B or C), depending on structural

system configuration and duration of ground shaking

7| u—-au+au?

Soq-acao = S0+ KE{M} (5.3)

B) Kowalsky, based on the Takeda hysteretic modelith post-yield hardening (herein
termed TakKow)

Kowalsky (1994) derived an equation for equivakstous damping ratio that was based

on the Takeda hysteretic model. For a thin respomsg@e (empirical parameter b=0) with
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unloading stiffness factor of 0.5 and a post-ysiffness ratioa, the equivalent damping

ratio is given by Equation (5.4).

1|, @-a)
Eeq—TakKow = 50 +—11- -a (54)
el

C) Gulkan and Sozen, based on the Takeda model wdht hardening (herein termed
TakG9

Gulkan and Sozen (1974) used the Takeda hystenetilel and experimental shaking table
results of small-scale reinforced concrete franmesldévelop empirical Equation (5.5) to

compute equivalent viscous damping ratio values.

1

Seq-rakcuisozr= S0 T 04 1—— (5.5)
s

D) lwan (herein termed Iwan)

lwan (1980) derived empirically equations to estenthe equivalent viscous damping
ratio, Equation (5.6), using a hysteretic model\dg&tifrom a combination of elastic and
Coulomb slip elements together with results frommaiyic analyses using 12 earthquake

ground motion records.

Eeqruan = o+ 0.0587 1~ 1) ™" (5.6)

E) Dwairi et al. (herein termedDwairi or DwaKowNay)

Dwairi et al. (2007) recently developed new equivalent viscausping relations for four
structural systems, defined as a function of ditictind effective period of vibration. With

the latter, the authors claim to having managedsigmificantly reduce the error in
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predicting inelastic displacements and minimize $leatter of results. Considering the
structural system that best fits the case of caotis deck bridges, the equivalent viscous
damping relation is that shown in Equation (5.7heveCsris a parameter dependent on

the effective period, ranging from a minimum of @3 maximum value of 0.65.

C -1
feq—DwaKowNau = EO + %(IUTJ (57)

F) Priestleyet al. (herein termedPriestley)

The approach proposed by Priesti#al. (2007) can, in a somewhat simplified manner, be
represented by Equation (5.8). Actually, the eaqumashould be applied to each individual
pier, and then a weighted average based on sheasfand response displacements would
be used to estimate the overall damping of SDOtesysHerein, for reasons of simplicity
and congruency with the employed NSP, the simplifosn of applying Equation (5.8)

directly to the full system is carried out.

-1
Eeq—PriestIey = 50 + 044{{2]7} (58)

Figure 5.3 plots the six previously listed apprasctior equivalent viscous damping
estimation. It is noted that ATC-40 results are patad for a structural type B (the most
appropriate for the structures considered), no-pedd hardening was considered for
ATC40 and TakKow approaches, and Dwairi’s estimatesplotted for two representative

values of 0.4 and 0.5.
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m— ATC40
TakKow
,,,,,, TakGS
Iwan
---------- Dwairi (C;=0.4)

.......... Dwairi (C;=0.5)
Priestley

T
I
I
I
03F---- ‘*****
I
I
I

eq

Damping ratiog

Ductility

Figure 5.3 — Considered damping models.

It is readily observed that whilst ATC40 and TakKowdels distinguish themselves from
the rest by providing significantly higher equivatieviscous damping estimates, the
remaining four approaches (TakGS, lwan, Dwairi Bnéstley) yield results that are very
close. With the latter in mind, and consideringrékative contemporariness with the work
of Gulkan and Sozen (1974), the expression propdsedwan (1980) will not be
considered on the subsequent parametric study, k@sause, in opposite to the other
relationships, it does not feature an upper boiumd.ISuch rationale could also have led
to the exclusion of one the two proposals from Divei al. (2007) and Priestlegt al.
(2007), however in this case both were kept inghemetric study given their diverse

nature in terms of application.
Damping-based reduction factors

As previously discussed, the computatiorégfis then followed by the calculation of the

corresponding spectral reduction factor B. Différgpproaches may again be considered.
A) Newmark-Hall and ATC-40 (herein termed NH-ATC40)

In the well known method proposed by Newmark and &82), the damping reduction
factors Byy for median estimates of response (i.e. 50% prdibaluf exceedance) are

given by Equation (5.9).
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321- 068In(100¢, )
NH (acc) = 221 : ’ TbST<Tc
231- 041In(10C¢,
NH (vel) — 165 +, T.<T<T, (5.9)
182- 027In(100¢,,)
NH (disp) — , T2T,
139

The data of Newmark and Hall were limited to vissalamping ratios of 20% and are
obtained from a limited number of earthquakes podt973. In addition they were derived
from the displacement response spectrum or psecchlesation response spectrum. It is

noted that, for damping ratios higher than 8Ky (acc)< Bnh vey< Bnn (disp)

The method has been adapted by most of the Amedesign codes and guidelines, such
as the ATC-40 (1996), among others, whergrcky is defined bySRy and SR,
corresponding to constant acceleration and veloedjons, respectively:

_ 321-068In(1005,,) —

>SR. T<T,
221
(5.10)
231- 041n(100,) —
R = 68 L2SR T=2T,

In Equations (5.9) and (5.10) a peridg, given by Equation (5.11), should be applied in

order to guarantee continuity conditions with respe the corner period.

T, =0T, (5.11)

(acc)

The constraints imposed by Equation (5.10), rafgrrto Table 5.1, depend on the
aforementioned ATC-40 structural typologies (A, B@), and imply maximum admitted
damping ratios of 37-40% for type A, 28-29% for ¢y and 19-20% for type C.
Analogously, SRy < SR..
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Table 5.1 — Maximum allowabBR,, SR, (ATC-40) andSR, (present study) values.

Structural Type SRy SR, SRy
A 0.33 0.50 0.59
B 0.44 0.56 0.66
C 0.56 0.67 0.73

In the present study, an approach blending thegsap of Newmark and Hall (1982) and
ATC-40 (1996) is taken into account. The originaH Normulation is therefore
complemented by considering the lower limits introeld by ATC-40 for the velocity and
acceleration zones, and introducing a fa8Bs (see Table 5.1) with a limitation similar to
SRy andSR,, i.e., maximum admitted damping ratios of 40%, 288d 20%, for types A,
B and C respectively.

B) Eurocode 8 (herein termecECS8)

Eurocode 8 (CEN, 2005a) recommends the use ofpbetral reduction factors given in
Equation (5.12), with a minimum of 0.55.

1—(1—/7)Tl 0<T<T,

— b
BEC8 -

Y T=T, (5.12)

C) Ramirez et al. (herein termedRamire?

Ramirezet al. (2002) proposed a bilinear relationship — Equa(®ri3) — between the
reduction factoBshorr and equivalent damping ratig, valid up to damping ratios of 50%.
Exceeding that value the relation becomes trilireadl dependent oBjong — Equation
(5.14). T, and T; are the first and third spectral characteristiaieo periods, whilsBsport
andBiong can be found in Table 5.2.
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Bram = ° (5.13)
Bshort T 2Tb
1_(1_ Bshort)l OST <Tb
Tb
T-T,
BRam = aong - (Bshort - aong)((-l- -IP)) Tb < T < Tc (514)
c b
aong T2 Tc

Table 5.2 — Reduction factors for Ramiegzl. approach.

Equivalent damping, & (%) Bshort Biong

5 1.00 Bshort
10 0.83 Bshort
20 0.67 Bshort
30 0.59 Bshort
40 0.53 Bshort
50 0.45 Bshort
60 0.43 0.38
70 0.43 0.34
80 0.42 0.30
90 0.41 0.27
100 0.40 0.25

D) Lin and Chang (herein termedLin-Chang)

In a recent study, Lin and Chang (2003) proposgxtréod-dependent reduction factor,

Equation (5.15), based on an extensive dynamigsisgbarametric study of linear elastic

SDOF systems, using real USA records. Such RF Iasativantage that, whilst still

following the general trend of the others with mdpto the structural period T, it is

inherently continuous, hence not requiring the taoidiof any other type of continuity

constraints or conditions.
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a I:I- 03
BLinchang =1 758
LinChang (T + 1) 065 (5 15)

a= 1303+ 0.436In(<‘eq)

E) Priestleyet al. (herein termedPriestley

Recently, Priestlet al. (2007) proposed the application of Equation (5.18)ich was

included in earlier versions of Eurocode 8, but e subsequently abandoned.

05
B, . =207 (5.16)
riestley 002+ q;o

Figure 5.4 presents results obtained with the altisted spectral reduction equations for
values of response period from three representapeetral regions; constant acceleration

zone (T=2T,), constant velocity zone (T=3JT constant displacement zone (T=146T

It is observed that those approaches that featloeexr bound limit (i.e. NH-ATC-40, EC8
and Priestley) tend to yield the higher spectrduotions for low damping ratios (Priestley
across the entire period range, EC8 in the displanemone and NH-ATC-40 in the
acceleration zone). On the other hand, for higladéwes of damping (larger than 0.25-0.36)
Ramirez and Lin-Chang equations provide the higiperctral reductions. The dispersion

among the different proposals also increases veithging ratio.
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Figure 5.4 — Reduction factor variation with damgpin the three spectral regions.

Finally, it is perhaps also noteworthy to see ttieg NH-ATC-40 formulae is highly
sensitive to period values; if one considers a teomsigh value of damping (e.&e~0.3),

the spectral reduction factor may vary from 0.49.%7, depending on the response period
of the structure. To shed further insight into ttager issue (i.e. period dependency of
spectral reductions), Figure 5.5 has also beenugext
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In the parametric study described subsequentlgetbut of the above-listed five possible
reduction factor approaches have been selected.irifiChang (Equation (5.15)), (ii)
Priestley (Equation (5.16)), (iii) a combination®€8 and Ramirez (Equation (5.17)). This
last hybrid approach, herein termed EC8Ram, aimggkaally at creating a more
simplified version of EC8 and Ramirez proposalst twauld nonetheless envelop the
general period-dependent trend of RF; ECS8 is engoldgr low periods where it yields
lower RF estimates and Ramirez is considered f®htgh period range where it provides
high RFs.

B

Ram

Beeg 0T <Ty =T,
Becs_ram= EC8 (5.17)
B T=>T,,

Ram

The somewhat cumbersome trilinear NH-ATCH40 retadfop was not considered further,
whilst the equation by Priestlest al. (2007) was employed only in tandem with the

equivalent viscous damping equations proposed égdme authors (Equation (5.8)).
5.2.5.2Ductility-based spectral reduction

As mentioned before, the reduction of the spedrdinates may also be achieved by an
alternative type of approach, whereby a reductamtoir, directly dependent on ductility, is
used. Amongst the different approaches presenteiraiure, two have been considered in

the current work:
A) Miranda (2000) for firm soils (herein termed Mir2000)

Miranda (2000) observed that, for sites with aversigear-wave velocities higher than 180
m/s in the upper 30 m of the soil profile (typigadoil types A-B-C-D in ATC and FEMA
guideline documents), inelastic displacement radi@s not significantly affected by local
site conditions, nor by changes in earthquake nbad®j nor by changes in epicentral
distance (with the exception of very near-fieleesithat may be influenced by forward
directivity effects). As a result, the displacemantbdification factor expression, in
Equation (5.18), was proposed:
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Cyy = {1+ 6 —1} exd-12T 4% )} (5.18)

B) Vidic et al. (herein termed VidFajFish)

Vidic et al. (1994) suggested a relationship for a ductilitgdzh reduction factor, with a

corner period ¢ dependent of the characteristic spectral perigdgfuation (5.19):

u [1.35(,u -1)%% +1]_l T>T, (5.19)

T, = 075u%°T, <T,

In the parametric study that follows, a humber igetse spectrum scaling approaches will
be employed, considering combinations of differequivalent viscous damping models
and damping-based scaling factors, together witttildy-based scaling equations. With
reference to the nomenclature introduced abovegliven cases considered are hence:
ATC40 - EC8Ram, ATC40 - LinChang, TakKow - EC8RarakKow - LinChang, TakGS

- EC8Ram, TakGS - LinChang, DwaKowNau - EC8Ram, RwaNau - LinChang,
Priestley, Mir2000, VidFajFish.

5.2.6 Adaptive Modal Combination Procedure (AMCP)

The Adaptive Modal Combination Procedure, propdsg&alkan and Kunnath (2006), is
fundamentally based on the adaptive pushover pureeaf Gupta and Kunnath (2000) in
which the main feature is the modification of thgpleed lateral loads according to the
changes in the modal attributes of the structwgayell as the system’s response during the
inelastic phase, as the earthquake load carriesSoch new lateral load configuration,
using factored modal combinations, enhances amatiee scheme to represent realistic

lateral force demands, managing to incorporaterartteadvantages of CSM and MPA, yet
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avoiding the need for a pre-estimated target digpieent. Indeed the procedure makes use
of a displacement-controlled method, in which tlemednd is determined by individual

adaptive pushover analysis using inertia distrdoudf each mode, continuously updated.

With respect to the equivalent single degree ofedaen system definition, the
corresponding displacement, abscissa of the ADR&dbcapacity curve, is obtained at
each step through an energy-based approach, comgpiie work done therein by the
lateral force pattern. The performance point iedained in a Capacity Spectrum Method
similar fashion with the difference of using inglaspectra, computed for a set of ductility
levels, skipping a preliminary estimate for thegtrdisplacement. This so-called dynamic
target point is, therefore, the intersection of dugiivalent SDOF capacity curve with the
inelastic demand spectrum corresponding to theaglgystem ductility, which contributes
to a more realistic representation of demand. Tlcimwill be better as the ductility
refinement used for computation of inelastic sgeticreases. The procedure is carried out
separately for each of the n relevant modes antbtheresponse, similarly to what is done
in Multimodal Pushover Analysis, is simply deteredn by combining peak modal
responses with an adequate rule (SRSS or CQC)hénend, n individual mode
contribution adaptive pushover analyses and cooretipg target point determination
processes (with inelastic spectra computed foriplesseveral levels) will be required
within this procedure.

The following steps synthesize the procedure:

1. Compute modal properties of the structure at theeati state of the system.

2. For the ' mode, construct the adaptive lateral load patpeaportionally to the
mass and mode shape; recomputed the load distnibidr every step or at a set of

predefined steps.

3. Evaluate the next incremental step of the capaxitye for each equivalent SDOF

system using the energy based approach.

4. If the response is inelastic for th® step of the nth mode pushover analysis,
calculate the approximate global system ductilind gost-yield stiffness ratio,

using a bilinear representation.
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5. Generate the capacity spectra in the ADRS formatafcseries of predefined
ductility levels and plot it together with the iastic demand spectra at different
ductility levels. The dynamic target point will lbiee intersection of the equivalent
SDOF system modal capacity curve with the inelasliemand spectrum
corresponding to the global system ductility. Thatech will be as better as higher
the ductility levels’ refinement is.

6. Repeat steps 1 to 5 for as many modes as deementiak$or the system under
consideration and combine peak modal results usig SRSS combination

scheme.

Several difficulties have been found throughout ithelementation of the procedure on
bridges, concerning the computation of the adappushover curves with individuated
modes’ contribution. Additionally, the authors theetves do not claim it eligible for this
sort of structures, potentiating the decision dftoanclude the AMCP in the endeavoured

parametric study.
5.2.7Method comparison

As stated along the description, from the six mpopular proposed Nonlinear Static
Procedures only four have been selected for bragaication: CSM, N2, MPA and
ACSM. The other two were discarded given their I@ationality or applicability to this
sort of structures. All the four methods were aggplwith the main purpose of making a
comparison of current NSPs, a task that represemnisedited study. Additionally, each
method was preliminary studied in different versiom order to select its best
performance, selecting them for the confrontingol&®.3 presents a summary of the main
considerations in each of the four methods, in otdelarify the conditions in which the

comparative study was carried out.
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Table 5.3 — Summary of studied Nonlinear StaticcPdores

ACSM CsSM N2 MPA
Push_over . Adaptive Conventional force-based
analysis type displacement-based
Load pattern Displacements 1*' mode # mode All significant
loading

Base shear vs.
Displacement
computed from all
nodes, including
higher modes
contribution
Equivalent viscous damping reduced

spectra

Base shear vs. Displacement of a reference/caombia,

Capacity curve usually recommended as the centre of mass of ttle de

Inelastic ductility-based reduced

Demand curve
spectra

Six:

Four: .
1**mode, uniform

Eleven: Orlglnal_ CSM and loading pattern or Two:
. FEMA improved . Central or
Number of Different demand . envelope with .
) . : with central or Maximum
studied versions| spectrum reduction . central or .
oo maximum : displacement
possibilities maximum

displacement reference node

displacement
reference node

reference node

5.3 Parametric Study

The investigate the applicability of nonlinear stairocedures, as well as their individual
calibration, a set of bridge structures has bedéectssl going through different regularity
levels, in terms of piers’ heights and deck lendithrther details on the considered case

study can be found in 4.3.

The seismic demand on the bridge models is evaluagemeans of nonlinear dynamic
analyses (NDA), assumed to constitute the mostratzuool to estimate the ‘true’

earthquake response of the structures, using thre-lhiased finite elements program
SeismoStruct (SeismoSoft, 2008). The same softypackage was employed in the
running of the force-based conventional pushovesed in CSM, N2 and MPA methods)
and of the displacement-based adaptive pushovéysasa/Antoniou and Pinho, 2004) that
are required by the ACSM procedure.

Results are presented in terms of different resppasameters: the estimated displacement
pattern (D) and flexural moments (M) of the bridtgek at the nodes above the piers, and
the shear forces at the base of the piers (V) dndneents (ABT). Then, in order to

appraise the accuracy of the NSPs results obtaiuitbcthe different approaches, these are

normalized with respect to the median of the c@wasing response quantities obtained
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through the incremental NDAs; this provides an irdrate indication of the bias for each
of the four procedures. Equation (5.20) shows,afayeneralized parametarat a given
location i, how the results from the incrementahayic analyses (IDA), run for each of

the ten records considered, are first processed.
Ai,lDA = mediar}:no[Ai,j—mA] (5.20)

The aforementioned results’ normalization constbiss in computing, for each of the
parameters and for each of the considered locatibiesratio between the result coming
from each NSP and the median result coming from N&illustrated in Figure 5.6 and
numerically translated into Equation (5.21). Idgétle ratio should be unitary.

_ A
A =" = (5.21)
Ai,IDA aealy
A, =2 By =-5
51 = AAl Az IDA A3,IDA Z4 = AA“

annt
----
wet®

s

e
.........
------

Figure 5.6 — Normalized transverse deformed pattern

This normalization renders also somewhat “compataleleck displacements, moments
and shear forces, since all normalized quantiteasetthe same unitary target value, thus
allowing in turn the definition of the aforementexh Bridge Index (Pinhet al, 2007).
Recalling the definition presented in Section 4.4 bridge index (BIl) is computed as
the median of normalized results for the considgr@@meter over the m deck locations:
deck displacements (B), deck moments (B) or shear forces at the piers and abutments

(Bly and Bhgt), as shown in Equation (5.22). The standard devigd®D measures, on
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the other hand, the dispersion with respect tartedian, for each of the procedures’ tested
versions — Equation (5.23).

BuwwznmmwhmEmW] (5.22)

i ,05
STD, yor = Zi:l(A insp — Bl NSP)

— (5.23)

5.4 Results

In this section, the results obtained from the efwentioned parametric study are
scrutinized and interpreted, with a view to evatutite accuracy of the different NSPs
considered (recalled in Table 5.3). However, befpassing onto a direct comparison
between the four procedures, a preliminary study earied out to identify which of the
variants of the CSM, N2, MPA and ACSM methods, dssed in previous sections and

summarized in Table 5.3, would lead to the attaimnoé best results.
5.4.1Results representation

The relative performance of possible variants witsach procedure, or the comparison of
the methods itself, is evaluated in detailed fashiith respect to two variables: intensity
level and bridge configuration. According to suchniula, the intensity level of results
consists of the median Bridge Index over the ldidwiconfigurations whereas a bridge
configuration level of results represents, for ebadge configuration, the median Bridge
Index across the 6 intensity levels. While an istgnlevel detail of results will show how
procedures behave when the structure enters thieneanrange, a bridge configuration
detailed level of results enables the analysishef influence of symmetry, regularity,
length, abutments type, among other variables.lllfjra global overview may be put up
where the bridge index over all the 14 bridges @matensity levels is computed. In other
words, the median bridge index over all bridge mpmhtions and intensity levels

represents the median of the single Bl of everysi®red bridge configuration, at every
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intensity level. The same sort of compound appraachbe carried for standard deviation
as well. Figure 5.7 schematically presents theebfiit types of detailing level of results.

— BRIDGE CONFIGURATION — BRIDGE CONFIGURATION

- ~ -

L » L

Q Q ‘

- -

. INTENSITY .

| —— MEDIAN —> LEVEL = MEDIAN

3 RESULTS z

= = i

=z ~ zZ

- ” - v v
BRIDGE

CONFIGURATION

RESULTS

MEDIAN

INTENSITY LEVEL

GLOBAL
RESULTS

Figure 5.7 — Types of approaches for results: sitgtevel detailedtop lef), bridge configuration
detailed {op righi), global pottom.

The importance, and relevance, of such multipler@gghes to represent results is easily
understandable. If a general comparison is inteneggecially if the purpose is to elect a
specific procedure or variant of the same methbdntan overall perspective may be
needed for the sake of simplicity and clearnessinbérpretation, making use of
statistically-based reduction. However, the Bridgelex that is computed over all
configurations and intensity levels will certairdgnceal significant information that may
help to clarify general results. The observationpoédiction in greater detail, from
intensity level or bridge configuration point ofew, or even across different locations
inside a specific bridge, is the mean to better esstdnding and warranty that

miscellaneous judgement is not taken.
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5.4.2Preliminary evaluation

5.4.2.1Capacity Spectrum Method

Figure 5.8 illustrates the graphical results foe af the short irregular configurations
(A213) for the different versions of the methodtted end of the iterative procedure, at two
distinct levels of seismic intensity. The plots anethe ADRS format (Acceleration
Displacement Response Spectrum) and two distinsliguer curves are presented due to
the two possible reference nodes. The responsgrgpean turn, is reduced according to
ATC-40 or FEMA-440 and intersected with the two fibke capacity curves, rendering

four performance points.

1.4

T T T T T
| A213 (Low Intensity Level) |
pol oo R B N

—————
-

Acceleration

---------- ATC40 - Demand Spectrum - central node
---------- ATC40 - Demand Spectrum - max disp node |
---------- FEMA440 - Demand Spectrum - central node
FEMA440 - Demand Spectrum - max disp nogle
Capacity Curve - central node

----- Capacity Curve - max disp node

ATCA40 - Demand Spectrum - max disp nodg |
FEMA440 - Demand Spectrum - central node
FEMA440 - Demand Spectrum - max disp node
Capacity Curve - central node B

Acceleration

0 0.1 0.2 0.3 0.4 0.5 0.6 0.3 0.4 0.5 0.6
Displacement Displacement

Figure 5.8 — CSM performance points for bridge Ad&® and high intensity levels.

It is immediately noticeable that the influencdloé reference node position in the capacity
curve is not outstanding. The curves tend to mavayafrom each other as the structure
goes further into the nonlinear range. The perfoxceapoints will be, thus, more or less
different depending on the region where the demataisects the capacity. On the other
hand, the effect caused by the employment of the deamping equations proposed in the
FEMA-440 report is quite more pronounced, as wall the corresponding spectral

reduction, which is clearly observed in the platspecially for high intensity levels.

Therefore, regarding this issue, noteworthy diffiees in the predictions are expected.

Figure 5.9 and Figure 5.10 show values of Bridggeknand Standard Deviation, with
respect for the median BI, for each intensity lewdlich is the median across the entire set

of bridges.
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Figure 5.9 — CSM median Bridge Index (BI) per irsignlevel.

The improvements introduced by the FEMA-440 rejpoet clearly observed, especially in
the estimations of displacement, deck moments aotheent shear forces, where results
obtained using the spectrum scaling proceduresested in FEMA-440 are much closer
to unity (which means NSP estimates equal to NDé&djations) than those obtained using
the ATC-40 equations. Nevertheless, both approasbes to overestimate the equivalent
viscous damping, hence, the corresponding spertdhiction, as well, which renders

moderate to heavy underestimation of displacemémsthe other hand, if shear forces
estimates at the piers are considered, the impresmenmtroduced by FEMA-440

guidelines is barely noticeable, except for thedstuntensity levels, given that predictions
are generally very good, i.e., fairly matching timnlinear dynamic analysis’ ones. The use
of the location of maximum displacement node asregfce will generally yield higher

estimates for nearly all the parameters, thusgclwsunit Bl ratios. Again, the exception is
the pier shear forces parameter, to which the réiffee in choosing one or other reference
node is imperceptible. Generally, performance tetadget better as the intensity level

increases, mainly for pier shear forces and shgtutt the rest of the engineering demand

parameters.
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Figure 5.10 — CSM median Standard Deviation (ST&®)iptensity level.

Looking at the method’s behaviour from the dispmrgpoint of view, a tendency for better
predictions to be associated to higher scatterldeecan be noticed. The FEMA-440
approach presents larger standard deviation wiipea to the median BIl, normally
oscillating between 0.2 and 0.3, or reaching lewdl9.4, if deck displacements are
considered. The classical approach barely exce@d®0all the parameters. Shear force
estimates present slightly lower dispersion, barekgeeding 0.2, showing no clear
difference between classical or FEMA-440 approaches the case of the piers. The
version that uses the maximum displacement nodefeience can be seen as usually more
scattered, which may be due to the fact that itgsighl location is not constant as the
centre of mass of the deck is. Regarding the dispeibehaviour with increasing intensity,
it is generally either constant or even decreaswigch may be justified with the larger
estimates for strong ground motion intensity bdegs sensitive to fluctuation of results

coming from distinct locations or configurations.

The influence of structural geometry in the resoisy be scrutinized by plotting the Bride
Indexes according to the structural configurati®uch representation is presented in

Figure 5.11 considering the median Bl over allititensity levels.
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Figure 5.11 — CSM median Bridge Index (BI) per gedonfiguration.

The main observations, made according to the glog¢sults with varying intensity, seem
to stand, putting the FEMA-440 version as the nagsurate one even if the improvement
coming from the use of the deck’s centre of masteres a reference does not appear so
general, being more eloquent for the case of lamggular configurations. Curiously,
lower discrepancy between different versions fag thethod seems to also occur for
irregular configurations, which denotes the effextimprovement carried in by the
FEMA-440 guidelines, given that, for regular configtions, other variables are
eliminated. Regarding shear estimates, the und®sdn is higher for irregular
configurations. Having in mind that the method @stigularly recommended for regular,
simple structures, vibrating predominantly in tiemode, such scenario seems to indicate
that the method is not that unstable for non regtlaictures.

According to what has been exposed, in subsequeplications, the CSM will be
employed considering its FEMA-440 version (notwitdmgling the slender increase in

dispersion), together with the maximum displacenmexate as reference.
5.4.2.2N2 Method

Figure 5.12 shows the different performance poigitgen by displacement targets in the

N2 procedure, for the same chosen A213 configuretio example, two intensity levels,

5.38



Seismic Demand

low and high, at the end of the EC8-proposed iteggirocedure. The plot is in the D*-V*
format (equivalent SDOF system displacement ance Iseear) and the four distinct

pushover curves correspond to the crossed posisibitif load pattern and reference node.

Unif - central node

Unif - central node

Unif - max disp node
| | Modal - central node |
! ! Modal - max disp node !
| | T T |
1 1 1

Unif - max disp node
| | Modal - central node |
: : Modal - max disp node :

T T
1 1 1

1 1 1 1
0 0.1 0.2 0.3 0.4 0.5 0.6 0 0.1 0.2 0.3 0.4 0.5 0.6

D* D*

Figure 5.12 — N2 performance points for bridge A2a@® and high intensity levels.

The SDOF system bilinear elasto-plastic curves @otted in order to highlight the

differences coming from the possible versions &mdhoth intensity levels, the divergence
is evident, especially for what concerns the moplaitern. The significance of the
reference node seems, in turn, to be lower, somgethiat will surely be more visible in the

index results that are presented next.

Figure 5.13 and Figure 5.14 show values of Bridgkek and Standard Deviation, for each

intensity level, considering the entire set of has.
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Figure 5.13 — N2 median Bridge Index (Bl) per irsignlevel.

From the evaluation of vertical distances in BltpJahe observation that immediately
stands out is that dispersion among different wsiaf the method is not particularly high,
except for the deck bending moments. Indeed, wkerethe estimation of shear forces the
differences between the employment of uniform astfimode proportional load
distribution does not influence the results muchemwdeck displacements or moments are
considered instead the influence of pushover Idape is noticeable (and not always in
the same direction, which somehow explains why B&&s not recommend the use of one
loading shape over the other). The use of the maxinmodal displacement node as
reference yields, in general, worse results thancdntral node ones. The envelope shape,
on the other hand, seems to somehow “contain” thsitipe aspects of the two
EC8-recommended distributions, leading to better r&dults throughout all response

parameters.

There is a generalized heavy underestimating tfenddeck moments and abutments
shears, regardless the considered variant, forthal intensity levels, and for deck
displacements for lower nonlinearity. Deck displaeats and piers shear forces estimates
are, therefore, considerably more reliable. Regardiehaviour of predictions with the

increase in intensity level, highly nonlinear stegeem to improve the accuracy of deck
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moments and abutment shear results (even if ndiciemftly) and lead to slight
overestimation of deck displacements.
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Figure 5.14 — N2 median Standard Deviation (STD)imtensity level.

Together with the scatter within variants of thegadure, the dispersion with respect to
the median BI results may be evaluated making 6$T® plots. Figure 5.14 shows that
dispersion levels are higher for deck displacemeniih respect to the other parameters,
reaching maximum values of 0.4, substantiatingtitésed of better Bl estimates associated
to higher scatter. On the other hand, shear foatethe abutments and deck bending
moments usually do not go beyond standard deviatd®.3 and pier shears of 0.25. With
respect to the different variants, the use of thendde proportional load pattern results in
higher scatter while the opposite trend is pregiselind for the uniform load shape. The
envelope technique is expectedly in between thedafiwbem, presenting intermediate STD
quantities. The difference between the two refezemade possibilities is not so obvious,
although a tendency for lower dispersion to be @ased to the maximum modal

displacement node might be found. Again the conmedietween good Bls and higher

STDs seems to stand. No great influence of themseimtensity on the dispersion occurs,

despite a soft increase for displacements and bgndioments and the reverse in shear
forces.
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Figure 5.15 presents BI results in line with bridgenfiguration, which allows a better
understanding of the origin the dispersion.
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Figure 5.15 — N2 median Bridge Index (BI) per badmpnfiguration.

In fact, the N2 method may be considered as tylgiexipected behaving NSP, in the sense
that estimates are substantially better for the @dgegular configurations, 222, 232 and
2222222, throughout all the parameters but padrbulfor displacements. Within each
structural type, even if more visible for regulanes, the difference between the
approaches is not so relevant, a pertinent facbtdenthat the scatter comes more from
the different configurations rather than the d#f@r versions of the procedure.
Nevertheless, estimates for irregular configurajomvhether in underestimating or
overestimating fashion, are not completely una@dpt No significant difference is found

between long or short bridges, apart from slighgs underestimation in the latter.

In agreement with the main conclusions herein drdlause of the deck’s central node as
reference point leads to better predictions herig will be adopted on subsequent
applications, together with the envelope pushowading shape.
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5.4.2.3Modal Pushover Analysis

Figure 5.16 shows the different performance poiyiedded by the MPA, for the chosen
A213 configuration, two intensity levels, low andj, at the end of each of the modal
analysis. For the selected bridge, the first arabrsg@ modes only have been considered
relevant. In the end, the quantities will be SRS8nlgined. The plots are in the
Displacement-Force format (equivalent SDOF systésplacement and base shear) and

the two distinct pushover curves correspond to tiwe reference node location
possibilities.
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Figure 5.16 — MPA performance points for bridge 32bw and high intensity levels.

Modal Pushover Analysis has been taken as dependdhk reference node location only
and the main observation that can be made isleantluence is slight. For both intensity
levels the difference in the performance pointsisimal, especially for the first mode,

even though the pushover curves correspondingffereit reference nodes are equally
distant for both vibration modes.

Figure 5.17 and Figure 5.18 show values of mediadg® Index and Standard Deviation
for each intensity level, concerning the entirecdddridges.
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Figure 5.17 — MPA median Bridge Index (Bl) per imggy level.

The global picture for the results of this methsaot much different from what has been
seen in the other procedures: deck displacementslagar forces at the piers are better
captured, leading to Bls closer to unit with respecdeck bending moments and shear
forces in the abutments, which are underestimate@lf the intensity levels, heavily for

the lower ones. For the two mentioned better eséichparameters, the centre of mass of
the deck as reference seems to work better, given the use of the maximum

displacement node as reference typically overestisndDA results. The general tendency
is that one, indeed, to have increasing predictmsmseismic input intensity increases. In
fact, contrarily to what has been observed in ofreicedures, overestimation of shear
forces at the piers occurs for higher intensityiclwimay indicate an exaggerated effect of
the modal combination that is carried out. Furthemen the estimates of deck bending
moments and shear at the abutments are poor, indepidy from the reference node

location of seismic intensity.

Looking at scatter of results in terms of dispaergielatively to the median BI, again, lower
STDs are encountered for generalized shear predgc{imodest 0.1 or less), whereas the
deck displacements and bending moments prediciimnassociated to standard deviations

of 0.2 or 0.25. The distinction in terms of refezemode type is not immediately visible,
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although the use of maximum displacement nodefaserece is affected by larger scatter.
Such output is constant and no surprises arise whenstructures step in nonlinear
behaviour. No significant pattern is identified kvithe changes in nonlinearity. Higher

intensity levels do not necessarily yield highespeirsion.
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Figure 5.18 — MPA median Standard Deviation (ST&)iptensity level.
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Figure 5.19 — MPA median Bridge Index (Bl) per lgacconfiguration.

5.45



Seismic Demand

MPA results in terms of bridge configuration are straightforward to interpret, given
their apparent irregularity or somewhat absenceuld, as showed by Figure 5.19. The
first impression, when looking at displacementshet the choice for a reference node is
not obvious: whilst for the majority of the bridgede central is preferable, for some
others, the maximum modal displacement node stamuds With respect to type of
abutments, the performance of type-B abutment badggems definitely to be less well
captured, especially for the regular ones. Theastanation found for shear forces at the
piers comes from the long type-A bridges and tipe ones. The deck bending moments
estimates are generally poor and the same standbditments shear, where the procedure

behaves quite inferiorly for long configurations.

On subsequent applications of the method, bas¢keoimtensity level results, the centre of

mass of the deck reference node modality was adopte
5.4.2.4Adaptive Capacity Spectrum Method

ACSM exposure of results will exceptionally featuhee global representation plots, in
order to provide higher clearness, as well as @hdit useful criteria, to the analysis of the
eleven versions. Figure 5.20 shows the graphicslilte for the performance points
corresponding to the different possible spectraluctions, at the end of the iterative

procedure for the configuration A213, at low anghintensity levels.
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Figure 5.20 — ACSM performance points for bridgel32ow and high intensity levels.

800

The plots are in the ADRS format (Acceleration Dasement Response Spectrum) and

contain one single pushover/capacity curve, thetadg the original response/demand
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spectrum for 5% damping and eleven performancetpotoming from the intersection of
each reduced response spectrum, not plotted fosake of simplicity, with the capacity

curve.

For the low intensity level no relevant hystericrgiang and energy dissipation are
expected, which becomes clear from the concentratfoperformance points near the
intersection with elastic response spectra. Neekstis, some approaches, ATC-40 and
ductility based ones, present already considenadalaction, which corresponds to higher
prediction for equivalent viscous damping (elaptiecs hysteretic). For higher nonlinearity

levels, even if not so obvious, the same distimcisoobserved.

Figure 5.21 represents graphically the global ned# values and Figure 5.22 the
corresponding STDs, both referring to each specscating modality.
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Figure 5.21 — ACSM global median Bridge Index (BI).

Considering the results shown, the first conclus®rhat it is the employed damping
model, rather than the chosen damping-dependernttrapeeduction equation, that
conditions the results; there is essentially nablesdifference between LinChang and
EC8Ram results. Generally, it seems that the appesa TakkKow, DwaKowNau and
Priestley lead to the best global indexes, espgd@l what displacements are concerned,
where major differences are found, with a globatlime Bl fairly close to one and global
median STD, around 0.15, that is not excessiveth®rother hand, the two ductility-based
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approaches (Mir2000 and VidFajFish) and the dampeged ATC-40 method show the
worst results when compared to nonlinear dynamialyaes. This trend seems to
contradict opposite results, found in previous EsidBerteroet al, 1991; Bertero, 1995;
Reinhorn, 1997; Chopra and Goel, 1999; Fajfar, 1289®0), which state that inelastic
spectra-based methods yield better results witpeatsto their elastic highly-damped
counterparts. However, such findings come from uke of a different NSP from the
Adaptive Capacity Spectrum Method (ACSM), whichthin the elastic highly-damped
methods, is expected to yield more consistent t®snl the assessment of the seismic
response of bridges (Pinteb al, 2007; Pinhcet al, 2009) when compared to other NSPs,

and this may explain the difference.
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Figure 5.22 — ACSM global median Standard Devia{®nD).

The underpredicting trend of ATC-40 is probably daethe well known overprediction
that such approach carries out within the equitalamping estimation in structures

which will not exactly exhibit elastoplastic behawr.

Similar tendency is found when ductility based dhn factors are used. Mir2000
approach has been primarily developed for elasstipldoehaviour but has also been
widely verified for other models such as TakedaCiwugh, proving to work well for
periods longer than 1.2 seconds, which is not #se ©f the considered bridge structures

with maximum periods of about 0.8 seconds. One @tlwerefore expect overprediction,
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as found by Miranda and Ruiz Garcia (2002) for speriods. However, the low ductility

levels achieved for the considered bridge (seerEi§3) structures have lead to barely
unitary displacement modification factors. VidFajfriapproach, on the other hand, is
known to be highly dependent on period and dugtftir the short period region, which

may apply to the selected bridge structures; far iagion, the R factor increases linearly
with increasing period, remaining constant for thet of the periods, which may cause
some excessive reduction, and, hence, underpradigiven that periods tend to be low,

as early stated, for this sort of structures.
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Figure 5.23 — Ductility level achieved using Mira2®00 reduction factor approach.

The Gulkan and Sozen approach, based on the Télkstretic model, is overpredicting
displacements. According to Equation (5.5) and f6gh.3, it is the one with lowest
equivalent damping prediction, among all the apghnea, for ductility levels not higher
than approximately 3. Adding to this the fact thadst cases of application correspond to
ductility levels equally distributed between 1 @)dFigure 5.24 and Figure 5.25) one may

explain the overprediction by the underestimatibdamping-based energy dissipation.

The superiority found when using TakKow, DwaKowNau Priestley approaches is

firstly, in opposite to the others, due to the intediate nature on estimating the equivalent
viscous damping. Additionally, the latter two, wii@are the most recent, have been
particularly developed and therefore, more suitabdethe structural behaviour where

bridges fit in. DwaKowNau’s equation, for instandepends on the effective period which

is another advantage, whereas Priestley’s expressfers exactly to bridge piers.
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Figure 5.24 — Ductility level achieved using Tak@S8nping approach and ECS8 reduction factor.
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Figure 5.25 — Ductility level achieved using Tak@S8nping approach and LinChang

reduction factor.

As far as the type of parameter is concerned, tieetdgh coherence of results within
different variants for shear forces at piers wheitb@ main differences come from the rest
of parameters. A general heavy underestimatingltreay be again observed for the deck
bending moments and abutments shear. Dispersioglsleare rather low for shear
predictions (and independent of the reduction factmdel) and higher for the deck
engineering demand parameters, with maximum STD8.for 0.15 for deck bending
moments or displacements. Shear force predictiom@ssociated to version-independent

low scatter without relevant accuracy loss.

All global observations care for scrutiny and, #fere, Figure 5.26 shows, at each
intensity level, the median Bridge Index over tleltidge configurations. Given that no

relevant difference has been found between EC8.arthang spectral reduction factors,
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for the subsequent plots, and for the sake of saitygl only the EC8-emplyed RF version
of each ACSM variant has been represented.
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Figure 5.26 — ACSM median Bridge Index (Bl) peeimsity level.

Observing this new set of results, it turns outaappt that amongst the three approaches
previously mentioned to be performing superiorlye tone proposed by Priestley al.
(2007) seems to be slightly better, even if onlygmally, very closely followed by that of
Dwairi et al. (2007). Such superiority is more evident for detikplacements, deck
bending moments and shear at the abutments. Dwhidl. approach seems then to
introduce a not relevant dependency of the coefiicCst on the effective period. In
addition, it is also noted that there is a gentgatlency for the displacements and shear
forces predictions to improve with increasing irsiéynlevel, probably due to the fact that
for low levels of nonlinearity, thus dissipationyreent damping and RF relationships
overestimate the reduction. For the case of pibaearsforces dependence on spectral
reduction approach is practically inexistent. Agpeoted (see Figure 5.21), ATC-40
damping model seems to overestimate damping, lgadiinderestimated displacements
at each intensity level.
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Figure 5.27 — ACSM median Standard Deviation (Spé&)intensity level.

As for the standard deviation, Figure 5.27, thididcrease with growing intensity, for the
case of deck displacements, to nearly twice thaainone. The differences between
variants arise for deck displacements and bendiognents only and again, generally, the
worst modalities predicting Bridge Index, ATC-40daductility-based ones, have lower,
but not considerably different, dispersion levels. other words, the higher scatter
associated to Priestley’s approach, or even vemlasi TakKow and DwaKowNau, does
not seem to compromise the better median Bl estsn&hear predictions, whether at the

piers or abutments level, stand for the lowesttscévels, barely reaching 0.1.

Figure 5.28 shows the median Bl across all intgrsitels, for each bridge configuration.
The response predictions do not appear to be veiggdrdependent, and the
observations/conclusions previously drawn hold tfer majority of configurations; e.g.,
the Priestley approach consistently leads to theesit-to-unity Bls. It is also observed that
major variations in the predictions, accordinghe tifferent variants, occur for irregular,
long bridges. Notwithstanding such variation, thepthcements and shear forces at the
piers are fairly well predicted, whilst deck momeand abutments shear forces estimates
are invariantly poor. Bl ratios are better in these of regular bridge configurations and
there is smaller dispersion with respect to thecspk reduction approach. An
overestimating trend for short bridges and undeneging for longer ones can also be

5.52



Seismic Demand

observed, with the latter cases leading also gelascatter. These observations generally
stand for all the engineering demand parametersrheonsidered.
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Figure 5.28 — ACSM median Standard Deviation (Sp&)intensity level.

5.4.3Comparative study results

Having identified the “optimum configuration” of laNSPs considered here, it is now
possible to proceed with the parametric comparisbrthe four approaches, with the

purpose of emphasizing relative advantages andihsgdages and, eventually, coming up
with suggestions for possible preferred choicesny. The study is again carried out on
the basis of Bridge Index and Standard Deviatiangarison, starting from the somewhat
global perspective, where the entire set of regtotsal bridges and for all intensity levels)

are first considered together, and then sub-stredtun terms of seismic input intensity and
bridge model.

5.4.3.1Global results

Recalling Section 5.4.1, a global results overvemnsists in the computation of the bridge
index per NSP over all the 14 bridges and 6 intgrievels and is extremely useful, since
it provides a general picture of the results, einglédn easier interpretation if the choice for

one of the procedures is intended. This representaf results caters for (i) comparison
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with dynamic analyses (it is recalled that Bl reyar@s the ratio between NSP and NDA
results), (i) relative comparison of the accuracly the different NSPs, and (iii)
appreciation of the results dispersion (plots ideloverall median Bl for every method, in

filled markers, and mean Bl £ mean STD error bars).
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Figure 5.29 — Global Bridge Index and Standard Bgw.
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From the observation of Figure 5.29, it is conspi@ithat all nonlinear static procedures,
with the exception of Capacity Spectrum Method, alde to predict displacement
response with effectively good accuracy, evidencilsg reasonable dispersion levels. The
traditional CSM underpredicts the NDA estimates,evdlas N2 and the more recent
approaches, MPA and ACSM, yield global median uwpitatios, bearing an increase in
the scatter to do so, though. Shear forces at i @re accurately estimated by all
procedures, despite a slight overprediction of MRAupled with highly satisfying
standard deviation. On the contrary, deck momemisstly, and shear forces at the
abutments are underestimated in relatively heastyiéa by all methods, even if the scatter
levels are relatively low. Still, the inferiorityf €SM stands. Regarding dispersion levels,
the observed tendency is to have low scatter ik éending moments and shear force
predictions (maximum values of 0.5) except for Mbjch has approximately the double
of that value. Higher STD values are obtained wpedicting displacement. N2 may be
considered, in most of the situations, the methdt the highest dispersion levels, whilst

5.54



Seismic Demand

the opposite part is somewhat assumed by CSM. &natkeresting observation is the fact
that, if global mean indexes had been computedgetiould have been some slight

improvement, particularly for ACSM.
5.4.3.2Intensity level results

At each intensity level, the median Bridge Indexeiothe 14 bridge configurations is
computed for each of the four NSPs (see Figure)5Bfe results not only confirm the
observations made in the previous section, butadsbsome insight on how these may be

influenced by the intensity of the input motion.
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Figure 5.30 — Median Bridge Index per intensityelev

When global indexes showed, in Figure 5.25, a lasgmilarity between the four
procedures, an intensity level results’ overview wertainly clear out some changes in
their behaviour, especially at high nonlinear stadieis observed that important variations
are observed in displacement response estimatés, shight underprediction at lower
intensity levels, for all NSPs, evolving to ovempiction at high intensity, for MPA and
N2, underprediction for CSM, while ACSM managekéep a steadier closeness to NDA

results. These differences between the four methoalg be justified with the fact that
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major conceptual differences exist between thermh s$ the reference node choice or the
use of an envelope of different displacement shépebe case of N2.

Regarding shear forces, as the seismic intensitgases, the accuracy in the predictions at
the bridge piers is constant, with the exceptioM®fA, which overestimates NDA results.
This will probably have to do with overrated higlhmeode effects, which in turn become
more important as the intensity of the seismicaactncreases (because the fundamental
period elongates, hence its spectral amplificathminishes, increasing the relative
importance of higher modes). Apart from a genetaba underestimating showed by
CSM, the rest of the methods behave similarly. Spoiets of similarity can, however, be
found between N2 and MPA or CSM and its adaptivesiga, given that both share

ductility or damping based spectral reduction, eetipely.

L e e i [ [ B [ 06— —=————5- -~~~ -~~~ — [ i [
Displacements ! | | | Piers shear forces | | 1| & csm
05— —j———--- T Fm-- - - T - - 05 ——j=——-~-~-q- -~~~ ;-~~-~~- e B L
| | | | | | | | | | | ® MPA
| | | | | I | I | | I ¢ ACSM
e Mty R S S i L i s T Fo - T
17 | | | | ° 17 I I | | I I
| | | | I | I I | | I
§ 03———* ————— - - o - ———- -—=== +o-— = f— - - § 03-- ¢ ————t1-—--——— - === t--—--- [
] A | * | I S ] I I | | I
[ ] ] ] | | | |
EOZ———# ————— 4-——== - —— === +-———= :—— D= S R 4. ————— Q ————— |- — - — - +-—-=-== --
| | * ¢ i A | L ] | |
| f | I I | + | | I 1
01 — 4 ————d——— =~ | - - == - - Gt R 4____ 1 L T
i | | | | | ¢ n A
| | | | | | | * . * ‘
0 1 1 1 1 1 1 0 | | | 1 1 1
0.5 0.75 1 1.5 2 2.5 0.5 0.75 1 15 2 2.5
Intensity Level Intensity Level
' ' | | | | ' ' ' | | |
Deck moments 3 ! ! : Abutments shear forces ! ! L
0‘5,,,\ ,,,,, T O N o5k - -"—- -4 - —— - - - —— 4L _L__
| | | | | | | | | | | |
| | | | | | | | | | | |
R P 4 [ [ 1_____ [ [a) Lo 4 L_____ _____ 1_____ L__
50'4 | | | | | | U) 04 | | | | | |
- | | | | | | - | | | | | |
N S, [ [ [ Lo~ S oo3k-- e [P 1 [
-.(55 03 ‘ ‘ A | A t g 03 | i\ * | | |
) | 'Y | @ | | ® PY | |
s L_ ____ 6 ___ & _ ___§g____ 1 b —— S gobL__ I __ e ____ L_____ [ e_____ L
02 i * ‘ \i [} : = 02 ® | | | | L]
| I | | ] A | | | } |
N E 4 [ [ 1o - 01k __ T ) H [P P, [
01 I I I I I I 0.1 L] # # * | Q
| | | | | |
0 | | | | | | 0 ‘\ | * * , *
0.5 0.75 1 15 2 25 0.5 0.75 1 15 2 25
Intensity Level Intensity Level

Figure 5.31 — Median Standard Deviation per intgrisivel.

For what concerns the dispersion of the resulis,dial not prove to be much dependent on
intensity level. Indeed, global conclusions arefcored by Figure 5.31, where STD levels
oscillate in line with the nonlinear static proceslbeing employed, rather than the seismic
intensity variation. Traditional methods, CSM and, Nield the predictions with largest

dispersion, reaching 0.4 for deck displacements@Bdor the other parameters, whereas
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to MPA and ACSM correspond STDs of 0.2 or 0.1 faclkd or shear quantities,
respectively.

5.4.3.3Bridge configuration results

Herein, for each bridge configuration, the mediaid@e Index and Standard Deviation
across the 6 intensity levels is plotted consider@ach of the four nonlinear static
procedures (see Figure 5.32 and Figure 5.33).

As expected, the response predictions do appeae teery bridge-dependent, even if the
observations/conclusions previously drawn stillch&r the majority of configurations.

The best displacement response estimates (in tefrBks being close to unity, and STDs
being close to zero) are obtained for the regutaigle configurations (e.g., 222, 232 and
2222222), as one would expect, though good displané estimates are also obtained for
semi-regular and irregular bridges, especiallyné @onsiders results coming from higher
modes considering procedures MPA and ACSM; thisaody constitutes good news for

NSPs and their application to assessment of bridgponse when the focus is on
deformations.
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Figure 5.32 — Median Bridge Index per bridge caumfagion.
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CSM and N2 are many times the most underpredicimgs. An overestimating trend for

short bridges and an underestimating one for lomgers can also be observed in the
results. The same gist, or maybe even more evideay, be encountered for the rest of
parameters where, however, general underestimationrs. The overestimation of MPA

for the shear predictions at the piers occurs mdsil irregular and type-B abutments

bridges.

The largest scatter is, in general, associatedtb long and irregular bridges, an aspect
that is extremely noticeable from the observatibirigure 5.33, mainly in displacements
and abutments shear forces. As for the bridge afoabutments, no relevant differences
between bridges with abutments of type A (contirsudeck-abutment connections) or type
B (deck supported on linear pot bearings) is nabte Such finding stands for the

abutments shear predictions, as well as for their@ng parameters.
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Figure 5.33 — Median Standard Deviation per bricyafiguration.

The observation of results at a bridge configuratevel enabled the recognition of the
considerable variation that such extensive, stedistomparative study features. The use
of global indexes is extremely useful to draw gahe&onclusions but it does naturally
mask the influence of the different structural ecéeristics. In order to investigate the
extent of such influence, the results have beettgul@gain, in the global (Figure 5.34) and
intensity level (Figure 5.35) fashion, filteringetltonfigurations according to the different
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categories: regular (REG), irregular (IRREG), shtamg, type-A and type-B abutments.
Given that shear forces at the piers have beematstd with high accuracy by all the
procedures, across all the intensity levels andigeri configurations and heavily
underestimated prediction where obtained for thekdaoments and abutments shears,

only the displacements predictions were scrutinized

The individuation of the results in different categs shows, at first glance, that the
variables that most affect the global predicticasd( corresponding standard deviation) are
the length of the bridge and the type of abutmegitsen that the distinction between
regular and irregular configurations does not yiBld significantly different from the
results all together. Long configurations, whicle aertainly more affected by higher
modes, are less well captured by CSM and N2 praesdirurthermore, even if global
median Bl is not necessarily much worse, with resge short configurations, such
outcome corresponds to an extremely higher standardation. The same happens
between regular and irregular configurations: threnker feature more accurate predictions
and, at the same time, much lower uncertainty, wtgertainly highlights its higher
suitability to be analysed through the use of NSPs.
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Figure 5.34 — Global Displacements Bridge Index @tahdard Deviation according to bridge

category.
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Regarding the type of abutment, a constant trermughout all the procedures could not
be found although, generally, type-B abutmentsdasdare underpredicted together with
lower corresponding STD.
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Figure 5.35 — Median Displacement Bridge Indexiptmsity level according to bridge category.

Another interesting conclusion, which is quite bisifrom Figure 5.35 as well, is the fact
that classical procedures, CSM and N2, featureenighriation across intensity levels and
bridge structural characteristics, with respecetent, improved approaches, such as MPA
and ACSM.

A different perspective is provided by Figure 5.B6which results are compared, by NSP,
side by side, in terms of the distinct defined eltgristics: regularity, length and abutment
type. The relevancy of each of the categories ¢oréative performance of the nonlinear
static procedures becomes even more visible aedylg] from a median point of view,
rather than regularity, length and abutment tymethe factors that influence the most the
results (extremely higher scatter within results faegular configurations should,

however, be kept in mind). Indeed, depending ontyipe of bridges being taken into
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account, the methods can move from under- to orerason, which strengthens the
importance of looking at the results from a catggperspective. Another immediate
observation is that it becomes even clearer thgitenimodes accounting NSPs, MPA and

ACSM, perform superiorly than the other two.

e e H [ [ [
e | | | | | | | |
%) | | | | | | |
| | | | -+ | -+
= I I I I I
g 15F---—4------ t-———————d e e - === -—=—=—=—=—=—=——-- I—=— == == -=-=-=-
| | | | |
E | | | | |
i) | [ | | |
c | | | |
| ny -
S | x - * B AN R
| |
E + | | |
m | | | |
| | | |
CO.57777‘\ 777777777777777 I - - - - -0 - - - - - - - = - - - - - = 5= - ="
-_g | | | 1 | |
) 1 1 1 1 1 1
2 | | | | | | | |
| | | | | | | |
CSMreg CSMirreg N2 reg N2 irreg MPAreg MPAirreg ACSMreg ACSM irreg
e T e B [ E
E | | | | —+ | |
%) | | | | | |
| | | | | -+
= I I I I I
g 15F---4------ t-—-—-—-=-=-=-- e B e B === ———q4-=-=-=-
| | | | |
2 | | | | |
i | { | | |
|
: i S
s T | *
- I |
o | |
| | |
C 05F---d4------ T - -- a------ A= I Bt Bttt [ttt Bttt
(E | | | | | |
8 | | | | | e |
2 | | | | | | | T
| | | | | |
| | | | | | | |
CSM short CSM long N2 short N2 long MPA short  MPA long ACSM short ACSM long
2= [ [ [ e e H e A
E | | | | | | | |
%) | | | | T | |
| | | | |
% 15 | | | | |
SF---- === === el - === = = Fmm g === == 4 - ===
g | | | | |
| | | |
il | <‘> | |
| | |
% 11— —— l ! . L i
]
o |
| | | < | |
S 05—+ i I e e e e R R
% | | | | | | |
| | | | | | |
g | | | | | | | |
| | | | | | | |
| | | | | | |

|
CSM type-A CSM type-B N2 type-A N2 type-B MPAtype-A MPAtype-B  ACSM type-AACSM type-B

Figure 5.36 — Global Displacements Bridge Index &tathdard Deviation according to bridge

category.
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5.5Conclusions

This chapter dealt essentially with the applicatwin static methods to estimate the

response, or demand, of the structure when subjetde earthquake loading. The

motivation for using such procedures has come mastin two aspects: their undeniable

simplicity without expected accuracy loss, constiy a viable alternative to nonlinear

dynamic analysis, and their sense of opportunitythi@ present-day context, for what

concerns the seismic assessment and design ofus&sicgiven that dynamic analysis

seems far from being univocally recommended by soaled guidelines as the main

response prediction tool. Additionally, if buildidnave consistently been considered and
validated in the past as object of successful NgBtiation, bridges still represent, to

some extent, unexplored field, regarding their adey to the use of the same NSPs.

The ability of four commonly used Nonlinear Staimcedures in predicting the structural
response of bridges subjected to earthquake atiamn therefore been appraised and
compared; two pioneering “classical” methods (CSi &l2) were considered along with
two of their more contemporary counterparts (MPAI a&kCSM). The evaluation was
systematically carried out over a relatively langember of structural configurations,
considering different response parameters and usevgral accelerograms scaled to a
number of intensity levels. A preliminary study, the exact same basis, was also carried
out with a view to better understand the termsamheof the employed procedures as well
as to establish their optimum configuration. Théofeing main observations could be

made.

» The Capacity Spectrum Method has clearly benefftedth the improvements
introduced in the FEMA-440 report, which allowece thttainment of superior
predictions, with respect to those obtained usirggantecedent ATC-40 formulae.
The main modification introduced by the FEMA-440idglines concerned the
estimation computation of equivalent viscous dampimhich was considered in
the traditional ATC-40 version as given by the pHalagram hysteresis loops. This
way of computing energy dissipation has been rezedras overstating, as well as
the Newmark-Hall spectral reduction factors tha ased. Seems therefore easily
understandable that the new equations, more realiive moved CSM indexes
closer to wunity. Such improvements, however, led g$bll moderately
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underestimated estimates of NDA results for all ttensidered engineering
demand. Having in mind that CSM is & iode completely based procedure,
parameters such as shear forces or bending momeihtgrobably be more
affected by the absence of superior modes coniibubd the response. Dispersion
levels have proved to be substantial. The recometemthoice of the centre of
mass of the deck as reference node has proveralgioto be efficient, even if the
maximum modal displacement reference node has ssome marginal upgrading

for irregular configurations.

The N2 method is favoured by the consideration rofeavelope pushover load
shape that bounds the two alternative load pro&leggested by ECS; first mode
proportional and uniform. Such outcome is due t® fédct that none of the two
possible load patterns led to consistently bettediptions. The envelope version,
however, does not avoid the need for two pushowalyaes, which may be seen as
a disadvantage. For regular configurations, onehef load patterns, arbitrarily
chosen, is enough given that displacement estinaatefairly good, as well as the
shear forces ones, for the piers. On the other,Handhe rest of the parameters,
deck moments and shear at the abutments, resalisttebe much worse. The
median to actually low scatter associated to théhatkis a positive aspect. The
demand, and corresponding spectral reduction, heen tbased on inelastic
smoothed design spectrum, something that has nutilmoted as decisively as
expected, when compared to overdamped spectrthd@ccuracy of predictions. It
Is also recalled that the optional iterative praged proposed by ECS8 to optimize
the equivalent bilinearization process, was empmloliere and has significantly
contributed positively to the performance of thetme. The proposal of such
feature on a non-compulsory basis seems, at laagtiable. Despite the little

difference, the reference node taken as the cehthe deck has worked better.

Modal Pushover Analysis is quite a strictly defirdcedure, in the sense that few
windows are left open for improvement or testings&d on the modal classical
theory, involves the repetition of the main stepsdach single relevant mode and
considers spectral reduction as based on inelggtaatities (response spectrum or
displacement empirical ratios) or on Response Histnalysis of the SDOF

modal systems. The latter was not tested given ithabuld imply comparable
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effort to pure dynamic analysis of the MODF strueturhe reference node location
was, hence, the only tested variable, and diffiesilthave been encountered to
distinguish the performance of one to the othesraiitive. The method seems not
to be sensitive to this issue. Underprediction parameters other than deck
displacements is still found for deck moments dmatrment shear forces. Pier shear
forces, on the other hand, come out overprediatedhigh intensity levels, which
will probably have to do with the considerationhijher modes. Scatter levels are
still noticeable but the main drawback that canpbeted out, is the substantial
increase in the computational effort of the analysrought by the inclusion for an
additionally unclear number of relevant nodes. Tiker would therefore be faced
with a necessary evaluation of the compromise bmtwaccuracy/relevance of

including one more vibration mode, and consequemtputation time increase.

The Adaptive Capacity Spectrum Method enables thesideration of higher
modes within a single pushover analysis. Moreotrex,reference node choice is
unnecessary as well, given that a displacementbaskp-by-step updated,
equivalent location is obtained from the actuabdeied shape of the structure. The
remaining source of debate is the spectral reducitd therefore eleven different
possible approaches for considering the energypdissn capacity, by applying
spectral reduction factors, has been carried oine df the spectrum scaling
schemes were damping-based whilst the other twe dectility-based. In general,
results have indicated that the choice of an apat®pspectral reduction method is
an important issue within the ACSM, given that ecdesble differences have been
found when employing different commonly employegrmaches, especially for
what concerns estimates of deck displacementsatiicplar, in case of damping-
based reduction, the employed damping model préodse much more relevant
than the chosen spectral reduction equation. Inergén damping-dependent
methods perform better than their ductility-basedinterparts. In particular the
proposal by Priestlegt al. (2007) seemed to lead to the best predictionsy ver
closely followed by those of Kowalsky (1994) and & et al. (2007). On the
other hand, the ATC-40 damping model tends to ienate structural
dissipation, leading to underestimation of dispfaeat results. Typically, moments

and shear forces at the abutments were considevadgrestimated, as it has been
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observed for all the other NSPs, which seems teatel that shear amplification
coefficients should perhaps be introduced in NSkddations. On the other hand,
with the employment of an appropriate spectral ciédn factor, excellent response
displacement and pier shear forces estimates mayptagned with such nonlinear

static procedure.

Generally, with the exception of CSM, the NSPs prbto be able to predict displacement
response with relatively good accuracy for all saof bridge configurations (regular,
irregular, short, long, etc), something that ceiiaidoes lend some reassurance with
regards to the employment of such methodologiesagsessing response displacements
and deformations. Given the actual tendency to nibeefocus of seismic analysis and
design from forces to displacements, such outcaveveén more encouraging. As for the
rest of the parameters, the prediction of shearefomat the piers was definitely superior,
apart from some overestimating trend presented BYAMeading to consecutive unitary
ratios to THA. On the other hand, deck moments simehr at the abutments have been
constantly underestimated, in heavy fashion. Tkaragtion of the deck remaining elastic,
regardless the intensity level and the typicalljnptex modelling of the abutments may
have lead to the poorness of the estimates. Digpelavels were not negligible, though,
regardless the procedure and, thus, the interpetaf global median results should be
handled with care. Furthermore it has been obsetlvatd good median estimates were

typically associated to higher scatter.

Definitely, the endeavour that was carried out eensive and covered a series of bridge
configurations and intensity levels, so, a statadtapproach to the results was needed, in
order to look at the performance of each NSP ast@mte that would ease conclusions.
However, at the same time, such reduction of inslaray work against thoroughness,
eventually leaving important information behind,ighhwill constitute the main limitation
of such study. As a consequence, regular, irregslaort, long, type-A abutments and
type-B abutments configurations have been studredieeper detail. The procedures
proved to be quite affected by changes in decktleagd type of abutments, in median
ratios between nonlinear static and dynamic arabsd corresponding standard deviation,
which was much less for short bridges and type-48rabnts. The same has been found for
the irregular bridges, featuring extremely highpéision, when compared to the regular
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ones. Moreover, it has been concluded that reqgmoaches (ACSM and MPA) present
lower uncertainty levels with respect to their apgtion to bridges in a general fashion.

If a single NSP should be recommended over the sash choice would be based on two
key aspects. The first is that, undeniably, if asistent and systematic use of a Nonlinear
Static Procedure is intended, at a reasonable t#velist, then one of the procedures that
take into account higher modes contribution shdn@dised. This issue assumes additional
relevance because bridges are inherently irregsiiarctures. Indeed, the transversal
direction is commonly the vulnerable one, whichetbgr with the existence of a usually
long deck behaving elastically, makes superior rmogarticularly significant for what
seismic analysis is concerned. It is common to fimlges where the second and
subsequent modal participation factors are relewanén compared to the first. CSM and
N2, pioneering procedures, relying on tfiémode quantities, presented, on the author’s
point of view, naturally inferior performance fdri$ particular sort of structural schemes.
Between the two more recent proposals, ACSM woulthbably be the most reliable
choice, since results have shown that, closelyofadd by N2, it presents a good
compromise between predictions of shear forcedasplacements at the piers, assumed to
be the most relevant engineering demand paramdtenas also proved to show lower
dispersion among the different bridge categoriesthls extent, MPA could be pointed out
as well but its overestimating trend in piers shieaces make it not so appealing. The
procedure might be compromised by the need foriabie adaptive pushover analysis,
which is still not as spread out as it would beirdéde. In any case, it has the fundamental
advantage, when compared to MPA, of overcomingrépetition of as many pushover
analyses as the considered modes.

Conclusions on the accuracy of different structoeaponse prediction tools enable one to
optimize the probabilistic characterization of gesmic demand, to use in the following
Chapter 6, together with the contribution from Cieap 3 and 4, with respect to seismic

input and nonlinear modelling.
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6. Safety Assessment

As soon as all the relevant elements of a typieansic analysis procedure are properly
defined, the final step becomes the safety assessteelf. Such endeavour may, similarly

to all the safety problem components, feature difieapproaching scenarios, even though
it will fundamentally consist in the comparison tok demand, coming from the effects

caused by the seismic ground motion input, withdéygacity of the structural elements to

accommodate them, which is characterized accoitdirtige geometry, material properties,

nonlinear behaviour models, among others. Puttirgmply, the safety assessment of a
single structural system can be carried out thrailnghcomputation of a safety interval,

that is, the deterministic difference between thpacity and the demand, or a failure
probability, which will require statistical charadzation of the variables that are part of
the process.

The deterministic approach is most likely the on&t fpractitioners are most familiarized
with, given that it certainly goes along with thraditional designing mode or structural
safety verification. For a certain limit state, damd and capacity are computed, using
mean or characteristic values for the input vaespland the previously mentioned
difference is determined, implying the fulfilment wot of the limit state. The uncertainty
coming from the several variables may be globatlgoanted for using a safety factor,

applied to increase the demand and/or reduce thacitg. Such approximate procedure
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surely cares for consistency and, therefore, tbhbabilistic approach tends to gain weight
in the actual safety assessment scene. Indeestatgical definition of uncertainty can be
quite simple, either from the capacity or the dued demand point of view, consisting
essentially in replacing a single value by a typidestribution, of known mean and

standard deviation, which will represent the vdaadi stake in a more accurate fashion.

6.1 Failure probability computation

The failure probability of a structural element,thim a single failure mode, may be
obtained according to Equation (6.1), whéfes a vector containing the basic random
variablesx, in which the structural safety is settleg(X) is the limit state function
associated to the failure mode under consideratmtx(x) is the joint probability density
function of the vectoiX, characterizing the way how the variables defime s$tructural
safety problem. This is, according to Borges andt&weta (1985), a commonly

employed procedure, corresponding to the simplesitiproblem of structural safety.

Pr = Ifx (X)dX (6.1)

Regarding the considered failure mode, failure widkur wheng(X)<0, safety will be
verified if g(X)>0 and the failure surface, recalling that one isnfig@ multiple variables
problem, will be given by the conditiay(X)=0. Based on such considerations, the failure
probability can be rewritten as Equation (6.2), mh@rob[g(X)<0] represents the
probability thatg(X) has to be in the failure domain aRglis the cumulative distribution

function ofg(X).
p, = prob[g(X)<0]=F,(0) (6.2)

The solution of Equation (6.1) will involve multidimensanintegration with the integral
dimension being the same as the number of basic variables in vectbe physical

variables such as loading, material properties or geometrical data, wbharporate the
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uncertainty associated to the regarded failure mbépending on the number of variables
and on whether the expression g{X) is simple or not, the analytical solution for the

integral will be less or more demanding, if possibl

In a structural engineering context, the safetyoj@m, represented by the expressigx),

will be essentially dependent on two continuousiependent assumed, variables: R,
standing for a measure of resistance, and S, thetstal response. The limit state function
is in this case simply given by, in other words thfference between the capacity and the

demand, as shown in Equation (6.3)

g(X)=R-S (6.3)

The corresponding joint probability density functiofx(x), a surface that can be
represented in the plane (S,R) by lines of equasitamt density of probability, is given by
Equation (6.4), once that R and S are independdwt.failure domain, F, opposite to the

condition that S does not exceed R, will naturblyas expressed in Equation (6.5).

frs(r,5)= fa(r)Fs(s) (6.4)

F=R<S=R-S<0 (6.5)

Considering the assumptions in Equations (6.3616)( the failure probability will be, in
the end, given by Equations (6.6) or (6.7), whefgdsis the probability of S within the
interval [s , s+d$ andFg(s) is the cumulative distribution function of R, theobability of

R being less than the value of S correspondings. tdn addition, as R and S are
independent, the probability of both occurringha same time is given by the product of

each of the probabilities of occurring separatetyfs(s)-F(s)ds
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p; = prob(R-S<0)= [[ fs(r,s)drds= Tfs(s)DT f.(r)drds (6.6)

p; = +j:of‘,s(s)[FR(r)drds (6.7)

As mentioned by (Freudenthat al, 1966), the sum for all the values of S yields the

convolution integral of Equation (6.7), illustratedFigure 6.1.

f(s),f(r),A
s R

F (9L £

f(s)
S
FR (s). fs(s)

Figure 6.1 — Basic reliability problem

At this point, it is clear that statistical distuiitons for the resistance, R, and structural
effects, S, caused by the seismic action, are wei&dee failure probability is the intended
outcome of the safety assessment process. As faesastance is concerned, possible
measures for variable R may be simulated experafigntnumerically or even
complementing one with the other. Numerical simatatwill definitely expedite the
computation process, enabling the capacity dedimito be incorporated within the global
procedure. On the other hand, experimental assessewen if inherently limited when it
comes to obtaining large dimension samples, hasniably accurate relevance. However,
statistical characterization, i.e. distributiontifiy for a variable, requires considerable
sampling size, which can be impracticable if basedexperimental campaigns. Such fact
will lead, therefore, for experimental simulatiom play a complementary role, mainly
useful for calibration or validation scenarios. &snatter of fact, the different parameters

that may be used to represent capacity, such asiomdl capacity, ultimate curvature
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ductility or shear strength, are typically expresses a function of basic material
properties, concrete and steel, which assume tveir statistical distributions. Working

out the resistance distribution, representedrpyunction in Equation (6.7), does not turn
up, thus, as a difficult task. It will require abst, the use of a simulation algorithm, pure

Monte Carlo or improved Latin Hypercube, for thengéing attainment.

The estimate of the distribution of the structwetiécts, variable S, is, on the other hand,
dependent on a higher number of analysis steps/amables. The first aspect to bear in
mind is that the statistical layout of the paramegpresenting the response measure may
not be straightforward to obtain and not necessaiinilar to the distribution of the
intervening variables. Indeed, different structisgétems, subjected to variable intensity,
and corresponding nonlinearity levels, will havdfaedent distributions for the same
response measuring parameter. Moreover, input groustion will feature variability in
intensity and number, that is, several analysesl nede carried out corresponding to a
sufficient number of intensity levels, capturing Itiple nonlinearity levels, and distinct

types of earthquake records.

As a result, if capacity characterization preseritgelf as intuitive and relatively simple,
demand statistical definition, to confront the femwith, involves quite a few nonlinear
structural analysis as well as different typesmtartainty to be accounted for. To skip the
need to define the continuous probability densityction of the seismic effects on top of
reducing the number of computational demanding y@eal a numerical standardized

methodology is established and systematically vodi@.
6.1.1Seismic action — intensity level probability dernysfunction

The intensity level probability function represerds each seismic intensity level, usually
expressed in terms of peak ground accelerationgdensity of probability at each point in
the sample space of that random variable. The pitityeof the variable falling within a

specific set is given by the integral of its depsiver the set.

To characterize an event such as the occurrenem @arthquake, believed to be highly
unusual, it is common to use the extreme valuerfheobranch of statistics dealing with
the extreme deviations from the median of probgbdistributions. Within the extreme

value theory, the generalized extreme value digiob has been defined, combining three
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types of distinct distribution families, also knovas type I, Il and Il extreme value
distributions. It is believed that such three typéslistributions are enough to model the
maximum or minimum of the collection of random afbsdéions from the same
distribution. Consequently, if the seismic actierta be defined by means of peak ground
acceleration, a maxima-related extreme value Higion will definitely fit such
endeavour. If a resistance-side variable is to Heracterized, a minima extreme value

distribution would, instead, be more suitable.

The generalized extreme value distribution is «ilfle three-parameter model that
combines the aforementioned maximum extreme valigtriitions and has the
probability density function given by Equation (§.@herep] is the location parameter,

0>0 the scale parameter a&ld[] the shape parameter.
-yé _ -1-1/&
_F{ 24 }H 4) } (%0
g g g (6.8)
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The shape paramete, will define the tail behaviour of the distributi@nd, therefore, its

f(x;u,0,8)=

type, each one corresponding to the limiting disttion of block maxima from a different
class of underlying distributions. Distributions ege tails decrease exponentially, such as
the Normal, lead to type |, with tending to zero. Distributions whose tails deceeas a
polynomial, such as Student’s t, lead to type ithw positive. Distributions whose tails
are finite, such as the Beta, lead to type Illhwjtnegative. Types |, Il and Ill are often
referred to as the Gumbel, Fréchet and Weibulleexé value distribution families, which
can be arguable, in terms of inconsistency. To Xaete the Type | and Type Ill cases
actually correspond to the mirror images of thealssumbel and Weibull distributions,
respectively. The Type Il case is equivalent toirigkthe reciprocal of values from a
standard Weibull distribution. The Type | distritmut, Gumbel related to, has early been

used in applications of extreme value theory taree®ying problems and, as related to the
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maxima, is frequently the chosen one to chara@esesmic action intensity. Indeed the
extreme value theory claims that it is suitabléhd distribution of the underlying sample
data is of the normal or exponential type. Its pimlity density function, following the

general expression in Equation (6.8), is given budfion (6.9), which can be written in a

more simplified manner, as in Equation (6.10), vetzer(x —u)/o.

(x| y,a):%ex;{—(x;ﬂj—exp[—x%,”ﬂ (6.9)

(6.10)

The Type | distribution is unbounded, defined fbe tentire real domain, and admits a
minima version. Its general shape remains the damal parameter values. The location
parametery, shifts the distribution along the real line ahd scale parametes, expands
or contracts the distribution. Figure 6.2 plots pmebability density functioni(x|., o), for
different combinations oft ando, where the variable x is the peak ground accéterat

used to characterize the seismic intensity levedressed in cmfs
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Figure 6.2 — Extreme value Type | (Gumbel assod)adéstribution probability density functions

for different combinations of location and scalegoaeters.
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6.1.2Capacity distribution

The structural resistance can be analysed consglehe structure as a whole, or by
scrutinizing its individual elements, studying tlesistance of each in separate. When the
structure in study is a bridge, the applicationihaf latter case is more intuitive, given that
the resisting elements are extremely well definedvall as the failure mechanisms. In
other words, considering that the deck will assushestic behaviour and neglecting
possible soil failure at the foundations, the pieid be the crucial elements, behaving
nonlinearly and causing the bridge collapse as ssahe first attains rupture. The density
of probability will therefore be expressed as acfion of the action effects on such

elements, as well as the corresponding capacity.

Regardless of the selected procedure to carry lmtsafety assessment, as long as a
probabilistic analysis is intended, the capacitytlod piers cross sections needs to be
determined and characterized by means of a stafististribution, quantified in terms of
ultimate ductility permitted by the cross sectionh the bottom of the piers or the
corresponding top displacement. This is becausdnihgt data of the models are often
quite uncertain, requiring them to be consideredraaslom variables. Such capacity
definition must certainly be able to incorporate tincertainty associated to the variables
on which the ultimate capacity depends. Apart ftbmmgeometrical characteristics, for the
case of a cross section made up of reinforced etacthe resistance will be a function of
the material ultimate properties, the yielding aeak tensions, and corresponding strains,
which are expected to contribute the most to theakidity of the capacity controlling

variable.

A proper characterization of the intended distidrutwill consist on repeated random

simulation of the intervening variables, using thdistributions and an appropriate

algorithm, until a sample is obtained. The appieness of the simulation procedure will
focus predominantly on the best relation betweanpsa size and associated reliability.

The main goal is to make use of a simulation temimmiable to yield samples as small as
possible, and consequently faster, that are stitidgrepresentatives of the underlying
distribution. Among the available solutions thd, Us say, traditional approach would be
the Monte Carlo sampling scheme, based on pureorargimulation. A more recent and

innovative technique is the Latin Hypercube (McKetyal, 1979; Imanet al, 1981),
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which has been gaining popularity among scienstiedies due to the claimed efficient

reduction in the necessary sampling size.
6.1.3Latin Hypercube Sampling

Safety assessment based on reliability calculatisitisinvolve repetitive simulation of
several properties, which may become, mainly ifiedrout for complex, finite-element
modelled structures, quite time-consuming and delngnin terms of computational
effort. In order to overcome such drawback, advdrsimulation techniques are required
based on relatively simple integrated modificationthe existing general procedures. The
Latin Hypercube sampling (LHS) simulation proced{@sson and Sandberg, 2002;
Olssonet al, 2003) fits that set of techniques and can be ssea particular case or
version of the standard Monte Carlo (SMC) numergaiulation, with the need for a
smaller number of runs, tens to hundreds, to aehi@vreasonably accurate random
distribution. The LHS may in fact be incorporatexdioi an existing Monte Carlo model
fairly easily and work with variables following aayalytical probability distribution. Such
key features are accomplished by means of thafsiasibn of the theoretical probability
distribution function of input random variables. eflmethod is not restricted to the
estimation of statistical parameters of structuesponse but offers a quite broad usage
domain that goes from sensitivity analysis to B&mesipdating, among other possibilities.
It has been found that LHS is very efficient fotimsting mean values and standard
deviations in stochastic structural analysis (Ayyard Lai, 1989; Florian and Navratil,
1993; Novaket al, 1997) but only slightly more efficient than th&S for estimating
small probabilities, which can definitely occur whassessing the seismic failure of
bridges. Additionally it has been found that, undeme particular conditions, LHS is
considerably more efficient than the SMC versiothé probability of failure is dominated
by a single stochastic variable, which again maydr#ied in the ultimate limit states for
reinforced concrete cross sections depending eskgrin the ultimate steel strain. It
seems thus far relevant the application of LHS wchsendeavour, expected to perform

from slightly to considerably better than SMC.

The LHS strategy is actually rather straightforwambking use of stratified sampling,
within a simple concept: the probability rangespobbability distribution functions for
input random variables are divided into N equivalenervals, N being the number of
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realizations. Assuming that the structural probleasM input variablesx;, with j=1:M,
the range [0,1] of each cumulative distributiondiion F(X) is divided intoN different
non-overlapping intervals of equal probability 1/&45 illustrated in Figure 6.3. Each of
those intervals is then represented by its centi©@jdthe abscissa of; for the average

value of each 1/N probability interval.

FOX) A
1.0
(N-1)/N //-—
(i+1)/N
e — /
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1/N ‘
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]

Figure 6.3 — Division of the cumulative distributifunctionF(X;) in N intervals.

The following step is to use the centroids for $imaulation process, this is, the centroids
are selected randomly based on random permutatioinsegers 1 to N and representative
values are obtained via inverse transformatiorhefdumulative distribution function. It is
however mandatory that every interval, or centr@djsed, or simulated, once during the
random process. Such condition can be seen asdheadvantage of the LHS strategy:
the regularity of probability intervals on the padiility distribution function and the
assurance that all of them are accounted for esgioed quality samples, even for a small
number of realizations, N. The final output will Benatrix of random permutations of the
centroids, with dimensiomMNxM, where each column corresponds to one of the input

variables and each row to a particular simulation.

Looking further into the LHS algorithm, where trengpling space will b&-dimensional,

let P denote a matrixNxM] containing in each column a random permutatiod,of.., N

and R a same size matrix of independent random numbers tthe uniform (0,1)
distribution. Using those matrices the basic samgptilan is established and represented by

the matrixS, as follows in Equation (6.11).
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(P-R) (6.11)

Each element o, s;, is mapped according to the corresponding varidisigibutionF(X;)

as in Equation (6.12), WherEX‘j1 is the inverse cumulative distribution functiorr the

variableX;.
% =F(s;) (6.12)

The vectorx = [X1 %2 ... %n] will correspond to the input data for one detemstic

computation.

The condition of each centroid being used only crare be observed in a simple example
simulation in Figure 6.4. The sampling space s&&P, five realizations of two input
variables. Each column and each line are taken andeall the sampling space is used,

which might not have happened if the SMC simulaioheme had been used.
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Figure 6.4 — Latin Hypercube example sampling sjpaicevo variables and five realizations.

Nevertheless, there is no assurance that spurmuslation does not appear, even if the
distribution function of each variable is efficignemployed. Figure 6.5 illustrates how an
unwanted spurious correlation in the sample carurodespite the verification of the
simulation LHS conditions. It has, however, beemilgademonstrated by Iman and
Conover (1982) that such scenario can be reduceddalfying the permutation matrig,
used in Equation (6.11).
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Figure 6.5 — Unwantedeft) and reducedight) correlation of sampling plan (Olsson and
Sandberg, 2002).

The procedure is quite simple and basically cossistmapping the elements of matRx
divided by the number of realizations plus one,tloa (0,1) Gaussian distribution. The
covariance of this new matrix is computed and tl@&mlesky decomposed, which,
according to proper dealing, will lead to a finlieenative matrixP*, high-level spurious
correlation free, that substitutes the origiRabne. The only limitation of the procedure is
the number of realizations to be higher than theddaput variablesN>M, so as to allow
the Cholesky decomposition. Such condition, giventype of structural analysis at stake,

will however hardly become restrictive.
6.1.4Seismic structural effects

Once the resisting structural elements are propdréyacterized and the seismic action is
defined, the structure will be subjected to théeland the seismic effects quantified and
appropriately compared with the capacity. The waghscomparison is carried out, which
can assume several different versions, will be rdateed by the type of collapse
probability, depending on how the uncertainty asged to the different variables is taken.

The classical approach, following Figure 6.1 anddiepn (6.7), is to build the probability
density function of the seismic effects, submittitigg structure to increasing seismic
intensity levels, along the entire domain, and dgvéhe so-called vulnerability function,
the element that enables the conversion of seisgtion into seismic demand. This is a
local variability version, given that uncertaintyf the action and the capacity are

considered separately, in local, distinct stages.
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If one chooses, still within the local variabiligpproach, to limit the seismic action to a
specific intensity level, the probability of faikiis equally possible to get and possibly full
of interest, because directly connected to a pdaticground motion level. The seismic
effects can be again characterized again througtr tbrobability density function
recurring to different demanding earthquake recoctiaracterized by the same intensity
level, though.

If the goal is to carry out a series of independeatizations, where the uncertainty of each
variable is taken simultaneously and accordindigntthe structural effect consists in the
seismic demand for each run, which is directly cared to the capacity, determined for

the same structural properties.
6.1.5Failure probability with local uncertainty

The traditional approach, which has been originddyeloped and applied in the work by
Costa (1989), presents as essential target theitiladi of the structural effects probability

density function, which will be confronted to thesistance one. In order to do so, it is
evident the need for a relationship between thengeiintensity and the response control
variable, coming from the nonlinear analysis of shreicture, or any other reliable tool, for
that specific ground motion level. That relatiorugially named vulnerability function and

is essentially a mapping function, establishing twnnection between the seismic
intensity, its probability and the actual effecttie structure, confronted with the capacity

to reach the final collapse probability.

The element from where the whole process startshés seismic action, A, often
characterized in terms of peak ground accelerd®@?A), one of the possible measures of
intensity. The probability density functiorfyg, of the maximum annual peak ground
acceleration for a specific site is therefore used comes from corresponding hazard
studies. The Hazard scenario for a specific sitg bedefined as a function of the peak
ground acceleration or, according to more recerddrcies, acceleration spectral ordinates
for a period that is similar to the fundamentaliperof the structure. Even if the use of
spectral acceleration is claimed by many as macarate, given that it centres the analysis
on the structure’s fundamental mode of vibratidne peak ground acceleration seems to

still stand as a reliable intensity measure, asemiasl in the results of the study in
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Chapter 3. Nevertheless, to the same peak grouceleaation there might correspond
different types of ground motion records, concegnirature (real or artificial), duration,

magnitude, epicentral distance, among other cheniatits. For that reason a set of distinct
accelerograms must be considered, reflecting wadging frequency content. For a
predefined, not very large, number of intensityelsy corresponding to different return
periods and probabilities of occurrence, the rez@md scaled to match that specific PGA.
Nonlinear dynamic analysis is carried out usingheafcthe scaled accelerograms, yielding
a sample of the response measure that accountsciard associated variability. For each
ground motion intensity, and corresponding PGAtatistical value, defined by the mean
or median response measure, is computed and agmoighfunction is adjusted to those
points, putting up the vulnerability function, #irated in Figure 6.6, the function that
turns the seismic action into the demand. The cuvitebe a 2% degree, or higher,

polynomial, due to the nonlinear structural behawiith increasing intensity.
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Figure 6.6 — Fitting of the vulnerability functiom demand points (LESSLOSS, 2004b).

The material properties used for the structurallywes may be considered on a
deterministic basis, through their mean or charestie values, or making use of their

statistical distribution. If the latter is employecbrresponding to the global uncertainty
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version of the proposed method, the number of stracanalyses will necessarily increase
but the statistical meaning of the computed failprebability will be superior. Further
details on the use of such global simulation pracedtaking into account the variability

of the seismic action and material propertiesaglether are discussed in Section 6.1.7.

The vulnerability function may be estimated reaqugrio pushover analysis, whose validity
in estimating nonlinear response of structure hesnbrecognized in Chapter 5. The
advantages in using such nonlinear static appraaehmmediate given that N nonlinear
dynamic analyses are avoided, greatly simplifylmg éntire process, as much as higher the
number of realizations is. The abscissa for thenenability curve will the peak ground
acceleration of the response spectra used in thénear static procedure to locate the
performance point in the pushover curve and qualtité control variable. There will be,
therefore, two variants for the failure probabilitymputation version herein accounted for,
based on the distinct ways to get to the structffacts, compared in Chapter 5: nonlinear

static and dynamic analysis.

Once the vulnerability function is properly defineithe statistical distribution of the
response measure can be easily obtained througimarital procedure based on equal
areas under the probability density function, pebability of occurrence, along with the
changing of the variable from peak ground accealanab the response measure itself. The
domain of the seismic action probability densityidtion, fig(a), is divided into small
increments, let us salg. For each incremerd,y the area Al, see Figure 6(eft), is
determined based on the ordinate of thefunction for the centroid ofl,g. The value
fag(dag) is converted into the value of the structural ef$e probability density function
fs(s) for the centroid of the correspondidg guaranteeing that areas A1 and A2 in Figure

6.7 (right) are the same.
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Figure 6.7 — Blockwise definition of the probalyildensity functiorfgs) (left) Failure probability
computation(right) (LESSLOSS, 2004b).

The variable s, used to measure the seismic effasta/ell as the resistance, will refer to
the piers, which are the resisting nonlinear baigatructural elements, and is usually
taken as the ductility at the base or the top disgghent. The final step will be to cross the

capacity and the seismic demand distributions, agimg@ the integral in Equation (6.7).

The entire process may be schematically depicte&ignre 6.8, which illustrates the
traditional version of the procedure describedaso f

The seismic intensity is characterized by its pbaiig density function, the curve 1.
Analogously, at each intensity level of the seisagtion, for which curve 1 is defined, the
effect in the structure is obtained, in terms ofclosen parameter, ductility or
displacement, for instance. The so-called vulndétglfunction, curve 3, is therefore built,
representing the structural effects of the seisanton long with increasing intensity. This
sort of information is fundamental to cross witle theismic action probability density
function and generate the statistical distributwdrthe structural effects, curve 4. In other
words, by putting together the probability densalgsociated to a seismic level and its

effect in the structure, one can obtain the prdlgliensity of such effect to be verified.
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Figure 6.8 — Failure probability computation witltél uncertainty — traditional approach

At the same time, the distribution of the struckwapacity, curve 2, in terms of the same
response parameter used to define curves 3 andtdljtgt or displacement, needs to be set
up. This step is typically carried out by meansadfimulation procedure, such as Monte
Carlo or Latin Hypercube sampling methods, basedhenstatistical distributions of the
variables with relevant uncertainty, usually cresstion material properties. Finally, the
intersection of capacity with demand, managed leycibnvolution integral, will yield the

intended failure probability.
6.1.6Failure probability for a given intensity level

Additionally, a different meaning can be given be tfailure probability coming from the
integral in Equation (6.7), depending on the lesetestrictions that is considered within
the adopted procedure. Indeed, the global collggwebability computation method just
described uses the probability density functionhef seismic action defined for the entire
intensity domain, taking into account the relatp®bability of occurrence of different

intensity levels, within a specific hazard locatsario.

On the other hand, if the ground motion intensgyconstricted to a specific level, the
computation of the failure probability is still msle, according to Figure 6.9.
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Figure 6.9 — Response measure constrained to t@diaccelerationy (LESSLOSS, 2004b).

Such number will be equivalent to a point in theicure’s fragility curve, the probability
of occurrence of the limit state under consideratfor a specific intensity level of
earthquake ground motion. The main difference wiodlowing this approach will be the
structural effects distribution definition, althduthe principle remains the same. A set of
different ground motion records is used, all of nthevith a specific peak ground
acceleration levebg, and the probabilistic distribution of the struetueffects,fs aq; is
defined with the response measure sample comimng tihat set of accelerograms, whereas,
in the global procedure, the mean or median foh éatensity was computed. This sort of
approach will definitely require less computatioatibrt but will, at the same time, call for
a sufficiently large number of records, needed ¢bieve a reliable distribution of the
structural effects. In the end, Equation (6.7)alved numerically, replacinty(s) by fs ag;
leading to the failure probability(agi), the fragility curve ordinate for that abscisdeahe
whole process is repeated, a pointwise definitibthe fragility curve of the bridge is
acquired, which can be used, if intended, to comphe global failure probability, making

use of the Hazard local function within the entiomsideredy domain.
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6.1.7Failure probability with global uncertainty

A sort of alternative approach for the failure pablhity computation described in 6.1.5 is
to consider the uncertainty associated to the rdiffieintervening variables in a global
fashion, this is, all at the same time, within abgll procedure, carried out for each

iteration step, from the beginning to the end.

It is recalled that, in the procedures describedfasp uncertainty has been taken into
account independently; this is, for each eligib&iable, a statistical distribution, that is
able to define it, is the element that carries desociated uncertainty and is used all at
once. Examples are, in Figure 6.8, the conversiodigiribution 1 into distribution 4
through curve 3 or the intersection of the entiistridbbutions 2 and 4 to yield the

convolution integral.

On the other hand, the approach herein presentesithe statistical distributions of the
different variables in a different manner. Firstlyhe distributions are defined,
characterizing each purely input variable, them&saction and the resistance. Once that
initial step is completed, the assessment procedsirearried out completely, but
individually, recurring to those distributions. \Wih a global statistical simulation process,
the already described Latin Hypercube, each variabth known uncertainty, seismic
intensity level, type of record and material prdjs; is randomly simulated, the nonlinear
dynamic analysis is carried out using such paramethe structural effects and the
capacity are determined and the difference betwease two numbers, usually referring to
ductility or displacement, is computed. A statiatidistribution will be then adjusted to
that difference, which will lead to the computat@inthe collapse probability in a different
mode. Data for each realization is obtained throtighapplication of the LHS technique
(see Section 6.1.3 for further detail) in a broagknse, taking as basic input variables the

material properties, the seismic intensity leval aarthquake record all together.

Figure 6.10 roughly illustrates the process jusicdbed. A vector of input variables,
consisting of the seismic intensity levaj, type of ground motion record and the relevant
material properties, is put up by random simulatexcording to predefined distributions,
and capacity is computed, expressed in availaldélidy, & Nonlinear dynamic analysis

is carried out on the structural model, built witle simulated properties, for the specified
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accelerogram witteg level, and the demanded ductilitys, a point of the previously

mentioned vulnerability function, is obtained.

Structural effects

T
| Seismic Action
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Figure 6.10 — Failure probability computation waflobal uncertainty — alternative approach

The differenceur — s, eventually non-positive, will represent some sbrsafety gap. The
main concept behind this procedure is that thaeptiocess, until the computation of the
available ductility margin, can be repeated N tinmesrder to fit a statistical distribution to
that variable. As illustrated in Figure 6.11 thewhedge of such a distribution will enable
the computation of the failure probability as thheaaunder the corresponding probability

density functionfr.s for a value ofur — 1s least than zero.

fr—s

pr = P[(ur —s) < 0] = F(.,r —us5(0)

Figure 6.11 — Safety margin distribution and fadlprobability definition
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This way of looking at the safety assessment puaregdvithin a bridge structures context,
will be largely influenced by two important aspecibe first, and the most important one,
has to do with the random simulation algorithm,dusebuild the samples for each variable
that cares for statistical characterization. Thecedure herein chosen was the Latin
Hypercube sampling method, as an alternative tgthie Monte Carlo sampling scheme,
and will definitely influence the significance die results, being important to avoid biased
samples, as a warranty of data consistency. The swiid the simulation algorithm is, the
more reliable the findings will be, given that wiyleepresentative samples, for intensity
level, for instance, will be needed to assure thatstructure will be pushed to its limits.
Additionally, such approach will be extremely sénsito the type of distribution that is
assumed for the variables, mainly the ones on ¢iemsc action definition side, type of
record and intensity level. Whereas the first may dnaracterized through a uniform
distribution, the latter is usually described byreme value distributions, which are known
to be susceptible when working on the tails regessential for the failure probability
computation — see Figure 6.11.

6.1.8Reliability index

As a complement to the safety assessment and tbhesewentual lacks of accurateness,
associated to the collapse probability being gibgnhe area under the probability density
function, other safety measuring parameters mayaken into account. An example of
such indirect safety measures is the reliabilityex, 5, which essentially settles on the
distance from the mean R-S to the origin, quautifirestandard deviations of the variable

R-S, according to Equation (6.13).

B= (6.13)

Within such definition, which considers the mearfesa margin together with its
dispersion, the smaller the value of the reliapilitdex the higher the probability of failure
will be.
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Moreover, the convolution integral computation ntigbt be, for some cases, at least, an
easy task, leading to the need for a numericalisoluThe use of this indirect evaluation
parameter becomes, for that reason, at least, ppgi@ Reliability index can also be

easily related to central factors of safety.

6.2 Application to a set of bridges

The performance comparison of the several safetgsasnent methodologies will be,
again, carried out using the set of bridge stresand real earthquake records described
in Chapter 4, Section 4.3. Three different versitmrsthe failure probability computation
will be considered: traditional numerical safetysessment with nonlinear dynamic
analysis of structural effects (NSA-NDA), using gila hinge models of the bridge
configurations (faster and validated in Chaptertedglitional numerical safety assessment
with a nonlinear static procedure (chosen from plossible alternatives validated in
Chapter 5) to estimate structural effects (NSA—-N&R) safety assessment based on global

simulation with Latin Hypercube sampling (LHS).

Prior to the safety assessment itself, a briebcatiion study is, however, carried out with
the main purpose of defining the parameters for @pplication of the simulation
technique, the Latin Hypercube, which is fundamlendnong others, the number of
realizations or the relative importance of theetént input basic variables on the capacity
computation, are aspects that are worth looking, isb as to optimize the use of the
algorithm. Such sensitivity analysis gains speogéévance for the particular context of

structural nonlinear analysis of bridges (Montedtal, 2009).

Random simulation is used twice within the curremdeavour. First, and commonly to all
the approaches, it is used to build the capacistridution, based on the repeated
computation of the available ductility of the cragstion at the base of the piers, based on
equal number of realizations of the relevant camcrend steel tensions and strains.
Furthermore, sustaining the LHS approach, the blasaintensity level and type of record
are added to the hypercube and N nonlinear dynamatyses, equal to the number of

realizations, are conducted.
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6.2.1Latin Hypercube sampling in capacity definition

The capacity definition, when made up in terms\dilable ductility in curvature of the
piers cross section, settles on the geometric ctaarstics and material properties, the steel
and concrete stress-strain models. For a givers @estion, with a certain axial load, the
cracking, yielding and ultimate points of the mamwt moment-curvature diagram are
determined using well known criteria for the men&d stages definition, by means of a
fibre-type section discretization. The variabilitymaterial properties is, however, widely
recognized as typically significantly higher thamcartainty surrounding section
dimensions (Grargt al, 1978; Frangopodt al, 1996). The parameters that are admitted to
assume relevant variability are, therefore, thecoete peak stresg, steel yielding stress,
fy, and corresponding ultimate straigsand&,. A normal distribution is adopted for each
of the variables with mean values correspondinght material class. Different scatter
levels are assumed, characterized by increasinfjigests of variation, 5%, 10% and
15%, for all the variables at once, or individually better scrutinize their relative
importance in the ductility computation. At the satime, the number of realizations
needed to stabilize the result is sought, for ezfctihhe dispersion levels. The parametric
study will focus, hence, the significance of thpuhvariable, the corresponding coefficient

of variation and the number of realizations.

The plot on the left of Figure 6.12 illustrates tbeolution of the mean value of the
computed ductility for the section of one of thergi intermediately axially loaded. Five
representatives sampling sizes have been chose®02@00, 200 and 500. Both of the
parameters, coefficient of variation and numbereailizations, denote a similar tendency
for the mean ductility to become completely stdble200 realizations. The same trend is
found when the COV results are looked at. It sebowsever acceptable the use of 100
realizations as sample size, given that dispersmamot that considerable, neither across

input variables COVs nor sample size.

6.23



Safety Assessment

BT~ sttt 1 0Ft-1-—7-————- ettt 1
| | | | 7COV:5% | | | | | 7COV=5% |
| | | | | | | | | |

34-8’\”\7”7 ””” T T T T T T COV=10%| 1 18’\”\’”7 ”””” [ — COV=10%| i
A | — - COv=15%|, L | — - COV=15%|,

346y -y T T T Brr- <7 "~~~ T T
P! | | ‘/‘ Y — - — - — = — = — = — ‘

| | | | | | | | |

R e B Wry-7-—9-—"7"~- T T T T T T T T T T
) | | | | | | | | | |
= L | | | L | | |
=t i Hi ST T T T T T T T T T Ty o E T T T T T T T T
S [ I I I > [ | | |
Aa Ll L1 _____ o ________1l g | e e N S S —
34T | | | > W0 -5~ T T T T T T T T T T T T T T T

% o | | | @] [ | | |
R R i LA X B SECSELREE
| | | | | | | | | |
3BT Lo oo P 6Lt -1 i e

| | | | |

| | | | | —_—tT T 1
R T P -t 4 i e

| | | | |

| | | | | | | | | |

] i T TTTTTTTTTTTTooT 1 (i A CTT T |

| | | | | | | | | |

33 | | | | 1 Il Il | | 1

020 50 100 200 500 020 50 100 200 500
Number of realizations Number of realizations

Figure 6.12 — Mean available ductiliteff) and corresponding COYVight) versus number of

realizations for different coefficients of variatio

The ability of the method to build reliable sampieslefined, on the one hand, in terms of
the necessary number of realizations to assuregeptativity, whereas, on the other hand,
one can question the robustness of the methodutmessive repetitions of the procedure.
In other words, there is the concern of wonderihgwio samples of the same size,
independently obtained, will have sufficiently atosiean numbers. In order to check on
whether such aspect is pertinent or not, the puaeedriginating the results in Figure 6.12
left has been repeated ten times, recording the hisfanean values for ultimate ductility
along with sampling size. The results for the défé considered COVs are plotted in
Figure 6.13.

It is evident form the observation of the plotstiiespecially for the lower COVs, 5% and
10%, 100 realizations, or even 50, will be enoughthe variation of the mean ductility
across repetitions of the simulation algorithm dee significance. The worst scenario is
definitely for the case of only 20 realizations; #COV of the input variables of 15%, for
which variation is, anyhow, less than 1%. The memmclusion is thus that, for what
concerns the trustworthiness of the procedure,llason of mean values between
repetitions is not relevant. This sort of varidpilwill be further investigated when using
the LHS procedure for direct obtainment of theual probability through the safety

margin.
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Figure 6.13 — Mean available ductility versus nunddeealizations for several sampling

repetitions and different input variables COVs.

If each variable is considered to be the only orte nown standard deviation, while the
remaining are kept constant with the mean valgetelative influence in the final result,

the ductility, in this case, can be studied, aSigure 6.14.

From the observation of the results, the ultimate&ture of the piers cross sections comes
out as fundamentally dependant on the steel uléns&riain. Not only the coefficient of
variation reaches a peak value, but also the saatteng different numbers of realizations
is higher, when just the scatter anis considered. Such trend is not found for anyhef
other variables, but only when all are consider@chave the same dispersion, which

denotes that failure of the section is being calsetthe reinforcement.
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of realizations according to the dispersion of inyariables.

A limitation of such preliminary plots is the fatiat equal standard deviation, or COV, has
been assumed for all the four basic input variglilessions and strains, when it is well
known that concrete related variables present fargeertainty when compared to the steel
ones. Some studies have been carried out in thewts the purpose of quantifying
uncertainty in nonlinear behaviour of reinforcecha@te members. One of those studies,
(Kapposet al, 1999), focused, partially, at least, the quardiion of variability in input
parameters, namely, the material properties. Thdetnancertainty in commonly used
confinement models was quantified and introducepr@babilistic modelling of members’
ductility, through fibre model analysis. Such wates along with the approach followed

herein that uses the available curvature ductiiftyhe cross sections to assess the failure

probability.

For what concrete related variables are concertiedultimate concrete strain deserved
particular scrutiny, given that it has been con®dey the authors as often the governing
parameter influencing failure, when it comes totiitxe.: Such strain, predicted by a
confinement model, is assumed as the one correspptw 0.85.. The approach that was
followed to estimate variability in such parameatensisted in comparing analytical values
of & given by currently adopted models (Patkal, 1982; Scotet al, 1982; Sheikh and
Uzumeri, 1982; Kappos, 1991) with results from expental tests (Vallenast al. (1977),
Sheikh and Uzumeri (1980), Scettal. (1982) and Moehle and Cavanagh (1985)) and get

the uncertainty from there. The amount of scattat has been encountered in comparison
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ratios is considerable, with COVs ranging from 8236%, even if mean values are very
close to unity, confirmings, as highly uncertain. As for the concrete compxessi
strength,f., referring to cylinder measures, a study of Barkid McGregor (1996),

specifically on this matter, has come up with COMsund 18%. For both of these
concrete-related variables, as typically occursijoemal distribution has been assigned.
Analogously, the same characterization needs taddree regarding steel parameters,
knowing in advance that scatter will be certairdwér. The work carried out by the Joint
Committee for Structural Safety (JCSS, 1995) andPiya and Carvalho (1994) on
variability for tempecore steel in various Europeanntries indicate a value of 6% for the
yielding and ultimate steel strengtlisandf,, COV and 9% for the ultimate straig,, one.

A normal distribution is again currently admittext the parameters.

Table 6.1 indicates the assumed coefficients ofatian for the intervening material
properties, which have been defined according tatwk proposed in (Kappost al,
1999), except for the concrete ultimate straint tas been reviewed into a slightly lower

amount.

Table 6.1 — Admitted coefficients of variation (CPD& material properties.

Parameter COV (%)
Concrete ultimate strairzy) 30%
Concrete compressive strength ( 18%
Steel ultimate strains() 6%
Steel yield strengtH,j) 9%

If the parametric calibration is now conducted edesng the dispersion levels just
presented, new plots for the behaviour of the ntrantility numbers for different sample
sizes can be obtained. Even if the admitted digpeis considerably different, the plots in
Figure 6.15 denote results that are rather smddté.tendency previously found, that 200
realizations is the needed number of realizationthe@ mean to stabilize, still stands.
Analogously, and even surprisingly, the resultin@\Cfor the available cross section
ductility is extremely steady around 10%. Nevembs| such findings may be understood
by recalling that, according to results in Figur&46 the variable with higher influence is
the steel ultimate, which assumes a significardly toefficient of variation whereas the
variables with higher uncertainty, the concretespne turn are not so relevant for the
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ductility estimation of the hollow sections in cadeyation. It seems therefore logical that
the results are little or not worsened at all lyy¢hanges.
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Figure 6.15 — Mean available ductility (left) anmr@sponding COV (right) versus number of

realizations.

Regarding the variability of the sampling methodhimi several repetitions, illustrated in
the plot of Figure 6.16, the main previous obseovet can still be made, reinforcing the
conclusion that from 200 realizations on, expectdoe or another punctual occurrence,

the steadiness of results is noticeable, in batkeseof the variability.

According to the brief parametric study, within gubsequent applications, the capacity of

the piers cross sections has been characterized samples of 200 occurrences.
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6.2.2Seismic action probability density function

The seismic intensity level has been set in terinpeak ground acceleration (PGA),
which, according to the major observations made&imapter 3, together with spectral
acceleration intensity measure, leads to the leatfesed mean estimates when using real
records. Nevertheless it does indubitably disregaetific information on the earthquake
record, which will sure introduce limitations onllfaving calculations. In line with this
approach, a seismic scenario in terms of probgldinsity of peak ground accelerations
for a specific region needed to be chosen. Therseiaction probability density used in
this framework is based on the studies of Duarte @osta (Duarte and Costa, 1991;
Costa, 1993), where seismic conditions for thelRprése regions were idealized by means
of a source-zones model with non-radial attenuatiorctions. Two types of earthquake
scenarios are considered, according to what is ategefor Portuguese seismicity,
corresponding to nearby moderate magnitude (typndl)long distance large magnitude
(type 2) earthquakes (Costa, 1993). A hazard mioded period of 50 years was adopted,
calibrating parameteng ando for the type | Gumbel distribution, as detailedSaction
6.1.1, from numerical results obtained from sowcres modelsp = 87.36cm/$ and

o = 1/0.00225 for type 1 and= 60.5cm/éandc = 1/0.0031 for type 2. Figure 6.17 plots

the assigned distributions.

It is important to bear in mind that the probabilitensity function is defined with respect
to the probability of exceedance of the PGA parametwhich enables that any set of
earthquake records are used, as long as referemtieeir PGA. Such approach will almost
certainly be seen as limited, relying on the sttieraj the defining parameter. The selected
records will be therefore scaled to match the prakind acceleration level given by the

extreme value distribution.

It seems evident, however that the seismic scemapresenting the Portuguese hazard is
not particularly demanding, which will possible rnake the bridges response into high
nonlinear stages. The probability density funct@s therefore been adapted in order to
allow the structural response to be clearly nomlineso as to fully understand the
performance of the different assessment techniddeseover, the nature of the parametric
study that is herein conducted is essentially coatpee, in terms of distinct procedures

and different bridge configurations, rendering grebability density function somewhat
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irrelevant, as long as the intended comparison qaaps fulfilled. The final adopted
distribution for the seismic intensity is plotted Figure 6.18, in comparison with the
Portuguese ones, and was calibrated with the imtehtgher probability density peak at

higher peak ground acceleration, highetogether with lower dispersion, lower

12

~a —type l
~ T type 2

0

L L L L L L L L L
0 100 200 300 400 500 600 700 800 900 1000
x(cm/é)

Figure 6.17 — Probability density function (extrewadue Type I, Gumbel associated) for two

expected Portuguese earthquake scenarios.
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Figure 6.18 — Adopted probability density functi@xtreme value Type |, Gumbel associated,
U = 415cm/éando = 0.012).
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6.2.3Failure probability with traditional NSA approach

Within this approach, the vulnerability functionllbe the main needed element, given
that the failure probability is computed considgrthe uncertainty locally, characterizing
the structural response for the entire domain & ihtensity level distribution (see
Section 6.1.5) in terms of measured curvature bhyctiy, at the base of the piers.
According to Section 6.1.4, the vulnerability funct may be built up from nonlinear
dynamic analysis or from pushover analysis, withimonlinear static approach. Results

from the application of both possibilities comenihat follows.
6.2.3.1Vulnerability function from nonlinear dynamic analgis

The domain of the probability density function teen taken as from 0 to 1000cfrésd
discretized in steps of 100crfi/é\t each step, that is, each intensity level, eafctne ten
real earthquake records (SAC, 1997), identifiedSection 4.3, was scaled so that its
individual PGA would match that specific level. Nioear dynamic analysis using those
records was run, and the ductility in curvatures weeasured at the base of each pier (the
piers in short configurations will be named from 81P3 and in long configuration from
P1 to P7). Due to the main drawback in using dywcaamialysis with real ground motion
records, which is the scatter associated, for &mgiwntensity level, different response
measures will be obtained from the accelerogramshef selected ensemble and the
dispersion is indeed usually high. The proceduet tlas been adopted was to take the
mean of the ductility observations and adjust thigrpmial vulnerability function to those
quantities. The fitting is carried out to 4"Zlegree polynomial by means of the least
squares method. In order to comply with the boupdanditions of the real problem, the
curve will cross the origin of the (PGA, coordinates system, given that nonzero ductility
makes no sense for zero intensity. This conditidhsurely affect the curve fitting but the
guality of the adjustment is, however, in generather good, something that can be seen
in Figure 6.19 and Figure 6.20.
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Figure 6.19 — Pier vulnerability functions for shoonfigurations.

The observation of such plots lead to the immediatelusion that the adjustment is fairly
accurate, which sometimes is even more relevanthigher intensity levels. Indeed,
regardless the type of configuration, in termseoigth or regularity, or the height, position
or stress level of the pier that is being considetiee correlation coefficient? ris always

extremely close to one.

As for the information on the seismic, transmittgdthe vulnerability functions, piers in
short bridges tend to absorb higher ductility Isy&hich is expected, in the sense that a
shorter deck will probably indicate a stiffer bredgwithin the same configuration, the
central piers or the 7m ones, the lower, repeateatisespond to the upper curves, the ones

corresponding to higher ductility demand. On theeothand, irregular configurations are
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generally more affected by the seismic action, mitr&t the demand is approximately the

double, or even more, that the regular ones’.
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Figure 6.20 — Pier vulnerability functions for loognfigurations.

In one of the long configurations, the 3332111 arejnversion of the relative placement

between the vulnerability functions occurs. Thetiitie demand for piers P4, P5 and P6

increases significantly, becoming higher than tdedRe, which was superior for low

intensity. Such apparently minor finding may becamtually quite important, depending

on the position of the seismic action probabilitgndity function. A pier with higher

ductility demand for the highest intensity levelsyrbe safer than the rest in a seismic

scenario where low peak ground accelerations are tikely to occur.

At this point, it should be recalled that the vuhdglity functions are given by polynomials

fit to the mean of the ductility demands, comingnfrthe dynamic analyses with the ten
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real accelerograms. It has been, as a matter of dacountered high dispersion in such

predictions, of different earthquake records, eNdheir peak ground accelerations have

been standardized to the same amount. Figure @lFaure 6.22 plot the ductility

demand, at each configuration, for the pier at ésghoad, when subjected to each of the

ground motion records.
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Figure 6.21 — Ductility demand for short configimas.

The scatter is rather visible, and seems more eatie for irregular bridges, where the

ductility demand is higher, which seems expectablispersion increases significantly

with intensity, given that the higher the nonlingatevel, the more diverse the different

bee Tdifferent coloured dots,

response predictions will

records

earthquake

corresponding to the different accelerograms, shemditionally, that the records invert

great variability

positions for different intensity levels. There isinequivocally,
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intrinsically associated to the seismic action.sTinternal uncertainty, referring to record-
to-record or scaling technique variability, is munbre significant than the one associated
to the intensity level one. The main analysis ontepthe failure probability, will certainly

be largely influenced by such parameter.
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Figure 6.22 — Ductility demand for long configuoats.

Another possible glimpse at the seismic actiontedlavariability is the plot of the
vulnerability functions that correspond to seisndemand coming from the real
accelerograms. Figure 6.23 and Figure 6.24 illtssttlaose functions, again for the piers
with highest demand per configuration. The obs&aatpreviously made still stand, with
the dispersion being highly visible for the irreguénd short configurations. In such cases,
the predictions for the ductility demand may exhfhictuation between 100% under and
above the mean values, at the maximum considerald geound acceleration of 1g,

approximately. The mentioned inversion of relatplacement between the vulnerability
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functions positions is additionally found when mayifrom one accelerogram to another.

The global picture is the reinforcement of the amass of the variability related to the

seismic effects.
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records.
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Figure 6.24 — Vulnerability functions for long caprations using different ground motion

records.

6.2.3.2Vulnerability function from nonlinear static analyis

As an alternative to the long dynamic analysis iti@ually used to predict the seismic
structural effect and, consequently, define thenerdbility function, pushover analysis
may be used instead. Within a predefined nonlirstatic procedure, for each intensity
level, herein expressed in peak ground accelerati@n structure is pushed until a level
corresponding to the considered PGA, the performgint is found and the ductility in

curvatures is obtained.

As for this matter two sensitive issues arise, jpbgscompromising the vulnerability
functions estimate. The first has to do with the ard validity of nonlinear static analysis
itself, a topic that has already been largely dised, whereas the other refers to the need

of associating peak ground acceleration to a dpepiishing level. Such task may be
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accomplished by means of the response spectrumsthested within the nonlinear static
procedure (NSP), which is the way of representatibthe seismic action in such sort of
methodology. For each intensity level, the respapectrum will therefore be scaled so
that its zero ordinate, the peak ground acceleratimatches the intensity at stake. The
validity of such approach is logical, but argualdad shall be taken into account when
analysing differences in vulnerability function gigions. Recalling the observations
drawn in Chapter 5, any Nonlinear Static Procedha® proved itself as acceptably able to
predict the response of structural systems, whebjested to earthquake loading.
Consequently, one of the traditional methods, imygieted in the European code (CEN,
2005b), the N2 method, has been chosen to obtahower-based vulnerability curves.
The pushover analysis may be conventional or agajisee Chapter 5 for further details)
and both possibilities have been used. Accordingtit® recommendations on the
application of the N2 method, two loading distribas, uniform and *tmode proportional
(mod and uni), shall be tested. Additionally, two reference e®dave been considered:
centre of mass of the deck and maximum modal dispi@nt ¢entrandmay), leading to a
total of four variants using conventional pushoaad one corresponding to the adaptive

pushover, which skips the need for a reference oodtead pattern.

The comparison between the vulnerability functioc@mning from the different types of
static analyses, is represented, together witldyimamic analysis one (NDA), for each of
the tested configurations, from Figure 6.25 to FegbL31.
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Figure 6.25 — Vulnerability functions accordingdifferent approaches — configuration 123.
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Figure 6.26 — Vulnerability functions accordingdifferent approaches — configuration 213.
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Figure 6.28 — Vulnerability functions accordingdifferent approaches — configuration 232.

The observation of the plots referring to the shmmmfigurations denotes the particular

finding that pushover-based vulnerability functiorere, generally, conservative,
overpredicting the dynamic analysis ones, regasdies location of the pier that is being
observed or the ductility level. This tendency ngyertheless, more evident for regular
configurations where, curiously, the nonlinearistptedictions and the nonlinear dynamic

ones are less in agreement. Within each configurathe agreement between different
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curves seems to be worse for the pier with highetility demand, especially visible for

the configuration 123, 213 and 232, where the difiees among piers are higher.
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Figure 6.29 — Vulnerability functions accordingdifferent approaches — configuration 2222222.

As for the differences between the several pushaperoaches, the adaptive analysis is

recurrently the most conservative, being actudléy anly that always overestimates THA,

an effect that is even more pronounced for thespigith higher ductility demand.

Regarding conventional pushover variants, not nretévant pattern can be found, given

that the different versions are not that far froache other, except for the fact that modal

loading shape seems to yield more overpredictisglt® closer to the adaptive pushover

curves. For what concerns long, regular configaretj herein represented by bridge

2222222, the results are not so different from vitaest been observed for short ones, which
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seems, at a certain level, logical, given that “dheruption” introduced by higher deck
length is somewhat balanced by the regularity @ piers. The results are, however,
steadier from pier to pier, with the previous mabservations still standing, regardless of
the demand level. Adaptive pushover analysis isnageerpredicting, sometimes largely,
whereas the different versions of conventional pushdo not diverge considerably, with
a tendency for the uniform load shape, togetheh whe centre of mass of the deck as

reference node, to work better.
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Figure 6.30 — Vulnerability functions accordingdifferent approaches — configuration 2331312.

If irregularity is introduced when looking into Igrconfigurations, some changes are found
in results output, mainly because the differencethé behaviour of the several piers get

more pronounced. Even if the adaptive pushover irsnaverestimating is many
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situations, for some piers, such as short ones,togie abutments, it is actually the only
able way to represent the ductility demand usinghpuer analysis, as in P5, P6 and P7 in
2331312 configuration. For the majority of the rémrag piers, the 1st mode proportional
load shape version, using deck central node, isntlost reliable. It is additionally
noteworthy that the critical pier, corresponding ttee higher ductility demand, has
nonlinear dynamic analysis predictions boundednmgé two variants, something that has
been verified for all the configurations.

The second long irregular configuration, 333211dnficms the tendency that has been
encountered for the rest of the analysed bridges.piers P6 and P7, short and close to the
abutments are expected to present difficultiesredigtions and so it is. For the latter,
again, adaptive pushover analysis is the one magami capture the ductility effects,
whereas, for the P6 pier, no pushover analysis svoflis is, nevertheless, the only
pushover complete inability situation that has bfsemd. Two important aspects shall be
taken into consideration herein: overprediction cwrform adaptive pushover is not so
notorious, a part that is, for the configurationstdke, taken by the conventional modal
pushover analysis. It is, however, possible, féarge number of cases, to enclose NDA
vulnerability functions by the predictions of theat most promising pushover techniques.
For this specific configuration, worst results espond, in any case, to the piers where the

demand is lower.

According to the representation of the several exahility functions, considering all sorts
of configurations, there is definitely room for these of pushover analysis for the
estimation of ductility demand in the piers. Excépt a couple or so of exceptional
situations, where adaptive pushover has been the able to provide acceptable
estimations, generally, the simplest approach, riekes use of conventional pushover, is

enough to obtain highly satisfactory results, nanfi@l the critical pier.
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Figure 6.31 — Vulnerability functions accordingdifferent approaches — configuration 3332111.

In order to clarify, and to some extent quantife tQuality of the different pushover
approaches, the results may be presented diffgrentbugh the computation of an index
able to represent, even if in a median fashionatteiracy in the predictions for each pier
of each configuration. A measure that is easy tmmde and actually quite effective,
especially when it comes to comparison of differeatsions, is the root mean square
deviation (RMSD). In statistics, the root mean sgudeviation is frequently used to
measure the differences between values predicted hodel or an estimator and the
values actually observed, being a good measuresofgion. RMSD is given by the square
root of the mean squared error, which is giventuim, by the differences, also called
residuals, between observed data and correspomdadgl prediction. A small MRSD

indicates a tight fit of the model to the data. Adally, in some areas of study, the
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RMSD may be used to compare differences betweenveetors representing different
predictions for the same variable, measuring thetadce between oblong objects,

expressed by vectors, as in Equation (6.14).

n

2
AMSD= ;(ILIPUSH _IUNDA) (6.14)

n

Herein, the vectors to compare will be seen adNbA ductility demand valuegnpa, and

the several pushover based approachasy This sort of statistical measure will allow
the direct numerical comparison of proximity betwepushover-based vulnerability
functions and NDA ones. Figure 6.32 and Figure @I88the root mean square deviation

based on the predictions for each pier, of evenfigaration.
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Figure 6.32 — Root mean square deviation for stmnfigurations.
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When looking at different versions results for $remmfigurations it is clear to notice that
adaptive pushover analysis does not introduce al@yant improvement with respect to
the conventional approaches, given that is never dpproach with lowest RMSD,
independently from the pier that is being conside/ithin conventional pushover based
approaches, the results from versions that makeotiske same load shape come out
typically close, which denotes the greater imparéaof such parameter with respect to the
reference node choice. In line with that outpug timiform load pattern generally yields
lower residuals, this is, differences between pushoand NDA-predicted ductility
demand. However, for irregular short configuratiamsjor discrepancy occurs and, for the
critical piers, modal load shape does actually waeker, as verified in P1 and P2 in 123
and 213 configurations, respectively, due to tisemall height together with determinant

location. For regular short configurations, thefatiénces between variants are quite less

noticeable.
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Figure 6.33 — Root mean square deviation for lanfigurations.

6.45



Safety Assessment

For the case of the long configurations, especi@iythe two irregular ones, containing
short piers, the adaptive pushover usefulnesstimasng vulnerability functions is more
visible, contrarily to the regular 2222222, wheris ialways the poorest approach. The best
versions correspond frequently, in long configunasi, to lower RSMDs, which seems to
denote that pushover enables a better to NDA mdabit of bridges. Regarding the rest of
the observations that have been made for shortgoations, the main conclusions stand.
Conventional pushover with uniform load shape isureently the best option, with
reduced RMSD, whereas the reference node is netiaide aspect, even if the centre of

mass of the deck tends to be a more reliable choice

The use of pushover analysis in the estimation wherability functions proves itself

practical and useful, at least for a quick estinwdtéhe sort of ductility demand level that
should be expected for a certain configuration. Uibe of conventional pushover with 1st
mode proportional loading pattern or the considenatof the maximum modal

displacement as reference node do not represewgvieo, worthy alternatives. Adaptive
pushover may be used in large configurations, iortsrabutment-near piers, so as to
complement or even replace unreliable vulnerabilityctions obtained with conventional

pushover analysis.
6.2.3.3Structural effects and failure probability

With the definition of the vulnerability functiorhé probability density curve of the
structural effects becomes easily obtainable bynsmed equivalence of areas, as detailed
in 6.1.5. The statistical distribution of the seismffects, S, used in the computation of the
collapse probability of Equation (6.7), becomeséfme defined and able to be used in the
numerical process. The cumulative distribution fiorcof the capacity is the crossed with
the probability density of the seismic effectsotigh the computation of the convolution

integral.

The capacity has been defined as drift-limited ot, which can result in important
changes on the available ductility and consequafetys evaluation. Table 6.2 presents the
failure probability, in numbers, using nonlineamdynic analysis to compute the seismic

effects, with or without limiting the drift capagibf the piers.
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Table 6.2 — Failure probability using traditiongbA-NDA procedure (local uncertainty).

Prlcz)%lli)ri(leity Pier 1 Pier 2 Pier 3 Pier 4 Pier 5 Pier 6 Pier 7
123 w/o drift contro | 2.75E-02 3.85E-03  1.71E-09
w/ drift control | 2.75E-02 3.96E-03  3.82E-03
213 w/o drift contro | 5.02E-05 1.34E-02 1.58E-11
w/ drift control | 6.17E-05 1.34E-02 4.09E-04
292 w/o drift contro | 5.36E-04 2.48E-03 5.37E-04
w/ drift control | 6.15E-04 2.55E-03 6.16E-04
239 w/o drift contro | 6.53E-04 4.99E-05 6.54E-04
w/ drift control | 7.50E-04 5.41E-03 7.51E-04
9922222 w/o drift contro | 1.13E-06  2.86E-04  1.34E-03 2.32E-03 1.34E-03  2.87E-04 1.14E-0
w/ drift control | 4.68E-07 2.97E-04 1.41E-03 2.43E-03 1.42E-03 2.98E-04 4.70E-07
2331312 wi/o drift contro | 5.39E-07 2.64E-08 6.49E-06 1.25E-02 1.81E-10 5.58E-03 1.18E-08
w/ drift control | 1.16E-07 1.01E-03 2.44E-03 1.25E-02 1.98E-04 5.58E-03 3.54E-1(
3332111 w/o drift contro | 1.50E-08 1.65E-04 2.74E-04 3.59E-04 2.26E-04 4.96E-05 4.24E-07
w/ drift control | 2.93E-03 1.38E-02 1.27E-02 3.76E-04 2.26E-04 4.96E-05 4.24E-D7

The highlighted fields correspond to the pier witighest failure probability, which is
assumed as the bridge failure probability. Theiaaditpier is generally the shortest one,
type 1, 7 meters height, (as in configurations 1283 or 2331312) or the central one,
when there are no significant differences in hei@gistin regular configurations 222, 232,
2222222). Furthermore, for most cases, the beheecmmmanding pier stands, whether
the drift limitation is considered or not. The egtten occurs for configurations 232 and
3332111, where the critical pier changes with thé cestriction, herein established at a
maximum of 5%. This shifting takes place especiatiytype 3 piers, taller, 21 meters
height, given that a relatively small curvaturéhegt base of the pier will correspond, due to
its significant height, to a relatively large dispément at the top, leading the drift to
rapidly reach the imposed limit. Within 232 configtion, the central pier becomes
therefore the decisive one, as opposed to theeshowxt to the abutments, type 2 piers,
which ruled the bridge behaviour when no drift bation was imposed. In 3332111
configuration, in turn, the critical pier went frotilme central pier P4, 14 meters height, to a
taller one, closer to the abutments, again a typee3 Curious is the fact that a lower mean
ductility capacity, induced by the drift limitatipdoes not necessarily lead to a lower
failure probability. In fact, looking at the extrenpiers P1 and P7, both type 2 ones, in
2222222 and 2331312 configurations, the describidt®n can be observed, where
carrying out a 5% drift limitation for the piers paity, the collapse probability
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diminishes, in one or two orders of magnitude. Triterpretation is quite straightforward
and has to do with two aspects. Firstly, recurtmmdable 6.3, it can be noticed that, for the
particular case of such piers, the available dtctbecomes little inferior when drift-

limited, with a reduction of less than 4%.

Table 6.3 — Ductility capacity (mean and standadation) considering, or not, drift limitation.

Ductility Capacity Pierl Pier2 Pier3 Pier4 Pie5 Pier6 Pier7
wi/o drift Mean 34.27 34.49 34.00 - - - -
123 control STD 3.28 3.29 3.30 - - - -
w/ drift Mean 34.27 34.03 14.20 - - - -
control STD 3.28 2.73 1.50 - - - -
wi/o drift Mean 34.15 34.63 34.00 - - - -
013 control STD 3.28 3.29 3.30 - - - -
w/ drift Mean 32.91 34.63 14.22 - - - -
control STD 2.32 3.29 1.50 - - - -
w/o drift Mean 34.14 34.49 34.14 - - - -
I~ control STD 3.28 3.29 3.28 - - - -
w/ drift Mean 32.90 34.03 32.90 - - - -
control STD 2.31 2.73 2.31 - - - -
wi/o drift Mean 34.14 34.35 34.14 - - - -
935 control STD 3.28 3.28 3.28 - - - -
w/ drift Mean 32.89 17.30 32.89 - - - -
control STD 2.31 1.63 2.31 - - - -
w/o drift Mean 34.16 34.43 34.35 34.38 34.35 3443 34.16
9999222 control STD 3.28 3.29 3.28 3.28 3.28 329 3.28
w/ drift Mean 3295  33.88 33.66 33.73 33.66 33.88 32.95
control STD 2.34 2.66 2.56 2.60 2.56 266 2.34
w/o drift Mean 34.16 34.29 34.22 3451 34.23 3457 34.16
331312 control STD 3.28 3.28 3.28 3.29 3.28 329 3.28
w/ drift Mean 3295  16.77 16.12 34.51 16.14 3457 32.96
control STD 2.34 1.59 1.57 3.29 1.57 329 2.33
w/o drift Mean 34.02 34.29 34.22 34.38 34.49 34.57 34.49
3332111 control STD 3.29 3.28 3.28 3.28 3.29 3.29 3.28
w/ drift Mean 14.32 16.77 16.10 33.73 34.49 3457 34.49
control STD 1.50 1.59 1.57 2.60 3.29 3.29 3.28

On the other hand, corresponding standard deviaiaearly one third lower, which alters
significantly the shape of the assumed normal ibigiion, contracting it, an effect that
becomes more significant than the shifting causgdhle reduction in the mean value.
Better understanding is enabled by Figure 6.34¢kvplots the distributions at stake.
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Figure 6.34 — Drift control influence in pier Phnfiguration 2222222, behaviour.

It is possible to observe that the important regmmthe failure probability computation,
according to Equation (6.7), is the interval whigre functions cross each other, given that
for the rest of the ductility domain the ordinatéd-r or fs are residual. Within that zone,
the cumulative distribution function correspondinghe drift limited capacity is under the
non-restrained one, notwithstanding the lower higmean value. For that reason, the
failure probability, on the latter case, turns bigher, even if mean ductility capacity is
equally superior. Additionally, such detected irs¥en in the expected behaviour occurs
for the piers with extremely low failure probabjlitconfirmed by the probability density
function of the seismic effectds, in Figure 6.34, corresponding to small orders of
magnitude from 10-6 to 10-10, something that dedlgicalls out some unpredictability on

the numerical computation.

Collapse probability for the several bridges isspreged in Figure 6.35, allowing in
particular the relative comparison of the differenfigurations performance. Results

have been sorted in crescent order of failure goitibawith drift limitation.
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Figure 6.35 — Failure probability, according todge configuration — traditional NSA-NDA

approach.

Globally, there is agreement between considering tibhp deformation of the piers
limitation or not, given that the trend of resuléssimilar. The exception occurs when a
type 3 pier becomes the most vulnerable one, ssich eonfigurations 232 and 3332111,
previously mentioned. Together with the numberg filot suggests, therefore, that
capacity of piers of 21 meters height, the taltests, was overestimated. It can be said, in
addition, that the maximum drift constraint someh&woothes the results, turning them
more uniform according to more realistic conditioMoreover, the distinction between
regular and irregular configurations is immediatanf Figure 6.35, the latter being more
vulnerable, all in the right side of the plot. Adi observation goes to the fact that high
orders of magnitude have been found? 10 irregular bridges and T0to 10° for regular

ones, which is, to some extent, significant.

Once more the seismic action will have a prepondepart, and the failure probability
that, traditionally, is computed using mean dugtiiemand, will vary considerably from
one earthquake record to another. The effects damgssuch variability will be, however,
of distinct magnitude, depending on the bridge igunation or the pier characteristics.
Figure 6.36 illustrates, for short configuratiorst, each pier, the failure probability
computed individually, employing a single vulnetdabifunction, coming from each of the
ten used ground motion records, or computed throlgimean vulnerability function. The
same output, for long configurations, is presented-igure 6.37. Nonlinear dynamic

analysis was used.
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Figure 6.36 — Failure probability for short configtions.

From the observation of the plots, for both typéscanfiguration, the finding that the
dispersion within the seismic response predictias $pread up itself to the final collapse
probability computation is notorious. Equally confed is the perception that larger
variability is found for the critical piers, the @m with higher demand and, consequently,
higher failure probability. This will certainly cstitute the essential issue, concerning the
relevance of the dispersion introduced by the seisitction, when the safety assessment is
carried out by means of nonlinear dynamic analylsideed, especially for the case of
critical piers, the question that arises has egdbnto do with the validity of using the
mean demand obtained with a certain number of emgilams instead of the maximum
measured response. EC8 (CEN, 2005b) indicateshtbaverage response effects may be
assumed if at least seven independent recordssae Uf less than that number of input
motions, with a minimum of three, is used, then mieximum response of the ensemble

shall be assumed.
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Figure 6.37 — Failure probability for long configtions.

Herein, the failure probability computed from thgphcation of a single ground motion
record can be substantially higher than the 10rdsc@average demand one as the just
presented plots indicate, with differences up to tiemes more being encountered. Such
findings are, nevertheless, associated to a stdizday criterion, applied to the
accelerograms, based on peak ground acceleratiooh wefinitely represents a part in the
results that can not be neglected. In any caseageaesults when carrying out dynamic

analysis with real earthquake records, must be witbdcare.

Furthermore, it can be stated, at least to somenéxthat, considering the general
behaviour of the bridges across the several piargbility in collapse probability is larger
for regular configurations than for irregular onksthe latter, there is typically a pier, or a
couple of them, considerably more affected, whargd discrepancies in predictions are
found, whereas, among the rest, there is genengketsus in failure probability estimates.
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The failure probability calculation has been cafroeit as well as a function of the sort of
vulnerability function origin: nonlinear static dysis or nonlinear dynamic analysis. The
differences that have been found between such rabiligy curves may assume higher or
lower importance, depending on the shape of tharsaction probability density function.
With the purpose of continuing to draw attentionthmse several demand prediction
possibilities, given the major importance of suchriable within the traditional
methodology, collapse probability for each pieringseach variant, has been computed.
The failure probability, at the different pierscacding to different approaches to estimate
the vulnerability function, is plotted, for shorrdigurations, in Figure 6.38 and, for long

ones, in Figure 6.39.
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Figure 6.38 — Failure probability, for short configtions, using different vulnerability functions.

The first immediate remark induced by the plotshis intense underestimation given by

nonlinear dynamic analysis, more prominent for fagwshort configurations. On the other
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hand adaptive pushover and conventional pushovsedo@rocedures, with 1st mode
proportional load shape, regardless the referermde,nyield the highest and most
overpredicting failure probabilities, with resp@ctNDA numbers. Larger differences are

expectedly found for the case of the critical piers
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Figure 6.39 — Failure probability, for long configtions, using different vulnerability functions.

With respect to long configurations, results temdbe more uniform, with the main

discrepancies occurring at the piers submittedigbhdr demand. Even though nonlinear
dynamic analysis is not as overestimated as fort sfumfigurations, adaptive pushover
continues to be the methodology yielding highetagse probability. The tendency for the
pushover based techniques to play largely in aaroative mode is therefore confirmed.
This surely constitutes a motivating feature, gitlesit simplified procedures are certainly
expected to behave cautiously.

6.54



Safety Assessment

In agreement with the typical definition of thel@me probability of a bridge, assumed as
the highest among the piers’ individual collapsebabilities, Figure 6.40 sums the results
for all the bridges in the same plot. Given tha thlevance of the reference node in the
final results is minor, such comparison for theirenset of bridges will differentiate

conventional pushover in terms of load pattern only

A first conclusion that can be reinforced, in agneat with what has already been seen,
when looking at the comparison for the whole sabradges, is that regular configurations
have the lowest collapse probabilities, even thdagiper variability has been found from
different approaches predictions in those bridgegarding the sort of pushover to use, if
a simple static analysis is intended, modal loatepadoes not introduce any significant
advantage when compared to the uniform one, wisich addition even simpler to apply.
Adaptive pushover approach, in general the mostpogdicting of all, does not seem
gainful as well. No important differences are foundncerning the length of the
configuration: short bridges are slightly less si@n the long ones together with a little

less dispersion within different variants.
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Figure 6.40 — Failure probability, according todge configuration.

The results that have been summarized indicatadebey for the static analysis approach
to be conservative, useful, even in its simplemfothe conventional uniform loading
shape version, with respect to the dynamic analysfshin a methodology where the

structural effects need to be estimated througirgelnumber of nonlinear analyses, this
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feature constitutes an important advantage, at feasa preliminary analysis. The used
procedure, considering local uncertainty considenathas proved itself quite influenced
by the extreme variability that characterizes teismic action. Additionally, the capacity
definition, in terms of practical limitations orasistical characterization plays a rather
important part, easily conditioning the most vuliide pier. Moreover, the method has the
clear advantage of not needing to recur to didtionufitting of the nonlinear seismic
effects, using an equivalent area under probabdiynsity functions based numerical

procedure instead.
6.2.4Failure probability with global uncertainty LHS apgach

Within the alternative that considers the uncetyaot all the variables simultaneously, in
a global fashion, at each repetition of the enpirecedure the demanded ductilig, is
obtained at the base of the pier and compareddadhbpective available ongg. The
difference between these two quantities is compwred, therefore, a sample of
realizations for such variable is obtained, whiclll wnable achieving the collapse
probability as the zero-ordinate of the correspogdcumulative distribution tz—Ls)

function.
6.2.4.1Simulation process calibration

Contrarily to the continuous transformation of Hegsmic probability density function into
the corresponding structural effects one, from ab@l simulation procedure perspective
herein used, the effects are characterized in tefrassample, of a specific predetermined
size, of ductility demand numbers. Such discreta dall follow a statistical distribution,
requiring characterization. Goodness of fit testsstitute the best tool for that purpose and
may be carried out for the relevant distributioDsictility demand is basically a function
of the structural and material properties, whichidglly follow a normal distribution, and
the seismic intensity, characterized by an extremlee distribution. Consequently, the
structural effects will likely follow one of thog#stributions, with the goodness of fit tests
focusing on such possibility.

The first parameter to test in this sort of procedis the size of the sample that will
enhance superior results, in the stability sengbpowt compromising computational effort.

Similar endeavour focused capacity definition aadgording to results that have been
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presented in Section 6.2.1, a minimum of one huhdzalizations were necessary to reach
consistency in predictions. For the present ca@e2@, 50, 100, 200 and 500 repetitions of
the procedures have been carried out, fitting @areme value distribution to the difference
between the computed capacity and the structunaladd, assuring that both variables
were computed using the same nth randomly simulateterial properties, seismic
intensity and earthquake record.

Figure 6.41 illustrates the evolution of the distition fitting to structural effects data for
the short, regular configuration 222. Plotting thsults for all the configurations and piers
would be extremely exhaustive, hence, a simplelaequer has been chosen to test the
method. Histograms for the different sampling siaes plotted for the central P2 pier, the
one with highest demand, as well as the correspgnaliobability density function of the

extreme value distribution that best fits the data.

The influence of the sampling size is rather evideom the observation of the plots, with
the histograms corresponding to 10, 20, 50 and rE@lizations being typically less
adjustable to the expected extreme value distohutinotwithstanding the fact that
corresponding hypotheses of the data following sdisitribution were not rejected by
Kolmogorov-Smirnov tests in such cases. Logically,and 20 realizations samples will
hardly have statistical meaning and even 50 as lgagipe is extremely arguable. In any
case, such numbers have been included in the parasiidy not only to confirm such
evidence but to test the method’s toughness ahdlpofinding out its optimum application
mode as well. The turning point is, nevertheleag)yf marked and corresponds to 200
realizations, with no conspicuous advantage in mgpwn to 500 realizations. It seems
reasonable that, within a failure probability corgtion process, a superior size of the
samples ought to be needed, in comparison witthtimelred stabilizing number found for
the capacity characterization. In addition, thetplefer to the central pier of a regular
configuration, which will expectedly reduce instdpilevels within the results coming

from nonlinear analysis.
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Figure 6.41

function for pier P2 in configuration 222, for @ifent numbers of realizations.

more than 200 realizations is real and must be e The variability introduced by the

The possibility of other configurations, likely teehave in a trickier fashion, requiring
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heterogeneous seismic action has been herein widebgnized and, therefore, the study
of such effect, together with the needed numbeealizations, for all the configurations,
is of high interest. The complete procedure has lsaeried out including the accelerogram
as an input variable or using each earthquake deéndependently to compute the collapse
probability. Figure 6.42 illustrates the failureopability obtained for each configuration,
in green, using a single independent ground mataeord, or, in red, randomly selecting
it, as a variable. The failure probability is takemm the pier subjected to highest demand.
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Figure 6.42 — Failure probability, using each reddarseparate or considering the record as an

input variable, for different numbers of realizaiso

There are two important aspects to retain fromotbeervation of the plots. The first is the
confirmation of the considerable dispersion thas thort of procedures involve, as a
consequence of the disperse nature of the seistiotmaThe use of ten different records
makes the collapse probability to range from omfemagnitude 18 to 10, for the lower
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sampling sizes. The other finding is that, from 288lizations on, but especially visible
when using samples of 500 realizations, the scegthices approximately one third, with
no failure probabilities under T01t is significant to recognize, at the same tintat the

reduction has occurred upwards, that is, the réslu@h the variability has been made by
eliminating the lowest values, which denotes thaigher refinement level of the global

simulation procedure enables a safer assessm#érg séismic vulnerability.

When analysing the evolution of results with theniber of realizations, a sort of internal
variability of the method, using global Latin Hypabe simulation, is being observed. The
external variation of the results can be seen wdarying out again the whole procedure
more than once, repeating all the simulation prec€hlree repetitions of the method have
been performed and the changes in the obtainedrdaprobability have been plotted
against each other. Again, the plots for the différseries of repetitions are plotted, in

Figure 6.43, for the central pier of the regul&agrs 222 configuration.

The observation of the plots corresponding to tee af the different ground motion
records individually, indicates that, for all thecalerograms, as expected, there is
considerable variability when using 10 or 20 resdtlans, whether within the method,
across the number of realizations, or from one tiépe to the other. If 50 or 100
realizations are carried out, the scatter reducesddian levels and stability is definitely
reached when samples of 200 or 500 realizationsise#d. The discrepancy of the results
that has been found between different records itaioly due to their particular
characteristics, given that they are real onesil&irstudies have been conducted in the
recent past (Carvalho, 2009), leading to equallsoaraging results regarding the use of
Latin Hypercube sampling in a global safety asses$mrocedure, where the dispersion in
both directions was similarly lower. Nevertheless, such work wasried out taking
coefficients of variation for the material propegtias constant and lower, especially for the
concrete, which will several times govern the dgticed behaviour, near the rupture.
Herein, a much realistic approach has been addpteithe material properties statistical

models, which enhances even more the Latin Hyperaigorithm performance.
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Figure 6.43 — Failure probability for pier P2 imfiguration 222, for different numbers of

realizations, using each of the earthquake records.
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Applying the procedure as originally thought, tlestaking the type of record as an input
variable, which follows a uniform distribution, treame plots can be drawn, repeating
again the whole analysis for three independentdifibe sampling size has equally been
tested by means of the number of realizations.bEteviour of the failure probability with
the number of realizations, computed for the maoterable pier at each configuration for
different series, is hence illustrated in Figur46.
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Figure 6.44 — Failure probability of the criticaép according to different numbers of realizations

considering earthquake record as input variable.

6.62



Safety Assessment

Given that higher scatter has been encountered wsieg 10 and 20 realizations and for
the sake of computational demand reduction, thensibn of such parametric analysis to

the rest of the configurations has been carriedlmnégarding such sampling sizes.

The immediate perception is that, if the acceleaogrs considered as an additional input
variable for the global simulation procedure, tloatter of the method is still barely
noticeable. The methodology proves itself to bastast to the introduction of a new
variable of high variability, such as the seismitian is, in intensity and type of record.
The difference from one repetition to another ideied minimal, except for the 2222222

configuration. In terms of sample size, collapsabpbility stabilizes after 200 realizations.

6.2.4.2Structural effects and failure probability

Based on the considerations taken from the parasttrdy carried out on the number of
realizations, the computation of the failure prdabgbhas been considered to be taken
from the application of the Latin Hypercube sampliusing samples with 200 realizations.
Again, the calculations have taken into accountdhft capacity limitation of the piers.
The resulting numbers for the collapse probabildgrrying out drift control or not, are

presented in Table 6.4, where the highlighted \satogrespond to the critical pier.

Table 6.4 — Failure probability using the globahgiation LHS approach.

Prz?)glf)riﬁty Pier 1 Pier 2 Pier 3 Pier 4 Pier 5 Pier 6 Pier 7
123 wi/o drift control 1.37E-02 1.37E-03 1.59E-04 - - - -
w/ drift control 1.37E-02 6.63E-04 5.41E-03 - - - -
213 w/o drift control 1.48E-04 2.06E-02 7.60E-05 - - - -
w/ drift control 7.89E-06 2.06E-02 1.63E-03 - - - -
299 wi/o drift control 7.92E-04 2.51E-03 7.92E-04 - - - -
w/ drift control 1.21E-04 1.43E-03 1.21E-04 - - - -
232 wi/o drift control 1.44E-03 3.99E-04 1.44E-03 - - - -
w/ drift control 5.77E-04 5.19E-03 5.77E-04 - - - -
2922292 wi/o drift control 2.16E-04 9.05E-04 3.12E-035.54E-03 3.12E-03 9.05E-04 2.16E-04
w/ drift control 7.53E-06 2.55E-04 1.52E-03 3.47E-03 1.52E-03 2.55E-04 7.53E-06
2331312 wi/o drift control 1.55E-03 6.31E-04 4.88E-04 3.86E-02 9.18E-05 7.78E-03 1.25E-04
w/ drift control 3.74E-04 5.44E-03 5.24E-03 3.86E-02 4.33E-04 7.78E-03 7.23E-06
3332111 wi/o drift control 3.45E-04 1.97E-03 1.04E-03 4.05E-04 2.29E-04 1.20E-04 8.59E4{05
w/ drift control 1.51E-02 4.83E-02 3.19E-02 1.93E-04 2.29E-04 1.20E-04 8.59E+05
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The reduction of the capacity of the piers, whepliapble, through the consideration of a
drift limit does not necessarily turn out into aler failure probability. This is actually a
tendency that had already been found in the traditimethodology results, related to the
probabilistic nature of the procedures, which imeodistribution fitting and convolution
integrals in the sensitive corresponding tailsaagi Nevertheless, and again not a novelty,
such situation occurs mainly for medium height @iersually near to the abutments. Such
piers, as verified previously with Table 6.3, dtéd affected by the drift control, in terms
of mean capacity, whereas the coefficient of vammeis quite reduced. This will contribute
to the changing in the shape of the probabilitysitgnfunction, altering the expected
failure probability. The effect caused by the diiftitation in the & — ) distribution is
illustrated in Figure 6.45 for the case of piersaftl P3 in 222 configuration.

When the drift control is activated, the mean ditgtcapacity is slightly inferior, as it can

be seen from the maximum of the probability dengityctions. On the other hand, due to
the reduction in the dispersion, the shape of thbability density function for the case of
drift capacity reduction gets more contracted aedoimes superior to the non limited

capacity one for a margin between demand and dgppagi- s, around 20.

0.12 ‘ ‘ ‘
—— (g - ug) wio drift control

O f(ug - ug) W/ drift control

X 10

, 0.8 /
oie /
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Hr - Hg

Figure 6.45 — Drift control influence in piers P2/Ronfiguration 222, behaviour.
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Given that failure probability is computed throutiie area under the probability density
function for safety margins under zero, in the elrdt limitation will hence correspond to

lower vulnerability, as illustrated by the detdiltbe relevant region on the right.

The effect of considering or not drift limitationhen it comes to the accurateness of the
distribution fitting to the variable corresponditm the difference yr - t&s), is hot much
visible. Indeed, not all the configurations hadittli@lure probability commanded by drift
limited capacity, as confirmed through Table 6emaining the graphical verification that
distribution fitting is not worsened by the inclasiof such criteria. The configurations
where such is actually relevant are the ones witltal piers of type 2 or type 3: 222, 232,
2222222 and 3332111. Figure 6.46 illustrates théerdnce in the histograms and
corresponding probability density functions of #dusted distribution, for the critical pier

of those configurations.

The observation of the plots indicates that thé& tmitation of the ductility capacityys,
does not induce quality loss, to what concernglibigibution fitting to the variabler - (s
when the shifting occurs, typically for the typepkers, as already detailed before, the
probability density function can become even bedtdjusted, which seems to happen for
configuration 232 and 3332111, the latter with shene fitting quality, at least. When the
critical pier is of type 2, the effect of the dnift not so pronounced, no significant shifting
in U - s axis occurs and, even though the adjustment icowipromised, the shape of
the best-fitting extreme value distribution becomesbly more tightened, reducing the
failure probability, which is in agreement to whwd been discussed and confirmed in
Figure 6.45.
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Failure probability for the different configurati®ms summarized in Figure 6.47, sorted in

crescent order of results considering drift limaat

| | .

: : —— w/o drift control
,,,,,,,,,, :, - — - ——— - — iy ™ w/ drift control |-
|
|

Failure probability

| | |
| | |
3332111 232 2222222 222 2331312 213 123
Bridge configuration

Figure 6.47 — Failure probability, according todge configuration — global simulation LHS

approach.

Similarly to the traditional safety assessment edoce, which considers the variability of
each component separately, there is a fairly causdnevolution of the collapse

probability across the different configurations,edirer drift limitation is carried out or not.

Major differences occur for the configurations wééne critical pier is a type 3 one, 21
meters high, the one that is most affected by #pacity reduction. Again the distinction

between regular and irregular bridges is extrenpebnounced, the primer being safer,
together with a tendency for the short configuradido be less vulnerable as well. The
aforementioned inversion in the expected behavafutype 2 piers is visible for the

configurations 222 and 2222222, where the crifioat fits such profile.

6.2.5Comparison of methodologies

The final focus of this section will be the compan of the failure probability results
obtained with the different methodologies, whicffetiessentially on how the uncertainty
of the variables is accounted for: local or glopallhe distinction in terms of drift limiting
the results or not is carried out as well, so asvaluate to what extent such parameter
influences the agreement of the procedures. THapsa probability obtained for each of

the procedures, drift limiting or not the capacisyplotted in Figure 6.48.
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Major differences for the different possibilities @mputing the failure probability occur
for the configurations 3332111 and 232, althougthstiscrepancy has more to do with
the consideration or not of drift limitation criigy rather than the methodology itself. It has
even been verified that the commanding pier chafgesonfiguration 232, when drift
limitation is carried out, in the global simulationode (LHS) approach. Within these
configurations, there are type 3 piers, 21 meteals in a vulnerable position, which,
together with being highly affected by top displaeat limitation, leads to differences in
safety that are more pronounced. There is a generalency for the global Latin
Hypercube simulation procedure to yield higheruial probabilities, whether the drift is
limited or not, which has certainly to do with timelusion of more variables, characterized
with high uncertainty, in the global simulation pess.
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Bridge configuration

Figure 6.48 — Failure probability, according todge configuration, for all the NDA-based

versions.

Nevertheless, it is quite appealing to realize ,tleaicept for the two aforementioned
configurations, and despite eventual inversionghi relative position, the four collapse
probabilities, corresponding to the four variardase of the same order of magnitude.
Regarding the configuration type, irregular confajions are, in general, on the right,
which means, higher vulnerability, whereas theenseto be no connection of the failure

probability with the length of the bridge.
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Filtering the results in Figure 6.48, comparisortte two methodologies is presented in
Figure 6.49, without drift control, and in Figure56, with drift control of the piers

capacity.
10’
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Figure 6.49 — Failure probability, without driftditation, according to bridge configuration.

As previously forecasted, the differences are navehmsmoother. The failure probability
trends along with the configuration type are natosly in agreement. Moreover, the
tendency for the LHS procedure to be on the sadieris confirmed, with the exception of

configuration 123.

When drift control is included in the capacity camtggion, the methodologies get even
closer, which seems understandable, given thatlgading criteria will definitely, at least
to some extent, envelope the capacity. Higher maiprobability is still generally obtained
with LHS procedure, despite the reduction alredaseoved and explained in configuration
222. The increase in the collapse probability affgurations 3332111 and 232, for both
methodologies, is clearly observable, as a reduth® vulnerable type 3 pier, which is
highly drift-limited.
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Figure 6.50 — Failure probability, with drift linaition, according to bridge configuration.

In Figure 6.51 pushover-based methodologies ard¢teplotogether with the already
presented nonlinear dynamic analysis based ones.tHe sake of simplicity, only
conventional pushover, with uniform load patterd aentral reference node, and adaptive

pushover versions are presented.
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Figure 6.51 — Failure probability, with drift coatyr according to bridge configuration, for NDA

and pushover-based versions.

The general picture is that pushover-based esomati structural effects leads, in most of
the cases, to higher failure probability, espegidl the adaptive type, which is frequently
associated to a failure probability one order ofjmude above. Such finding had already
been visible from Figure 6.40. Similarity betwedre ttwo types of pushover is not
noticeable neither between pushover and NDA vagiahtese results reinforce the belief
that pushover analysis is more likely to play aparpng part in the probabilistic methods,
when compared to dynamic analysis.
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6.3 Conclusions

The analysis of different ways of looking into thafety assessment issue constituted the
main objective of this chapter. Alternative procexfuhave been proposed, corresponding
to different possible modes of incorporating theiafality of the numerous intervening
variables: material properties, type of record amtdnsity level. An innovative statistical
sampling method has been used to characterize ibaescwell as to compute failure
probability within a global simulation procedure.ohdover, failure probability was
computed recurring to two possible demand predictexhniques: nonlinear dynamic or
static analysis. The parametric study of all theessary elements for the safety evaluation,
the observation of the performance of the alteveatmethodologies and the final
comparison of results can be summarized by thelgsions that follow.

= The Latin Hypercube Sampling method revealed isgl& relying technique, when
used to obtain capacity or demand distribution despf lower size than the
tradition Monte Carlos or FORM ones. For the cayacharacterization of the
piers cross sections, in terms of available dagtibvhich is a relatively simple
calculation, 50 to 100 realizations proved to bke &b provide stable mean results,
without excessive dispersion. In addition, the rodtproved to be quite effective
and stable within several independent repetitiohke variables that were
considered for the capacity definition consistedtted material properties, only,
with the ultimate steel strain being the most iefiione. The sampling algorithm
was equally efficient when the variables were takath higher, but more realistic

as well, coefficients of variation, which reaché¥/@ for some cases.

= The traditional methodology to compute the collapsebability required the
definition of vulnerability functions, correspondinto 2'% degree polynomials
adjusted to the mean ductility demand for increaseismic intensity, obtained
with nonlinear dynamic analysis. The curve fittmgs extremely easy, together
with high correlation coefficients, denoting theatjty of the least squares method

adjustment, for every configuration, every pier awdry nonlinearity level.

= The use of nonlinear static analysis for the seisd@mand prediction has been
confirmed as a valid approach, even if generallgrpredicting with respect to
nonlinear dynamic analysis. Curve fitting to demaidiained through such means
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was in the same way well succeeded. despite thethHat an adaptive pushover
analysis is a more suitable choice for the preaiicof the behaviour of irregular
configurations, a conventional pushover, with afam load pattern, has lead to
rather acceptable estimates for regular configomati This is an important
conclusion, if one keeps in mind the need for coawvig methodologies and
definitely less complex and time consuming thanlinear dynamic analysis to be
incorporated in actual seismic design and/or ass&#s of structures by

practitioners.

The traditional approach can be quite sensitive tetms of statistical
characterization and a slight change in the dispenmnight affect much more the
failure probability than the median available diitgti as has been observed. The
fact that probabilistic methods work over the tafghe distributions, convoluting
number of very low orders of magnitude explainshsaehaviour and indicates that

distribution fitting must be handled with care.

With the seismic action being introduced as a ‘égidor the global uncertainty
procedure, the needed sampling size increaseddtoezllizations, in order to reach
consistent failure probabilities, for all sortslwfdge configurations as well as for
different repetitions. Such increase was expectad ia easily understandable,
given that the procedure involves nonlinear dynaamalysis of a sometimes
considerably irregular geometrical configuratiomurtRermore, taking the seismic
action as a variable induces a great additional usminaf dispersion. The
recommendations on the use of the LHS scheme digdsi safety assessment point
to perform at least 200 realizations, which is, any case, quite feasible

computationally.

The distribution fitting has been carried out withccess and has, in agreement,
been markedly superior, in quality, from 100 or 2@&lizations on, with no
advantage in carrying out 500 realizations. Thedgess of fit has been evaluated
with Kolmogorov-Smirnov test. However, some digitibn samples of size 50
have passed the same test, so, to the author&f,belither probing, recurring to
other available tests, needs to be carried ous @&gpect is underlined by the fact
that the global LHS methodology is quite easilyeaféd as well by slight changes
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in the probabilistic parameters characterizingfttied distributions, again, for the

same reason of working on the tails.

In both of the methodologies, whether the uncetyaia considered locally or

globally, the seismic action variables, earthquakeord and intensity level,

influenced the results outstandingly, especially #tcelerogram that was being
considered. The debate on realizing if the seisagtion variability does not

excessively outshine the variability of the restlod variables is therefore settled.
This aspect is certainly increased by the fact teak ground motion records have
been used. It has been, however, interesting tendhat, despite the extreme
variability, the global LHS methodology behavedtguoundly, enabling reliable
results to be reached. The simulation techniquansebence to be able to
incorporate highly different sorts of variablestwiifferent distribution types and,

mainly, distinct levels of uncertainty. Additiongllithis conclusion strengthens the
awareness of the need for a proper handling ofseismic action in terms of

earthquake records, in gender and number.

For what concerns the sort of bridge configuratibe, trend that has been found is
for irregular configurations to be less safe, whsrgegarding the deck length, no
relevant correlation has been detected. Moreowgpllar configurations seem to
put the different procedures closer to each otiilst, for irregular ones, the

dispersion is slightly superior.

The central piers, or at least the ones that ateclose to the abutments, are
typically submitted to higher demand, hence, thestmailnerable ones. Such
conclusion can be easily taken from the 222 or 2222configurations, with all
piers of the same height, where the critical pien® the central ones,
notwithstanding the flexibility that has been calesed within the modelling of the
abutments. With respect to the remaining configongt the definition of the
decisive pier will depend on their type: 1, 2 oraBd how far the drift limitation
criterion affects them. Type 1 piers, 7 meters higie typically very restrictive,
even when not centrally located, something thaeasily explainable by their
naturally higher stiffness, standing for superiatian effects, bearing lower
ductility at the base cross section of their pi&s.a consequence, the drift control

will not be relevant, once the displacements at tthye are already inherently

6.73



Safety Assessment

limited. This sort of pier has been found to coieditconfigurations 123, 213 and
2331312 configurations. On the other hand, typeieé8sphave been extremely
influenced by the top transverse deformation retsbn, with their capacity being
strongly reduced, becoming the critical piers fonftgurations 232 and 3332111.
As for the 14 meters high piers, type 2, due tar hredium height, no significant
changes in the ductility permitted by the mateaatl cross section properties are
introduced by the drift controlling.

The two key alternative procedures to compute tiilagse probability ended up
being very concordant for the majority of the cgaofiations. The methodology that
considers the uncertainty of all the variablesJudimg the seismic action, in a
global fashion, using the LHS algorithm, yieldedwlever, more severe results.
Such expected higher failure probabilities havanitety to do with the inclusion
of a larger number of variables and correspondingcettainty. The
acknowledgment of this feature leads to the redmgnias well of the major
importance that the seismic action variability irasvorsening the vulnerability of
the bridges. The exception goes for the traditia@roach, when implemented
with the use of pushover analysis to estimate tleenathd, which yielded
considerably less safe scenarios, constituting @pewn envelope, on the

conservative side.

The distance between the two methodologies gets dower if the drift
deformation control of the piers is carried outhaléng that such limitation
contributes to standardization of results. Suclkatffs particularly visible in the
reduction of the dispersion that had been initidibyind in Figure 6.48 for
configurations 232 and 3332111.
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7. Conclusions

7.1 Concluding remarks

The present work targeted the probabilistic seissafety assessment of single reinforced
concrete existing bridges. To accomplish so, dfiémethodologies, corresponding to the
use of different methods for structural responssigtion, combined with different ways

of incorporating the uncertainty associated to thierent variables of the safety

verification problem, have been proposed, calilskated compared. The computation of
the structural failure probability made use of athed statistical treatment, featuring
distribution fitting of the relevant variables andmerical random sampling of variables

using the Latin Hypercube sampling technique.

In addition to the distinct approaching methodadsgfor reaching a collapse probability

that have been considered, independent calibratimhies have been conducted, covering
the different aspects around the assessment procas®ly, the seismic action input

characterization, the nonlinear structural modglimd the structural response estimation.
Such studies were carried out with the purposeettieb understanding the influence of

each issue in the seismic behaviour of bridgesyigimy useful information and

recommendations for analysis accuracy and optiiizat
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All the comparison/calibration studies have beerie@d out on a rather wide set of

structural bridge configurations, featuring diffietdocations: regular, semi-regular and
irregular, in terms of pier heights and relativesition, short and long, with different types
of abutments. In addition, the selected seismictimase study was equally wide ranging,
S0 as to include relevant seismic dispersion inatheyses. Different intensity levels were
considered, looking into the bridges behaviourlastc field as well as pushing them into
high nonlinear stages. In order to appropriateyaaize all the information coming from

all the configurations, earthquake records andnsitg levels, results were treated, when
possible, throughout the computation of statistinabsures, with the intent of identifying

patterns and drawing as much generalist as possblgusions.

The study of the seismic action characterizatiomstituted the first logical step and went

over different topics, well known in the literatufighe following observations were made.

= Focusing the use of accelerograms as the most etenpkismic input element
type, the first question remained on the choicevbenh using real or artificial
ground motion records. Looking at the first opti@ancase study of 20 different
earthquake records was considered within a Europedegrated project
framework. Different ground motion scaling parametevere tested for the
standardization of accelerograms for use in noalindynamic analysis. The
parameters were all based on quantities taken/ctmdpuom the accelerograms
themselves or from the corresponding response rgpddentification of optimum
scaling techniques, through evaluation of resultdigpersion, has shown that
typically used peak ground acceleration or specawteleration for the first
vibration period of the structure being analysediqgened better. Such findings
have then been employed in the probabilistic fraor&wleveloped in Chapter 5,
which made use of peak ground acceleration prabaldensity functions, to

characterize the seismic Hazard.

= The issue of the selection of real records for ymslwas afterwards addressed, a
task of renowned importance, given the heteroggnshich characterizes the
available real accelerograms databases. Typicallyied out following criteria
based on seismological parameters, such as magnaudpicentral distance, the
work herein undertaken tried to adopt a differesispective, looking at the effects
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of the earthquakes on the structure, in terms sgldcement ductility demand. The
same set of records was used to run nonlinear dgreamalysis on a long, irregular
existing bridge, the Lordo viaduct, used within timentioned research project.
Selection of the records causing very discrepasultg differing substantially from
the general trend, was carried out by means otering analysis, which is based
on likeliness measures, used to aggregate simiividuals. The application of the
clustering procedures allowed the obtaining of acimmore homogeneous set of
records, with considerable reduction in the assediacatter. Such a technique may
be easily/efficiently used in reducing dispersipmvided that a proper statistical
software package is available, when selectingaee¢lerograms to carry out safety
assessment studies, which are largely influenceatidgcatter around the records.

= A brief incursion to alternative intensity measapproaches, more elaborated, not
simply obtained from the accelerogram quantities corresponding response
spectra, was carried out. Particularly, an intgnsiteasure based on pushover
analysis and displacement based theory simplif@@meters has been proposed
and its potential has been demonstrated for a wileof bridge cases. The
inclusion of such intensity measure in the studgried out in Chapter 6, as an
additional approach to the estimation of structdexrhand, as mentioned in Section
7.2, can now be explored.

= Artificial accelerograms have been considered d§ generated to be compatible
with the spectrum corresponding to the mean ofrélaérecords. Final comparison
with real records scaled according to the two nambtantageous techniques has
been carried out. Artificial accelerograms provede a valid alternative for the
seismic analysis of the studied bridge, featuriogstderable less dispersion as well
as being less conservative than the real recosgecelly when scaled by means of
spectral acceleration parameter. Their consideratiobridges safety assessment
procedures is, hence, expected to lead to simiémults with much less

computational demand.

Modelling of the structural system for seismic gsa has been afterwards looked at, in
terms of the issues of main interest and pertinerfioceusing mainly on material

nonlinearity, given that geometrical nonlineargyusually seen as less relevant. The study
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on material nonlinearity consideration, addressedChapter 4, lead to the following

findings.

The main distinction in terms of approaching wags been made between the use
of distributed or concentrated plasticity modelsiorother words, fibore models or
plastic hinge models. Both the modelling alternegihhave been tested with the use
of beam-column bar elements 3D models, using twiekmewn structural analysis
programs: SeismoStruct for spread plasticity andP300 for lumped plasticity.
To the employment of fibre models, the input of toeicrete and steel constitutive
laws was enough, whereas, for the concentratedigitpgones, a characterization
of the plastic hinge constitutive law, based on flaene material models, was
required. Consequently, a summary of several adailmaterial models has been
presented and the description of the used onesbées carried out, with the

selection being based mainly on past experiencaioh matter.

Within the use of the plastic hinge based modelldifferent important issues have
been addressed. Calibration of elements with gldstiges development at the
extremities of the piers was done in terms of piakinge length, location as
moment-curve defining curve. Both length and laoaf the plastic hinge proved
to be not greatly relevant; three different appheacfor the parameters were tested
in hollow and full reinforced concrete sectionsofifr the piers of the main case
study bridges) and results did not present sigmficvariation. The moment-
curvature constitutive law of the plastic hingessvapproximated by a trilinear
curve, which enables optimization, in terms of tiamel computational effort, of the
concentrated plasticity approach. Furthermore, fibee model corresponding
moment-curvature was brought in for comparisonhviaibth the curves matching

quite well.

The main comparison between the two modelling sesemas extended to the
comparison of the structural response prediction tlo¢ different bridge
configuration of the selected case study. Nonlirstatic procedures (NSP) were
the chosen tool for the bridges analysis, using,tfis case, the N2 Method,
recommended by the EC8 and confirmed as suitabteet@nalysis of bridges in
Chapter 5. Moreover, the NSP was applied using apaurves obtained with
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different load patterns and reference nodes. Thepaason of the capacity curves,
the immediate output of the pushover analyses, irdda for the different
configurations, denoted a fairly good agreementwbeh the two modelling
alternatives, regardless of the employed load puatte reference node. Slight
differences that were punctually found correspomdslightly higher base shear
prediction for the case of plastic hinges modelstHermore, comparison on the
structural response of the bridges at their perémre point was evaluated through
the computation of ratios of the different modetsSponse for different response
parameters, across increasing intensity levels.imAgairly good matching of
results has been encountered, despite minor diifese that have, nevertheless,
been found.

= The global conclusion pointed out that both modaglisolutions provided agreeing
outputs, whether fibre or plastic hinge based. Sagrieement was sustained within
the computation of capacity curves as well as #irat response estimated by
means of nonlinear static analysis. Such outcomayshrings some reassurance in
the recognition of the validity of more simplifigdastic hinge models, as long as
duly calibrated in its parameters, for use in sesanalysis of bridges, when
compared to the certainly more precise fibre modEtés outcome also sustained
the use of plastic hinge models in the extensiwbabilistic framework carried out

in Chapter 6, accounting for considerable time @mdputational savings.

The prediction of the structural response of brijdgke scope of Chapter 5, was evaluated
recurring to different nonlinear analysis schenteanely, nonlinear static analysis and
nonlinear dynamic analysis. For what concerns g af nonlinear static procedures, the
existing high variability on the possible alternas lead to an extensive parametric study,
selecting four commonly employed methods for conspar Capacity Spectrum Method,
N2 Method, Modal Pushover Analysis and Adaptive &ay Spectrum Method.
Preliminarily, each of the procedures was calilwrangth a view to find its optimum
configuration, which was then selected for thelfo@mmparison. For the sake of generality
and consistence the comparative evaluation of iffereht methods was carried out for the
described case study and seismic input and thraighe same response parameters. The

following conclusions are worth underlying:
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Regarding the individual calibration of the methodsferent variants for each of
them were tested, mainly in terms of loading patter the pushover analysis (N2),
pushover curve reference node (CSM, N2 and MPAg9¢tsal reduction, based on
equivalent viscous damping or ductility (CSM and3@). Significant differences

have been found in the NSPs performance, whenegpplisuch different variants.
More than the reference node choice or the loadimape, the spectral reduction
factors issue, together with the variability in tbgtimation of equivalent viscous
damping, particularly affected the methods, whioknated the need for the

preliminary calibration.

Generally, the nonlinear static procedures providedience on their ability to
accurately predict the structural response of lesgdgn terms of displacements,
except for the Capacity Spectrum Method, and piesas forces, for all sorts of
bridge configurations (regular, irregular, shomng, etc), when compared to
nonlinear dynamic analysis results, which is cominm@een as the most reliable
tool for structural performance estimation. Regagdhe remaining parameters, an
underestimating pattern has been found for allntie¢hods, in deck moments and
abutment shear forces. Globally, the Adaptive Ciyp&pectrum Method behaved
more consistently, followed closely by N2 and Mo®&aishover Analysis. For the
case of heavily underestimated deck moments andr sitethe abutments, the
Capacity Spectrum Method stood as the poorest despite the unsatisfactory
behaviour of all the procedures. With filtering thesults according to different
structural categories (in terms of regularity, desigth and type of abutments) less
scattered estimates where obtained using MPA an8M\dt seems, therefore, that
such methods, including higher modes effects, afinitely more adequate to
accurately estimate the nonlinear performance mfciires, as an alternative to
complex nonlinear dynamic analysis. Such conclusse@ems understandable,
especially for bridge structures, to which supexitaration modes with important
modal participation factors are typically assodatMoreover, such conclusions
have validated the use of nonlinear static analgsilniques in other topics, such
as the modelling calibration issues in Chapterr4yrobabilistic safety assessment
in Chapter 6.
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= |f one method should be chosen over the otherdy shoice should mostly be
based on two aspects: the demonstrated conditatrtlie method includes higher
modes contribution and the ability to keep a steadgurate level of response
prediction for the set of different deformationffertested parameters. Under such
circumstances, the Adaptive Capacity Spectrum Mkthould be the choice,
followed by the N2 Method and Modal Pushover Anislys

Finally, the evaluation of the actual methodologmsthe seismic safety assessment was
carried out in Chapter 6, making use of the obsema made in Chapters 3, 4 and 5,

regarding Seismic Input, Nonlinear Modelling andas8ec Demand, respectively.

Two distinct methodologies have been proposedHersafety assessment leading to the
computation of the failure probability of the sttwre, which differ essentially on the way
of incorporating the uncertainty associated to gbeeral variables of the whole process,
represented by their statistical distributions, ahhihave been whether assumed or
determined. The uncertainty has been consideredlyaar globally, with a higher number
of variables corresponding to the latter. Moreovelifferent variants to those
methodologies were tested, including different walygstimating the structural response,
enhanced by the conclusions in Chapter 5. Thevithigp summarizing observations can be

made.

= The use of the Latin Hypercube Sampling methodharacterizing the structural
capacity has been found efficient and simple, maagia significantly lower
number of random realizations than other compasabiethods. The number of
realizations needed for the sampling results tbilsta was expectedly lower for
the case of capacity characterization rather then dlobal probabilistic
computation. The estimation of the distribution thie available ductility in
curvatures of the piers cross sections requiredoktsized of a maximum of 50
realizations, with input variables being restrictiedthe material properties. No
uncertainty was considered in the geometrical ptogse

= All the nonlinear dynamic analyses, needed for bibid methodologies, were

carried out using plastic hinges models, easiendorporate within an automatic
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global computation/simulation procedure. Such festwas supported by the
conclusions drawn in Chapter 4.

The traditional methodology, corresponding to theal uncertainty consideration,
has made use of vulnerability functions obtaingdegithrough nonlinear dynamic
analysis or nonlinear static analysis, as enablethé prescriptions in Chapter 5,
on Seismic Demand. The vulnerability functions wetgtained by %' degree

polynomial curve fitting to the individual ducty§itdemands corresponding to
different intensity levels. Such process was swgfoeésand straightforward with

high quality of the adjustment being noted. The afseonlinear static vulnerability

functions has proven to be valid, even if sometitoesmuch conservative.

If the seismic action, input record and intensayel, is included as a variable, then
the aforementioned global simulation procedureeisidp followed, which features
the computation of the collapse probability by atijpug a distribution to the
variable given by the difference between the capaamnd the demand. For that
case, the sampling size, within the Latin Hypercsdmpling scheme, increased to
200, which continues to be, in any case, computalip low demanding. The
goodness-of-fit of the distributions adjusted te #afety interval variable (distance
going from ductility capacity to ductility demand)as verified by means of the
Kolmogorov-Smirnov test, which provided positivesuéts for almost all the cases.

Irregular bridges have been found to be less satbd considered seismic action
and resulted in higher agreement between the diffanethodologies. On the other
hand, no noticeable trend has been found with cesjpethe deck length. The

central or the shortest piers were systematicakydritical ones, sometimes with
huge differences in its failure probabilities, whemmpared to the more slender
ones. An additional criterion to the probabilityngoutation, in terms of maximum

allowable drift for the piers, was added, resultimgquite interesting results,

changing sometimes the critical pier.

The two key alternative procedures to compute tbkapse probability have
proven to be quite in agreement for the majorityha&f configurations. The added

consideration of the uncertainty of the seismidoactyielded, however, more

7.8



Conclusions

severe results, which has to do with the inclusbma larger number of variables
and corresponding uncertainty. The two methodotgiet even closer if the drift
deformation control of the piers is carried outakéng that such limitation actually

contributes to the results.

Seismic assessment of bridges, within a probaibilisbntext, is a highly dense and
controversial topic, as has been demonstratedymigtdue to the statistical approach to the
safety problem itself but also to all the uncemaihat surrounds its different components.
The work herein carried out over the Seismic InpNdnlinear Modelling and Seismic
Demand issues, following a natural path that wdedtl to the optimization of the safety
assessment process, has highlighted several adss{(@acid variability) that the engineering
community is still facing nowadays. Hopefully, ant@bution to that same community, on
those specific topics, has been provided. Moreometwithstanding the difficulties in
standardizing procedures and approaching tactid®gs been observed that conceptually
different probabilistic seismic Safety Assessmemrthudologies are not as random and
uncertain as many times feared. This surely reaffithe soundness and the need for
probabilistic seismic assessment (and design) rdetbgies to become a reality in bridge

engineering practice.

7.2 Future developments

The presented work aimed to contribute with a ganarerview of all the steps that more
or less generally need to be taken when carryingtloe probabilistic seismic safety

assessment of existing reinforced concrete bridges.

Regarding the seismic action characterization, dhistering techniques may be further
probed by extending the case study to a larger eumbrecords and, mostly, to different
structural configurations. The use of artificialcalerograms has not been thoroughly
developed. The use of different types of synthedaords, such as wavelet enriched ones,
can be investigated. Moreover, the effect of afirecords should be tested inside the
probabilistic assessment study as a less demaralieghative to the real records in
dynamic analysis. Several improvements, regardifge tproposed preliminary
displacement-based intensity measure, can be daoué as well, characterizing more

thoroughly the advantageous effects of such stdimag technique in nonlinear seismic
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analysis. Furthermore, the simple underlying presisertainly enable its consideration
within a probabilistic assessment study, of a &rsgtucture or a whole region network.

Concerning the nonlinear modelling field, the damgpconsideration can be an aspect that
greatly influences the structural behaviour. Witlims work, no parametric calibration
study on the elastic damping was presented, givantypically such portion is considered
to be very low when dealing with bridge structuredjere there are few physical
phenomena that may call for such modelling. It hewever, believed that with the
consideration of higher elastic damping values, enical instability may arise, requiring

additional studies to better understand such phenomin reinforced concrete bridges.

Within the structural response topic, differeneatative simplified procedures, including
additional variables in the parametric study, centdsted, and further improving of the
prediction of shear forces should be looked fordifidnally, Nonlinear Static Procedures
may possibly start to be employed in the near &ty practitioners as the first genuine
nonlinear analysis methods introduced in commongdesffice practice. Consequently,
preparation of such methods to be easily applieehnteially involving some generalization

degree, can be initiated.

Finally, and focusing on the main goal of this waike probabilistic safety assessment of
bridges, there is still a long way to go beforehsyrobabilistic methods can become
widespread. On that matter, the contribution hegéren is limited and can be improved in
some aspects. The probability computation of trep@sed methodologies is achieved at
the tails of the distributions, which are knownbi® problematic. Statistical refinement of
the methods can be a possible improving path, deroto bring more confidence to the
vulnerability estimates. In addition, more goodmrekfit tests can be carried out,
discarding improper distributions, or even diffa@reistributions, similar to the extreme
value type ones, herein considered, can be testdda view to warrant the attainment of

more solid failure probability predictions.
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